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Preface 


The  University  of  Missouri-Rolla  had  hosted  a  very  successful  International  Conference  on  Case  His¬ 
tories  in  Geotechnical  Engineering  in  May  1984.  The  Second  Conference  in  the  series  was  planned  in  1985, 
and  a  Call  for  Papers  was  issued  in  December  1986.  The  conference  has  been  co-sponsored  and  partially 
funded  by  the  US.  Army  Department  of  Research.  It  has  been  organized  in  cooperation  with  the  Interna¬ 
tional  Society  for  Soil  Mechanics  and  Foundation  Engineering,  International  Association  of  Earthquake 
Engineering,  Earthquake  Engineering  Research  Institute,  Association  of  Engineering  Geologists,  United 
States  Committee  on  Large  Dams,  United  States  National  Committee  for  Rock  Mechanics,  Transportation 
Research  Board,  American  Society  of  Gvil  Engineers — Mid-Missouri  Sea  ion,  Association  of  Soil  and  Foun¬ 
dation  Engineers,  and  Engineering  Geology  Division  of  the  Geological  Society  of  America. 

The  Call  for  Papers  was  issued  in  December  1986  and  papers  were  contributed  from  47  countries: 
Australia,  Austria,  Brazil,  Bulgaria,  Canada,  China,  Denmark,  Egypt,  France,  Germany,  Ghana,  Greece,  Hong 
Kong,  India,  Indonesia,  Iraq,  Ireland,  Israel,  Italy,  Japan,  Jordan,  Kenya,  Korea,  Libya,  Mexico,  Netherlands, 
New'  Zealand,  Nigeria,  Norway,  Pakistan,  Panama,  Peru,  Portugal,  Puerto  Rico,  Romania,  Saudi  Arabia, 
Singapore,  South  Africa,  Sri  Lanka,  Sweden,  Taiwan,  Turkey,  United  Kingdom,  United  States,  U.S-S.R., 
Vietnam,  and  Yugoslavia,  making  this  conference  a  truly  international  one.  The  large  number  of  papers 
received  were  reviewed  by  a  panel  of  12  international  experts. 

The  conference  papers  and  state-of-the-art  reports  have  been  printed  in  two  volumes  which  will  be 
issued  before  the  conference.  The  third  volume  containing  reports,  discussions,  authors'  replies,  speeches 
and  special  programs,  will  be  issued  after  the  conference.  The  first  volume  contains  136  papers,  and  the 
second  volume  contains  100  papers  and  six  state-of-the-art  papers. 

The  organizing  committee  was  always  ready  to  assist  in  matters  of  organization.  In  the  initial  stages 
of  planning,  guidance  was  obtained  from  W.D.  Liam  Finn,  E  D  Appolonia,  Norbert  O.  Schmidt,  and  Allen 
W.  Hatheway.  The  University  of  Missouri-Rolla  staff  has  been  very  cooperative  throughout,  especially  per¬ 
sonnel  of  the  Engineering  Continuing  Education  unit.  In  addition,  our  secretaries,  particularly  Janet  Pearson, 
worked  hard  to  keep  pace  with  the  paperwork  associated  with  such  a  venture.  Their  work  is  especially 
appreciated  since  everyone  knows  how  difficult  it  would  be  to  handle  such  a  monumental  work  without  the 
aaive  cooperation  of  these  people. 

The  timely  printing  of  the  proceedings  has  been  made  possible  through  the  efforts  of  personnel  at 
UMR  Centralized  Printing  Office.  Without  the  expertise  and  technical  assistance  of  these  individuals,  the 
proceedings  would  not  exist  in  their  present  form. 

We  now  look  forward  to  a  successful  conference  in  St.  Louis  during  the  week  of  June  1-5,  1988. 


JANUARY  3,  1988  Shamsher  Prakash,  Editor 

and  Conference  Chairman 
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"Case  Histories  of  Geotechnical  and  Hydrological  Management 
of  Solid,  Hazardous,  and  Radioactive  Wastes” 


Proceedings:  Second  International  Conference  on  Case  Histories  in  Geotechnical  Engineering,  June  1-5, 1988,  St  Louis,  Mo.,  Paper  No.  1.05 

Use  off  Deeply  Weathered  Rock  As  Landfill  Cover  Material, 

Patacon  Landfill,  Republic  off  Panama 

W.C.B.  Gates 

Captain,  United  States  Army  Environmental  Hygiene  Agency, 

Aberdeen  Proving  Ground,  Maryland 


SYNOPSIS:  Under  normal  conditions  weathered  rock  provides  poor  landfill  cover  because  of  its  perme¬ 
able  nature.  However,  a  recent  hydrogeological  investigation  conducted  by  the  US  Army  Environmental 
Hygiene  Agency  (AEHA)  of  the  Patacon  Landfill  in  the  Republic  of  Panama  revealed  the, contrary.  The 
operators  were  using  weathered  rock  from  the  surrounding  saprolitic  outcrops  of  the  Panama  formation 
and  Tertiary  andesite  intrusions  for  laudfill  cover.  The  AEHA  selected  samples  of  the  weathered 
rock  from  the  borrow  sites  for  engineering  tests  at  their  soils  engineering  lab  at  Aberdeen  Proving 
Ground,  Maryland.  The  following  are  test  results.  Water  induces  the  weathered  rock  to  slake  very 
quickly  to  a  gravely  silt.  Compaction  of  the  samples  yielded  an  average  Proctor  density  of  1.74 
gm/cm?  at  19  percent  optimum  moisture  content.  The  lab  achieved  a  low  permeability  of  6  x  10"? 
cm/sec  on  the  compacted  samples.  The  test  results  suggest  that  properly  prepared  weathered  rock 
will  substitute  as  borrow  material  for  landfill  cover. 

INTRODUCTION  the  Continental  Divide.  The  land  upon  which 

the  facility  lies  was  formerly  the  Panama  Canal 

The  Republic  of  Panama  owns  and  operates  the  Zone  property.  The  'United  States  later  deeded 

Patacon  Sanitary  Landfill.  The  facility  has  the  property  to  the  Republic  of  Panama  as  a 

been  in  operation  since  May  1985,  when  the  result  of  the  1977  Panama  Canal  Treaty. 

Government  of  Panama  closed  the  Panama  Viejo 

dump.  Because  of  the  potential  for  surface  and 

ground-water  contamination  from  the  Patacon 

The  location  of  the  facility  is  2  km  north  of  Landfill,  the  US  Army  Garrison  in  Panama 

the  Panama  Canal  (Figure  1) .  The  site  occupies  requested  the  AEHA  review  the  operations  and 

a  tropical  intermoatane  valley  between  Rios  management  of  the  landfill  and  attendant 

Mocambo  and  Guanabano,  respectively.  In  addi-  hydrogeology  and  water  quality, 

tion,  it  is  west  of  Cerro  Patacon  and  south  of 

I  conducted  the  study  in  two  phases.  Phase  1, 
the  initial  hydrogeological  investigation  of 
the  Patacon  Landfill  and  vicinity,  occurred 
during  June  1986  (Gates,  1986).  During  Phase 
I,  I  preselected  locations  for  installation 
of  downgradient  monitoring  wells.  In  addi¬ 
tion,  I  reviewed  the  operation  and  management 
of  the  Patacon  Landfill. 

While  conducting  the  initial  study,  I  observed 
one  thing  which  grasped  my  interest  as  a  geo¬ 
logical  engineer.  The  operators  were  using 
weathered  rock  as  landfill  cover.  Usually, 
ripped,  weathered  rock  provides  poor  landfill 
cover  because  it  is  very  permeable.  To  see  if 
this  borrow  material  was  viable  as  a  source  of 
landfill  cover,  I  obtained  two  samples  for 
testing  at  the  AEHA  Soils  Lab.  The  initial 
test  results  of  the  mechanical  properties 
suggested  that  weathered  rock  would  provide 
good  cover.  This  prompted  additional  geotech¬ 
nical  investigations.  Therefore,  in  November 
1987,  I  returned  to  collect  additional  rock 
samples  from  three  primary  borrow  sites  for 
geotechnical  testing. 

This  paper  does  not  discuss  the  analytical 
results  of  the  Phase  II  ground-water  study. 
Rather,  the  purpose  of  this  paper  is  to 
analyze  the  merits  of  the  unique  landfill  cover 
Fig.  1  Location  of  the  Patacon  Landfill  material  employed  by  the  Patacon  operators. 
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ENGINEERING  GEOLOGY 

For  an  in-depth  review  of  the  geology  of 
Panama  refer  to  Woodring  (1957),  the  Stewarts' 
(198,0)  ,  and  Weyl  (1980)  .  The  local  engineer¬ 
ing  geology  surrounding  Patacon  Landfill 
follows . 

Stratigraphy 

Surficial  deposits  around  Patacon  Landfill 
are  largely  red  clay  laterites  overlying  silty 
saprolites  formed  by  weathering  of  the  under¬ 
lying  parent  bedrock. 

The  Panama  formation  (Early  to  Late  Oligocene) 
is  the  principal  bedrock  unit  surrounding  the 
landfill  (Figure  2).  This  rock  unit  is  an 
agglomerate  of  angular  to  subangular  blocks  of 
differentially  weathered  andesite,  widely 
scattered  in  a  matrix  of  fine-grained  tuff 
(Woodring,  1957;  Stewart  and  Stewart,  1980). 
Because  of  deep  weathering  from  the  tropical 
environment,  this  unit  slakes  readily  to 
small  friable  cobbles,  chips  and  mud.  Fresh 
chunks  of  the  Panama  formation  break  easily 
with  both  hand  and  hammer. 


Fig.  2  Outcropping  Weathered  Rock  of  the 
Panama  Formation  Used  for  Borrow 
Landfill  Cover 


Intrusive  andesites  (Oligocene  and  Miocene) 
surround  the  landfill  site  (Figure  3).  The 
exposed,  outcropping  portion  of  the  rock  units 
have  weathered  to  a  coarse,  friable  saprolite. 
Because  of  the  deep  weathering,  the  rock  is 
very  easy  to  rip  with  a  hammer. 

Structure 


a  north  bearing.  Woodring  (1957)  and  the 
Stewarts'  (1980)  have  identified  the  Miraflores 
and  the  Rio  Pedro  Miguel  faults  3  km  west  of 
the  landfill.  Both  form  major  drainage  path¬ 
ways.  Although  not  identified  as  faults,  the 
northern  trends  of  Rios  Guanabano  and  Mocambo, 
also,  suggest  fracture  zones.  There  is  no 
evidence  of  active  faulting  within  the  study 
area. 


Fig.  3  Weathered  Andesite  Outcrop  Used  for 
Borrow  Cover  Material 


Hydrogeology 

Patacon  Landfill  is  hydraulically  upgradient 
of  Fort  Clayton  and  adjacent  to  a  potential 
recharge  area.  Recharge  occurs  along  the  geo¬ 
logic  contact  of  the  andesite  intrusions  and 
the  Panama  formation.  The  ground  water  flows 
down  dip  and  along  fracture  zones  towards  the 
Panama  Canal.  A  semi-confined  ground-water 
zone  occurs  approximately  40  feet  below  the 
surface  (PCC,  1961;  Patacon  Well  Log  2,  1985; 
Allinger  and  Gates,  1988).  A  shallow  aquifer, 
approximately  20  feet  below  the  surface,  ties 
into  the  alluvial  aquifer  bordering  Rios 
Guanabano  and  Mocambo  (CONAMA,  1985;  Allinger 
and  Gates,  1988).  Because  there  is  a  direct 
hydraulic  link  between  the  aquifer  and  the 
streams,  the  aquifer  fluctuates  with  the 
seasonal  discharge  of  the  stream.  In  addition, 
the  shallow  aquifer  reflects  the  pollution  of 
the  stream.  For  instance,  Allinger  and  Gates 
(1988)  found  total  coliform  bacteria  colonies 
in  the  streams  and  ground  water  that  were  too 
numerous  to  count.  They  concluded,  the  coliform 
bacterial  polluf'*  comes  directly  from  the 
landfill  via  runwi. 


According  to  Woodring  (1957)  and  the  Stewarts' 
(1980),  the  Panama  formation  exhibits  an 
apparent  gentle  dip  of  7  degrees  southwest 
towards  the  canal . 

Distinct  fracture  tectonics  dominate  the  Canal 
Zone  (Weyl,  1980).  In  general,  faults  trend  on 
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PATACON  LANDFILL 
Operation 

The  site  location  for  the  Patacon  Landfill  is 
excellent,  if  managed  properly.  The  engineers 
from  the  University  of  Panama  developed  a 
detailed  engineering  plan  for  the  landfill  site 
(CONAMA,  1985).  There  is  sufficient  acreage 
and  borrow  material  for  the  landfill  to  expand. 
The  engineers  estimate  that  the  maximum  size 
of  the  facility  will  approach  300  hectares.  At 
the  time  of  the  June  1986  survey  (Gates,  1986), 
the  City  landfilled  about  900  tons  of  solid 
waste  per  day  by  the  modified  trench-area  fill 
method  (Figure  4)  . 


Fig.  4  Operators  Employ  the  Area/Trench  Fill 
Method  at  Patacon  Landfill 

During  the  first  trip,  I  noted  the  operators 
attempted  to  follow  the  engineering  plans  for 
the  landfill  as  closely  as  possible.  However, 
during  the  second  visit,  the  rainy  season  was 
at  its  height.  Because  of  the  poor  road 
maintenance  and  the  heavy  rain,  travel  to  the 
disposal  site  was  at  a  standstill.  The  roads 
were  impassable.  Because  the  operators  could 
not  get  to  the  borrow  sites  for  landfill  cover, 
nearly  12  hectares,  3  meters  high  of  uncom¬ 
pacted,  uncovered  solid  waste  lay  exposed  to 
the  elements.  The  rain  had  thoroughly 
saturated  the  solid  waste.  The  surface  of  the 
landfill  bubbled  and  hissed  from  escaping 
methane  gas  and  other  organic  products.  The 
operators  had  not  controlled  the  surface  runoff 
and  leachate,  rather  the  effluent  drained  into 
Rios  Guanabano  and  Mocambo.  Turkey  vultures 
covered  and  defecated  on  the  surface  of  the 
landfill  (Figure  5).  The  turkey  vultures  were 
the  primary  source  of  the  coliform  pollution  of 
the  streams. 


Fig.  5  Patacon  Landfill  (Note  vulture  problem) 
Cover  Material 


To  cover  the  landfill,  the  engineering  plans 
called  for  a  simple  cut  and  fill  operation. 

That  is,  the  operators  filled  the  natural 
topographic-low  depressions  with  partially 
compacted  solid  waste.  Once  they  had  spread 
and  compacted  he  waste  with  bulldozers,  they 
covered  it  witl  borrowed  weathered  rock  from 
the  adjacent  outcrops  and  hills.  Of  note, 
surrounding  the  landfill  are  sufficient  quan¬ 
tities  of  lateritic  clay  to  use  as  cover. 
However,  the  operators  chose  not  to  use  this 
material . 

Under  normal  conditions,  we,  as  geotechnical 
engineers,  would  not  select  weathered  rock  for 
landfill  cover  material  because  it  would  be  too 
permeable.  Intermediate  and  final  cover  should 
be  clay-like,  near  impermeable  material  that 
will  reduce  influent  percolation  of  fluids  and 
prevent  subsequent  leachate  production.  My 
first  impression  of  the  cover  material  that  the 
Panamanian  engineers  selected  was  that  it  was 
totally  inadequate.  However,  on  closer  inspec¬ 
tion,  1  noted  that  the  cover  had  characteris¬ 
tics  of  a  low  permeable  clay-like  material. 

This  is  atypical  of  crushed  rock. 

The  borrow  sites  selected  by  the  landfill 
operators  were  outcrops  of  rock  within  the 
boundaries  of  the  landfill.  The  rock  units 
were  the  Panama  formation  (Tp)  and  Tertiary 
andesite  (Ta)  intrusions  (Figures  2  and  3). 

The  operators  excavated  the  rock  material  by 
ripping  with  a  front-end  loader  or  bulldozer. 
After  removing  the  rock  from  the  borrow  pit, 
they  spread  and  compacted  it  on  the  surface  of 
the  landfill  with  a  bulldozer. 

I  noted  two  things  while  visiting  the  site 
during  the  dry  and  rainy  season.  During  the 
rainy  season,  the  crushed  rock  weathers  very 
quickly  to  a  sticky  mud  if  the  moisture  exceeds 
the  optimum.  During  the  dry  season,  there  was 
just  enough  rain  to  bring  the  cover  to  optimum 
moisture.  This  eased  the  traf f icabili'ty . 
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Daily  precipitation  facilitated  the  rock  to 
slake  to  a  soil-like  material  which  aided  in 
mechanical  compaction.  Where  the  operators 
compacted  the  cover  material,  the  permeability 
appeared  very  tight  because  water  pooled  on 
the  surface. 

GEOTECHNICAL  TESTING 

General 

After  observing  the  Panamanian  operators,  I 
noted  the  most  important  aspect  in  locating 
weathered  rock  for  landfill  cover  material  was 
the  ability  to  distinguish  the  durable  from 
the  nondurable  rock .  The  operator  needs  to 
locate  the  nondurable  material  that  will 
react  as  soil  and  compact  easily. 

Several  authors  have  suggested  various  mechan¬ 
ical  tests  to  evaluate  the  durability  of  shale 
or  weak  rock  (Chapman,  1975;  Strohm  and 
others,  1978;  ASTM  D  4644-87 ;  Franklin,  1983). 
Geotechnical  engineers  employ  these  tests  to 
distinguish  weak  rock  from  more  durable 
material.  The  simple  slaking  tests  provide 
easy  identification  of  weathered  rock  and 
shales  that  are  relatively  soft  and  nondurable 
(Strohm  and  others,  1978).  Other  weathered 
rock  that  is  mechanically  hard  and  durable 
is  recognizable  by  its  resistance  to 
weathering  in  the  field,  density,  and  ringing 
when  struck  by  a  hammer  or  its  unchanged 
nature  after  a  slake-durability  test. 

To  evaluate  the  mechanical  adequacy  of  the 
cover  material  selected  by  the  Panamanian 
engineers,  I  chose  to  use  the  slake  tests 
in  reverse.  That  is,  I  wanted  to  know  how 
well  the  rock  slaked  to  a  soil-like  material 
rather  than  how  durable  it  was.  I  chose  the 
following  slake  tests  described  by  Strohm  and 
others  (1978):  Jar-slake  test,  rate  of 
slaking  test  and  slake  test  (substituted  for 
the  slake-durability  test).  In  addition,  1 
investigated  other  physical  characteristics  of 
the  cover  material  such  as  Grain  size,  Atter- 
berg  limits,  Proctor  densities,  moisture 
contents  (natural,  saturated,  and  optimum) 
and  the  permeabilities  achievable  at  Proctor 
density.  The  following  is  a  discussion  of  the 
test  methods  and  analytical  results. 

Sample  Sites 

I  selected  three,  110  kg,  representative 
weathered  rock  samples  from  tfie  ^rrd.w 

sites.  Two  came  from  tlie  V&fiama  formation 
(Tpl,  Tp2)  and  one  Yr'otn,  the  andesite  (Ta)  out¬ 
crop. 

Jar-slake  Test 

The  jar-slake  test  is  a  simple  quick  qualita¬ 
tive  test  which  describes  six  descriptive 
degrees  of  slaking  (Strohm  and  others,  1978). 
The  investigator  determines  the  degrees  of 
slaking  by  observing  the  reaction  of  oven- 
dried  samples  immersed  in  water.  I  used  this 
test  during  the  first  trip,  as  a  quick  indi¬ 
cator  of  the  durability  of  both  rock  units. 

All  rock  samples  (Panama  formation  and  weath¬ 
ered  andesite)  reacted  immediately  to  the  jar- 
slake  test.  Since  the  Panama  formation  is  an 


agglomerate,  the  individual  clasts  slaked  dif¬ 
ferentially,  based  on  the  degree  of  weathering. 
The  andesitic  samples  reacted  slower  because 
they  were  apparently  more  durable.  The  test 
provided  useful  information  on  the  behavior  and 
hardness  of  the  water-soaked  rock  samples. 

Some  of  the  clasts  which  did  not  slake  immedi¬ 
ately,  broke  apart  between  the  thumb  and 
fingers.  In  general,  the  Jar-slake  index  for 
these  samples  ranged  from  2.5  to  3.5.  The 
implication  of  this  is  the  samples  break  down 
rapidly  to  form  few  to  many  chips  mixed  with 
flakes  and  mud. 

Rate  of  Slaking  Test 

Chapman  (1975)  and  Strohm  and  others  (1978) 
discuss  the  rate  of  slaking  test.  This  test  is 
a  useful  supplement  performed  in  conjunction 
with  the  Jar-slake  test.  The  rate  of  slaking 
is  a  function  of  the  change  in  liquidity  index. 
The  liquidity  index  is  the  difference  between 
the  in  situ  water  content  and  soaked  water 
content  divided  by  the  plastic  index  of  the 
sample.  The  average  change  in  liquidity  index 
for  all  samples  exceeded  1.25.  Therefore,  the 
borrow  material  slakes  very  fast. 

Slake  Test 

The  American  Society  for  Testing  and  Materials 
(ASTM)  considers  the  slake-durability  test 
(ASTM  4644-87)  the  primary  test  for  weak  rocks 
and  shales.  The  slake-durability  index  (I<j) 
measures  the  percent  of  the  rock  material 
retained  at  the  completion  of  the  test. 
Conversely,  the  slake  test  is  a  measure  of  the 
total  material  lost  during  the  test.  The 
slake  test  is  an  alternative  to  the  slake- 
durability  test  since  the  slake  index  is  equal 
to  100  -  Id  (Chapman,  1975;  Strohm  and  others, 
1978).  The  slake-durability  index,  based  on 
the  slake  index  for  the  samples,  ranged  from 
66  to  87  percent.  The  material  retained  on  the 
sieve  consisted  of  a  mixture  of  hard  clasts, 
large  and  small,  intermixed  with  soil-like  non¬ 
durable  material.  The  ASTM  classification  is 
Class  II  (ASTM  D  4644-87). 

Proctor  Density 

since  I  was  evaluating  fc^'e  weathered  rock  as 
landfill  cover i  I  tmployed  the  15-blow  compac¬ 
t-ion  test  to  determine  Proctor  density.  The 
15 -blow  coA^'ckion  test  approximates  field 
compactions ' expected  of  cover  over  a  spongy 
solid  waste  landfill  (Lutton,  1980).  It  differs 
from  the  standard  25-blow  test  because  the 
technician  uses  less  compactive  effort.  This 
results  in  lower  maximum  densities  and  higher 
optimum  moisture  contents  (Lutton  and  others, 
1979;  US  Army,  1980). 

Figure  6  depicts  the  combined  Proctor  density 
test  results.  The  results  show  that  under  ideal 
laboratory  conditions,  one  can  compact  the 
weathered  rock  to  an  average  Proctor  density  of 
1.74  gm/cms  at  an  optimum  moisture  content  (OMC) 
of  19  percent. 
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PROCTOR  DENSITY  RESULTS.  PANAMA  8  ANDESITE  UNITS 
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Fig.  6  Consolidated  Proctor  Density  Results 
Permeability 

We  conducted  constant  head  permeabilities  on 
all  compacted  samples.  The  following  are  the 
laboratory  permeability  results  on  the  com¬ 
pacted  samples.  For  the  Panama  formation  (Tpl 
and  Tp2) ,  we  achieved  an  average  permeability 
of  9  x  10~7  cm/sec  at  an  OMC  of  20  percent  and 
a  Proctor  density  of  1.72  gm/cm3.  Similarly, 
for  the  weathered  andesite  (Ta) ,  we  achieved  a 
permeability  of  2  x  10"°  cm/sec  at  an  OMC  of  18 
percent  and  a  Proctor  density  of  1.78  gm/cm3. 

DISCUSSION 

The  tropical  climate  has  reduced  the  rock  to  a 
weathered  saprolite.  Both  rock  units  slake 
readily  to  a  combination  of  durable  clasts  of 
cobbles  and  gravel  mixed  with  nondurable  clasts 
and  soil-like  material.  The  Panama  formation 
reacts  faster  because  of  its  agglomeratic 
nature.  However,  overall  the  rate  of  slaking 
for  both  is  very  fast.  Based  on  the  slake 
test,  the  rock  durability  is  moderate.  The 
reason  for  this  is  the  differential  weathering 
of  the  rock.  Thus,  some  clasts  are  more  dur¬ 
able  than  others. 

For  the  weathered  rock  to  work  properly  as 
landfill  cover,  the  operators  must  mechanically 
rework  both  rock  units.  A  goal  that  the 
Panamanian  operators  should  strive  for  when 
compacting  the  cover  layers  is  95  percent  of 
Proctor  density  at  optimum  moisture  based  on 
the  15-blow  compaction  test.  At  these  condi¬ 
tions,  the  operator  can  achieve  a  permeability 
of  approximately  6  x  10"7  cm/sec,  also. 
According  to  Lutton  (1980),  one  can  approach 
this  goal  by  six  passes  with  an  intermediate- 
size  dozer  or  similar  on  soil  cover  over 
municipal  solid  waste. 


AREAS  FOR  RESEARCH 

Using  weathered  rock  as  an  alternative  to  clay¬ 
like  soil  for  landfill  cover  is  an  area  for 
additional  geotechnical  research.  The 
researcher  should  obtain  many  samples  from  a 
variety  of  geologic  formations  and  geographical 
areas  for  testing.  Since  the  texture  of  the 
weathered  rock  is  more  coarse  than  soil,  the 
researcher  should  select  larger  compaction 
molds  and  permeameters .  This  will  reduce  error 
and  more  approximate  field  conditions.  The 
slake-durability  test  should  include  the  -slake- 
durability  apparatus  as  a  primary  testing 
device.  In  addition,  the  investigator  should 
investigate  problems  attendant  to  compaction 
and  hydraulic  conductivity  which  may  cause 
errors.  The  following  are  problem  areas 
identified  by  the  EPA  (1984)  for  research  on 
soil  cover  which  is,  also,  applicable  to 
weathered  rock  cover:  (1)  effects  of  moisture 
content  on  compactions;  (2)  the  maximum  size 
of  soil  aggregates;  (3)  cause  and  effect  of 
deleterious  substances,  such  as  rocks  and 
roots;  (4)  methods  of  compaction  and  compac- 
tive  effort;  (5)  effects  of  air  in  the  samples; 
(6)  effects  of  excessive  hydraulic  gradients; 
and  (7)  permeameter  and  sample  size. 

CONCLUSIONS 

The  Patacon  Landfill,  if  properly  operated,  is 
an  excellent  site  for  a  landfill.  The  CONAMA 
developed  excellent  and  viable  landfill  engi¬ 
neering  design  plans.  The  problem  noted, 
however,  was  the  operators  follow  the  design 
plans  sporadically. 

The  results  of  the  engineering  tests  suggest 
that  weathered  rock  from  the  Panama  formation 
and  the  andesite  intrusions  will  work  well  as 
landfill  cover  when  properly  prepared  and 
applied.  The  weathered  rock  reacts  readily  to 
slaking  tests.  Laboratory  permeabilities  of 
the  cover  material  of  6  x  10"'  cm/s  are 
achievable  at  15-blow  Proctor  densities  of  1.74 
gm/cm3 . 
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SYNOPSIS:  Phenolic  waters  are  generated  in  a  producer  gas  plant  in  India.  Since  harmful 
environmental  effects  can  result  even  with  low  concentrations  of  phenol  in  water,  its  disposal  poses 
a  problem.  Four  options  for  disposal  were  considered.  One  of  these  options  considered  involves 
disposal  in  a  earthern  pond  situated  close  to  a  river.  In  order  to  avoid  river  pollution  by  possible 
seepage  of  phenolic  waste,  geotechnical  aspects  have  to  be  considered.  For  each  option,  cost 
analysis  is  performed.  This  paper  discusses  as  to  how  the  final  disposal  technique  is  decided 
fiking  into  account  all  the  relevant  aspects  of  the  problem. 


INTRODUCTION 

Industrial  development  is  occurring  all 
over  the  world.  Such  activity  generates  certain 
substances  that  are  to  be  disposed  off  in  an 
environmentally  accepted  manner.  Phenol  is  one 
such  chemical.  In  this  paper,  a  case  history 
involving  the  disposal  of  phenolic  waters  and 
slag  will  be  presented  to  illustrate  as  to  how 
phenolic  compounds  can  be  safely  disposed. 


STATEMENT  OF  THE  PROBLEM 

Phenol  is  generated  in  several  processes 
(Forney,  1974;  Luthy,  1981;  Keating,  et  al., 
1979).  In  the  case  history  cited  herein,  phenol 
is  produced  in  a  producer  gas  plant  In  India. 
Producer  gas  is  manufactured  by  the  destructive 
distillation  of  coal.  Three  types  of  phenolic 
waters  are  produced  in  the  various  units  of  the 
gas  producer  plant.  They  are: 

1.  First  type:  phenol  is  produced  during 
the  contact  between  the  gas  and  water  In 
scrubbers.  Its  concentration  ranges  from  20  to 
30  mg/1.  It  has  been  estimated  that  on 
completion  of  the  final  stage  of  the  project,  a 
quantity  of  14,600  m3/day  of  this  type  of  water 
will  be  generated. 

2.  Second  type:  High  concentration  phenolic 
waters  (ranging  from  9  to  10  g/1)  are  produced 
by  the  condensation  of  water  vapors  while 
passing  through  gas  coolers  and  electrostatic 
filters.  Upon  completion  of  the  project  cited 
here,  it  is  estimated  that  a  quantity  of  216  m3 
/day  of  this  type  of  phenolic  waters  will  be 
produced . 

3.  Third  Type:  Phenolic  waters  with 
concentrations  ranging  from  10  mg/1  to  3  g/1 
are  also  discharged  from  various  operational 
units  into  water  seals.  The  quantity  of  these 
waters  In  comparison  with  those  of  the  first  and 
the  second  types  Is  small  and  variable.  Hence 
this  is  considered  to  fall  under  the  category  of 
the  second  type.  No  further  discussion  of  this 
type  will  be  presented  in  this  paper. 


DISPOSAL  OF  PHENOLIC  WATERS 
First  Type: 

The  first  type  of  phenolic  waters  produced 
in  the  scrubbers  have  a  concentration  ranging 
from  20  to  30  mg/1.  This  concentration  is  less 
than  the  maximum  admissible  concentration  of  50 
mg/1  of  phenolic  waters  that  can  enter  the 
central  sewage  treatment  plant.  Hence  these 
phenolic  waters  do  not  pose  any  major  disposal 
problems.  This  is  based  on  the  premise  that  the 
scrubbers  are  considered  to  operate  with  the 
fresh  process  water  and  that  no  recirculation  is 
taken  into  consideration. 

From  the  point  of  view  of  economy, 
reduction  in  the  consumption  of  process  water 
with  consequent  reduction  in  the  capital 
expenditure  on  the  treatment  plant  is  desirable 
and  recirculation  of  water  is  considered  a 
necessity.  As  a  consequence  of  this,  the 
phenolic  waters  will  have  concentrations 
greater  than  20  to  30  mg/1.  In  this  case,  If  a 
circulation  system  were  to  be  adopted,  the 
average  concentration  of  phenols  of  these  waters 
works  out  to  be  about  85  mg/1. 

The  quantity  of  w'astewater  with  high 
concentration  of  phenol  entering  the  treatment 
plant  can  be  regulated  in  the  circulation  system 
according  to  the  requirements  of  the  treatment 
plant.  It  may  also  be  noted  that  the  circulation 
cooling  system  provides  for  the  lowering  of 
concentration  due  to  oxidation  by  atmospheric 
oxygen.  For  this  reason,  average  phenol 
quantities  mentioned  above  can  be  considered  as 
maximum  and  the  probable  quantities  of  phenol 
entering  the  treatment  plant  as  not  exceeding 
the  lower  limit  (20  mg/1). 

Second  Type: 

These  waters  have  concentrations  from  9  to 
10  g/1.  They  contain  an  average  of  70*  phenols 
and  30*  substituted  phenols.  These  waters  have 
to  be  treated  separately  as  they  can  not  be 
handled  by  the  central  sewage  treatment  plant. 
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At  the  time  of  disposal,  the  concentration  of 
phenol  has  to  be  reduced  to  that  below  the 
tolerable  limits.  In  the  following  sections,  a 
discussion  on  this  topic  will  be  presented. 


TOLERABLE  LIMITS  FOR  PHENOLIC  WATERS 

Phenol  and  other  phenolic  compounds  are 
either  toxic  or  lethal  to  fish  at  relative  low 
concentration  and  impart  objectionable  tastes 
to  drinking  water.  McKee  and  Wolfe  (1963) 
following  a  review  of  world  literature  concluded 
that  phenol  in  a  concentration  of  more  than 
0.001  mg/1  would  interfere  with  the  domestic 
water  supplies,  0.2  mg/1  would  interfere  with 
fish  and  aquatic  life  and  1000  mg/1  would 
interfere  with  stock  watering.  Chlorinated 
phenols  also  present  problems  in  drinking  water 
supplies  because  phenol  is  not  efficiently 
removed  by  conventional  water  treatment  and  can 
be  chlorinated  during  the  final  water  treatment 
process  to  form  persistent  odor-producing 
compounds.  Hence  it  was  decided  to  adopt  a 
method  of  disposal  that  result  in  no  pollution 
of  river  waters  by  the  flow  of  phenolic  waters 
from  the  slag  pond. 


TREATMENT  OPTIONS  CONSIDERED 

For  the  treatment  of  the  second  type  of 
phenolic  waters,  four  different  options  were 
considered.  These  will  be  discussed  in  detail  in 
the  subsequent  sections. 

METHOD  1  Hydraulic  Transport  of  Slag  with  High 
Concentration  Phenols  as  the  Carrying  Medium 

Daily,  14,600  m3  of  the  first  type  of 
phenolic  waters  with  a  concentration  of  86  mg/1 
will  be  mixed  with  216  m3  of  the  second  type  of 
phenol  with  a  concentrat  .‘on  of  10  g/1.  This 
will  result  in  a.  total  quantity  of  phenolic 
water  of  14,816  m3/day  with  a  concentration  of 
230  mg/1.  Slag  produced  by  the  burning  of  coal 
in  the  producer  gas  plant  along  with  the 
phenolic  water  will  be  transported  hydraulically 
to  an  open  air  slag  pond.  This  pond  is  proposed 
to  be  constructed  outside  the  plant  area. 

The  treatment  proposed  in  this  option 
consists  of  the  following: 

1.  Adsorption  of  the  highly  concentrated 
phenolic  waters  by  slag. 

2.  Effect  of  atmospheric  oxygen  on  slag 
saturated  with  phenolic  waters  in  the  proposed 
slag  pond. 

In  this  chemical  process,  some  of  the 
phenols  gradually  change  to  harmless  humus 
substances  and  the  rest  remain  combined  with 
water  in  the  slag,  which  according  to  the 
preliminary  tests  conducted  show  a  high  degree 
of  saturation.  To  achieve  maximum  contact 
between  phenolic  waters  and  slag  particles  from 
producer  gas  plant  and  boiler  house,  the  slag 
will  be  hydraulically  conveyed  utilizing  the 
high  concentration  phenols  as  the  medium  to  a 
proposed  slag  dump  pond  outside  the  plant  area. 


Details  of  the  Slag  Dump  Pond 

The  slag  dump  pond  will  be  situated 
southwest  of  the  plant  adjacent  to  the  left  bank 
of  a  river.  For  the  construction  of  the  bottom 
and  the  sides  of  the  pond,  it  is  proposed  to 
utilize  the  locally  available  soils.  The  banks 
must  be  above  the  level  of  the  surrounding  area 
in  order  to  check  monsoon  storm  water  coming 
into,  the  area.  It  is  also  necessary  to  provide 
an  intercepting  trench  around  the  pond  to 
prevent  flooding  of  the  pond  by  torrential  rain 
water  from  outside  and  to  prevent  the  leakage  of 
phenolic  water  from  the  inside  of  the  pond  into 
the  river  so  as  not  to  cause  river  pollution. 
The  pumping  station  for  return  water  is  built 
near  the  pond.  This  water  is  to  be  pumped  back 
into  the  gas  producer  plant  wherein  it  will  be 
mixed  with  highly  concentrated  phenolic  waters 
and  slag  and  from  there  it  will  be  led  again  to 
the  pond. 

Figure  1  shows  the  layout  of  the  pond  with 
respect  to  the  plant.  An  existing  railway 
embankment  forms  on  one  side  of  the  pond.  The 
other  enclosures  will  be  provided  by  a 
curvilinear  embankment  as  shown.  An  intercepting 
trench  all  around  the  embankment  is  provided  on 
the  outer  side.  The  purpose  of  this  trench  is 
two  fold:  (1)  to  to  collect  water  seeping  out  of 
the  pond  and  (2)  to  monitor  the  quality  of  water 
seeping  out  in  order  to  take  suitable  mitigating 
measures  in  time. 

Soil  Conditions  at  Site 

Preliminary  borings  and  test  pits  were 
performed  for  investigating  the  in-situ 
conditions.  The  soil  conditions  comprise  of  a 
layer  of  top  soil  about  0.5  meters  thick  on  top 
of  a  10  meter  thick  layer  of  silty  clay.  This  is 
underlain  by  a  layer  of  clayey  silt,  6  meters 
thick.  Soil  Samples  were  obtained  for  testing. 
Relevant  standards  of  the  American  Society  for 
Testing  and  Materials  referred  to  as  A.S.T.M. 
were  utilized  for  testing  procedures. 

Geotechnical  Properties  of  In-situ  Soils 

Index  tests  were  conducted  to  classify  the 
soils.  The  liquid  limits  for  the  silty  clay  and 
the  clayey  silt  were  determined  to  be 
respectively  65  and  38.  Corresponding  plastic 
limits  were  32  and  22  respectively.  Modified 
proctor  compaction  tests  were  conducted  on  these 
materials  with  a  view  to  utilizing  these 
materials  for  embankment.  Optimum  moisture 
contents  for  the  above  two  materials  were  15  X 
and  12X,  respectively.  Maximum  dry  densities 
corresponding  to  these  optimum  moisture  contents 
were  123  Ibs/cubic  foot  and  110  Ibs/cubic  foot 
respectively.  From  a  compaction  point  of  view, 
the  locally  available  material  did  not  pose  any 
problems. 

Permeability  Tests 

In  order  to  prevent  any  seepage  of  water 
from  inside  the  pond  to  t.he  river,  the 
foundation  material  has  to  be  sufficiently 
impervious.  Otherwise,  suitable  liner  systems  or 
slurry  walls  have  to  be  provided  with  imported 
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soils  and  geotextlles.  So  permeability  tests 
were  conducted  for  this  purpose  on  the  In-situ 
materials.  Several  types  of  tests  are  available 
to  determine  the  permeability  of  soils.  A 
review  of  available  literature  Indicates  that 
the  conductivity  Is  affected  by  the  type  of  test 
(Daniel,  et  al.,  1985).  Mitchell  and  Madsen 
(1987)  feel  that  the  consol idometer  permeability 
test  Is  potentially  the  most  useful  one  due  to 
the  versatility  of  the  equipment.  Hence,  the  use 
of  consolidation  tests  for  determining  the 
permeability  of  silty  clays  In  this  paper  can  be 
justl fled. 

For  imperviousness,  compaction  on  the  wet 
side  of  the  optimum  Is  required  (Daniel  1984). 
Hence,  consolidation  tests  to  determine 
permeabilities  of  local  soils  were  conducted  at 
dry  densities  corresponding  to  95  percent 
maximum  proctor  dry  densities  on  the  wet  side  of 
optimum.  These  tests  Indicate  that  the  silty 
clay  and  the  clayey  silt  have  average 
coefficients  of  permeability  respectively  7.3  x 
10"'  cm/sec  and  1.1  x  10"6  cm/sec. 
Consolidation  tests  conducted  on  In-situ 
undisturbed  silty  clay  foundation  materials 
indicated  that  the  average  coefficient  of 
permeability  was  of  the  order  of  10"'  cm/sec. 

Effect  of  Phenolic  Waters  on  the  Hydraulic 
Conductivity 

The  permeability  determinations  referred  to 
above  were  made  with  water  as  conducting  fluid. 
It  is  well  known  that  hydraulic  conductivity  Is 


susceptible  to  changes  with  time  or  exposure  to 
chemicals.  Mitchell  and  Madsen  (1987)  recommend 
that  the  permeant  used  for  testing  to  be  of  the 
same  composition  as  to  that  to  which  the 
foundation  material  will  be  subjected  In  the 
field.  Since,  In  this  project,  phenolic  waters 
will  be  seeping  through  the  foundation  material 
of  the  dam,  the  possibility  of  conducting 
permeability  tests  on  silty  clay  with  phenolic 
waters  as  permeant  was  considered.  As  stated 
earlier,  the  concentration  of  phenolic  waters 
will  be  230  mg/1.  But,  due  to  oxidation  In  pond, 
only  3 2 X  of  phenols  will  remain,  thus  reducing 
the  concentration  of  phenolic  waters  reaching 
the  bottom  of  pond  to  76  mg/1. 

A  review  of  literature  regarding  the  effect 
of  phenols  on  the  hydraulic  conductivity  was 
made.  For  this  project,  It  can  be  stated  that 
the  hydraulic  conductivity  of  silty  clays  will 
not  be  affected  by  phenols  of  the  concentration 
produced  In  this  plant,  based  on  the  following: 

1.  It  appears  that  concentrations  of 
organic  solutions  at  or  below  the  solubility 
limit  have  no  effect  of  hydraulic  conductivity 
of  clay  soils  Irrespective  of  the  test  methods 
(Mitchell  and  Madsen,  1987).  The  solubility  of 
phenol  in  water  Is  86  g/1  (Mitchell  Et.  all, 
1987),  whereas  the  concentration  of  phenol  In 
the  case  history  cited  In  this  paper  Is  74  mg/1. 

2.  Acar  et  al.  (1985),  observed  from 
flexible  wall  tests  that  In  a  compacted  soil 
with  0.1  *  concentration  phenol  the  hydraulic 


conductivity  did  not  change  appreciably.  The 
concentration  of  phenolic  waters  from  the 
producer  gas  plant  is  74  mg/1  and  thus  it  is 
less  than  0.1%. 

Hence,  it  was  decided  not  to  perform 
hydraulic  conductivity  tests  on  native  clay  with 
phenol  as  permeant. 

Based  on  the  foregoing  discussions,  it  can 
be  assumed  that  a  coefficient  of  permeability 
value  of  the  order  of  10"'  cm/sec  would  be 
admissible.  Thus,  it  can  be  inferred  that  the 
native  foundation  soil  has  sufficient 
imperviousness  to  retain  the  phenol  without 
polluting  the  river,  eliminating  the  need  for 
cutoff  walls  or  special  lining  systems. 

If  this  option  were  to  be  implemented, 
besides  the  storage  pond,  approach  roads,  pipe 
bridges,  pumping  stations  for  pumping  water  from 
peripheral  trenches  are  to  be  constructed. 
Basalt  coated  pipes  are  needed  for  the  hydraulic 
transport  of  phenol  to  prevent  abrasion  due  to 
the  slag.  These  pipes  have  to  be  imported  from 
abroad,  costing  valuable  foreign  exchange. 

The  major  disadvantage  of  this  method  is 
that  very  strict  quality  control  measures  for 
compaction  have  to  be  adopted  to  make  the  dam 
impermeable  to  prevent  river  pollution. 

METHOD  2  Treatment  of  Phenol  in  an  Independent 
Treatment  Plant 

In  this  option,  the  slag  is  transported 
hydraulically  by  the  phenolic  waters  of  low 
concentration  obtained  by  the  treatment  of  high 
concentration  phenols  by  a  special  process.  As 
part  of  this  technique,  high  concentration 
phenol  waters  are  diluted  with  5  times  low 
concentration  waste  to  give  an  effluent  of  1,296 
mJ/day  of  concentration  1,525  mg/1.  Depending  on 
the  condition  of  the  diluted  effluent,  it  may  be 
necessary  to  adjust  pH  value  between  7  to  10 
prior  to  treatment.  Nutrients  are  added  to 
obtain  a  concentration  in  the  diluted  effluent 
of  75  mg/1  nitrogen  and  15  mg/1  of  phosphorus. 

An  aeration  tank  is  provided  for  the 
biological  treatment  of  wastewater.  This  tank  Is 
fitted  with  mechanical  aerators  to  supply  oxygen 
and  with  an  anti-foam  dosing  device  which  will 
operate  automatically  In  the  event  of  a  build-up 
of  foam  occurring.  A  settling  tank  is  also 
provided  to  separate  the  sludge  from  clarified 
effluent.  This  16  ft  diameter  concrete  settling 
tank  Is  fitted  with  mechanical  sludge  scraper. 
The  settled  biological  sludge  will  be  recycled 
by  means  of  pump  to  the  aeration  tanks  to 
maintain  a  constant  concentration  of 
microorganisms  In  the  aeration  tank  and  the 
clarified  treated  effluent  will  overflow  from 
the  settling  tanks  to  the  drain.  The  treated 
effluent  has  a  concentration  of  only  10  mg/1. 
This  can  be  handled  by  the  central  sewage 
treatment  plant. 

The  advantages  of  this  method  are: 

1.  Construction  of  earthern  dam  is  avoided. 


2.  Load  on  central  sewage  treatment  plant 
will  be  reduced. 

3.  Neither  change  nor  alteration  in  the 
mechanical  equipment  for  which  orders 
are  already  being  placed. 

Method  3  Biological  Treatment  of  Phenol  and 
storage  of  sludge  only  in  the  pond 

In  this  method,  uncrushed  slag  delivered  by 
conveyor  belt  falls  in  the  truck  and  transported 
to  a  storage  pond.  For  access  to  the  pond,  an 
underbridge  below  the  railway  line  will  be 
built.  High  concentration  phenol  water  will  be 
treated  separately  by  the  special  process 
explained  in  the  above  option.  The  effluent  will 
be  allowed  to  enter  the  sanitary  sewer  leading 
to  the  central  sewage  treatment  plant. 

Advantages  claimed  are: 

1.  River  pollution  is  totally  avoided. 

2.  Trucks  manufactured  in  India  can  be 
utilized  avoiding  costly  foreign 
exchange. 

3.  Crushers,  Dumps,  basalt-coated  pipes 
and  pipe  bridge  are  unnecessary  and 
hence  savings  in  foreign  exchange  can 
be  realized. 

4.  Disposal  of  slag  into  a  particular 
place  is  .iot  necessary.  The  whole 
area  can  be  used,  capital  and 
operating  costs  are  less. 

METHOD  4 

This  option  differs  from  the  Method  3  in 
that  the  mode  of  transportation  of  uncrushed 
slag  is  by  aerial  ropeway.  Spreading  of  slag  is 
accomplished  by  human  labor. 

Advantages  are  the  same  as  those  for 
method  3.  Disadvantage  is  the  aerial  ropeway 
that  would  Impede  with  height  clearances  and  air 
ri ghts . 


COST  ANALYSES 

For  each  option,  capital  costs,  operations 
costs  and  working  costs  were  estimated  and 
presented  in  the  form  of  tables.  Costs  were 
worked  out  for  a  period  of  operation  of  25 
years.  In  arriving  at  working  costs,  annual 
maintenance,  operation  and  depreciation  for  such 
items  whose  life  is  shorter  than  25  years  and 
are  to  be  replaced  by  new  ones  are  considered. 
In  order  to  aid  in  the  process  of  comparison, 
the  costs  are  shown  in  units  and  not  In  any 
currency. 

A  comparison  of  the  four  different  methods 
discussed  above  can  be  made  from  the  figures  in 
Table  I: 
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TABLE  I 


COST  COMPARISON 


Item 

Method  1 

Method  2 

Method  3 

Method  4 

Capital  cost 

17,091,380 

7,826,170 

2,150,880 

12,537,380 

Working  cost 
per  year 

1,848,006 

2,372,482 

735,560 

1,272,140 

Working  cost 
for  25  years 

46,200,150 

59,312,050 

18,390,000 

31,803,500 

Total  Cost 
(Add  A  and  C) 

63,291,530 

67,138,220 

20,540,880 

44,340,880 

Basis  For  Selection  Of  Disposal  Technique 

From  the  above  table,  it  appears  that  the 
methods  2  and  3  have  respectively  the  highest 
and  the  lowest  working  costs  for  25  years.  The 
capital  costs  for  option  1  are  the  highest  of 
all.  Method  2  was  rejected  on  the  basis  of  high 
costs.  It  was  decided  to  adopt  method  3  since 
it  costs  the  least.  But  due  to  the  existing 
problems  regarding  the  import  of  equipments,  it 
was  anticipated  that  there  will  be  a  2-year 
delay  in  obtaining  the  required  equipment. 
Hence  it  was  decided  to  adopt  option  1  In  the 
interim  (for  a  period  of  two  years). 

Phenolic  waters  will  be  pumped  Into  the 
pond  through  a  pipeline  and  the  slag  will  be 
transported  by  trucks.  In  the  meanwhile  orders 
will  be  placed  for  basalt-coated  cast  Iron  pipes 
from  abroad.  These  pipes  will  be  used  for  the 
hydraulic  transport  of  phenolic  waters  and  slag. 


CONCLUSIONS 

As  the  avoidance  of  river  pollution  is  the 
main  technical  concern,  the  scheme  that 
satisfies  this  requirement  in  addition  to  being 
the  cheapest  in  respect  of  the  total  cost  was 
the  one  chosen.  Thus  it  can  be  shown  as  to  how 
geotechnical  aspects  such  as  pollution  control 
and  other  environmental  aspects  control  the 
final  solution  to  the  problem. 
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Complementing  Radiologic  Data  with  Geology— A  Case  History 

Dennis  McGrane 

Geologist  Bechtel  Civil  Inc.,  San  Francisco,  California 


SYNOPSIS:  The  goal  in  characterizing  radioactively  contaminated  soil  is  to  quantify  the  degree  of 
contamination  and  its  parameters.  A  cost  effective,  small  scale  characterization  is  done  by  per¬ 
forming  a  surface  radiological  survey  with  subsurface  data  coming  from  boreholes  augered  in  a  tight 
grid  pattern.  Confidence  in  the  between-hole  extrapolations  depends  on  the  grid  size.  However,  at 
the  widely  contaminated  site  in  Maywood,  New  Jersey  a  grid  width  of  100  feet  was  the  only  economical 
choice.  Accurate  contamination  parameters  were  determined  despite  the  wide  hole  spacings  once  geolo¬ 
gists  and  health  physicists  learned  how  local  geologic  conditions  controlled  the  contamination's 
location  and  extent.  The  contamination  pathway  was  found  to  be  fluvially  dependent,  and  various 
logged  soil  types  could  be  confirmed  by  their  distinctive  radiologic  signatures.  With  this  knowledge, 
grid  drilling  was  abandoned.  Drillhole  sites  were  individually  selected  based  on  geologically 
supported,  between-hole  extrapolations  thereby  eliminating  many  costly  boreholes. 

HISTORY,  LOCATION,  AND  DESCRIPTION 

The  1984  Energy  and  Water  Appropriations  Act 
authorized  the  Department  of  Energy  (DOE)  to 
conduct  a  decontamination  research  and  develop¬ 
ment  project  at  the  former  Maywood  Chemical 
Works  (now  owned  by  the  Stephan  Company)  and 
its  vicinity  properties.  DOE  now  owns  11.7 
acres  of  the  land  just  west  of  the  Stepan 
Company  and  has  constructed  the  Maywood  Interim 
Storage  Site  (MISS)  there.  The  MISS  lies  in 
a  highly  developed  area  in  the  Borough  of 
Maywood  and  the  Township  of  Rochelle  Park, 

New  Jersey.  Contaminated  residential  properties 
lie  further  south  in  the  Borough  of  Lodi  (FIG  I). 

From  1916  through  1956,  the  Maywood  Chemical 
Works  processed  monazite  sand  (thorium  ore) 
for  industrial  products.  During  this  time, 
slurry  containing  process  wastes  from  the  thor¬ 
ium  operations  was  pumped  to  diked  areas  west 
of  the  plant.  Historical  aerial  photographs 
show  these  tailings  ponds  were  located  in  former 
swampy  areas,  the  headwaters  for  the  southward 
flowing  Lodi  Brook.  In  1932,  New  Jersey  Route 
17  was  built  through  this  disposal  area,  leaving 
contaminated  material  isolated  on  what  is  now 
known  as  the  Ballod  property,  west  of  the  MISS. 

During  this  time,  process  wastes  were  removed 
from  the  Maywood  Chemical  Works  for  use  as  mulch 
and  fill  on  nearby  commercial  and  residential 
properties,  thereby  contaminating  them  with 
radioactive  thorium  and  its  daughters  (some  elevated  concentrations  of  Uranium-232  and  its  daughters 
are  also  present).  Maywood  Chemical  Works  stopped  processing  Thorium  in  1956.  Construction  of 
vicinity  commercial  properties  begin  in  1960.  At  this  time  80-90%  of  Lodi  Brook  leaving  the  MISS 
area  was  confined  to  a  concrete  conduit  and  buried.  Above  this  conduit,  commercial  and  residential 
development  occurred  during  the  next  27  years. 

The  goal  of  this  project  is  to  define  all  contamination  parameters  and  remediate  all  those  areas 
exceeding  DOE  guidelines.  During  a  previous  phase  of  this  project,  25  residential  properties  in 
Rochelle  Park,  Lodi  and  Maywood,  and  a  portion  of  the  Ballod  property  were  characterized  and  under¬ 
went  remedial  action.  The  low  level  radioactive  soil  removed  from  these  areas  is  now  being  stored 
at  the  MISS.  The  project  phase  discussed  here  involved  the  characterization  of  the  MISS,  portions 
of  the  Stepan  site,  seven  commercial  properties  (Sears,  Desaussure,  Hunter  Douglas,  Federal  Express, 
Sunoco,  Gulf,  and  Bergen  Cable),  27  Lodi  properties,  the  New  Jersey  Vehicle  Inspection  Station  (NJVIS) 
and  tl:e  Lodi  Municipal  Park. 
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SITE  CHARACTERIZATION  PLAN 


The  first  step  in  the  characterization  involved  establishing  a  50  foot  grid  tied  into  the  New  Jersey 
State  grid  system,  allowing  the  grid  to  be  easily  reestablished  during  any  remedial  action.  Next, 
cone-shield  gamma  measurements  were  taken  12  inches  from  the  ground,  10  feet  apart  throughout  all 
designated  properties.  Once  locations  exceeding  the  DOE  guideline  of  5  pCi/g  were  found,  surface 
soil  samples  were  collected  and  analyzed  for  thorium-232,  radium-226,  and  uranium-238.  Subsurface 
borehole  locations  were  established  at  100  foot  intervals  on  the  MISS  and  commercial  properties. 
Borehole  locations  on  residential  properties  were  to  be  designated  by  the  geologist,  but  it  was  be¬ 
lieved  that  a  grid  pattern  with  shorter  between-hole  spacings  would  be  the  most  logical  hole  site 
selection  plan.  Subsurface  (downhole)  measurements  were  conducted  using  a  2  inch  by  2  inch  sodium 
iodide  gamma  scintillation  detector.  This  instrument  was  calibrated  so  that  a  count  rate  of  40,000 
cpm  was  approximately  equal  to  the  15-pCi/g  DOE  subsurface  guideline  for  thorium-232.  Because  of 
the  possible  volitile  chemical  hazard,  hole  locations  were  first  scanned  using  a  metal  detector  (to 
detect  buried  drums  and  utilities),  and  then  continuously  monitored  during  drilling  using  an  enviro¬ 
nmental  monitor  (ENMET). 

GEOLOGY  AND  HYDROGEOLOGY 

Successfully  carrying  out  the  subsurface  augerings  depended  on  the  geologist's  ability  to  discrimi¬ 
nate  between  various  local  geologic  units.  The  thin  alluvial  topsoil  in  this  area  of  northern  New 
Jersey  is  underlain  by  the  deltaic  Brunswick  sandstone  (Triassic  age).  The  Brunswick  is  a  moderately 
hard,  mostly  fine  grained  argillaceous  formation  with  occasional  rounded  gravel  and  cobbles;  it  is 
often  interbedded  with  thin,  discontinuous  organic  lenses.  The  relatively  flat  topography  and 
temperate  climate  enables  a  residual  soil  to  develop  in  more  elevated,  nonsaturated  areas.  Typically, 
the  soil  horizons  here  can  be  described  as  a  thin  (5-1.0  ft.),  moderate  brown  (5  YR  3/4)  organic 
horizon  over  a  3. 0-8.0  foot  dark  yellowish  brown  (10  YR  4/2)  decomposed  layer  which  grades  into 
competent,  dark  reddish  brown  (10  YR  3/4)  Brunswick  sandstone  (FIG  II).  Typically,  competent  rock 
lies  at  a  depth  between  12  and  15  feet,  with  depths  at  the  NJVIS  ranging  from  outcroppings  to  greater 
than  20  feet. 

PLAN  VIEW 


In  and  adjacent  to  the  low  lying  dendritic  drainages  of  the  Lodi  Brook  watershed  (namely  the  commer¬ 
cial  property  areas),  saturated  conditions  permit  the  development  of  a  silty  organic  cumulose  soil. 
This  black  silt  sequence  originated  through  seasonal  floodwater  deposition  and  is  subsequently  very 
mobile.  The  silts  presence  helped  identify  areas  of  floodwater  deposition  in  Lodi  Brook,  indicate 
former  intermittent  tributary  streams,  and  quantify  the  width  of  the  Lodi  Brook  floodplain. 

Knowing  ground  water  conditions  was  important  in  understanding  surface  transport  mechanisms.  Because 
the  summertime  ground  water  level  is  shallow  (typically  7. 0-9.0  feet  below  the  ground  surface), 
saturated  conditions  leading  to  surface  runoff  are  quickly  reached  during  heavy  rains.  Knowing  this, 
we  were  not  surprised  to  find  large  amounts  of  stream  flow  transported  contamination  extending  far 
downstream  and  well  out  to  either  side  of  the  main  stream  channel. 

Subsurface  contaminant  transport  by  groundwater  was  not  a  problem  owing  to  the  insolubility  of 
Thorium-232.  However,  documenting  precise  groundwater  levels  and  local  gradients  was  important  to 
identify  potential  chemically  contaminated  plumes,  especially  at  the  Sears  site.  Accurate  ground 
water  levels  were  also  needed  to  explain  radiation  flux  attenuation  in  holes  that  do  penetrate  below 
the  water  table.  For  remedial  action  purposes,  accurate  seasonal  ground  water  levels  were  also 
necessary  to  support  excavation  planning. 

INITIAL  ASSUMPTIONS 

At  the  start  of  this  characterization,  Lodi  Brook  was  not  known  to  be  a  major  contaminant  transport 
mechanism.  In  1984,  six  Lodi  properties  underwent  remedial  action,  but  only  two  of  these  homes  were 
located  over  the  former  Lodi  Brook  floodplain.  Contamination  around  the  four  homes  was  explained 
by  human  residential  backfilling.  No  explanation  could  be  made  for  the  deep  contamination  on  the 
other  two  properties  because  Lodi  Brook  was  not  visually  present,  and  because  a  geologist  was  not 
present  to  identify  the  contaminant-bearing  media  as  stream  sediment. 

During  this  early  segment  of  the  characterization,  contaminant  location  was  also  not  assumed  to  be 
environmentally  dependent.  On  the  former  Maywood  Chemical  Works  site  (MISS,  Ballod,  and  Stepan), 
the  expectation  was  to  find  thick  sequences  of  radioactive  material  where  it  had  been  interpreted 
that  former  tailings  ponds  had  been  located,  based  on  historical  aerial  photographs.  Moreover, 
expectations  were  to  encounter  lenses  of  contaminated  tailings  below  fill  extending  onto  the  com¬ 
mercial  properties.  Another  expectation  was  to  find  contamination  in  fill  used  to  level  each  com¬ 
mercial  area  before  construction.  South  of  the  commercial  properties  (excluding  Bergen  Cable),  con¬ 
tamination  location  had  not  been  deemed  environmentally  dependent,  but  was  also  wrongfully  assumed 
to  also  be  mechanically  deposited  by  humans. 

The  initial  characterization  drill  plan  was  based  solely  on  the  above  assumptions.  Excluding  former 
tailings  pond  areas,  the  contaminant  transport  mechanism  seemed  random  and  unpredictable.  Therefore, 
the  correct  drill  plan  selected  would  most  logically  be  a  grid  pattern. 

CHARACTERIZATION  OF  MISS  AND  ADJACENT  COMMERCIAL  PROPERTIES 

The  surface  and  subsurface  of  the  MISS  and  Sears  sites  were  characterized  according  to  the  previously 
discussed  guidelines.  Hole  locations  were  only  displaced  from  grid  points  if  overhead  or  below 
ground  utilities  or  suspected  buried  drums  made  it  necessary.  Drilling  on  the  grid  pattern  provided 
adequate  coverage  of  the  large  buried  tailings  pond  areas.  It  is  also  provided  the  precise  locations 
where  fill  was  placed  before  commercial  property  construction.  Drilling  on  a  set  grid  pattern  did 
not  allow  the  flexibility  to  better  define  contaminated  areas  with  additional  holes.  We  also  may 
have  missed  penetrating  some  smaller  contaminated  areas  because  of  the  100  foot  grid  interval.  On 
the  whole  though,  grid  pattern  drilling  at  Sears  and  the  adjacent  commercial  properties  was  effect¬ 
ive  to  adequately  quantify  contamination  extent  and  depth. 

In  topographically  elevated  areas  the  drilling  results  were  consistent  with  our  assumption  that  con¬ 
tamination  would  be  found  in  the  disturbed,  uppermost  residual  soil  sequence.  There,  determining 
the  boundary  between  contaminated  and  clean  materials  could  only  be  done  by  radiological  means. 

Visual  identification  of  white  Thorium  Oxide  was  impossible  in  almost  all  cases  for  drillholes  out¬ 
side  the  tailings  areas  because  the  contaminant  was  masked  by  darker,  fine  grained  host  materials. 

In  tailings  ponds  areas, a  thick  sequence  of  white  radioactive  tailings  was  found  above  clean  natural 
material  (mostly  black  organic  silt).  Downward  migration  of  Thorium  into  the  silt  was  prevented 
by  Thorium's  insolubility.  In  the  southern  part  of  the  Sears  and  other  commercial  properties,  Lodi 
Brook  headwaters  end  and  a  slightly  incised  channel  begins.  This  is  also  where  no  tailings  ponds 
were  located.  Here  we  found  that  the  contamination  began  to  extend  into  the  native  black  silt 
sequence.  In  some  holes  contamination  extended  only  into  the  uppermost  portions  of  the  silt,  while 
in  others  the  entire  black  silt  soil  horizon  was  contaminated.  This  can  be  explained  by  the  theory 
that  spilled,  released,  or  eroded  radioactive  materials  from  the  tailings  ponds  were  mixed  into  silt 
mobilized  by  high  water.  Forty  years  of  such  mixing  is  enough  to  account  for  contamination  through¬ 
out  thick  natural  sequences  in  Lodi  Brook's  downstream  channel  and  partial  contamination  of  its 
adjacent  floodplain.  This  theory  had  not  yet  been  developed  while  this  drilling  occurred.  Instead, 
the  randomness  of  contamination  depth  and  extent,  along  with  the  myriad  of  hosting  materials,  all 
pointed  to  mechanical  backfilling  as  the  primary  contaminant  spreading  mechanism. 

The  discovery  of  buried  metal  drums  proved  useful  in  defining  low-lying  portions  of  Lodi  Brook  and 
will  aid  in  any  subsequent  remedial  action.  In  two  sites  on  the  Sears  property,  buried  chemical- 
fil.led  drums  were  discovered,  and  the  detection  of  suspicious  metal  objects  in  other  locations 
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resulted  in  displaced  drillholes.  The  map  locations  of  drums  and  other  metallic  objects  correlates  precisely  with  the 
former  channel  of  Lodi  Brook.  This  formerly  depressed  area  is  logically  a  good  place  for  dumping,  eliminating  the 
need  to  dig  a  waste  pit.  Knowing  this  relationship,  when  remedial  action  occurs,  the  excavator  may  encounter 
chemical-laden  drums  throughout  the  former  stream  channel  on  the  Sears  property. 

CHARACTERIZATION  OF  LODI  PARK  AND  BERGEN  CABLE 

The  characterization  of  the  Lodi  Municipal  Park  was  also  done  on  a  grid  pattern;  in  this  case  a  75  foot  grid  spacing 
provided  the  best  coverage.  It  was  here,  almost  one  half  mile  downstream  from  the  MISS,  that  the  Lodi  Brook  con¬ 
duit  was  first  encountered.  With  this  discovery  came  the  first  conscious  correlation  between  contamination  and 
fluvial!  y  transported  black  silt. 

At  this  time,  the  extent  of  floodplain  contamination  was  not  known.  Lodi  Brook  was  thought  to  have  been  merely 
a  small  stream,  not  one  capable  of  spreading  contaminated  silt  75  feet  from  its  channel.  The  few  boreholes  drilled 
into  the  floodplain  were  enough  to  establish  a  silt/contamination  correlation,  but  their  wide  spacings  on  the  grid 
prevented  the  attainment  of  a  good  cross-sectional  channel  profile. 

On  both  sides  of  the  conduit,  black  organic  silt  was  identified  as  originating  from  floodplain  deposition  and  not  as 
wetland  cumulose  soil  like  that  which  had  developed  at  the  brook's  headwaters  (MISS  and  Sears).  Since  we  were 
put  of  Lodi  Brook's  swampy  headwaters  and  onto  its  former  meandering  channel,  our  drilling  should  have  been  directed 
specifically  towards  defining  the  lateral  extent  of  the  contaminated  floodplain.  This  could  have  been  done  by 
drilling  lines  of  holes  perpendicular  to  stream  flow  and  noting  the  lateral  extent  of  contaminated  black  floodplain 
sediment.  Instead,  initial  volume  estimates  were  made  based  on  inadequate  and  ineffective  borehole  locations  possibly 
resulting  in  imprecise  conclusions.  More  precise  volume  estimates  could  have  been  made  with  a  more  geologically 
sensitive  drill  plan. 

South  of  the  buried  conduit  in  Lodi  Park  another  important  correlation  between  a  geologic  material  and  contamination 
was  established.  A  2-6  foot  thick  black,  coal  ash  lense  was  found  just  below  the  sandy  topsoil  fill  and  above  de¬ 
composed  Brunswick  sandstone.  This  coal  ash  revealed  a  radiological  signature  above  DOE  guidelines  and  appeared 
as  a  black,  sandy,  fine-course  grained  material  similar  in  appearance  to  the  contaminated  black  stream  sediment. 

The  only  major  difference  was  in  its  much  lower  density-  If  only  radiological  data  were  used  for  contamination 
volume  estimates,  this  material  would  have  been  falsely  classified  as  material  originating  from-  MISS.  More  radio¬ 
active  coal  ash  was  subsequently  found  under  some  Lodi  residential  properties  where  it  had  been  used  as  fill  around 
housing  foundations. 

Subsurface  drilling  at  Bergen  Cable  was  done  on  a  100  foot  grid  pattern.  Before  drilling,  surface  scan  measurements 
revealed  contamination  in  the  site's  southeastern  corner.  Downhole  probe  readings  in  boreholes  within  the  contami¬ 
nated  area  failed  to  quantify  any  contaminated  zones  because  of  the  minute  thickness  of  the  contaminated  topsoil. 
Because  this  area  is  completely  out  of  the  Lodi  Brook  drainage  basin,  fill  emplacement  seems  to  be  a  logical  mode 
of  contaminant  transport.  It  is  also  possible  that  nearby  (less  than  100  feet)  Maywood  Brook  also  transported  con¬ 
taminants,  but  from  a  different  source, 

CHARACTERIZATION  OF  THE  LODI  RESIDENTIAL  PROPERTIES 

The  characterization  of  a  single  residential  property  requires  foil  hole-coverage  if  the  mode  of  contamination  transport 
is  unknown  or  random.  Because  contaminated  fill  was  still  believed  to  be  the  cause  of  contamination,  individual  homes 
were  characterized  as  if  contamination  could  be  anywhere  and  at  any  depth.  Drillhole  site  locations  were  conserva¬ 
tively  chosen  to  provide  total  coverage.  Holes  were  located  around  the  property's  perimeter  and  house  foundation, 
and  in  all  "hot-spots"  delineated  by  the  surface  cone  shield  survey. 

While  characterizing  the  first  few  residential  Lodi  properties,  understanding  the  site's  geologic  and  radiologic  re¬ 
lationships  grew  to  the  point  where  drill  plan  modifications  were  deemed  necessary.  Plotted  and  contoured  cone- 
shield  data  first  led  to  the  realization  that  contamination  coincided  precisely  with  the  extent  of  the  Lodi  Brook  flood- 
plain.  Cone-shield  data  in  the  nonfill  covered  backyards  of  13,  20,  and  22  long  Valley  Road  showed  a  linear  con¬ 
tamination  boundary  paralleling  the  former  stream  channel  75  feet  away.  This  distance  agreed  with  the  interviewed 
residents  who  stated  that  before  confinement,  Lodi  Brook  flood  waters  once  extended  over  a  hundred  feet  wide. 

As  more  holes  were  drilled  along  the  conduit,  a  definite  correlation  developed  between  the  black  stream  sediment 
and  contamination.  Rough  geological  sections  revealed  a  black  silt  lense  approximately  150  feet  across  which  deepened 
and  thickened  in  the  center  and  tapered  outwards  to  higher  elevations  -  the  classic  graded  stream  and  floodplain 
profile.  Since  contamination  was  fluvially  deposited  by  a  graded  stream,  the  following  suppositions  could  be  made; 

1)  contamination  could  be  expected  at  higher  elevations  farther  away  from  midchannel;  2)  contamination  thickness 
would  be  greater  in  the  channel  due  to  bed  load  transport;  3)  contamination  would  be  under  a  house  if  the  house 
is  located  on  the  floodplain  and  only  then  if  the  excavated  foundation  did  not  penetrate  the  contaminated  lense;  4) 
the  lateral  subsurface  contamination  boundaries  could  be  projected  up  and  downstream  because  of  the  gradual  direction¬ 
al  changes  which  characterize  a  graded  stream;  5)  contamination  may  be  only  at  the  surface  of  the  floodplain  sedi¬ 
ment,  and  it  may  not  extend  as  far  away  from  the  stream  as  the  extent  of  black  silt  since  silt  deposition  probably 
began  long  before  the  contamination  was  introduced;  and  6)  the  lateral  boundary  of  contamination  may  suggest  low 
lying  areas  such  as  intermittent  tributaries.  Evidence  of  this  last  observation  can  be  seen  at  the  NJVIS  (FIG  m). 
There,  the  undulating  boundary  reflects  numerous  smaller  -tributaries  and  former  topographical  variances. 

With  these  depositional  theories  in  mind,  a  new  drill  strategy  was  developed  to  take  advantage  of  contamination  pre¬ 
dictability.  From  this  time  on,  drillhole  locations  were  selected  by  the  field  geologist  based  on  existing  drilling 
and  radiologic  data  and  knowledge  of  shallow  geologic  conditions.  Hole  frequencies  were  increased  in  areas  on  top 
of  the  former  floodplain  and  decreased  outside  the  high  water  depositional  boundary.  Holes  were  not  completely 
eliminated  outside  the  floodplain  due  to  the  feet  that  contaminated  fill  was  always  a  possibility.  Hole  locations  were 
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staggered  to  provide  better  coverage  for  cross-sections  perpendicular  to  stream  flow.  Fewer  holes 
were  needed  at  each  residence  because  contamination  boundaries  could  be  projected  down  or  upstream. 
And,  during  drilling,  the  radiologic  logs  of  each  drillhole  complimented  the  geologic  logs  by  helping 
the  geologist  better  define  the  contacts  between  the  "hot"  black  silt  sandwiched  between  clean  sur¬ 
face  fill  and  natural  decomposed  sandstone.  This  gave  us  assurance  in  the  field  that  all  contamina¬ 
tion  had  been  penetrated. 


EXPLANATION 


□ 


sane  OKS  SECTItN 
BEEFKUE4 

CHDMTTBM 

OKU.HOUS 

NULL  KUS  SELECTED 
>1  CEOUCBI 


PfeDfT  lOCiTJW 

if  amor 

tfnttXQUTE  10CATKN  OF 
FMfXSHUUED 

asphalt 


FIGURE  III  -  BOREHOLE  LOCATIONS  AT  THE  NEW  JERSEY  VEHICLE  INSPECTION  STATION  PROPERTY 

South  of  the  Lodi  Municipal  Park,  the  geologist  and  health  physicist  worked  closely  together  to 
identify  the  radiologic  signature  of  coal  ash  surrounding  many  designated  home  foundations.  Often 
this  ash  lies  directly  above  black  contaminated  stream  sediment.  Knowing  the  coal  ash  to  be  physic¬ 
ally  less  dense  and  having  a  lower  radiation  flux  (20,000  -  30,000  cpm),  it  was  possible  to  dis¬ 
criminate  between  it  and  Thorium-contaminated  black  silt.  Again,  this  discrimination  was  usually 
done  by  the  juxtaposition  of  geologic  and  radiologic  logs  (FIG  II).  Any  geologic  contact  discrepan¬ 
cies  were  usually  explained  by  the  alpha-attenuating  affects  of  gound  water. 

Knowing  the  radiologic  signatures  of  various  geologic  materials,  it  was  possible  to  compare  existing 
radiologic  and  geologic  data  from  Lodi  Park  to  better  define  the  limits  of  Thorium  contaminant  as 
opposed  to  the  coal  ash  fill.  The  geologist's  ability  to  discriminate  between  the  two  radioactive 
materials  encountered  at  Lodi  Park  and  many  residential  properties  was  essential;  otherwise,  the 
volume  estimate  of  Thorium-232  contaminated  materials,  based  solely  on  radioactive  readings,  would 
have  been  far  too  high. 

NEW  JERSEY  VEHICLE  INSPECTION  STATION  (NJVIS) 

The  NJVIS  was  first  characterized  after  drilling  at  Lodi  Park  was  completed.  At  that  time,  Lodi 
Brook  was  not  known  to  be  the  main  contamination  transport  mechanism,  and  drilling  was  proceeding 
on  a  strict  100  foot  grid  pattern.  Predrill  surface  cone  shield  measurements  showed  contamination 
in  the  northern  property  reaches,  but  south  of  the  buried  Lodi  Brook  conduit.  With  this  information 
alone,  there  was  no  reason  to  question  the  belief  that  transported  fill  was  the  principle  mode  of 
contamination. 

Just  as  at  Lodi  Park,  the  grid  drilling  plan  did  not  adequately  characterize  the  former  creek  channel. 
Drilling  data  showed  only  two  holes  with  significant  contamination  at  depth.  If  the  final  contamina¬ 
tion  volume  estimate  had  been  based  only  on  this  information,  the  result  would  have  been  too  low. 
Outside  the  channel,  in  the  southern  NJVIS  property,  a  more  cost  effective  drill  strategy  would 
have  simply  been  to  drill  boreholes  on  hot  spots  delineated  by  the  surface  cone  shield  survey  or 
in  areas  where  fill  was  known  to  be  thick. 

After  characterizing  the  Lodi  properties,  confidence  was  lost  in  the  effectiveness  of  the  original 
NJVIS  characterization. Personnel  returned  to  the  NJVIS  thinking  that  a  contaminated  lense  of  stream 
sediment  existed  below  the  buried  conduit  just  as  had  been  found  on  the  Lodi  properties.  Additional 
drilling  proved  this  theory  false.  The  additional  drilling  was  intentionally  done  in  a  linear 
fashion  perpendicular  to  the  stream  channel  (FIG  II).  Information  from  these  drillholes  helped 
define  the  former  floodplain  width  and  channel  depth  without  additional  holes  between  drill  lines. 

The  results  of  the  second  drill  session  showed  the  former  channel  near  the  surface  and  south  of 
the  conduit  (FIG  IV).  Contaminated  fill  was  also  found  around  the  conduit  in  the  northwestern 


corner  of  the  property.  Our  revised  drilling  technique  provided  the  information  needed  for  an 
accurate  volume  estimate  without  excess  holes.  Every  hole  was  used  to  either  define  contamination 
extent  and/or  depth.  Most  importantly,  the  former  creek  channel  was  found  to  be  south  of  the  exist- 
int  conduit,  meaning  the  conduit  leaves  the  former  channel  somewhere  between  the  southernmost 
designated  Lodi  property  and  the  NJVIS.  This  is  valuable  information  for  determining  the  next  proper¬ 
ties  to  be  designated  for  characterization. 


FIGURE  IV  -  GEOLOGIC  SECTION  GRID  LINE  1500E  (NEW  JERSEY  VEHICLE  INSPECTION  STATION) 
CONCLUSION 

Many  important  ideas  were  developed  throughout  this  characterization  which  will  expedite  further 
work  of  this  kind.  Most  importantly,  knowing  the  mode  of  contamination  transport  is  essential  in 
developing  an  investigation  plan.  As  the  MISS  (excluding  tailing  pond  areas)  and  Lodi  properties, 
it  was  initially  believed  the  contamination  was  in  randomly  placed  fill  material.  The  most  logical 
plan  for  random  contamination  is  a  grid.  At  the  MISS  and  commercial  sites  a  grid  plan  proved 
an  appropriate  method,  but  along  the  former  Lodi  Brook  channel  the  continued  use  of  a  grid  could 
have  resulted  in  an  inaccurate  contaminated  soil  volume  estimate.  The  geologist's  ability  to 
recognize  natural  deposition  and  predict  trends  was  crucial  in  evolving  geologically  sensitive 
drilling  strategies. 

It  also  became  evident  that  a  great  amount  of  information  can  be  gathered  before  drilling  by  inter¬ 
viewing  knowledgeable  parties,  in  this  case  long-time  residents.  For  this  project,  time  budgeted 
for  predrill  site  research,  including  the  use  of  aerial  photographs,  would  have  been  much  more  cost 
effective  than  deciphering  the  site  history  through  a  subsurface  investigation. 

The  cone-shield  surface  survey  proved  extremely  helpful  in  selecting  potential  drillhole  locations, 
finding  the  lateral  extent  of  contamination,  and  revealing  geologic  trends.  And  lastly,  the  juxta¬ 
position  of  drillhole  radiologic  and  geologic  logs  was  invaluable  for  determining  the  contamination's 
vertical  dimensions  and  defining  geologic  contacts. 
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SYNOPSIS:  An  extensive  low-rise  hospital  development  has  taken  place  since  1982  on  a  former  opencast 
coal  mining  site  30  years  after  working  and  restoration.  The  clay  and  shale  fill  some  20  metres  deep 
was  placed  without  systematic  compaction.  Five  separate  site  investigations  have  been  carried  out  at 
different  times  during  the  last  20  years  and  a  detailed  engineering  geological  mapping  exercise  was 
completed  in  1977.  Drainage  works  and  the  main  buildings  in  Scheme  1  and  2  have  been  monitored 
during  and  after  construction.  Significant  settlements  have  occurred  requiring  some  remedial  work. 

A  surcharge  and  inundation  trial  has  been  undertaken  prior  to  the  design  and  construction  of  Scheme 
3.  The  response  of  the  buildings  and  the  drainage  to  ground  movement  is  described  and  design 
recommendations  made  for  future  development. 


INTRODUCION 


Opencast  coal  mining  began  in  earnest  in  the 
United  Kingdom  in  1942.  Early  developments 
were  slow  due  to  inexperience  and  the  absence 
of  suitable  plant.  Operations  were  often 
restricted  to  around  20  metres  depth.  Plant 
and  technical  assistance  were  provided  by  the 
United  States  and  some  43  million  tons  were 
extracted  in  the  5  year  period  1942-1947. 

United  Kingdom  opencast  coal  mining  has  often 
taken  place  in  areas  of  past  deep  mine  activity 
in  or  around  population  centres.  The  opencast 
mines  in  the  United  Kingdom  are  characterised 
by  multiple  thin  seams  giving  overburden/coal 
ratios  up  to  20,  excavation  frequently  below 
the  water  table  requiring  dewatering  and  back¬ 
filling  without  systematic  compaction.  The 
geology  is  commonly  stiff  glacial  till  overlying 
the  sandstones,  shales  and  mudstones  of  the 
Upper  Carboniferous  Coal  Measures.  The  over¬ 
burden  is  excavated  either  by  dragline  and  cast 
to  one  side  or  where  face  shovels  are  used, 
loaded  into  trucks  and  end  tipped  in  high  lifts. 
Superficial  soils  are  usually  removed  using 
scraper  equipment  and  stored  on  site  until 
restoration.  Occasionally  coal  washing  plant 
and  associated  lagoons  or  settlement  ponds  for 
general  site  drainage  alter  groundwater 
conditions  locally.  While  all  opencast  sites 
are  restored  for  agricultural  purposes  it  is 
only  recently  that  controlled  compaction  in 
^layers  for  all  or  part  of  the  fill  has  been 
adopted  for  specific  sites.  Elsewhere  the 
vertical  restored  profile  can  be  expected  to  show 
large  variations  in  material  type,  grading, 
density  and  moisture  content.  There  have  been 
many  modest  commercial,  industrial  and 
residential  structures  with  their  associated 
roads  and  services  constructed  on  uncompacted 
fills  up  to  60  metres  deep  since  the  late  1950 's. 
Most  of  this  development  has  been  trouble  free 
and  where  it  has  not  the  response  of  the  clay/ 
shale/sandstone  backfill  to  increasing  moisture 
content  has  been  the  most  probable  source  of 


settlement-related  damage.  The  prediction  and 
control  of  the  post-construction  groundwater 
regime  is  the  most  challenging  aspect  of 
developing  these  sites. 

SETTLEMENT  OF  OPENCAST  FILL:  GENERAL 

There  are  three  main  components  of  settlement 

A.  Settlement  due  to  self-weight  at  original 
moisture  content. 

B.  Settlement  due  to  building  loads. 

C.  Settlement  due  to  wetting-up. 

While  A  always  occurs  first,  B  and  C  may  occur 
in  any  order  or  contemporaneously. 

A.  Most  settlement  due  to  self-weight  occurs 
rapidly  as  the  fill  is  dumped.  This  primary 
compression  is  therefore  of  little  interest  long 
term.  Measurements  of  surface  movements  on 
backfilled  opencast  sites  have  shown  that 
settlement  continues  but  the  rate  of  settlement 
of  the  ^ground  surface  decreases  rapidly  with 
time  and  often  appears  to  be  negligible  several 
years  after  backfilling,  Kilkenny,  W.M.  (1968) , 
Leigh,  W.J.P.  and  Rainbow,  K.R.  (1981) .  This 
long-term  compression  due  to  self-weight  may 

be  defined  by  the  creep  compression  rate  para¬ 
meter,  oc ,  which  is  the  percentage  vertical 
compression  of  the  fill  that  occurs  during  a 
log10  cycle  of  time  from  one  to  ten  years  after 
restoration.  Typical  values  of  for  opencast 
fill  lie  in  the  range  0. 5-1.0  per  cent 
reflecting  the  proportion  of  weak  rocks  to 
superficials  in  the  backfill  and  the  predominant 
rock  type  e.g.  sandstones  or  limestones  as 
opposed  to  shales  or  mudstones.  These  values 
relate  to  unsaturated  conditions.  Modest  heave 
has  been  recorded  where  a  location  has  been  pre- 
loaded  by  a  spoil  heap. 

B.  Most  settlement  due  to  building  loads  will 
occur  as  the  load  is  applied. 


This  immediate  settlement  may  be  estimated  by 
the  use  of  the  constrained  vertical  drained 
modulus  Ey  =  -^-.  The  compressibility  of  open¬ 
cast  fills  without  pre-compaction  or  wetting-up 
may  vary  from  Ey  =  2000-6000  KN/m2  and  a  value 
of  Ey  =  4000  KN/m2  is  often  recommended  for 
preliminary  design  [Building  Research  Establish¬ 
ment  (1983) ] .  The  long-term  creep  settlement 
under  building  loads  may  be  estimated  using  the 
creep  compression  rate  parameter  with  zero  time 
taken  at  completion  of  the  building. 

C.  Significant  additional  settlement  can  be 
caused  by  an  increase  in  the  moisture  content 
of  the  opencast  backfill,  Charles,  J.A. , 

Naismith,  W.A.,  Burford,  D.  (1977).  This 
increase  may  be  caused  by  precipitation, 
surface  ponding,  uigress  of  water  from  flooded 
surface  or  near  surface  construction  such  as 
drainage  trenches,  broken  services  or  by  a 
general  restoration  of  the  water  table. 

Episodic  exposure  to  relatively  small  quantities 
of  water,  e.g.  precipitation,  has  a  modest 
effect  on  overall  settlement.  The  settlement 
of  recent  fill  has  been  observed  to  accelerate 
during  the  winter.  However,  inundation  from 
surface  or  groundwater  sources  has  caused 
initial  collapse  compression  of  up  to  6  per  cent. 
The  creep  compression  rate  is  enhanced  following 
inundation  but  generally  the  fill  is  less 
susceptible  to  dramatic  settlement  thereafter. 

PROJECT  DESCRIPTION 

The  North  Tyneside  District  General  Hospital  is 
situated  in  Tyne  &  Hear,  England,  (National 
Grid  Reference  NZ  342703) .  The  hospital  site 
covers  an  area  of  about  13  hectares  which  formed 
part  of  the  larger  Whitley  Bay  opencast  coal 
site  on  which  work  began  in  1948  and  which  was 
fully  restored  in  1952.  The  hospital  consists 
of  single  and  two-storey  buildings  of  load- 
bearing  brick  and  blockwork  cavity  wall 
construction  on  flexible  reinforced  concrete 
rafts  which  incorporate  the  strip  footings  for 
internal  and  external  walls  as  ground  beams  in 
a  composite  foundation.  The  buildings  are 
divided  into  smaller  structures  by  movement 
joints.  The  complex  stormwater  and  separate 
foul  drainage  systems  use  concrete  and  clayware 
pipes  ranging  from  100-700mm  diameter  with 
rubber  ring  joints  laid  at  shallow  gradients 
with  backdrops  to  brick  manholes  cast  on 
reinforced  concrete  slabs.  The  first  two  phases 
of  construction  are  complete.  Scheme  3  is  at  the 
design  stage.  This  paper  reviews  the  ground 
conditions,  the  settlements  and  the  structural 
response  of  a  -sub-section  of  the  buildings , 

Area  39  and  the  site  drainage.  Figure  1. 

GROUND  CONDITIONS 

Mining  records  show  that  in  addition  to  the 
opencast  coal  operations  which  worked  the  Yard 
seam,  0.79  metres  thick,  five  other  coal  seams 
exist  within  155  metres  of  the  surface.  The 
closest  to  the  pavement  of  the  restored  open¬ 
cast  working  is  the  Bensham  seam,  1.38  metres 
thick,  which  lies  some  26  metres  below  it. 

This  seam  was  extensively  worked  using  deep  mine 
techniques  up  till  1929.  The  old  workings  in 
this  seam,  together  with  the  bed  separation 
associated  with  them  allows  underdrainage  to 
take  place  drawing  down  the  groundwater  level 
such  that  no  positive  porewater  pressures  have 


Fig.  1  Site  Plan 

been  observed  in  the  backfill.  Interconnected 
old  workings  appear  to  drain  to  the  adjacent 
North  Sea  and  River  Tyne  causing  permanent 
drawdown.  At  different  times,  some  5  site 
investigations  have  been  carried  out  together 
with  an  engineering  geological  mapping 
exercise,  Dearman,  H.R.  et  al  (1977),  which  has 
defined  accurately  the  position,  extent  and 
depth  of  the  opencast  workings.  Figure  2. 
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Fig.  2  Rockhead  Contours 
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The  low  point  in  the  excavation  and  accordingly 
the  deepest  fill,  some  26  metres,  lay  on  the 
Western  boundary  of  the  opencast  site  decreasing 
to  6  metres  on  the  Eastern  boundary.  The 
'average*  depth  of  fill  under  Scheme  1  and  2 
are  10  and  15  metres  respectively.  The  opencast 
excavation  was  not  continuous  over  the  whole 
area  but  mining  factors  and  the  modus  operandi 
combined  to  leave  a  ridge  and  a  spur  of 
undisturbed  ground  running  in  a  NW-SE  direction 
immediately  to  the  East  of  Scheme  1  across  which 
the  site  drainage  ran.  The  commercial  site 
investigations  variously  describe  the  backfill 
as  "grey  shale  fill",  "stiff  grey  clay  with 
boulder  and  mudstone  fragments"  and  "clayey 
sandy  mudstone  and  shales".  The  compressibility 
of  the  opencast  fill  in  its  present  condition 
has  been  assessed  by  in-situ  testing  using  the 
Standard  Penetration  Test,  Figure  3,  by  labora¬ 
tory  consolidation  tests  on  undisturbed  75mm 
diameter  samples  of  the  finer  grained  material 
and  on  250mm  diameter  samples  recompacted  at 
in-situ  moisture  content  to  field  densities. 
Table  1 .  Field  densities  recorded  on  samples 
from  two  75mm  diameter  cored  holes  ranged  from 
1884-2285  Kg/m3  and  the  degree  of  saturation 
from  45-95  per  cent. 


Sample  Initial 
Size  Moisture 
mm  Content 

% 

Bulk  Constrained 
Density  Modulus,  Ey 
Kg/m3  MN/m2 

Effective 

Stress 

Range 

KN/m2 

75  10-14 

(Undis¬ 
turbed) 

2000- 

2220 

4. 8-6. 6 

50-400 

250  8-14 

(Recom¬ 
pacted) 

1970- 

2220 

12.0-20.0 

135-570 

8-12 

1800 

1. 4-5.0 

68-375 

Table  l  Laboratory  Compressibility 
Determination 

•FT  N 

•  10  to  10  44  SO  10  TO 


Fig.  3  Standard  Penetration  Test  'N'  v  Depth 


A  surcharge  trial  has  been  undertaken  involving 
the  construction  of  three  trial  embankments, 
each  20  metre  square  and  2,  4  and  6  metres  high 
respectively,  in  the  area  of  the  proposed 
Scheme  3.  Magnetic  extensometers  enabled 
the  settlement  at  the  surface  and  at  2,  3,  5,  7, 
10,  13  and  16  metres  below  ground  level  to  be 
determined.  Values  of  constrained  vertical 
modulus  were  computed  by  estimating  the  stress 
levels  at  the  mid-height  of  each  layer  after 
Giroud  and  dividing  by  the  observed  vertical 
strain.  Table  2.  The  response  of  the  fill  to 
inundation  has  been  measured  in  the  field  by 
flooding  a  granular  blanket  under  the  4  metre 
high  embankment  after  near  equilibrium  had 
been  established  under  the  surcharge  load  in 
the  dry  conditions.  This  resulted  in  collapse 
compressions  occurring  but  only  in  the 
previously  identifiable  zone  of  high  compress¬ 
ibility  between  5  and  13  metres  below  the 
surface.  Figure  4. 


Embankment  Depth 

Constrained 

Effective 

Height 

Modulus  Ey 

Stress  Range 

Metre 

Metre 

MN/m'2 

KN/m2 

2 

0-5 

52.8 

52-95 

5-7 

19.4 

126-165 

7-10 

10.6 

178-210 

10-20 

40.5 

After 

Inundation 

315-335 

4 

0-5 

35.9 

19.6 

52-139 

5-7 

2.1 

4.0 

126-203 

7-10 

1.6 

1.5 

178-236 

10-13 

4.0 

1.7 

253-302 

13-20 

7.9 

6.0 

346-376 

6 

0-5 

101.2 

52-174 

5-7 

70.4 

126-232 

7-10 

4.2 

178-252 

Inundation  beneath  4  metre  embankment 


Depth  Collapse  Compression 

metres  per  cent 


0-5 

5-7 

10-13 

13-20 


0.18 

0.5 

2.0 

0.14 


Table  2  Field  Compressibility  Determination 
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Fig.  5  Foundation  Details 


Fig.  4  4m  Embankment,  Settlement  v  Time 


SETTLEMENT,  DIFFERENTIAL  SETTLEMENT  AND 
STRUCTURAL  RESPONSE 

Buildings 

The  modest  building  loads  transferred  to  the 
opencast  backfill  through  the  flexible  raft 
foundations  are  of  the  order  of  30-50  KN/m  , 
Figure  5.  Some  slight  cracking  has  occurred 
in  places  throughout  Scheme  1  and  2  which  may 
be  settlement  related  but  this  has  not  required 
remedial  work.  Observed  settlements  due  to 
initial  structural  loads  varied  from  25-70mm. 

Some  significant  additional  movement  was  first 
noticed  in  the  summer  of  1985  after  completion 
of  the  structural  frame,  across  the  movement 
joint  between  Area  36/39  and  along  the  South  wall 
of  Area  39.  Monitoring  pins  were  installed  at 
darco  proof  course  level  throughout  Scheme  2. 
Settlement  in  Area  39  proceeded  rapidly 
initially  and  then  continued  at  a  diminishing 
rate.  Figure  6.  The  relationships  between 
the  maximum  total  settlement  161mm  at  W34  and 
minimum  total  settlement  23mm  at  W23,  giving  a 
maximum  differential  settlement  of  138mm  which 
plots  well  outside  quoted  limits  for  building 
on  raft  foundations.  The  relative  rotation 
across  the  building  is  much  higher  than  load 
bearing  walls  would  be  expected  to  accommodate. 
Table  3. 


Fig.  6 

Area  39: 

Settlement  v 

Time 

Scheme 

2  :  Area  39 

A  i 

Settlement 

Section 

L/H 

~c  x  103 

Mode 

W35/W37 

4.2 

6.6 

Hogging 

W33/35 

6.1 

1.3 

Sagging 

W31/32 

6.2 

4.2 

Hogging 

Table  3  Deflection  Ratios 
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Internally,  some  minor  cracks  have  appeared  in 
the  plaster  finish  of  the  long  corridor  walls 
at  floor  level  adjacent  to  doors  and  windows  and 
along  the  south  elevation  at  the  locations 
indicated.  Figure  7. 
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Fig.  7  Area  39:  Crack  Locations 


(i)  Pipe  and  pipe  joint  failure  immediately 
adjacent  to  or  under  loaded  structures  due  to 
shear  forces  and  stress  related  settlement. 

(ii)  Pipe  failures  caused  by  differential 
movement  at  manhole  connections.  Both  through 
pipes  and  backdrops  were  affected. 

(iii)  Backfalls  and  pipe  failures  due  to  bending 
stresses  at  trench  crossings  caused  by  localised 
settlements  in  trench  backfill  or  trench 
formations . 

(iv)  Backfalls  and  pipe  failures  at  boundaries 
between  fill  and  undisturbed  ground. 

Records  and  on-site  inspection  showed  ample 
evidence  of  precipitation  causing  collapse 
of  trench  backfill,  groundwater  movement  through 
the  site  backfill  and  groundwater  movement 
within  the  granular  trench  bedding.  While  most 
of  the  installed  drainage  has  performed 
satisfactorily,  considerable  expense  was 
incurred  in  reinstatement  of  failed  sections. 


Openings  reduce  wall  stiffness  and  act  as  stress 
concentrators.  No  cracking  has  been  observed 
in  the  external  brickwork  other  than  hairline 
cracks  in  the  mortar  bed  joints  around  the 
windows  on  the  south  elevation.  This 
reactivation  of  settlement  under  constant  load 
has  been  attributed  by  the  Author  to  wetting-up 
of  the  opencast  fill  from  an,  as  yet, 
unidentified  source.  Because  the  foundation 
raft  is  relatively  flexible  it  is- the 
configuration  and  stiffnesses  of  the  walls  which 
control  redistribution  of  contact  stress, 
differential  settlement  and  resulting  crack 
patterns.  This  subject  forms  a  continuing 
area  of  research  at  the  University  of  Newcastle 
upon  Tyne. 

Drainage 

Light  linear  structures  such  as  pipelines  are 
vulnerable  to  settlement  damage  particularly 
where  they  pass  from  undisturbed  ground  to  fill, 
from  a  supported  position  within  a  structure  to 
fill,  or  from  a  stressed  condition  under  a 
structure  to  an  unstressed  condition  outside. 

As  early  as  1980,  during  installation  of  the 
drainage  on  this  site  movements  of  manholes  and 
foul  and  stormwater  sewers  were  reported.  A 
level  survey  in  November  1982  suggested  that 
manholes  and  associated  drainage  on  the  western 
and  southern  boundary  of  the  site  had  settled 
up  to  150mm.  Pipeline  inspections,  prior  to 
handover,  revealed  a  number  of  bending  and  shear 
failures  in  the  100-250mm  diameter  clayware 
pipes  of  the  foul  drainage  and  back  falls  and 
changes  of  gradient  in  the  larger  diameter 
concrete  pipes,  together  with  manhole  settlement. 

Five  categories  of  failure  were  identified  which 
were  settlement  related  and  associated  with  the 
high  compressibility  of  the  opencast  backfill 
and  its  sensitivity  to  moisture  content  changes. 


CONCLUSIONS 

The  upper  layers  of  opencast  fill  on  this  site 
appear  to  have  relatively  low  compressibility 
which  is  probably  due  to  the  precompaction 
caused  by  landscaping  operations  and 
precipitation  causing  volume  reduction  in  the 
near  surface  zone  by  wetting-up.  The  majority 
of  the  fill  below  this  level  is  of  medium  to 
high  compressibility  and  is  the  seat  of 
settlement  at  existing  in-situ  moisture  content 
as  well  as  being  the  zone  most  susceptible  to 
collapse  settlement.  The  acceleration  of 
settlements  at  constant  stress  which  have  been 
observed  on  this  site  can  only  be  attributed  to 
wetting-up.  Any  design  should  recognise  the 
limitations  of  uncompacted  opencast  backfill  sites 
and  seek  to  provide  and  appropriate  structure 
and  sufficient  flexibility  in  the  drainage  to 
accommodate  settlements  and  differential 
settlements  of  the  order  experienced  here  with¬ 
out  significant  damage  or  loss  of  serviceability. 
On  this  site  the  flexible  raft  used  on  Scheme 
1  and  2  has  to  a  large  extent  achieved  this. 
Surcharging  such  sites  prior  to  construction 
will  reduce  total  settlements,  reduce  variability 
and  hence  differential  settlements  and  reduce 
but  not  eliminate  susceptibility  to  wetting-up. 
Drainage  design  should  incorporate  steeper 
gradients  rather  than  shallow  gradients  and 
backdrops,  increased  flexibility  or  sleeving 
where  pipes  exit  from  building  foundations  or 
manholes  and  where  pipes  pass  closely  under 
loaded  areas.  Increasing  the  bending  strength 
of  the  pipes  and  the  pipe  diameter  beyond  that 
necessary  for  hydraulic  design  would  also 
reduce  the  incidence  of  failures. 
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SYNOPSIS:  Reclamation  of  24  inactive  uranium  mill  tailngs  piles  involves  remedial  work  to  stabilize  the  piles  for 
1000  years.  Site  characterization  of  geotechnical  and  groundwater  conditions  at  each  site  is  undertaken  prior  to. 
remedial  action  design.  This  paper  describes  the  approach  to  UMTRA  Project  site  characterization.  A  case  history. 
Green  River,  is  described.  Details  of  site  characterization  costs  for  most  sites  are  provided. 


INTRODUCTION 

The  Uranium  Mill  Tailings  Remedial  Action 
(UMTRA)  Project  involves  the  construction  of 
remedial  action  to  stabilize  and  reclaim  24 
inactive  uranium  mill  tailings  piles  in  10 
states.  An  important  part  of  the  planning  and 
design  of  remedial  action  is  site 
characterization.  This  paper  describes  the 
UMTRA  Project  site  characterization  program. 
Details  of  site  characterization  at  the  Green 
River,  Utah,  site  are  discussed  in  order  to 
provide  a  complete  overview  and  a  specific  case 
history  of  UMTRA  Project  approaches  and 
methods,  as  well  as  the  end  product. 

Site  characterization  work  at  UMTRA  Project 
sites,  discussed  in  this  paper,  includes  the 
following:  geological  investigations;  field 
drilling  and  test  pitting;  collection  of 
tailings,  soil,  rock,  and  surface-water  and 
groundwater  samples;  laboratory  testing  of 
tailings,  soils,  rocks,  and  water;  and  the 
compilation  of  site  characterization  reports 
describing  the  site  stratigraphy,  groundwater 
regime,  and  the  properties  of  the  in-place  and 
construction  materials.  Site  characterization 
work  performed  at  UMTRA  Project  sites,  but  not 
discussed  in  this  paper,  includes: 
archaeological  surveys;  plant  and  animal 
surveys;  radiological  and  other  waste 
characterization  work;  and  climatological  and 
surface-water  characterization. 

THE  UMTRA  PROJECT 

The  UMTRA  Project  is  managed  by  the  U.S. 
Department  of  Energy  (DOE)  in  terms  of  the  the 
Uranium  Mill  Tailings  Remedial  Control  Act 
(UMTRCA)  of  1983.  Site  characterization, 
design,  and  construction  are  performed  by 
contractors  to  the  DOE. 

In  terms  of  UMTRCA,  the  U.S.  Environmental 
Protection  Agency  (EPA)  sets  the  standards  for 
the  remedial  action.  The  U.S.  Nuclear 
Regulatory  Commission  (NRC)  and  affected  states 
and  tribes  review  and  concur  in  the  design  of 
the  remedial  action  works. 


The  EPA  standards  require,  among  other  things, 
that  the  remedial  action  be  effective  for  at 
least  1000  years,  to  the  extent  practical,  and 
at  least  for  200  years.  Remedial  action  must  be 
designed  and  constructed  to  prevent  dispersal 
of  the  tailings  and  other  contaminated 
materials,  and  must  prevent  inadvertent  use  of 
tailings  by  man.  Remedial  actions  should  not 
rely  for  their  efficacy  or.  maintenance, 
although  in  practice,  maintenance  and 
surveillance  programs  are  planned  at  all  sites. 

To  date,  construction  is  complete  at: 
Canonsburg,  Pennsylvania;  Shiprock,  New  Mexico; 
and  Salt  Lake  City,  Utah.  Construction  work  is 
in  progress  at:  Durango,  Colorado;  Mexican 
Hat,  Utah;  and  Lakeview,  Oregon.  Site 
characterization  is  complete,  or  significantly 
advanced  at  the  remaining  sites,  with  the 
exceptions  of  Gunnison  and  Naturita,  Colorado, 
where  alternate  site  selection  studies  are  in 
progress.  In  terms  of  Federal  legislation,  the 
Project  is  scheduled  to  be  complete  by  1993. 

THE  TECHNICAL  APPROACH  DOCUMENT  AND  CONTRACTUAL 
PROCEDURES 

Technical  Approach 

The  technical  approach  to  site  characterization 
at  UMTRA  Project  sites  is  described  in  a 
Technical  Approach  Document  (TAD) .  The  TAD, 
which  was  compiled  in  close  discussion  with  the 
EPA,  NRC,  and  affected  states  and  tribes,  sets 
out  in  detail  the  methods  and  approaches 
employed  to  characterize  the  following  aspects 
of  tailings  piles  and  new  disposal  sites: 
geology;  groundwater;  site  and  regional 
seismicity;  subsurface  soils  and  rocks  and 
their  geotechnical  and  hydrogeochemical 
properties;  tailings  and  their  geotechnical  and 
radiological  properties;  and  the  geotechnical 
and  radon  attenuation  properties  of  potential 
construction  materials  (soils  and  rocks  that 
will  be  used  to  construct  and  cover  the 
reshaped  or  relocated  tailings  pile  and 
associated  contaminated  materials) .  A  later 
section  of  this  paper  discusses  some  of  the 
technical  approaches  in  detail. 
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Detailed  site  characterization  procedures  are 
documented  in  the  Standard  Operating  Procedures 
of  the  various  contractors  to  the  DOE  on  the 
UMTRA  Project. 


Performance  of  Site  Characterization  Work 

The  UMTRA  Project  is  managed  from  the  DOE 
Albuquerque  Operations  Office  in  Albuquerque, 
New  Mexico.  The  Technical  Assistance  Contractor 
(TAC)  is  located  with  the  DOE.  The  TAC  is 
contracted  to  the  DOE  to  provide,  among  other 
services:  site  characterization  work; 
conceptual  designs;  and  the  compilation  of 
Environmental  Impact  Statements/Environmental 
Assessments  (EIS/EAs)  and  Remedial  Action  Plans 
(RAPs) .  TAC  staff  perform  geological  site 
characterization  work  as  well  as  planning, 
control,  interpretation,  and  compilation  of 
field  programs  and  their  results  for 
geotechnical  and  groundwater  characterization 
work. 

Due  to  the  fact  that  the  24  sites  are  scattered 
across  a  wide  geographic  area,  TAC 
subcontractors  are  employed  to  perform  site 
characterization  work.  This  work  involves 
drilling,  geotechnical  sampling,  and  in-situ 
testing  (i.e.,  with  a  piezocone).  Laboratory 
testing  of  soils,  rocks,  and  water  is  done  in 
commercial  facilities  subcontracted  to  the  TAC. 

Because  of  the  technical  expertise  required, 
groundwater  sampling  is  done  by  a  team  of  TAC 
staff  who  travel  from  site  to  site  with 
specially-equipped  vehicles. 


Scopes  Of  Work 

When  subcontract  work  is  required  at  a  site, 
the  usual  procedure  is  for  the  TAC  to  call  for 
bids  from  qualified  subcontractors.  The  number 
of  bidders  varies  significantly  depending  on 
the  site  location  and  the  nature  of  the  work 
required.  Once  bids  have  been  issued,  there  is 
usually  a  site  meeting  at  which  salient  aspects 
of  the  terrain  as  well  as  the  work  required  are 
discussed  with  prospective  subcontractors.  Bids 
are  reviewed  upon  receipt  in  Albuquerque  in 
accordance  with  standard  government  contract 
procedures.  Normally,  the  contract  is  awarded 
to  the  lowest  bidder.  (This  has,  unfortunately, 
not  always  led  to  the  employment  of  the  better, 
more  competent  contractors.) 

The  technical  work  to  be  performed  by  the 
subcontractor  is  described  in  the  bid  in  the 
Scope  of  Work.  This  is  the  only  part  of  the  bid 
and  contract  compiled  by  the  TAC  technical 
staff.  A  typical  Scope  of  Work  incorporates  a 
description  of  the  site,  a  detailed  listing  of 
the  work  to  be  done, and  technical 
specifications. 


Site  control 

During  subcontractor  performance  of  site 
characterization  work,  technical  staff  from  the 
TAC  are  present.  A  full-time  site  person,  the 


Field  Technical  Representative  (FTR) ,  is 
empowered  to:  monitor  the  contractor;  observe 
that  proper  work  is  performed;  confirm  that 
required  operating  procedures  are  observed;  and 
request  that  specific  work  (e.g. ,  in-situ 
testing)  be  done  at  appropriate  times.  The  FTR 
is  not  empowered  to  control  or  direct  the 
subcontractor's  work.  The  FTR  keeps  a  daily 
diary  that  is  used  as  the  basis  for  agreeing  to 
and  paying  bills  submitted  by  the 
subcontractor . 


GEOTECHNICAL  SITE  CHARACTERIZATION  -  TECHNICAL 
APPROACH 

Geotechnical  site  characterization  includes 
geologic,  geomorphic,  subsurface 
investigations,  and  seismic  studies. 

Geologic  site  characterization  of  UMTRA  Project 
sites  is  an  integral  part  of  the  overall  design 
effort.  This  characterization  consists  of  a 
summary  of  the  regional  geologic  setting,  local 
site  geology,  regional  and  local  structures. 
Quaternary  geology  of  the  site  region,  and  the 
local  distribution  of  surficial  units.  The  in- 
depth  geologic  studies  are  presented  in  the 
Site  Characterization  Report  section  of  the 
Remedial  Action  Plan  (RAP) . 

The  purpose  of  the  geomorphic  hazard  assessment 
is  to  identify  the  geomorphic  processes  that 
affect  the  site,  to  estimate  the  probability  of 
their  occurrence,  and  to  evaluate  the  possible 
magnitude  of  their  effects  during  the  life  of 
the  reclamation.  The  general  approach  used  to 
accomplish  these  goals  involves  three  steps: 

(1)  identify  past  geomorphic  processes  and 
estimate  their  rates  from  the  geomorphic  and 
stratigraphic  records  (post-glacial  time, 
roughly  10,000  years) ;  (2)  identify  present 
geomorphic  processes  and  estimate  their  rates 
from  historic  records  and  field  observations 
(typically  less  than  80  years) ;  and  (3)  predict 
future  geomorphic  processes  and  rates. 

The  purpose  of  subsurface  characterization  of 
UMTRA  Project  sites  is  to  define  the 
geotechnical  conditions  of  existing  tailings 
piles,  foundation  soils,  and  proposed  borrow 
sources.  The  stratigraphy  and  physical 
properties  of  materials  composing  the 
stratigraphic  units  are  characterized. 
Stratigraphy  is  determined  by  using  information 
logged  in  boreholes  and  test  pits.  Piezocone 
probings  or  seismic  field  studies  may  also  be 
used  to  define  stratigraphy.  Material 
properties  are  determined  by  laboratory  and 
field  tests. 

The  nature  and  material  properties  of  the 
tailings  piles  must  be  determined  in  order  to 
decide  if  stabilization  in  place  can  be 
accomplished  without  recompacting  or  otherwise 
consolidating  the  pile.  In  addition,  the 
behavior  and  stratigraphy  of  the  foundation 
soils  must  be  determined  in  order  to  assess  the 
stability  of  the  pile.  An  initial  exploratory 
program  consisting  of  a  series;  of  piezocone 
penetration  tests  similar  to  the  static  cone 
penetration  test  described  in  the  ASTM  D3441 
are  performed  at  a  minimum  density  of  one  per 
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acre  to  cover  the  tailings  pile.  Each  test 
penetrates  the  entire  depth  of  the  pile  and 
extends  into  the  foundation  soils  until  stiff 
or  dense  soils  are  encountered.  Data  from 
these  probes  are  used  to:  (1)  define  the 
stratigraphy  of  the  pile  (e.g.,  locate 
significant  layers,  zones,  and  pockets  of 
slimes  within  the  embankment) ;  (2)  determine 
the  rate-  of  dissipation  of  induced  pore 
pressures  (the  rate  of  pore  water  pressure 
dissipation  is  used  to  estimate  the  tailings 
hydraulic  conductivity  and  consolidation 
parameters) ;  (3)  obtain  the  penetration 
resistance  of  the  tailings  and  their  strength 
and  bearing  capacity;  and  (4)  determine  the 
groundwater  level. 

The  stratigraphy  interpreted  from  the  piezocone 
data  is  considered  in  determining  the  location 
of  additional  boreholes  conducted  in  the  second 
phase  of  field  work.  These  borings  are 
performed  to  obtain  undisturbed  and  disturbed 
samples  for  laboratory  testing  and  to  verify 
the  stratigraphy  defined  by  the  piezocone  data. 
Sufficient  borings  are  conducted  to  verify  the 
information  from  the  piezocone.  At  least  one 
of  the  borings  is  taken  20  feet  into  bedrock  or 
up  to  250  feet  below  the  tailings-soil 
interface  if  foundation  stratigraphy  and 
material  properties  permit. 

Borings  with  sampling  are  also  conducted 
adjacent  to  the  piles  in  order  to  identify 
variability  of  the  near-pile  foundation  soils. 
Test  pits  are  excavated  on  the  pile  to  obtain 
representative  sand,  sand-slime,  and  slime 
tailings  samples  for  laboratory  testing.  Test 
data  are  used  to  determine  the  geotechnical 
properties  of  the  tailings  when  placed  as 
fills. 

For  separate  disposal  areas,  borings  are 
required  in  order  to  determine  the  foundation 
soil  and  bedrock  characteristics  at  a  disposal 
site.  The  density  of  borings  is  approximately 
one  for  every  three  acres.  A  sufficient  area 
is  covered  to  allow  repositioning  of  the  pile 
within  the  general  area  of  interest.  These 
borings  extend  at  least  20  feet  below  grade;  at 
least  two  borings  extend  up  to  50  feet  below 
grade,  or  to  a  minimum  of  20  feet,  into 
bedrock.  One  of  the  borings  may  extend  as  deep 
as  250  feet  if  the  soil  at  the  site  is  deep. 

Borrow  areas  are  identified  by  performing  a 
borrow  assessment.  For  radon  cover  material,  a 
limited  number  of  areas  are  investigated  by 
excavating  eight  to  12  test  pits  at  each  area. 
Both  large  and  small  bulk  samples  are  obtained 
in  order  to  perform  classification  and  material 
properties  tests. 

For  rock  armoring  material,  one  or  more  areas 
are  investigated  in  order  to  define  the  limits 
and  quality  of  rock  armor  borrow  material.  For 
gravel  sites,  six  to  eight  test  pits  are 
conducted  at  each  area.  Both  large  and  small 
bulk  samples  are  obtained.  For  bedrock  sites, 
samples  are  obtained  from  rock  outcrop  areas. 

Laboratory  tests  are  performed  on  tailings, 
foundation,  fill,  and  soil  borrow  sources  in 
order  to  determine  appropriate  material 
properties  needed  for  design.  These  include 
strength,  compressibility,  compaction, 
permeability,  capillary  moisture,  radon 


diffusion  coefficient,  and  correlative  property 
tests.  Rock  samples  are  tested  for  durability 
using  petrographic,  LA  abrasion,  absorption, 
sodium  sulfate  soundness,  and  specific  gravity 
tests.  Other  types  of  soil  and  rock  tests  are 
performed  if  needed. 

As  part  of  the  design  of  reclamation  work  at 
UMTRA  Project  sites,  studies  are  conducted  to 
define  the  seismic  hazard.  These  evaluations 
result  in  a  seismotectonic  characterization  of 
each  site  and  provide  a  set  of  earthquake 
design  parameters.  These  parameters  include: 
the  design  earthquake  magnitude;  on-site  peak 
horizontal  ground  acceleration;  the  distances 
to,  and  lengths  of,  capable  faults;  and  the 
types  of  capable  fault  displacement.  During 
the  seismic  investigation,  the  potential  for 
on-site  fault  rupture  is  analyzed. 

Once  the  acceleration  has  been  determined  for  a 
site  using  methods  outlined  in  the  previous 
sections  of  this  chapter,  the  impact  of 
stratigraphy  upon  the  acceleration  is 
evaluated.  The  site  is  classified  as  having 
shallow  or  deep  soils.  Based  upon  this 
classification,  modification  to  the  site 
acceleration  is  as  follows: 

o  For  shallow  soil  sites  having  less  than  30 
feet  of  overburden  above  bedrock,  the  site 
surface  acceleration  used  in  liquefaction 
and  slope  stability  analyses  is  considered 
to  be  the  same  as  the  acceleration  derived 
from  the  seismic  study. 

o  Deep  soil  sites  require  adjustment  to  the 
on-site  acceleration  derived  from  the 
seismotectonic  site  characterization.  The 
acceleration  must  be  modified  for 
attenuation  to  amplification  through  the 
soil  in  order  to  derive  the  surface 
acceleration  used  as  input  into 
liquefaction  and  stability  analyses. 

In  order  to  assess  the  long-term  stability  of 
the  tailings  piles,  the  long-term  static  and 
earthquake  loading  conditions  are  determined. 
Natural  slopes,  which  may  affect  the  long-term 
performance  of  the  embankment,  are  also 
analyzed  for  static  and  earthquake  loading 
conditions.  In  addition,  short-term  static  and 
seismic  loading  of  the  embankment  and 
construction  slopes  must  be  analyzed  to  assess 
the  suitability  of  the  proposed  designs. 

Settlement  of  the  reconstructed  tailings  piles 
at  UMTRA  Project  sites  is  assessed  in  order  to 
evaluate  long-term  stability.  Settlement  can 
occur  within  the  reclaimed  tailings  embankment 
and  in  the  foundation  soils  upon  which  the 
embankment  is  constructed.  The  absolute  and 
differential  settlement  depend  on  the 
distribution  of  different  types  of  materials, 
the  compressibility  of  each  soil  type,  and  the 
stresses  on  specific  soil  layers.  Settlement, 
especially  differential  settlement,  can  lead  to 
surface-water  runoff  flow  concentrations  which 
could  erode  the  pile  cover  and/or  lead  to 
cracking  of  the  radon  cover. 
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In-  order  to  evaluate  the  long-term  stability  of 
tailings  piles  at  UMTRA  Project  sites,  the 
liquefaction  potential  of  the  pile  and 
foundation  soils  under  design  earthquake 
conditions  is  assessed.  The  liquefaction 
potential  of  a  site  is  determined  by  the  soil 
properties,  depositional  history,  depth  to 
groundwater,  and  characteristics  of  the 
earthquake  motion  to  which  it  is  subjected. 


GROUNDWATER  SITE  CHARACTERIZATION 

Subsurface  investigations  are  performed  at  each 
former  mill  processing  site  and  potential 
tailings  disposal  site  to  define  the  presence 
and  exteht  of  groundwater-bearing 
(hydrostratigraphic)  units.  The  ultimate 
objective  of  these  investigations  is  to  develop 
the  appropriate  remedial  action  plan  for  water 
resources  protection  and  a  cost-effective 
remedial  action  plan  for  cleanup- of  the 
inactive  mill  sites.  Aquifer  hydraulic  and 
geochemical  characteristics  are  defined  for 
each  hydrostratigraphic  unit  to  aid  in 
determining  the  amount  and  extent  of  present 
and  potential  contamination  by  the  mill 
tailings  operations. 

Groundwater  site  characterization  begins  with 
an  inventory  and  review  of  existing 
hydrogeologic  literature  and  water  well  records 
in  the  vicinity  of  the  site.  An  early 
assessment  is  made  to:  (1)  identify  water  users 
within  a  two-mile  radius  of  the  site;  (2) 
estimate  the  extent  of  contamination;  (3) 
identify  possible  sources  of  contamination  near 
the  mill  site  other  than  mill  tailings;  and  (4) 
to  identify  potential  disposal  sites.  Field 
testing,  drilling  and  monitor  well 
installation,  water  sampling,  soil  sampling, 
and  aquifer-hydraulic  testing  are  completed  in 
phases. 

Key  elements  in  the  groundwater 
characterization  for  each  site  include  the 
following: 

o  Definition  of  the  contaminant  source, 
o  Characterization  of  representative 
background  water  quality  for  each 
hydrostratigraphic  unit  of  concern  and  for 
surface  water. 

o  Definition  of  presence  and  extent  of 

contaminant  plumes,  as  well  as  discharge 
of  plumes  to  surface  water. 

The  contaminant  source  term  is  characterized  by 
collecting  and  analyzing  tailings  solids  and 
pore  water  samples.  Saturated  and  unsaturated 
hydraulic  conductivities  of  undisturbed 
tailings  samples  may  be  determined.  To 
estimate  the  rate  of  movement  of  leachate 
through  the  tailings  at  the  disposal  site,  the 
hydraulic  conductivity  of  one  or  more  remolded 
and  compacted  tailings  samples  is  determined. 
Contaminant  sources  other  than  mill  tailings 
are  identified  and  may  be  characterized  if  it 
is  determined  that  contamination  from  that 
source  may  affect,  of  in  any  way  bias,  the 
characterization  of  the  tailings  pile  or  the 
disposal  site  hydrogeology. 


Background  groundwater  quality  is  determined  by 
establishing  representative  values  for 
constituents  from  water  samples  obtained  from 
wells  upgradient  of  the  tailings  pile.  These 
background  wells  must -be  sufficiently 
upgradient  so  that  the  groundwater  is 
unaffected  by  tailings  seepage.  Existing 
springs  and  wells  may  be  used,  or  it  may  be 
necessary  to  install  monitor  wells  specifically 
to  determine  background  water  quality.  Where 
six  of  more  -sample  analyses  are  available,  the 
background  concentration  range  is  assumed  to  be 
the  arithmetic  mean  (or  possibly  the  geometric 
mean,  depending  upon  the  distribution  of  the 
data)  -plus  or  minus  two  standard  deviations. 

For  less  than  six  samples,  the  background 
concentration  range  is-  assumed  to  be  equal  to 
the  observed  range  of  data.  Obvious  outliers 
in  the  data  set  are  eliminated  and  ah 
explanation  for  doing  so  is  provided  for 
reviewers. 

The  vertical  extent  of  contamination  in  the 
groundwater  system  is  determined  by  installing 
a  group  or  "nest"  of  monitor  wells  at  specific 
locations  on  the  site,  and  downgradient  and 
crossgradient  from  the  site.  Each  well  in  this 
nest  is  screened  within  a  discrete  interval 
which  is  different  in  depth  below  the  surface 
from  all  other  wells  in  the  nest.  The  deepest 
well  showing  no  impact  from  tailings  seepage 
defines  the  lower  limit  of  contamination.  The 
lateral  extent  of  contamination  is  determined 
by  installing  monitor  wells  progressively  away 
from  the  contaminant  source(s)  until  water- 
quality  analyses  from  the  outermost  wells  show 
that  there  is  little  or  no  contamination.  At 
many  of  the  UMTRA  Project  sites,  the  lateral 
extent  of  contamination  is  defined  by  one  or 
more  groundwater  discharge  points  such  as 
springs,  intermittent  drainages,  or  rivers. 

As  solvents  and  other  chemicals  were  used  at 
some  of  the  UMTRA  Project  sites  during  the 
milling  processes,  an  EPA  Priority  Pollutant 
scan  is  conducted  at  one  or  more  of  the  monitor 
wells,  usually  on  the  site  or  immediately 
downgradient  from  the  site.  Then,  at  several 
of  the  other  wells  at  each  site,  organic 
contamination  is  screened  by  analyzing  for 
total  organic  carbon  (TOC)  and  total  organic 
halogens  (TOX) . 

CASE  HISTORY:  GREEN  RIVER 

Green  River,  Utah,  is  one  of  the  24  UMTRA 
Project  sites  at  which  remedial  action  work 
will  be  undertaken.  The  following  sections 
describe  the  site  characterization  work 
completed  at  the  Green  River  site.  Final 
designs  have  been  prepared  for  the  remedial 
action  work;  and  construction  is  scheduled  to 
begin  in  the  summer  of  1988. 

Green  River  Site  Description 

The  Green  River  inactive  uranium  mill  site  is 
in  Grand  County,  Utah,  approximately  one  mile 
southeast  of  the  city  of  Green  River  and  0.5 
mile  south  of  U.S.  Highway  6  s  50.  The  48-acre 
site  is  in  Sections  15  and  22,  Township  21 
South,  Range  16  East,  Salt  Lake  Meridian,  and 
is  bordered  by  the  mainline  track  of  the  Denver 
ana  Rio  Grande  Western  (D&RGW)  Railroad  on  the 
north  and  the  recently  completed  Interstate  70 
on  the  south. 
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The  48-acre  designated  site  consists  of  the 
tailings  pile  (eight  acres) ,  the  mill  yard  and 
ore  storage  areas  (23  acres) ,  four  main 
buildings,  a  water  tower,  and  several  small 
buildings.  The  buildings  are  all  structurally 
sound  and  marginally  contaminated. 

p  Dispersion  of  tailings  by  wind  and  water 

erosion  has  contaminated  approximately  30 
.  acres.  The  total  volume  of  contaminated 

materials,  including  the  tailings  and 
i  underlying  soils,  is  estimated  to  be  185,000 

cubic  yards  (cy) . 

i 

In  order  to  stabilize  the  tailings  and  meet  the 
1  EPA  standards,  the  tailings  and  other 

contaminated  materials  will  be  consolidated 
into  a  disposal  cell  out  of  Brown's  Wash 
approximately  500  feet  south  and  50  feet  higher 
in  elevation  than  the  existing  mill  site.  The 
,  site  occupies  a  level  area  that  is  disected  by 

a  shallow,  ephemeral  stream.  This  stream 
i  drains  to  the  northwest  around  the  mill  site. 

Bedrock  is  exposed  in  the  bottom  of  drainage 
!’  near  the  mill  site.  The  site  surface  is  formed 

t  of  pediment  sand  and  gravel  and  is  covered  by 

'  sagebrush  and  wild  forbs.  A  power  line  crosses 

p  the  site  area. 

i 

i. 

i 


Geotechnical  Site  Characterization 

The  Green  River  site  is  in  the  northern  part  of 
the  Canyon  Lands  section  of  the  Colorado 
Plateau  Physiographic  Province,  an  area  of  low 
historic  seismicity.  The  site  region  is 
drained  by  the  Green  River  which  passes  0.5 
mile  west  of  the  site.  The  tailings  pile  rests 
on  the  bank  of  Brown's  Wash,  intermittent 
tributary  with  a  watershed  of  85  square  miles. 
The  peak  horizontal  acceleration  at  the  site  is 
0.21g. 


Subsurface  Investigation 

The  Green  River  tailings  pile  was  characterized 
by  drilling  five  borings  and  excavating  three 
test  pits  on  the  pile.  The  locations  of  these 
boreholes  and  test  pits  are  presented  in  Figure 
1. 

Tailings  are  divided  into  three  categories 
according  to  the  size  of  the  particles.  The 
three  designations  are:  sand;  sand-slime;  and 
slime.  At  Green  River,  the  slimes  were  removed 
for  upgrading  at  Rifle,  Colorado,  leaving  only 
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the  sand  tailings.  Sand  tailings,  as  used 
here,  refers  to  those  tailings  with  up  to  30 
percent  passing  the  No.  200  sieve.  Most  of  the 
Green. River  pile  contains  less  than  20  percent 
passing  the  No.  200  sieve.  The  Unified  Soil 
Classification  System  (USCS)  classifies  the 
material  as  silty  or  clayey  sand:  SP-SM,  SP-SC, 
SM,  and  SC. 

Moisture  contents  within  the  tailings  pile 
range  from  1.2  to  6.4  percent.  Blow  counts 
from  SPT  tests  range  from  four  to  16,  which 
correlates  with  a  loose  to -medium-dense 
consistency.  Groundwater  was  not  encountered 
within  the  tailings. 

The  Green  River  disposal  area  was  characterized 
by  drilling  eight  borings  and  excavating  seven 
test  pits  as  shown  on  Figure  1.  In  addition, 
information  obtained  from  many  of  the  34 
monitor  well  drill  holes  was  used  to  define 
subsurface  stratigraphy. 

The  soils  underlying  the  site  consist  of 
between  five  and  16  feet  of  loose  to  dense 
silty  of  clayey  sand  alluvium.  Large  lenses  of 
clay  are  contained  within  the  layer.  Dense  to 


very  dense  sand  and  gravel  alluvium  underlies 
these  near-surface  soils.  The  soils  in  turn 
overlie  bedrock  of  coarse  conglomerate 
sandstone  of  thie  Dakota  Sandstone  and  shales  of 
the  Cedar  Mountain  Formation.  These  near¬ 
surface  soils  lie  within  the  area  of  windblown 
contamination  and  are  considered  .representative 
of  this  material.  Groundwater  was  not 
encountered  within  the  soils  at  the  site. 

Geologic  cross  sections  were  developed  from, 
outcrop  and  borehole  information.  A  typicai 
cross  section  is  shown  on. Figure  2.  The 
conditions  at  the  site  reflect  the  regional 
bedrock  configuration  of  shallow  dipping  beds 
of  Mancos  Shale  overlying  a  thin  and 
discontinuous  layer  of  Dakota  Sandstone  which 
in-  turn  overlies  the  Cedar  Mountain  Formation. 

Geotechnical  testing  of  the  site  soils  and 
tailings  included  standard  penetration  tests, 
moisture  content  and  .dry  densities,  gradation 
tests,  Atterberg  Limits,  compaction  tests, 
remolded  and  undisturbed  consolidation, 
triaxial  shear,  permeability,  and  capillary 
moisture  tests. 
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Groundwater  Site  Characterization 


Thirty  four  monitor  wells,  three  well  points, 
and  six  surface-water  sampling  sites  (Figure  1) 
were  used  to  characterize  the  shallow 
groundwater  system  at  the  Green  River  site. 
Eight  of  the  wells  were  installed  by  previous 
investigators  in  1982  to  characterize  the 
tailings  pile  and  the  alluvium  beneath  and 
peripheral  to  the  pile.  The  remaining  wells, 
well  points,  and  surface-water  sites  were 
installed  by  the  TAC  and  were  used  to 
characterize  three  distinct  Cretaceous-age 
bedrock  units. 

Depth  to  groundwater  in  the  alluvium  beneath 
the  tailings  surface  ranges  from  11  to  16  feet; 
the  base  of  the  tailings  is  above  the  water 
table.  At  the  proposed  disposal  site  south  of 
the  present  pile  (see  Figure  2} ,  groundwater  is 
first  encountered  at  an  approximate  depth  of  60 
feet  below  the  surface.  The  general  direction 
of  groundwater  flow  in  the  alluvium  and  bedrock 
aguifers  is  west  toward  the  Green  River. 

Background  water-quality  analyses  indicate  that 
the  total  dissolved  solids  (TDS)  contents  of 
the  alluvial  aquifer  and  the  two  shallow-most 
bedrock  aquifers  range  from  4000  milligrams  per 
liter  (mg/1)  to  7000  mg/1;  the  bottom  bedrock 
unit  contains  groundwater  of  significantly 
better  quality  (TDS  near  1900  mg/1) .  The  EPA 
and  State  of  Utah  Secondary  Drinking  Water 
Standard  for  TDS  is  500  mg/1.  Contamination 
from  tailings  seepage  was  detected  in  the 
alluvium  beneath  the  pile  and  in  the  shale  and 
siltstone  bedrock  unit  immediately  beneath  the 


alluvium.  The  lateral  contamination  (nitrate, 
ammonium,  uranium,  and  manganese)  is  restricted 
to  the  area  beneath  the  pile.  Downgradient 
from  the  pile,  some  contamination  discharges 
from  the  alluvial  aquifer  into  Browns  Wash,  a 
small  intermittent  tributary  of  the  Green 
River.  Contamination  in  the  underlying  bedrock 
aquifer  disperses  downgradient  and  flows 
preferentially  in  some  areas-  through 
interconnected  fractures  visible  in  outcrops 
and  core  samples.  The  bottom  sandstone  unit  is 
protected  from  tailings  seepage  by  strong 
upward  vertical  hydraulic  gradients.  Three  of 
the  wells  completed  in  this  unit  flow  at  the 
land  surface  during  certain  times  of  the  year. 

Preliminary  estimates  of  contaminant  migration 
and  future  contamination  were  made  for  the  two 
contaminated  aquifers  beneath  the  present 
tailings  pile.  These  estimates  assume 
dispersion  (non-point  discharge)  in  the  bedrock 
unit  and  discharge  of  contaminated  water  from 
the  alluvium  into  Brown’s  Wash  400  feet  west 
(downgradient)  of  the  tailings.  To  reduce 
nitrate  concentrations  as  NO?  to  44  mg/1,  the 
EPA  primary  drinking  water  standard. for 
nitrate,  calculations  show  a  natural  flushing 
time  of  90  years  is  needed  for  the  alluvium;  30 
years  is  needed  for  the  bedrock  aquifer. 

Uranium  concentrations  will  be  reduced  to  the 
EPA  health  advisory  level  of  0.015  mg/1  (10 
picocuries  per  liter  (pCi/1))  in  160  years  in 
the  alluvium,  and  in  260  years  in  the  bedrock 
aquifer.  These  two  contaminants  represent  the 
most  mobile  .and  one  of  the  most  retarded 
contaminants  at  the  Green  River  site, 
respectively. 


TABLE  1  COMPARISON  OF  SITE  CHARACTERIZATION  COSTS  FOR  THREE  UMTRA  SITES 


SITE  IDs 

AMBROSIA 

LAKE 

GREEN  RIVER 

REMEDIAL  ACTION  COST: 

21.2 

7.1 

TOTAL  SITE  COST: 

29.5 

16.8 

ITEM 

NUMBER  FOOTAGE  COST/ITEM 

NUMBER 

FOOTAGE  COST/ITEM 

GEOTECHNICAL  BOREHOLES 

42 

1192 

28550 

12 

277 

20955 

TEST  PITS 

25 

250 

1527 

24 

240 

1365 

MONITOR  WELLS, LYSIMETERS 

&  STANDPIPES 

23 

4050 

76942 

35 

1047 

(W/GEOT) 

GEOPHYSICAL  LOGGING 

23 

4050 

10998 

35 

1047 

(W/GEOT) 

PIEZ0C0NE 

126 

3668 

33652 

N/A 

N/A 

N/A 

WATER  ANALYSIS 

N/A 

N/A 

14883 

N/A 

N/A 

11202 

SOIL  ANALYSIS 

N/A 

N/A 

23314 

N/A 

N/A 

22482 

TOTAL 

189866 

56004 

SITE  ID: 

RIFLE  (PROCESSING  SITE) 

RIFLE  (DISPOSAL 

SITE) 

REMEDIAL  ACTION  COST: 

48.1 

TOTAL  SITE  COST: 

73.7 

ITEM 

NUMBER 

FOOTAGE 

COST/ITEM 

NUMBER 

FOOTAGE 

COST/ITEM 

GEOTECHNICAL  BOREHOLES 

29 

N/A 

(OTHERS) 

11 

755 

150777 

TEST  PITS 

5 

N/A 

(OTHERS) 

16 

170 

4061 

MONITOR  WELLS 

85 

4830 

299731 

10 

1180 

(W/GEOT) 

LYSIMETERS  &  TENSIOMETER  N/A 

N/A 

N/A 

12 

228 

(W/GEOT) 

GEOPHYSICAL  LOGGING 

85 

4830 

23715 

10 

1180 

8783 

WATER  ANALYSIS 

N/A 

N/A 

8568 

N/A 

N/A 

0 

SOIL  ANALYSIS 

N/A 

N/A 

5609 

N/A 

N/A 

18950 

SITE  CHARACTERIZATION  COSTS 

Table  1  lists  details  of  the  costs  of 
geotechnical  and  groundwater  site 
characterization  work  at  three  UMTRA  Project 
sites.  In  particular,  the  costs  of  work 
involved  in  the  Green  River  case  history  are 
provided.  Table  2  gives  a  sumary  of  site 
characterization  costs  at  the  renai*--~7  UMTRA 
Project  sites. 

Also  shown  on  Table  1  are  the  remedial  action 
costs  and  the  total  site  costs.  The  remedial 
action  cost  is  the  cost  of  constructing 
renedial  works  at  the  site.  It  includes  the 
costs  of  site  preparation,  decontamination, 
relocation,  cover,  erosion  protection, 
restoration,  and  construction  management.  The 
total  site  cost  includes  the  costs  of:  planning 
and  design  development;  engineering;  site 
acquisition,  surveillance  and  maintenance;  and 
technical  and  management  support.  The  cost  for 
the  Rifle  processing  and  disposal  sites  is 
given  as  a  single  combined  cost  as  all  tailings 
will  be  consolidated  at  one  facility. 


CONCLUSION 

This  paper  has  described  the  work  to  be 
performed  in  order  to  characterize  geotechnical 
and  groundwater  conditions  at  the  24  sites  that 


constitute  the  UXTRA  Project.  The  case  history 
of  the  Green  River  site  characterization  has 
been  discussed  in  detail.  Costs  for  the  site 
characterization  work  have  been  provided. 

Complete  site  characterization  is  an  essential 
first  step  in  preparing  cost-effective  remedial 
action  plans  for  engineering  works  that  sc ast 
rerain  stable  for  200  to  1000  years.  As  shown 
in  both  the  project  and  site  case  histories 
decribed  in  this  paper,  complete  site 
characterization  is  a  multifaceted  undertaking 
that  involves  skill,  cost,  and  site-specific 
approaches. 
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sra  IS: 

SIMESIAL  ACTIOS  COST: 


3C*  (MCC  S.  SIS?  SITS) 
36.5 


TTM  CITT 
12.1 


aa  trxoc  t  aisr  site) 

*7.5 


TOTAL  SITS  COST: 

62-2 

34.6 

23.3 

169.5 

I3t 

Kan  COST/ITTX 

Kan  C3ST/ITTM 

NGMtC* 

COSr/TTBI 

XSNBCX  CBS7/T3SX 

CSOnXSSICAL  WaSSOLSS 

2S 

3*133 

39 

2*9535 

17 

32610 

4* 

214533 

TiSJ  PITS 

21 

1425 

14 

933 

IS 

2030 

SO 

5314 

SCXIT3S  VESTS 

25 

CV/5CCT) 

12 

(V/GEOT) 

19 

174926 

42 

19770 

ltsixttejcs 

X/A 

XA 

S/A 

X/A 

S/A 

■A 

X/A 

X/A 

GEOPHYSICAL  LOGOISS 

X/A 

X/A 

X/A 

X/A 

X/A 

X/A 

X/A 

*/A 

PIS30CSXE 

X/A 

X/A 

43 

22315 

26 

(V/GEOT} 

X/A 

X/A 

WtTSX  XOITSIS 

X/A 

15347 

S/A 

*7*7 

S/A 

29263 

S/A 

1170 

SOIL  ANALYSIS 

s/x 

2S449 

X/A 

17339 

X/A 

2599* 

X/A 

24922 

**“■ 

73352 

32*576 

254799 

265690 

SITE  IS: 

SELPIELO/BOKMAX 

PALLS  CITT 

JOeaBEJCr  V3CLST 

LAV  (M0C  A  OSS?  S 

REME3IAL  series  COST: 

5.4 

2S.C 

9.S 

TOTAL  SITE  COST: 

19.* 

32.2 

1S.0 

ITS* 

XCX3ER  CfflST/lTSX 

XTMBSR  COST/ITEM 

XCMBE*  CSST/2TSX 

X3XREX  CBST/ICEK 

CECSECSXICAL  BOREHOLES 

72 

(OTHERS) 

23* 

{©rzcats) 

0 

X/A 

36 

•2570 

TESIT  ?2TS 

32 

COT3EXS) 

20 

2*45 

s 

*30 

16 

2940 

MONITOR  SELLS 

IS 

36693 

43 

93362 

23 

245*30 

2* 

(V/  CEOff. 

LY5IME7ERS 

12 

(V/MQK) 

S/A 

X/A 

S/A 

X/A 

X/A 

X/A 

CEOPBTSICAL  ICOOISS 

II 

4795 

•SO 

24000 

S/A 

X/A 

X/A 

X/A 

PIEEOCGNE 

X/A 

X/A 

222 

26750 

S/A 

X/A 

X/A 

X/A 

VATS*  ANALYSIS 

X/A 

22*40 

X/A 

1C6S9 

X/A 

30234 

SOU.  AS  ALTS  IS 

S/A 

15079 

X/A 

26750 

X/A 

23200 

TOTAL 

694C7 

274207 

190064 

SS510 

SITS  IS: 

RIVERTON 

5R2PROCK 

SLICK  ROCK 

JUX1ELL 

RESET  IAS  ATTICS  COST: 

25.8 

11.* 

16.0 

26.2 

TOTAL  SITS  COST: 

27.3 

20.0 

26.7 

26.0 

ITS* 

SOMBER  COST/ITEM 

NUMBER  COST/ITEM 

S0MRER  COST/ITSX 

XCMBE*  COST/ITEN 

GEOTECHNICAL  BOREHOLES 

47 

S9134 

•9 

(OTHERS) 

11 

59*5 

33 

9396 

TEST  PITS 

19 

3009 

24 

12*2 

23 

1173 

10 

1050 

MONITOR  SELLS 

32 

(V/GEOT.) 

34 

14365 

22 

44172 

15 

107975 

LT5  METERS 

X/A 

X/A 

S/A 

S/A 

S/A 

X/A 

S/A 

X/A 

GEOPHYSICAL  LOGGING 

X/A 

S/A 

S/A 

S/A 

5 

1900 

15 

5900 

PIEZOCOXE 

X/A 

S/A 

S/A 

S/A 

12 

1929 

40 

14779 

WATER  ANALYSIS 

X/A 

5330 

S/A 

4**2 

S/A 

9590 

S/A 

2S794 

SOIL  ANALYSIS 

X/A 

31*4 

S/A 

11590 

S/A 

19466 

S/A 

1*2*5 

TOTAL 

9164* 

32119 

*3315 

1*6179 

SITE  ID: 

SLC  (PRCC  t  OZSP  SITE) 

SPOOK 

UNMAN 

REMEDIAL  ACTIOS  COST: 

44.9 

2.8 

4.4 

TOTAL  SITE  COST: 

67.1 

9.9 

12.7 

ITEM 

NUMBER  COST/ITEM 

NUMBER  COST/ITEM 

NUMBER 

COST/ ITEM 

GEOTECHNICAL  BOREHOLES 

97 

(OTHERS) 

1 

890 

21 

26000 

TEST  PITS 

C 

600 

20 

2165 

16 

21*7 

MONITOR  HELLS 

36 

97000 

10 

28686 

12 

9*3 

LYSIHETERS 

N/A 

N/A 

N/A 

N/A 

6 

3659* 

GEOPHYSICAL  LOGGING 

N/A 

N/A 

10 

10302 

N/A 

N/A 

PIEZOCOKE 

N/A 

S/A 

N/A 

N/A 

N/A 

X/A 

WATER  ANALYSIS 

N/A 

48S2 

N/A 

5817 

N/A 

2126 

SOIL  ANALYSIS 

N/A 

11597 

N/A 

6945 

N/A 

15675 
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Evaluation  of  Remedial  In-Waste  Leachate  Head  Reduction 


Denise  E. 


Donald  A.  ConM 


S9907SIS:  S<£<r  qailit;  moitonag  *t  Cedar  Hills  Regional  landfill,  in  Xing  COontv,  Sasbiajtoo 
has  indicated  that  shallow  ground  water  perched  in  lodgenanc  till  has  been  Impacted  by  solid 
waste  disposal.  A  leachate  mound  to  SO  feet  in  th Iciness  was  identified  in  the  refuse  which 
overlies  the  low  p»  me  ability  till.  She  leachate  bead  over  the  till  is  sufficient  to  cause 
downward  flow  of  leachate  through  the  till  to  shallow  ground  water,  and  nay  contribute  to  water 
quality  i reacts  at  the  site,  lowering  the  leachate  head,  therefore,  nay  redace  the  potential  for 
impacts  cm  water  quality.  A  study  was  ccrafcacteid  to  obtain  estimates  of  the  hydraulic  properties 
of  solid  waste  and  to  determine  if  lowering  the  leachate  head  using  horirootal  drains  ami 
vertical  extraction  wells  is  feasible.  This  paper  discusses  the  findings  of  the  investigation. 

zjraseTOcrec*  - - — 


‘She  Cedar  Hills  Regional  landfill  is  a  920  acre 
site  in  King  County,  Washington  which  currently 
accepts  3,500  tons  of  refuse  per  day.  It  has 
been  operated  by  Xing  county  since  1954.  She 
landfill  is  located  approximately  9  miles 
southeast  of  the  town  of  Issaquah  (Figure  1) . 
It  is  situated  on  the  east  side  of  the  Puget 
Sound  lowlands,  at  the  foothills  of  the  Cascade 
Mountains.  She  Puget  Sound  lowlands  consist  of 
a  structural  trough  between  the  Cascade  Range 
on  the  east  and  the  Olympic  Mountains  to  the 
west.  Knowledge  of  the  deep  structural  geology 
and  pre-glacial  history  is  limited  due  to  over 
350  feet  of  glacial  sediments  overlying  bedrock 
in  the  region  (Sweet,  Edwards  and  Assoc.,  Inc., 
1994) . 

She  landfill  is  underlain  by  Vashon  till  and 
undifferentiated  pre-Vashon  glacial  sediments 
(Livingston,  1971;  Rosengreen,  1965;  and  Vine, 
1962)  .  Vashon  till  was  deposited  in  the  Fuget 
Sound  region  roughly  13,500  years  ago  during 
the  final  stage  of  the  Fraser  Glaciation. 
Glacial  deposits  identified  at  the  site  include 
up  to  70  feet  of  lodgement  till  of  Vashon  age, 
underlain  by  over  300  feet  of  advance  out  wash 
sands  and  gravels  deposited  during  the  advance 
of  the  Fraser  ice  sheet  and  younger  ice-contact 
deposits. 

Several  hist-  >ric  solid  waste  disposal  areas 
exist  at  the  site,  but  the  majority  of  waste 
received  by  the  County  has  been  deposited  on 
the  Main  Hill  solid  wast  pile,  denoted  in 
Figure  2.  The  Main  Hill  refuse  area  is  over 
5,000  feet  in  length  along  the  north-south  axis 
and  it  is  about  1, 600  feet  wide  (Figure  2) . 
The  refuse  thickness  in  the  Main  Hill  diposal 
area  has  been  found  to  be  over  140  feet  near 
the  center,  and  it  directly  overlies  the  low 
permeability  lodgement  till. 

Monitoring  of  ground  water  quality  has 
indicated  that  shallow  ground  water  perched  in 
the  low  permeability  lodgement  till  has  been 
impacted  by  solid  waste  disposal  activities  at 
Cedar  Hills. 
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Figure  1.  Map  of  western  Washington  showing 
location  of  Cedar  Hills  Regional 
Landfill 


Documented  leachate  seepage  on  the  slopes  of 
the  Main  Hill  refuse  area  suggested  that 
leachate  was  mounding  in  the  refuse.  The 


Figure  2.  Map  of  Cedar  Hills  Regional  Landfill 
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leachate  mound  over  the  till  nay  contribute  to 
water  quality  inpacts  as  a  result  of 
percolation  through  inperfections  in  the  till, 
particularly  if  leachate  beads  are  high.  If 
the  leachate  heads  acting  on  the  till  can  be 
lowered,  the  potential  for  leachate  inpacts  on 
shallow  ground  water  say  be  decreased 
significantly . 

PREVIOUS  INVESTIGATIONS 

In  1935,  an  investigation  was  conducted  to 
verify  the  existence  of  a  leachate  round  in  the 
refuse  (Sweet,  Sdwards  and  Assoc.,  Inc.,  1935). 
Three  borings  were  advanced  through  the  Main 
Hill  refuse  into  original  ground  and  2-inch 
diameter  leachate  monitoring  wells  (SX- 2,  SW-3, 
and  SW-4,  Figure  2)  were  completed  in  each 
boring.  A  leachate  mound,  ranging  in  thickness 
from  12  feet  at  S»-4  to  30  feet  at  SH-2,  was 
Identified  in  all  three  wells;  and  landfill  gas 
pressures  to  7  psig  were  measured. 

A  4-hour  punping  test  was  conducted  on  SW-2  to 
obtain  preliminary  estimates  of  the  hydraulic 
characteristics  of  the  saturated  refuse.  From 
the  pusp  test  data,  the  hydraulic  conductivity 
was  calculated  at  3-4xl0-4  ft/ain  (1 . 7xi0-’ 
cm/sec),  and  the  storage  coefficient  was  found 
to  be  3.7xl0-4  suggesting  the  mound  is  acting 
as  a  partially  confined  “aquifer"  due  to  the 
lack  of  a  true  confining  stratum.  The 
confining  conditions  are  believed  attributable 
to  both  the  compacted  layering  or 
“stratification"  in  the  waste  as  well  as  high 
gas  pressures  which  encourage  stratification 
and  simulate  pressure  head  (Sweet,  Sdwards  and 
Assoc.,  Inc.,  1935). 

In  general,  the  distribution  of  the  well- 
compacted  or  loosely-compacted  refuse 
interlayered  with  fine-  or  coarse-grained  cover 
soils  was  found  to  be  random. 

PROJECT  OBJECTIVES 

In  1987,  a  comprehensive  investigation  of  the 
hydraulic  properties  of  the  solid  waste 
comprising  the  Main  Hill  refuse  area  was 
completed  to  evaluate  the  feasibility  of  in¬ 
waste  leachate  head  reduction  using  horizontal 
drains  and  vertical  extraction  wells. 

FIELD  INVESTIGATIONS 

For  the  feasibility  study,  three  6-inch 
diameter  wells  (P5W-1A,  PSW-3,  and  PSW-4, 
Figure  2)  and  three  additional  2-inch  diameter 
wells  (SW-10,  SW-11,  and  SK-12)  were  completed 
in  the  Main  Hill  refuse.  The  wells  were 
installed  to  conduct  long  duration  pump  tests 
in  the  saturated  refuse  and  verify  previously 
calculated  hydraulic  parameters  of  the  solxd 
waste.  These  data  are  required  to  determine 
the  performance  of  horizontal  drains  and 
vertical  extraction  wells  for  remedial  in¬ 
waste  leachate  head  reduction. 

LEACHATE  MOUND  MORPHOLOGY 

Monitoring  of  leachate  levels  and  landfill  gas 
prior  to  testing  indicated  that  the  leachate 
mound  thickness  varies  areally  and  fluctuates 
daily.  At  PSW-1A  (Figure  2) ,  the  leachate 
thickness  varied  from  45  to  50  feet.  During 
the  same  period,  the  leachate  thickness  in  SW- 


12  varied  from  5  to  11.7  feet.  Gas  pressures 
also  fluctuated  daily  at  some  locations.  For 
example,  gas  pressures  measured  in  PSW-1A 
varied  from  5  to  11  psig  during  the  initial 
monitoring  period,  while  the  pressure  in  PSW-4 
generally  remained  at  5  psig. 

Figure  3  shows  the  approximate  configuration  of 
the  leachate  mound.  Along  the  north-south 
axis,  the  mound  is  roughly  3, 450  feet  in 
length.  The  extent  of  the  mound  along  the 
east -west  axis  is  unknown.  The  leachate  mound 
is  thin  toward  the  north  perimeter  of  the  Main 
Hill  and  toward  SW-11.  Several  perched 
leachate  production  zones  were  observed  during 
drilling,  however  the  quantity  of  leachate  in 
these  zones  appeared  small. 

PS?»EA3ILITr  TESTING 

To  assess  the  feasibility  of  dewatering  of  the 
Main  Hill  refuse  area  as  a  remediation  option, 
drawdown  and  recovery  hydraulic  conductivity 
tests  were  conducted  on  wells  PSW-1A  and  PSW-4 
(Figure  2) .  Wells  SW-2,  SW-3,  SW-10,  SW-11, 
and  PSW-4  were  monitored  as  observation  wells 
while  panping  P5W-1A;  and  SW-2,  SW-3,  SW-10, 
SW-12,  and  PSW-1A  were  monitored  while  punping 
PSW-4. 

Following  well  installation  and  development, 
leachate  foam  (a  mixture  of  leachate  and 
landfill  gas)  was  observed  in  the  wells  and 
rose  up  to  75  feet  above  the  static  liquid 
level-  In  addition,  leachate  typically  blew 
out  of  SW-10  about  4  feet  above  the  top  of  the 
well  casing,  and  leachate  foam  blew  out  of  SW- 
12  about  12  feet  above  the  well  casing.  As  a 
result  of  the  leachate  foam,  pressure 
transducers  were  required  to  obtain  reliable 
leachate  measurements  chiring  testing.  Leachate 
levels  were  therefore  recorded  during  pulping 
and  recovery  periods  using  a  TERRA8 
computerized  data  logger  system. 

One  criterion  used  to  obtain  representative 
leachate  levels  from  each  well  during  drawdown 
and  recovery  periods  was  that  constant  gas 
pressures  be  maintained  in  each  well.  To 
achieve  this,  pressure-tight  well  head  caps 
were  affixed  to  each  well.  The  pressure  was 
regulated  using  a  ball  valve  attached  to  the 
well  head.  On  wells  PSW-1A  and  PSW-4, 
pressure-tight  fittings  were  used  for  the 
discharge  pipe  and  electrical  and  transducers 
cables.  The  well  head  caps  on  the  observation 
wells  included  pressure-tight  fittings  for  th-j 
transducer  cables.  In  addition,  a  pressure 
gauge  was  attached  to  a  sealed  outlet  in  each 
well  head. 

The  wells  were  pumped  using  an  electric 
submersible  pump.  Discharge  during  pumping  was 
regulated  using  a  flow  restrictor  valve,  and 
pumped  leachate  was  directed  to  the  onsite 
leachate  collection  system  for  treatment  and 
disposal . 

Well  PSW-1A  was  pumped  for  6-1/2  hours 
initially  at  a  rate  of  2  gpm,  but  the  rate 
decreased  gradually  to  0.5  gpm  280  minutes 
after  pumping  started.  The  total  observed 
drawdown  was  19.90  feet.  No  change  in  leachate 
level  was  measured  in  the  observation  wells . 
Prior  to  testing,  the  gas  pressure  in  well  PSW- 
1A  was  measured  at  12.5  psig.  An  effort  was 
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Figure  3. 

=ade  to  maintain  the  gas  pressure  in  all 
wells  at  2  psig,  but  roughly  4  hours  into 
purp  test  pressures  had  dissipated  to  rero 
all  locations - 
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Kell  PSK-4  was  purred  for  14  hours  at  a  rate  of 
2  gpa.  During  the  last  hour,  the  rate 
decreased  to  1  g pc.  The  total  measured 

drawdown  was  4.50  feet.  In  well  SW-12,  located 
52.8  feet  north  of  PSK-4,  1.96  feet  of  drawdown 
wa3  measured. 

HYDRAULIC  PROPERTIES  OF  THE  LEACHATE  MOUIiD 

The  hydraulic  conductivity  and  transmissivity 
of  the  refuse  (summarized  in  Table  1)  were 
calculated  from  drawdown  and  recovery  data  fron 
well3  PSK-1A,  PSW-4,  and  SW-12  using  several 
methods .  As  noted  previously,  PSW-1A  was 
Dumped  at  a  decreasing  discharge  rate.  The 
methods  used  to  evaluate  drawdown  data  from 
thi3  well  (Papadopolus-Cooper  and  Cooper-Jacob, 
Table  1)  account  for  non-steady  state 
conditions.  Methods  used  to  evaluate  data  from 
PSW-4  and  SK-12  require  steady  state 
conditions . 


The  hydraulic  conductivities  calculated  ranged 
from  1.6xl0~3  to  lxlO~^  ft/min  (8.1xl0-^  to 
5.1xl0-3  cn/sec)  .  The  average  hydraulic 
conductivity  estimate  was  4.7xl0-3  ft/min 
(2-4xl0-3  cm/sec) .  The  storage  coefficient  was 
calculated  from  leachate  level  measurements 
made  in  SW-12,  and  was  found  to  be  6.9xl0-4. 
These  results  agree  well  with  the  preliminary 
estimates  found  during  the  1985  investigation. 


It  is  emphasized  that  the  permeabilities  found 
from  these  pump  tests  represent  horiozontal 
permeabilities .  Vertical  permeabilities  are 
expected  to  be  one  to  two  orders  of  magnitude 
lower  than  the  reported  values. 


to  landfill  gas  pressures  totaling  up  to  75 
feet  in  the  vicinity  of  PSK-1A,  with  leachate 
heads  and  gas  pressures  decreasing  toward  the 
perimeter  of  the  landfill.  The  combined  liquid 
head  and  gas  pressure  exerted  by  landfill  gas 
on  the  upper  surface  of  the  till  unit  may  be 
sufficient  to  force  leachate  flow  through  the 
till  to  ground  water  perched  in  the  low 
permeability  unit .  Lowering  the  leachate  head 
in  the  refuse  pile  is  expected  to  reduce  the 
rate  of  leachate  percolation  through  the  till. 

For  the  feasibility  study,  three  scenarios  for 
in-waste  leachate  head  reduction  were  examined: 

1 .  Horizontal  drains, 

2.  A  combined  system  of  horizontal  drains 
and  vertical  extraction  wells, 

3.  Vertical  extraction  wells. 

The  in-waste  head  reduction  analyses  are  based 
on  achieving  a  50  percent  head  reduction  of  the 
leachate  mound.  For  the  evaluation,  an  average 
leachate  head  of  29  feet  was  assumed.  A  50 
percent  reduction  of  the  head,  therefore  would 
yield  an  average  head  of  14.5  feet  and  should 
significantly  reduce  the  potential  for  impacts 
on  water  quality  in  the  vicinity  of  the 
landfill.  A  hydraulic  conductivity  of  6-OxlO-3 
ft/min  was  assumed.  Additional  assumptions 
include : 

°  The  landfill  gas  pressure  is  0  psig  and 
remains  at  steady  state; 

°  The  refuse  is  homogenous  and  isotropic; 

°  There  is  constant  recharge  to  the 
leachate  mound; 

°  The  hydraulic  properties  of  leachate 
sure  similar  to  ground  water. 
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Table  1 


Summary  of  Aquifer  Parameters  for  Refuse  Using 
Several  Methods  of  Data  Analysis 

Transmissivity  Hydraulic  Conductivity  Storage 


FSW-IA 

Rapadopulos-Cooper 

1069 

5xl0-3 

2.5xl0-3 

- 

PSH-1A 

Cooper 

-Jacob 

377 

1 . 3xl0-3 

9. lxlO-4 

- 

RSW-4 

Distance-Drawdown 

560 

8 . 9xl0-3 

4.5xl0-3 

- 

PSW-4 

Jacob 

(Drawdown) 

103 

lxlO-3 

5. lxlO-4 

- 

PSK-4 

Jacob 

(Recovery) 

170 

1. 6xl0-3 

4 

8.1xl0- 

SH-12 

The  is 

1089 

lxlO-2 

5. lxlO-3 

8.4xl0-4 

Sn-12 

Jacob 

(Drawdown) 

960 

5.3zl0-3 

2.7xl0-3 

4.3rl0-4 

SW-12 

Jacob 

(Recovery) 

630 

3. 8xl0-3 

1. 9xl0-3 

7.9xl0-4 

The  last  assumption  is  particularly  important. 
It  is  recognized  that  the  hydraulic  properties 
of  leachate  and  water  are  dissimilar. 
Consistency,  specific  gravity,  viscosity, 
temperature,  gas  saturation,  and  composition 
all"  influence  the  hydraulic  properties  of 
leachate  and  prevent  direct  comparison  with 
water . 


The  effectiveness  of  removing  leachate  from  the 
refuse  by  a  system  of  horizontal  drains  was 
examined  using  a  drain  spacing  of  475  feet, 
indicating  that  7  drains  would  be  required 
along  the  north-south  axis  of  the  mound.  A 
graphical  relationship  between  drawdown,  drain 
spacing,  aquifer  parameters,  and  dewatering 
time  developed  by  the  U.  S.  Bureau  of 
Reclamation  (USBR,  1978)  was  U3ea  to  estimate 
the  time  required  to  lower  the  leachate  head  50 
percent.  According  to  this  method,  a  50 
percent  reduction  of  the  leachate  head  by  7 
drains  can  be  achieved  in  approximately  1  month 
(Sweet,  Edwards  and  Assoc.,  Inc.,  1987). 

A3  a  result  of  drilling  limitiations,  the 
length  of  the  drains  is  expected  to  range  from 
200  to  400  feet,  with  the  average  length  of 
completed  drains  being  approximately  300  feet . 
Initial  discharge  from  the  system  was  estimated 
at  227  gpm,  and  it  is  expected  to  decrease  to 
76  gpm  following  50  percent  head  reduction. 

Several  factors  may  affect  the  projected 
performance  of  horizontal  drains  in  the  refuse. 
The  most  significant  of  these  include  the 
presence  of  high  landfill  gas  pressures  and  the 
physical  characteristics  of  layered  refuse. 
First,  landfill  gas  pressures  up  to  12.5  psig 
may  provide  sufficient  head  to  increase  the 
rate  of  leachate  flow  to  the  drains,  and  should 
effectively  improve  the  drain  efficiency.  As 
the  leachate  mound  decreases,  however,  gas 
pressures  should  decrease,  as  observed  locally 
while  pumping  well  PSH-1A.  If  the  gas  pressure 


exerted  of  the  leachate  mound  is  reduced  to  0 
psig,  the  drains  are  expected  to  perform  within 
the  predicted  theoretical  efficiencies  (Sweet, 
Edvards  and  Assoc.,  Inc.,  1987). 

Secondly,  as  previously  mentioned,  the  refuse 
is  interlayered  with  low  permeability  cover 
material  and  compacted,  resulting  in 
"stratification”  of  the  refuse.  Hence,  it  is 
almost  certainly  heterogenous  and  anisotropic 
to  some  degree.  This  anisotropy  say  impede 
vertical  flow  of  leachate  to  drains  installed 
near  the  base  of  the  landfill,  effectively 
reducing  the  drain  efficiency.  A  horizontal 
drain  field  alone,  therefore,  may  not  be 
sufficient  to  dewater  the  refuse. 


Analysis 

King  County  has  constructed  an  impermeable 
liner  system  as  part  of  active  refuse  disposal 
areas  on  much  of  the  west  side  of  the  refuse 
pile.  Eventually  the  liner  will  extend  to  the 
top  of  the  hill  on  the  west  and  north  sides. 
Installation  of  a  system  of  horizontal  drains 
for  leachate  collection  in  the  waste, 
therefore,  is  limited  to  the  south  and  east 
side  of  the  waste  pile.  In  addition,  the 
maximum  length  of  successful  boring  completion 
will  probably  be  400  feet.  These  factors  limit 
the  area  where  horizontal  drains  can  be 
completed  to  a  small  portion  of  the  landfill 
whose  maximum  width  is  about  1,600  feet  (Figure 
2) .  Considering  these  limitations,  the 
performance  of  a  system  of  horizontal  drains 
for  reducing  the  leachate  mound  can  be  enhanced 
by  a  network  of  large-diameter  vertical 
extraction  wells. 

The  number  of  vertical  wells  required  to 
supplement  the  horizontal  drainage  system  was 
computed  by  first  estimating  the  total 
discharge  capacity  expected  to  occur  from  a 
well  field  completed  in  the  leachate  mound. 
The  following  well  theory  formula  (modified 
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from  Powers,  1931)  was  used: 


Vertical  Extraction  Well  Analysis 


where: 


qt  = 

In  (R/r) 


(1) 


Qt  =  Total  discharge  from  the  well 
field 

X  =  Average  hydraulic  conductivity 
H  =  Average  head  prior  to  dewatering 
hG  =  Average  head  after  dewatering 


The  feasibility  of  in-waste  leachate  head 
reduction  using  a  dewatering  system  comprised 
entirely  of  vertical  wells  was  also  evaluated. 
The  parameters  for  the  analysis  are  identical 
to  those  used  for  the  combined  system  except 
the  radius  of  the  area  to  be  dewatered,  r,  is 
increased  to  the  radius  of  the  entire  leachate 
mound,  1,350  feet.  The  total  discharge 
estimate  for  a  network  comprised  entirely  of 
vertical  wells  is  549  gpm.  If  a  yield  of  21.8 
gpm  per  well  is  achievable,  25  wells  can 
theoretically  reduce  the  leachate  head  to  an 
average  of  14.5  feet  in  approximately  5  months. 


r  •  Radius  of  the  entire  area  to  be 
dewatered  with  vertical  wells 


CONCLUSIONS 


R  =  Radius  of  influence 


Equation  (1)  was  developed  for  dewatering 
analyses  for  an  island  where  recharge  occurs 
laterally  from  all  points  and  is  modified  from 
the  basic  well  theory  formula  (Cedergren, 
1967)  : 


Qt'  =  3;5__5_(Hf_;_h2) 
In  (R/r) 


(2) 


Based  on  the  hydraulic  parameters  calculated 
from  "aquifer"  testing  conducted  in  the 
saturated  refuse,  it  appears  that  two 
alternatives  for  in-waste  leachate  head 
reduction  are  technically  feasible.  First,  a 
dewatering  system  consisting  of  7  horizontal 
drains  and  23  large-diameter  vertical 
extraction  wells  may  be  able  to  reduce  the 
average  leachate  head  from  29  feet  to  14.5  feet 
in  less  than  six  months,  with  a  total  estimated 
discharge  of  584  gpm. 


which  accounts  for  recharge  from  a  line  source. 
The  island  calculation  was  selected  for  Cedar 
Hills  because  it  provides  a  conservative 
discharge  value  particularly  when  the  aquifer 
thickness  is  unknown  or  variable. 


Second,  a  dewatering  system  comprised  solely  of 
25  vertical  wells  is  also  feasible.  From  the 
hydraulic  analysis,  a  system  of  this  design  may 
be  capable  of  reducing  the  average  head  50 
percent  in  approximately  5  months  with  an 
estimated  discharge  of  549  gpm. 


The  radius  of  influence  for  the  refuse  was 
found  to  be  238  feet  using  Sichart's  formula 
(Powers,  1981;  TM  5-818-5/NAVFAC  P-418/AFM 
88-5,  1971,  p.  150) : 

R  »  3  (H-h)  K  (3) 

The  approximate  radius  of  the  portion  of  the 
leachate  mound  to  be  reduced  using  vertical 
wells,  r,  was  calculated  at  1241  feet.  This 
value  assumes  that  the  mound  extends  through 
out  the  refuse. 

From  equation  (1) ,  the  estimated  discharge  from 
a  system  of  vertical  extraction  wells,  QT,  is 
508  gpm;  and,  given  an  estimated  discharge  of 
76  gpm  from  7  horizontal  drains  completed  in 
the  remaining  portion  of  the  leachate  mound, 
the  total  estimated  leachate  flow  from  a 
combined  dewatering  system  is  584  gpm. 

Assuming  the  vertical  wells  are  24  inches  in 
diameter,  the  expected  yeild  is  1.5  gpm  per 
foot  of  saturation  if  the  hydraulic 
conductivity  is  6x10“^  cm/sec.  Therefore  for 
an  average  saturated  thickness  of  14.5  feet 
during  leachate  extraction,  the  average  yeild 
per  well  would  be  21.8  gpm.  From  this,  23 
vertical  wells  can  theoretically  remove 
leachate  from  the  areas  where  drains  are  not 
completed,  and  the  leachate  mound  can  be 
reduced  to  an  average  thickness  of  14.5  feet  in 
less  than  5  months. 

It  is  important  to  note  that  placement  of  a 
final  cover  over  the  landfill  and  the  use  of  an 
impermeable  liner  system  for  current  and  future 
development  will  reduce  leachate  generation  and 
recharge  to  the  landfill .  Decreased  leachate 
generation  will  enhance  the  effectiveness  of 
the  leachate  removal  system. 


The  existing  leachate  collection  system  has  a 
limited  capacity  for  leachate  treatment  and 
disposal  which  restricts  the  quantity  of 
leachate  that  can  be  removed  daily  from  the 
Main  Hill  refuse  area.  If  the  horizontal 
drains  are  as  efficient  as  predicted  by 
theoretical  analysis,  it  will  be  necessary  to 
have  flow  controls  on  each  drain  outlet.  If 
flow  to  the  drains  is  high,  risk  of  blowouts  at 
the  slope  face  is  increased  when  flow  from  the 
drains  is  restricted.  Thus  potential 
maintenance  problems  are  associated  with 
completion  of  horizontal  drains..  In  addition, 
vertical  extraction  •.  yells,  may  allow  more 
complete  leachate  head  reduction  in  the  refuse, 
particularly  where  the  underlying  topography  is 
variable .  For  example,  borings  for  vertical 
wells  can  be  advanced  until  native  ground  is 
encountered  and  the  well  screens  can  be  placed 
at  the  till/refuse  interface.  Less 
topographic,  hence,  less  complete  head 
reduction,  cam  be  achieved  when  installing 
horizontal  drains.  Hence,  horizontal  amalysis 
of  lowering  the  leachate  head  in  the  refuse 
suggests  tnat  the  most  flexible  and  effective 
method  for  leachate  removal  is  the  vertical 
extraction  well  system. 
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Site  of  an  Oil-Producing  Property 

H.  Dezfulian 

Woodward-Clyde  Consultants,  Santa  Ana,  California 


SYNOPSIS:  An  assessment  of  a  6.78-acre  parcel  of  oil-producing  land  with  one  active,  seven  idle, 
and  two  abandoned  oil  wells  was  performed.  Following  the  collection  and  review  of  site  data,  an 
evaluation  was  made  of  the  toxic  properties  of  on-site  soils  for  the  presence  of  hazardous 
substances.  Soil  samples  were  collected  by  advancing  boreholes  at  eight  locations.  These  loca¬ 
tions  were  selected  on  the  basis  of  the  results  of  an  aerial  photographs  review,  a  geophysical 
survey,  and  statistical  sampling  design  techniques.  An  analytical  program  was  conducted  to  test 
for  chemicals  that  would  likely  be  present  from  the  oil  field  operations. 

It  was  concluded  that  the  on-site  soils  are  not  hazardous.  However,  soils  contaminated  with  petro¬ 
leum  hydrocarbons  were  identified.  A  soil  gas  survey  was  performed  to  evaluate  the  presence  of 
methane  and  other  hazardous  gases.  Based  on  the  results  of  the  survey,  recommendations  for  reducing 
the  adverse  effects  of  such  gases  were  developed,  which  were  incorporated  into  the  design  of  the 
building  foundations.  A  soil  remediation  plan  was  developed  and  approved  by  the  regulatory 
agencies.  The  contaminated  soils  were  excavated,  blended  with  clean  soils,  and  recompacted  under 
areas  to  be  paved.  The  existing  oil  wells  were  abandoned,  and  the  previously  abandoned  wells  were 
re-abandoned  in  acco-dance  with  the  applicable  standards. 


INTRODUCTION 

A  site  assessment  was  conducted  for  a 
property,  6.78  acres  in  area,  located  in  the 
city  of  Santa  Fe  Springs,  California.  The 
location  of  the  site  is  shown  in  Figure  1. 
The  site  is  located  within  the  Santa  Fe 


Springs  Oil  Field.  At  the  time  of  the  inves¬ 
tigation,  the  site  was  being  considered  for 
development  of  eight  two-story  industrial 
buildings . 
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FIGURE  1  -  SITE  AND  BORING  LOCATION  PLAN 
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Geologically,  the  area  is  underlain  by  about 
7,000  feet  of  Pleistocene  sediments  and  sedi¬ 
mentary  rocks,  below  which  the  Miocene  units 
occur.  The  upper  200  to  300  feet  of  the  sedi¬ 
ments  are  generally  sand  and  gravel  with  some 
clay  underlain  by  hard  shale  and  boulders. 
The  shallow  materials,  revealed  in  borings 
drilled  on-site  to  a  depth  of  46  feet, 
generally  consist  of  sand,  silty  sand,  sandy 
silt,  and  some  clayey  materials  in  the  upper 
20  feet  underlain  by  generally  dense  gravelly 
sand  and  fine  gravel. 

The  depth  to  ground  water  is  about  60  fee.,  in 
a  well  maintained  by  the  City  of  Santa  Fe 
Springs,  located  about  one-half  mile  northeast 
of  the  site.  The  depth  to  ground  water  in 
three  wells  located  about  one  mile  south  of 
the  site  reportedly  ranges  from  92  to  100 
feet. 

At  the  time  of  the  investigation,  there  were 
no  buildings  at  the  site.  The  site  was  leased 
to  a  major  oil  company  for  production  and 
storage  of  crude  oil.  Oil  storage  tanks  did 
not  remain  on  the  site.  There  were  eight 
visible  oil  wells  at  the  site.  Seven  of  these 
were  idle,  with  the  oil  production  facilities 
dismantled  and  the  well  heads  capped  above 
ground.  The  Santa  Fe  Springs  Oil  Field  Map 
(California  Division  of  Conservation,  Depart¬ 
ment  of  Oil  and  Gas,  Sheet  No.  102,  1985) 
indicated  that  there  were  two  abandoned  oil 
wells  on-site.  The  approximate  locations  of 
the  oil  wells  are  shown  in  Figure  1.  Several 
abandoned  and  active  pipelines  crossed  the 
site. 


METHODOLOGY 

The  site  assessment  was  comprised  of  the 
following  three  phases: 

Phase  I:  Environmental  site  appraisal 

Phase  II:  Site  characterisation  and  assess¬ 

ment 

Phase  III:  Development  of  remedial  measures 

The  objective  of  the  Phase  I  study  was  to 
identify  areas  within  the  site  that  may  be 
contaminated.  Accordingly,  the  scope  of  the 
Phase  I  study  was  planned  to  respond  to  the 
following  question: 

Considering  the  past  land-use  history,  are 
there  likely  to  be  hazardous  materials  at 
the  site  and,  if  so,  within  which  areas  of 
the  site? 

The  objective  of  the  Phase  II  investigation 
was  to  study  the  characteristics  of  the  site 
materials  for  the  presence  of  hazardous  mate¬ 
rials  at  areas  within  the  site  identified  in 
the  Phase  I  study.  It  was  considered  cost- 
effective  to  conduct  the  Phase  Ila  investiga¬ 
tion  in  two  sub-phases.  Using  this  approach, 
the  scope  of  initial  Phase  II  investigation 
was  designed  to  respond  to  the  following  ques¬ 
tion: 


Are  the  materials  in  the  investigated  areas 
hazardous  or  non-hazardous  as  defined  under 
the  applicable  laws? 

If  hazardous  materials  were  discovered  during 
the  initial  Phase  Ila  effort,  a  supplementary 
Phase  lib  sampling  and  analysis  would  be 
required  to  address  the  following  additional 
issue: 

What  ace  the  nature  and  lateral  and 
vertical  extent  of  contamination? 

Developing  mitigation  measures,  consisting  of 
in-situ,  on-site,  and/or  off-site  remedial 
alternatives  would  be  part  of  the  Phase  III 
investigation,  if  mitigation  was  required. 


ENVIRONMENTAL  SITE  APPRAISAL 

The  environmental  site  appraisal  included  the 
following  efforts: 

o  Site  visits; 

o  Interviews  with  staff  of  the  oil 

company  leasing  the  site; 

o  Review  of  oil  well  records; 

o  Review  of  historical  aerial  photo¬ 

graphs  ; 

o  Performing  a  geophysical  survey;  and 

o  Preparing  a  Phase  II  work  plan. 

A  literature  search  showed  that  the  Santa  Fe 
Springs  Oil  Field  was  discovered  in  1919 
(Ybarra,  1957).  Intensive  drilling  campaigns 
were  undertaken  in  1921-23  and  again  in  1928- 
29.  The  wells  were  drilled  with  rotary  drill¬ 
ing  equipment.  The  site  history  review  showed 
that  the  site  was  used  as  a  chicken  farm  prior 
to  1920,  but  environmental  impairment  was  not 
suspected  from  that  activity.  No  commercial 
or  industrial  uses  other  than  normal  oil  field 
and  crude  oil  storage  operations  were  suspect¬ 
ed. 

Available  historical  aerial  photographs  were 
reviewed.  Two  old  above-ground  storage  tank 
areas  and  several  features  appearing  to  be 
sumps  were  identified.  The  locations  of  these 
features  are  shown  in  Figure  1. 


Geophysical  Survey 

A  geophysical  terrain  conductivity  survey  was 
conducted  to  identify  areas  within  the  site 
exhibiting  anomalous  conductivity  values.  A 
region  of  anomalous  values  is  generally  asso¬ 
ciated  with  unusual  soil  conditions,  such  as 
the  presence  of  petroleum  products.  The  pres¬ 
ence  of  metallic  conductors,  such  as  buried 
tanks,  pipelines  or  metallic  debris  would  also 
cause  distinctive  anomalous  values.  The 
results  of  this  type  of  survey  are  generally 
useful  in  locating  areas  underlain  by  metallic 
objects  or  previously  used  as  sumps. 
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A  Geonics  EM-31  conductivity  meter  was  used  to 
conduct  the  survey.  The  Geonics  EM-31  is  a 
one-man,  portable  instrument,  and  has  a  depth 
of  penetration  of  about  19  feet.  Measurements 
were  taken  continuously  and,  due  to  the  free¬ 
dom  from  wires  and  direct  ground  contact,  the 
technique  provided  a  rapid  means  of  site  eval¬ 
uation. 

Initial  reconnaissance  at  the  site  revealed 
several  underground  pipelines  and  metallic 
debris.  Four  geophysically  anomalous  areas, 
shown  in  Figure  1,  were  identified. 


Site  Investigation  Work  Plan 

Based  on  the  site's  land-use  history,  on-site 
chemical  contaminants  were  believed  to  include 
drilling  fluids,  spilled  crude  oil,  metals 
from  paint  or  tank  oxidation,  and  tank-bottom 
sludges.  A  preliminary  evaluation  of  possible 
sources  of  soil  contamination  at  the  site 
identified  oil  wells,  above-ground  storage 
tank  sites,  old  sumps,  and  oil  pipelines  as 
areas  of  suspected  environmental  hazards. 

A  Phase  II  investigation  plan  (work  plan)  was 
developed.  The  scope  of  the  investigation  was 
designed  only  with  respect  to  soil  contamina¬ 
tion,  and  not  for  evaluating  the  possibility 
of  ground  water  contamination,  as  the  possibi¬ 
lity  of  ground  water  contamination  does  not 
appear  to  be  great.  Data  from  existing  water 
wells  located  less  than  one  mile  from  the  site 
show  the  ground  water  to  be  at  depths  ranging 
between  about  60  and  100  feet  below  ground 
surface . 

The  numbers  and  locations  of  the  soil  borings 
were  selected  on  the  basis  of  the  following 
considerations: 

0  Areas  identified  on  historic  aerial 

photographs  as  possible  old  sumps; 

0  Areas  identified  in  the  geophysical 

survey  as  exhibiting  anomalous  conduc¬ 
tivity  values;  and 

0  Statistical  sampling  design  techniques, 

which  allowed  assigning  confidence 
levels  to  the  results  of  the  sampling 
program. 

The  work  plan  included  the  following  informa¬ 
tion: 

0  Location  and  depth  of  soil  samples; 

°  Sampling  procedures,  including  drilling 

and  sampling  methods,  sample  collection 
procedures,  auger  and  sampling  equip¬ 
ment  decontamination,  documentation  and 
chain-of-custody  procedures,  procedures 
for  handling  of  drill  cuttings  and 
steam  cleaning  waste  water,  and  back¬ 
filling  of  boreholes; 

0  Chemical  analyses  procedures  and  cri¬ 

teria  for  selection  of  chemical 
analyses  and  soil  samples  to  be 
analyzed ; 


Quality  Assurance/Quality  Control 
(QA/QC)  procedures;  and 

Health  and  safety  precautions  during 
field  activities. 


FIELD  AND  LABORATORY  INVESTIGATION 

The  field  investigation  program  consisted  of 
drilling  boreholes,  collecting  soil  samples, 
and  performing  laboratory  analyses.  For 
selecting  the  sampling  locations,  it  was  noted 
that  if  the  site  is  clean,  then  none  of  the 
collected  soil  samples  would  show  contami¬ 
nation.  In  contrast,  if  the  site  is  actually 
contaminated,  some  of  the  collected  samples 
may  not  detect  contamination.  Realizing  this 
uncertainty  in  results,  it  was  decided  to 
design  a  sampling  program  that  was  likely  to 
provide  a  95  percent  confidence  in  results. 
With  this  stipulation,  it  was  calculated  that 
eight  borings  were  needed  to  detect  contami¬ 
nation.  Consequently,  eight  boring  "sites" 
were  selected  in  areas  of  the  property  identi¬ 
fied  as  possible  sources  of  soil  contami¬ 
nation:  four  in  the  old  sump  areas,  two  in 
the  old  storage  tank  areas,  one  in  proximity 
of  oil  wells,  and  one  in  the  oil  pipeline 
areas.  Within  each  boring  "site,"  the  boring 
location  was  obtained  by  randomization. 

The  locations  of  the  eight  borings  are  shown 
in  Figure  1.  Two  of  the  borings,  B-2  and  B-6, 
were  advanced  to  a  depth  of  46  feet,  and  the 
remaining  six  to  a  depth  of  22.5  feet.  Drill¬ 
ing  was  performed  using  an  8-inch  outside 
diameter  hollow-stem  auger.  Soil  samples  were 
collected  using  a  modified  California  split- 
spoon  sampler  that  contained  four  brass 
tubes.  All  borings  were  sampled  at  depths  of 
1,  5,  13,  and  21  feet.  The  two  deeper  borings 
were  additionally  sampled  at  29,  37,  and  45 
feet. 

Fifteen  surface  samples  were  collected  from 
locations  selected  based  on  oil  staining, 
discoloration,  and/or  odor.  The  samples  were 
collected  by  scooping  soil  from  a  depth  of  6 
to  12  inches  using  a  stainless  steel  trowel. 
The  samples  were  placed  in  glass  jars. 

As  part  of  the  geotechnical  investigation 
program  (performed  subsequent  to  the  site 
assessment  investigation),  seven  borings, 
designated  in  Figure  1  as  P-1  through  P-7, 
were  drilled.  During  the  drilling  of  Boring 
P-3,  hydrocarbon  odor  was  noticed  at  depths 
between  about  3  and  20  feet.  Soil  samples 
from  these  depths  were  analyzed  in  the  labora¬ 
tory  for  total  petroleum  hydrocarbons. 

The  soil  samples  collected  as  part  of  the  site 
assessment  investigation  were  screened  for 
laboratory  analysis  on  the  basis  of  visual 
observations,  odor  or  field  readings  obtained 
on  the  Organic  Vapor  Meter  (OVM)  or  HNu. 
Composite  samples  were  prepared  in  the 
laboratory  by  combining  approximately  equal 
volumes  of  soil  taken  from  the  brass  tubes  or 
glass  jars  containing  field  samples. 
Compositing  of  subsurface  samples  was  limited 
to  samples  collected  from  the  same  boring. 
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The  analytical  parameters  were  selected  consi¬ 
dering  the  requirements  of  Article  11,  Chapter 
30,  Title  22  of  the  California  Administrative 
Code  for  assessment  of  hazardous  properties  of 
on-site  materials,  as  described  below  under 
Assessment  Methodology.  Since  the  land-use 
history  review  had  indicated  that  no  materials 
from  other  than  oil  production  and  storage 
operations  were  likely  to  be  found  at  the 
site,  it  was  assumed  that  the  only  hazardous 
property  of  concern  is  toxicity.  Therefore, 
the  program  was  designed  to  identify  hazardous 
materials  on  the  basis  of  toxicity.  The 
analytical  program  did  not  test  for  other 
physical  and  chemical  characteristics  like 
corrosivity,  ignitabiiity  or  reactivity. 

The  test  samples  were  analyzed  for: 

°  Total  petroleum  hydrocarbons  using 
infrared  spectrometry,  EPA  Method  418.1; 

°  Total  metals  (arsenic,  barium,  cadmium, 
total  chromium,  copper,  lead,  mercury, 
nickel,  vanadium,  and  zinc)  using  Induc¬ 
tively  Coupled  Plasma/Mass  Spectrometry 
( ICP/MS ) ; 

°  Extractable  metals  using  48-hour  citric 
acid  extraction  by  California  Waste 
Extraction  Test  (WET); 

o  Volatile  and  semi-volatile  (base- 
neutral/acid  extractable)  organic 
priority  pollutants  by  Gas  Chromato¬ 
graphy/Mass  Spectrometry  (GC/MS)  using 
EPA  Methods  8240  and  8270,  respectively; 

°  Head  space  vapor  analysis  (for  inhala¬ 
tion  toxicity)  by  GC/MS  using  EPA  Method 
5020;  and 

°  Aquatic  (fish)  toxicity  using  California 
Waste  Assessment  Bioassay  procedures. 


QUALITY  ASSURANCE/ QUALITY  CONTROL  (QA/QC) 

A  quality  assurance  program,  was  followed 
throughout  the  investigation.  The  QA/QC 
procedures  followed  in  the  field  included 
calibration  or  the  OVM  and  HNu,  standard 
sample  handling,  and  standard  quality  control 
documentation  procedures.  Chain-of-custody 
forms,  labels,  data  forms,  and  field  logbooks 

were  used. 

The  QA/QC  program  performed  in  the  chemical 
laboratories  consisted  of  the  following  proce¬ 
dures: 

°  Initial  calibration  of  instruments; 

0  Periodic  recalibration  of  instruments 

during  analytical  work; 

0  Analysis  of  preparation  blanks; 

0  Analysis  of  interference  check  samples; 

°  Analysis  of  spiked  samples; 


Analysis  of  duplicate  samples;  and 

Performance  of  standard  QA/QC  proce¬ 
dures. 


ASSESSMENT  METHODOLOGY 

In  California,  the  Hazardous  Waste  Control  Law 
(Health  and  Safety  Code,  Chapter  5.6,  Division 
20)  and  hazardous  waste  regulations  (Chapter 
30,  Division  4,  Title  22  of  the  California 
Administrative  Code)  provide  for  a  program  to 
ensure  safe  handling,  storage,  use,  process¬ 
ing,  and  disposal  of  hazardous  wastes,  and 
recovery  of  resources  from  hazardous  wastes. 
The  California  Administrative  Code  (CAC),  as 
supplemented  by  the  California  Administrative 
Register,  is  an  official  publication  of  the 
State  of  California.  The  California  Depart¬ 
ment  of  Health  Services  uses  Chapter  30 
(Minimum  Standards  for  Management  of  Hazardous 
and  Extremely  Hazardous  Wastes),  Division  4 
(Environmental  Health),  Title  22  (Social 
Security)  of  CAC  for  identification  of  hazard¬ 
ous  materials.  For  evaluations  made  in  the 
present  site  assessment,  current  revisions  to 
the  CAC  were  considered. 

A  "hazardous  material"  is  defined  in  Chapter 
30,  Title  22  of  the  CAC  as: 

"  .  .  .a  substance  or  combination  of  sub¬ 
stances  which,  because  of  its  quantity, 
concentration,  or  physical,  chemical  or 
infectious  characteristics,  may  either;  (1) 
cause,  or  significantly  contribute  to  an 
increase  in  mortality  or  an  increase  in 
serious  irreversible,  or  incapacitating 
reversible,  illness;  or  (2)  pose  a  substan¬ 
tial  present  or  potential  hazard  to  human 
health  or  environment  when  improperly 
treated,  stored,  transported  or  disposed  of 
or  otherwise  managed." 

Criteria  utilized  for  identification  of 
hazardous  materials  include  toxicity 
(including  persistent  and  bioaccumulative 
properties),  corrosivity,  ignitabiiity,  and 
reactivity.  Acute  toxicity  is  considered  in 
terms  of  the  lethal  dose  and  concentration  for 
50  percent  of  a  population  of  specified 
laboratory  animals  (LD50  and  LCcq, 
respectively).  According  to  Kenaga  (1985), 
dosage  is  the  amount  of  chemical  applied 
directly  to  an  organism.  The  LD5q  is  the 
dosage  of  a  chemical  that  will  cause  50 
percent  mortality  in  a  given  test  species.  A 
concentration  applied  to  a  given  medium,  such 
as  water,  soil  or  food,  results  in  uptake  of  a 
certain  amount  by  an  organism.  The  LCjq  is 
the  concentration  m  the  medium  that  results 
in  50  percent  mortality  of  a  given  test 
species  of  test  organism.  Toxicity  values  are 
commonly  expressed  in  terms  of  milligrams  of 
chemical  per  kilogram  of  body  weight  of  the 
organism  tested.  To  arrive  at  this  toxicity 
value,  LDjg  values  do  not  need  conversion. 
However,  LC5q  values  must  be  converted  by  such 
values  as  the  bioconcentration  factor  or 
dietary  intake  rate  to  calculate  milligrams  of 
toxicant  per  kilogram  of  body  weight  (Kenaga, 
1986). 
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According  to  the  criteria  specified  in  Article 
11,  Chapter  30,  Title  22  of  the  CAC,  a  waste, 
or  a  meterial,  is  toxic  and  hazardous  if  it: 

°  Has  an  acute  oral  LD50  less  than  5,000 
mg/kg:  or 

°  Has  an  acute  dermal  LDgg  less  than 
4, 300  mg/kg;  or 

0  Has  an  acute  inhalation  LC^g  less  than 
10,000  ppm  as  a  gas  or  vapor;  or 

c  Has  an  acute  aquatic  96-hour  LCgg  less 
than  500  mg/1;  or 

0  Contains  any  of  the  16  organic  sub¬ 
stances  listed  at  a  single  or  combined 
concentration  equal  to  or  exceeding 
0.001  percent  by  weight;  or 

o  Has  been  shown  through  experience  or 
testing  to  pose  a  hazard  to  human 
health  or  environment  because  of  its 
carcinogenicity,  acute  toxicity, 
chronic  toxicity,  bioaccumulative  pro¬ 
perties  or  persistence  in  the  environ¬ 
ment;  or 

0  Is  listed  in  40  CFR  261  (Code  of 
Federal  Regulations,  1982)  as  a  hazard¬ 
ous  waste. 

For  persistent  and  bioaccumulative  toxic  sub¬ 
stances,  two  threshold  limit  values  are  speci¬ 
fied.  The  higher  value  is  the  Total  Threshold 
Limit  Concentration  (TTLC) ,  and  the  lower 
value  is  the  Soluble  Threshold  Limit  Concen¬ 
tration  ( STLC ) .  Lists  of  specified  STLCs  and 
TTLCs  for  20  inorganic  and  16  organic  persis¬ 
tent  and  bioaccumulative  toxic  substances 
(metals,  pesticides,  and  PCBs)  are  provided  in 
Article  11.  A  waste  listed  in  Article  11  is 
considered  hazardous  if  its  total  concentra¬ 
tion  exceeds  its  specified  TTLC  or  its  soluble 
concentration  exceeds  its  STLC. 


RESULTS  OF  SITE  ASSESSMENT 

The  results  of  total  petroleum  hydrocarbons 
analyses  showed  that  five  soil  samples 
contained  concentrations  exceeding  1,000  mg/kg 
up  to  6,400  mg/kg.  These  samples  were 
collected  from  depths  between  13  and  21  feet 
in  Boring  B-6  and  from  depths  between  3  and  15 
feet  in  Boring  P-3. 

The  total  concentrations  of  the  ten  metals 
analyzed  were  below  the  TTLCs  of  the  metals. 
One  composite  sample  exceeded  the  STLC  of 
arsenic  and  three  other  composite  samples 
exceeded  the  STLC  of  lead.  The  discrete 
samples  making  these  composite  samples  were 
analyzed  by  the  California  Waste  Extraction 
Test  (WET)  for  extractable  (soluble)  concen¬ 
trations  of  arsenic  and  lead.  The  soluble 
concentrations  were  below  the  STLCs  of  arsenic 
and  lead  (5.0  mg/1). 

Test  samples  were  analyzed  for  the  presence  of 
volatile  and  semi-volatile  organic  compounds. 


Volatile  organic  compounds  were  also  measured 
in  the  head  space  vapor  of  the  test  samples 
for  inhalation  toxicity  assessment.  Organic 
chemicals  found  in  the  test  samples  and  their 
maximum  concentrations  in  ppm  were:  ethylben¬ 
zene  (0.7),  fluorene  (0.9),  2-methylnaph- 
thalene  (11.0),  naphthalene  (4.3),  phenan- 
threne  (1.7),  toluene  (13),  and  xylenes 
(111).  The  analytical  data  also  indicated  the 
presence  of  undifferentiated  C9-35  aliphatic 
hydrocarbons  at  concentrations  up  to  1,000  ppm 
and  C9  aromatic  hydrocarbons  at  concentrations 
up  to  168  ppm. 

For  the  organic  chemicals  identified  in  the 
test  samples,  published  oral  and  dermal  acute 
toxicity  estimates  derived  from  laboratory 
tests  on  mammals  were  obtained  from  Tatken  and 
Lewis  (1983),  Lewis  and  Sweet  (1984),  Clayton 
and  Clayton  (1979),  Sax  (1979),  and  Union  Oil 
Company  (1982).  Using  the  published  oral  and 
dermal  acute  toxicity  values  and  the  waste 
mixture  formula  given  in  Article  11,  Title  22 
of  the  CAC,  the  lowest  calculated  oral  and 
dermal  LDjgs  were  found  to  be  greater  than 
5,000  and  4,300  mg/kg  ,  respectively. 

Concentrations  of  the  materials  in  the  head 
space  vapor  of  the  test  samples  were  calcu¬ 
lated,  and  were  compared  to  published  acute 
inhalation  toxicity  estimates  obtained  from 
the  literature  cited  in  the  preceding  para¬ 
graph.  The  results  showed  that  the  materials 
in  the  head  space  vapor  of  the  test  samples 
had  acute  inhalation  LD50s  greater  than  10,000 
ppm .  . . 

Aquatic  toxicity  tests  were  performed  on 
selected  test  samples.  Fish  mortality  was  not 
observed  during  the  exposure  periods. 

Following  the  assessment  criteria  described 
under  Assessment  Methodology,  it  was  concluded 
that  the  materials  contained  in  the  test 
samples  are  not  hazardous.  However,  it  was 
recommended  that  soils  with  concentrations  of 
total  petroleum  hydrocarbons  exceeding  1,000 
mg/kg  be  excavated  and  remediated  on-site,  as 
described  under  Soil  Remediation. 


SOIL  GAS  SURVEY  AND  METHANE  GAS  MITIGATION 

Since  the  fire  and  explosion  incidence,  which 
occurred  in  March  1985  in  Ross  Stores  of  the 
Fairfax  area  of  Los  Angeles,  and,  which  is 
believed  to  have  been  caused  by  gas  seeping 
from  a  natural  accumulation  of  gas  from  the 
soil,  there  has  been  increased  concern  in 
southern  California  regarding  the  accumulation 
of  methane  and  other  hazardous  gases  within 
oil  fields.  As  noted  by  GeoScience 
Analytical,  Inc.  (1986),  gas  accumulation  can 
be  the  result  of  seepage  from  abandoned  wells, 
natural  petroleum  or  gas  seeps  or  shallow 
biogenic  gas  (resulting  from  bacterial 
activity).  Methane  can  also  be  the  result  of 
thermogenic  (heating)  processes  and  can 
resemble  biogenic  gas  in  composition. 

To  investigate  the  presence  of  methane  at  the 
site,  a  soil  gas  survey  was  conducted.  The 
soil  gas  survey  technique  is  based  on  the 
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premise  that  many  Volatile  Organic  Compounds 
(VOCs)  will  volatilize  from  contaminated 
soils.  VOCs  move  as  vapors  (gas  phase)  by 
molecular  diffusion  away  from  source  areas, 
toward  regions  of  lower  concentration  in  the 
overlying  and  surrounding  soil  profile.  They 
also  move  in  response  to  pressure  gradients, 
to  the  extent  these  exist  in  the  soil 
column.  As  the  VOCs  degrade,  other  biogenic 
byproducts  such  as  methane  may  also  be 
generated.  Soil  gas  survey  is  used  in  an 
attempt  to  identify  areas  of  high  soil  gas 
concentration  as  a  means  of  broadly  delineat¬ 
ing  the  zones  of  soils  containing  volatile 
constituents. 

Soil  gas  probes  were  installed  at  seven  loca¬ 
tions.  The  locations  were  selected  to  cover 
the  site  area  underlying  the  proposed  build¬ 
ings.  At  the  time  of  the  survey,  the  subsur¬ 
face  soils  appeared  to  be  wet.  At  each  probe 
location,  a  probe  was  driven  to  depths  of 
about  4,  8,  and  12  feet.  The  probes  are  1/2- 
inch  galvanized  steel  pipes,  perforated  over 
the  bottom  9  inches.  The  probes  were  driven 
using  a  post-driver  and  a  compressor. 

A  suction  pump  removed  subsurface  soil  vapor 
through  the  probes.  The  removed  vapors  were 
monitored  using  a  Century  System  Model  128 
Organic  Vapor  Analyzer  (OVA)  with  a  flame 
ionization  detector.  The  OVA  is  capable  of 
detecting  most  VOCs  encountered  in  the 
field.  The  range  of  the  measurement  of  the 
OVA  is  0  to  1,000  ppm. 

OVA  readings  were  taken  generally  after  pump¬ 
ing  periods  of  1,  5,  and  10  minutes  for  the 
4-,  8-,  and  12-foot  probe  depths,  respec¬ 

tively.  These  periods  approximately  corres¬ 
pond  to  the  lengths  of  time  required  to  remove 
equal  volumes  of  gas  from  the  probes. 

The  results  of  the  OVA  readings  indicated  that 
except  for  one  probe,  the  OVA  readings  at  all 
depths  were  20  ppm  or  lower.  At  one  probe, 
installed  at  a  location  half-way  between 
Borings  B-5  and  P-3,  the  readings  were  in 
excess  of  1,000  ppm  at  the  4-  and  12-foot 
depths  and  about  360  ppm  at  the  8-foot 
depth.  t'o  trend  of  increasing  or  decreasing 
gas  concentrations  with  depth  is  indicated  by 
the  data.  These  readings  are  considered  to  be 
relatively  high,  although  it  should  be  noted 
that  gas  accumulation  rates  can  vary 
significantly  depending  on  soil's  moisture 
content  temperature,  changes  in  paved  sur¬ 
faces,  and  changes  in  conditions  of  oil  wells 
(e.g.,  abandonment). 

Based  on  the  results  obtained  and  considering 
the  requirements  of  the  County  of  Los  Angeles 
and  the  City  of  Santa  Fe  Springs,  it  was 
recommended  that  measures  to  mitigate  the 
potential  hazards  from  accumulation  of  methane 
and  other  hazardous  gases  at  the  site  be 
included  in  the  development  of  the  site.  The 
mitigative  measures  described  below  were  per¬ 
formed  prior  or  during  the  construction  of  the 
buildings : 

1.  Unabandoned  oil  wells  were  abandoned  and 
previously  abandoned  oil  wells  were  re¬ 
abandoned  in  accordance  with  current 


re-abandonment  requirements  of  the 
California  Department  of  Conservation, 
Division  of  Oil  and  Gas. 

2.  On-site  pipelines  were  removed.  Soil 
adjacent  to  the  pipelines  observed  to  be 
contaminated  on  the  basis  of  discolora¬ 
tion,  oil-stair.ing  or  odor  was 
excavated.  The  excavated  soil  was 
treated  according  to  the  remediation 
procedure  described  in  the  following 
section. 

3.  To  minimize  accumulation  of  methane  and 
other  hazardous  gases  in  the  buildings, 
the  following  methane  gas  mitigation 
measures  were  implemented: 

°  The  foundations  were  sealed  with 
30-mil  layers  of  reinforced 
chlorinated  polyethylene  below 
the  concrete  slab-on-grade;  and 

°  Perforated  4-inch  diameter  vent 
pipes,  laid  in  gravel  trenches, 
were  installed  to  collect  and 
ver.t  the  accumulated  gases  from 
beneath  the  sealed  foundations. 


SOIL  REMEDIATION 

Soils  containing  high  concentrations  of  total 
petroleum  hydrocarbons  were  remediated  follow¬ 
ing  the  preparation  of  a  soil  remediation 
plan.  This  plan  was  approved  by  the 
California  Department  of  Health  Services  and 
implemented  by  the  oil  company  leasing  the  on¬ 
site  oil  wells.  The  remediation  operations 
were  directed,  observed,  and  documented  by 
Woodward-Clyde  Consultants. 

The  general  procedure  described  below  was 
followed  in  remediating  the  oil-contaminated 
soils: 

1.  A  pit  measuring  approximately  85  by  150 
feet  in  area  and  15  to  25  .  jet  deep  was 
excavated  in  the  general  area  surround¬ 
ing  Borings  B-6  and  P-3.  Soil  excava¬ 
tion  stopped  when  concentrations  of 
total  petroleum  hydrocarbons,  as  meas¬ 
ured  by  EPA  Method  418.1,  were  below 
1,000  mg/kg. 

2.  Excavated  soil  was  aerated  by  spreading 
it  on  the  ground  for  several  hours  and 
plowing  it  a  few  times.  This  process 
was  found  to  be  helpful  in  reducing  the 
concentration  of  petroleum  hydro¬ 
carbons  . 

3.  Aerated  soil  was  blended  with  clean 
soil  excavated  from  on-site  areas  to 
further  reduce  the  concentration  of 
petroleum  hydrocarbons. 

4.  Blended  soil  was  stockpiled  on-site  and 
was  mixed  and  aerated  periodically. 


5.  Stockpiled  soil  was  placed  in  areas  of 
tne  site  designated  for  paved  street 
and  parking.  Prior  to  placement, 
samples  of  the  stockpiled  soil  were 
analyzed  by  an  on-site  mobile  labor¬ 
atory  to  verify  reduction  of  total 
petroleum  hydrocarbons  to  below  the 
1,000  m-g/kg  cleanup  action  level. 

6.  Tne  excavated  pit  was  backfilled  and 

compacted.  Prior  to  backfilling,  soil 
samples  were  coliectd  fro-  the  bottom 
and  walls  of  the  pit  and  analyzed  to 
verify  that  they  did  not  contain  total 
petroleum  hydrocarbon  concentrations  in 
excess  of  1,000  mg/kg-  Clean  on-site 
soil  was  used  for  backfilling  those 
parts  of  the  pit  underlying  the  areas 
designated  for  the  buildings.  Stock¬ 
piled  (treated)  soil  was  used  for 
backfilling  areas  of  the  site 

designated  for  paved  street  and 
parking. 

The  excavation,  aeration,  blending,  and  nixing 
operations  were  accomplished  using  one  CAT 
6133  scraper,  one  J.D.  8603  scraper,  one 
IH  D50C  track-mounted  loader,  and  one  IK  D-20 
dozer.  All  excavated  soils  were  continuously 
sprayed  with  a  1,000-gallon  water  truck  to 
minimize  dust.  Compaction  was  performed  by  a 
rubber-tire  roller  and/or  by  track  rolling 
using  the  scrapers  or  ue  loader. 


CONCLUSIONS 

As  available  land  for  development  becomes 
scarce,  potentially  contaminated  sites  within 
oil  fields  become  attractive  for 
development.  These  sites  are  generally  used 
for  production  and  storage  of  crude  oil  only; 
however,  a  historical  evaluation  of  the  site 
should  confirm  this.  A  site  assessment 
investigation  needs  to  be  performed  to 
investigate  the  presence  of  hazardous 
substances.  A  remediation  plan  that  addresses 
mitigation  of  hazardous  materials,  oil 
contaminated  soil,  and  sump  materials,  if 
present,  should  be  prepared  and  implemented. 
The  potential  for  accumulation  of  methane  and 
other  hazardous  gases  should  be  minimized  by 
implementing  appropriate  measures. 
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SYNOPSIS:  A  portion  of  a  slope  of  a  subsurface  waste  containment  cell  failed.  It  is  believed  that 
this  failure  could  be  attributed  to  a  sudden  drawdown  condition  caused  by  the  pumping  of  treated 
wastewater  effluent  stored  inside  the  cell  prior  to  construction  of  the  permanent  liner.  This 
conclusion  seems  to  be  in  agreement  with  the  results  of  a  stability  analysis  conducted  utilizing 
post-failure  slope  profile  data.  A  discussion  of  the  analysis  of  the  failure  and  the  reconstruc¬ 
tion  of  the  slope  is  presented  in  this  paper. 


INTRODUCTION 

The  waste  containment  cell  referred  to  in  this 
paper  is  located  somewhere  in  the  northeastern 
United  States.  The  purpose  of  this  earthen 
containment  is  to  store  hazardous  solid 
wastes.  Figure  1  shows  a  typical  cross  section 
of  this  structure.  The  bottom  and  the  sides  of 
the  containment  cell  are  lined  with  a  2  foot 
thick  soil  liner  consisting  of  compacted  gla¬ 
cial  till  (clay) ,  and  a  10  mil  thick  impervious 
membrane  liner. 

GEOLOGY  AND  SUBSURFACE  CONDITIONS 

The  surficial  deposits  in  the  area  are  of 
glacial  and  glacio-fluvial  origin.  They  are 
reported  to  be  about  50  to  60  feet  thick  and 
are  underlain  by  bedrock,  which  is  a  shale  for¬ 
mation.  The  glacial  soils  are  comprised  of  a 
dense  glacial  till  of  sufficient  shear  strength 
to  be  stable  under  the  2:1  slope  configuration 
of  the  containment  structure.  Occasional 
lenses  of  varved  silts  and  silty  clays  of  low 
shear  strength  known  as  glacio-fluvial  clays 
have  been  encountered  within  the  till  deposit. 
In  the  area  of  the  containment  structure, 
borings  performed  prior  to  construction 
indicated  that  glacio-lacustrine  clays  were 
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encountered  at  or  below  the  level  of  the  bottom 
of  the  containment  cell. 

SEQUENCE  OF  EVENTS  PRIOR  TO  FAILURE 

The  sequence  of  events  preceding  the  failure  of 
the  slope  is  presented  in  Table  1. 

TABLE  1 

Elapsed  Time  Event 

(months) 

0  Excavation  for  containment  commenced 

6  Excavation  for  containment  completed 

6  Treated  wastewater  effluent  was  tem¬ 
porarily  ponded  to  a  maximum  depth  of 
15  feet  in  the  unlined  containment 
cell  excavation 

12  Ponded  liquid  pumped  out  very  quickly 

13  Liner  installed 

14  Solid  waste  placed  in  center  of  con¬ 
tainment  cell 

17  Limited  slope  movement  observed  by 
maintenance  personnel 

18  Treated  wastewater  effluent  ponded 
again  inside  the  containment  cell  to 
a  maximum  depth  of  6  feet 

24  Ponded  liquid  pumped  out  quickly 

25  Failure  of  slope  observed  by  on-site 
personnel 
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FIGURE  I-  CROSS  SECTION  OF  NORTH  SLOPE 


POST— FAIIE3E  INVESTIGATIONS 


OBSERVATIONS  BASED  ON  FIELD  INVESTIGATIONS 


la  order  to  determine  the  cause  of  failure  and 
to  design  remedial  work  to  be  performed  on  the 
slope,  a  post-failure  investigation  of  the 
slope  was  undertaken.  This  consisted  of: 

1.  Field  investigations  to  survey  and  observe 
the  conditions  after  failure  and  to  determine 
the  nature  and  the  extent  of  failure;  2.  Test¬ 
ing  to  determine  the  properties  of  the  embank¬ 
ment  and  liner  soils;  and  3.  Stability  analysis 
of  the  slope. 

FIELD  INVESTIGATIONS 

These  consisted  of  several  site  visits  to  the 
site  by  the  authors,  surveyors  and  other  techni¬ 
cal  personnel.  Figure  2  shows  the  details  of 
conditions  observed.  Two  test  pits  and  several 
hand-excavated  holes  were  excavated  in  the 
vicinity  of  failure  to  observe  the  soils  and 
expose  the  liner.  Soil  samples  froa  the  liner 
materials  and  underlying  natural  soils  were 
obtained  for  testing.  Sone  undisturbed  tube 
samples  of  soft  clay  were  obtained  froa  loca¬ 
tions  in  the  vicinity  of  failure.  At  selected 
stations  along  the  north-central  slope,  survey 
cross  sections  of  the  slope  were  obtained.  A 
typical  post-failure  slope  profile  is  shown  in 
Figure  3. 


Based  on  the  above  investigations,  the  fol¬ 
lowing  observations  were  made: 

1.  The  soil  above  and  6  inches  below  the  mem¬ 
brane  liner  was  saturated. 

2.  The  membrane  liner  separated  along  a  sea* 
near  the  top  of  the  slope  approximately  in  an 
east-west  direction  and  no  rips  were  noted  near 
the  top  of  the  slope. 

3.  The  membrane  liner  was  ripped  at  an  eleva¬ 
tion  approximately  8  to  10*  feet  above  the 
bottom  of  the  landfill  cell. 

4.  The  bottom  of  the  cell  adjacent  to  the  toe 
of  the  slope  heaved  to  a  distance  of  15  feet 
horizontally  from  the  initial  toe  of  slope. 

5.  In  the  region  near  the  bottom  of  the  cell, 
the  underlying  natural  clays  heaved  up  over  the 
compacted  glacial  till  liner  soils. 

6.  The  slope  moved  horizontally  in  the  region 
between  the  elevation  where  the  membrane  liner 
ripped  and  the  bottom  of  the  containment  cell 
slope. 
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7.  Sore  secondary  iarrr.ar  reverent,  of  the  slope 
above  the  elevation  where  the  liner  ripped  was 
also  observed. 

PROPERTIES  OF  SOFT  SOILS 

Index  tests  and  unconfined  corpression  tests 
were  performer  on  the  undisturbed  tube  samples 
recovered  f ror  the  site.  The  average  Liquid 
Limits  and  Plastic  Limits  were  30%  and  15%,  re¬ 
spectively.  natural  water  contents  were  close 
to  the  plastic  limit.  The  materials  exhibited 
characteristics  of  a  silty  clay.  Average  uncon¬ 
fined  compressive  strengths  in  the  undisturbed 
and  remolded  conditions  were  determined  to  be 
460  psf  and  110  psf,  respectively. 

STA3ILITY  ANALYSIS 

From  the  boring  logs,  there  is  evidence  that  a 
soft  layer  of  glacio-lacustrine  silt  and  clay 
underlies  the  surficial  glacial  till.  Test 
pits  made  at  two  locations,  shown  in  Figure  2, 
indicate  that  the  contact  between  the  soft 
layer  and  the  till  occurs  at  an  elevation  of  ap¬ 
proximately  -r297  feet.  At  this  elevation,  the 
liner  was  observed  to  have  displaced  horizon¬ 
tally.  Hence  it  was  presumed  that  failure 
occurred  along  the  glacial  till-soft  soil 
contact. 

A  sliding  block  analysis  for  a  sudden  drawdown 
condition  (assuming  no  internal  friction)  as 
recommended  in  the  literature  (Taylor  19 5S, 
Sherard  et.  al.  1963,  and  Lambe  and  Whitman 
1964)  was  performed.  Since  data  regarding  pore 
pressures  at  the  time  of  failure  was  not  avail¬ 
able,  a  total  stress  approach  was  utilized. 
Cohesion  required  in  the  soft  clay  for  stabi¬ 
lity  of  the  base  was  determined  to  be  about  330 
psf,  whereas  the  soft  soil  had  an  unconfined 
compressive  strength  of  110  psf  in  the  remolded 
condition. 

CAUSE  AND  MECHANISM  OF  SLOPE  FAILURE 

Based  on  the  analysis,  it  was  concluded  that 
the  lower  portion  of  the  slope  above  the  soft 
clay-glacial  till  contact  slid  horizontally. 
This  caused  a  portion  of  the  glacial  till  above 
this  contact  to  drop.  In  this  process,  the 
membrane  liner  along  the  slope  sheared.  The 
limited  failure  of  the  liner  near  the  toe  in 


the  bottom  of  the  containment  could  be  attribut¬ 
ed  to  localized  upward  and  horizontal  movement 
of  the  soft  clays  from  under  the  slope  to  the 
toe  causing  shearing  of  the  membrane  liner.  It 
is  felt  that  the  slope  would  not  have  failed 
if:  1.  the  unlined  containment  cell  had  not 
been  flooded  with  treated  effluent  prior  to 
installation  of  the  liner;  and  2.  the  toe  of 
the  north  slope  had  been  restrained  by  waste 
fill  materials  soon  after  construction  of  the 
liner.  The  remaining  portions  of  the  contain¬ 
ment  cell  where  waste  fill  was  placed  soon 
after  installation  of  the  liner  experienced  no 
slope  movements. 

RECOMMENDATIONS  FOR  REMEDIAL  CONSTRUCTION 

Two  alternates  were  proposed  for  the  remedial 
construction  of  the  slope.  The  details  of  the 
first  alternate  are  shown  in  Figure  4.  In 
order  to  reconstruct  the  limited  portion  of  the 
north  slope  to  its  original  configuration,  the 
disturbed*  soft  clay  soils  within  the  area  of 
the  toe  of  the  slope  would  have  to  be  removed. 
A  stable  slope  configuration,  as  initially  con¬ 
structed,  would  require  overexcavation  and 
replacement  of  soft  clay  soils  to  a  depth  of 
approximately  six  feet  at  the  toe  of  the  slope, 
as  well  as  up  the  side  of  the  slope,  to  the 
contact  with  the  overlying  glacial  till.  The 
overexcavation  work  would  require  that  limited 
areas  be  excavated  and  filled  with  suitable 
compacted  material  in  order  to  minimize  poten¬ 
tial  slope  failure  during  remedial  earthwork. 

Details  of  the  second  alternate  proposed  are 
shown  in  Figure  5.  implementation  of  this 
solution  would  require  that  the  disturbed  soft 
clay  soils  be  removed  to  the  initial  slope 
configuration  and  a  layer  of  compacted  glacial 
till  at  least  4  to  5  feet  in  thickness  be 
placed  above  the  toe  of  the  north  slope  prior 
to  replacing  the  membrane  liner.  This  solution 
would  flatten  the  final  slope  in  the  region  of 
the  disturbed  soft  clays,  and  would  provide  a 
blanket  of  compacted  fill  above  the  in-place 
soft  clay  soils  to  minimize  the  effects  of 
future  settlements  due  to  consolidation  of  the 
underlying  soft  clays.  It  is  felt  that  this 
alternate  would  provide  a  suitable  base  for  the 
reconstruction  of  the  liner  without  creating 
potential  safety  hazards  during  remedial  con¬ 
struction  which  would  be  involved  with  any 
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FIGURE  5-  north  slope  remedial  work  -  alternate  so.  2 


extensive  overexcavation  of  the  soft  clays. 
Hence,  this  alternate  was  selected  for  the 
remedial  construction. 

OTHER  DETAILS  OF  REMEDIAL  WORK 

The  following  are  some  other  relevant  details 
of  remedial  work: 

1.  The  soft  disturbed  glacial  till  materials 
should  be  excavated  to  the  initial  slope 
configuration  within  the  area  to  be  repaired. 

2.  Following  the  removal  of  the  disturbed 
soils,  glacial  till  material  should  be  spread 
in  loose  lifts  approximately  12  inches  in 
thickness. 

3.  Each  lift  of  fill  should  be  compacted  to  at 
least  90%  of  its  maximum  dry  density  (ASTM 
D-1557) . 

4.  The  compacted  glacial  till  should  be  placed 
within  the  limits  shown  on  Figure  2  to  the 
slope  configuration  shown  on  Figure  5. 

5.  Upon  completion  of  the  placement  of  the 
compacted  glacial  till,  the  membrane  liner 
should  be  reconstructed  on  the  top  of  the  gla¬ 
cial  till  and  sealed  to  the  existing  membrane 
liner  around  the  perimeter  of  the  area  to  be 
repaired. 

6.  A  final  2  feet  thick  layer  of  compacted 
glacial  till  should  be  constructed  above  the 
new  liner  in  accordance  with  the  original 
design  plans. 

7.  It  is  suggested  that  the  final  exposed  layer 
of  glacial  till  be  moisture  conditioned  as 


required  to  avoid  shrinkage  cracks  prior  to 
burial  within  the  cell.  The  exposed  glacial 
till  layer  beyond  the  limits  of  the  liner 
repair  may  also  require  moisture  conditioning 
and/or  recompaction. 

The  work  was  completed  according  to  the  above 
specifications  and  the  containment  structure 
has  performed  satisfactorily  without  additional 
slope  movements. 

CONCLUSIONS 

From  the  post-failure  investigation,  it  can  be 
concluded  that  the  slope  of  the  containment 
cell  failed  due  to  a  sudden  drawdown  type  of 
condition  caused  by  the  pumping  of  the  liquid 
wastewater  effluent.  This  failure  could  have 
been  avoided,  if  the  inside  of  the  pond  were 
lined  prior  to  ponding  of  treated  wastewater 
effluent,  and/or  if  the  containment  cell  were 
filled  with  solid  waste  soon  after  the  con¬ 
struction  of  the  liner.  This  case  history 
demonstrates  the  importance  of  developing  an 
operations  manual  for  waste  facilities  at  the 
time  of  design  and  construction. 

REFERENCES 

Lambe,  T.W.  and  R.V.  Whitman,  "Soil  Mechanics", 
John  Wiley  and  Sons,  New  York,  1969. 

Sherard,  J.L.,  R.J.  Woodward,  S.F.  Gizienski 
and 

W.A.  Clevenger,  "Earth  and  Rockfill  Dams", 

John  Wiley  and  Sons,  New  York,  1963. 

Taylor,  D.W. ,  "Fundamentals  of  Soil  Mechanics", 
John  Wiley  and  Sons,  New  York,  1959. 


54 


Procet<fing»:  Second  International  Conference  on  Case  Histories  in  Grofechnicri  Engineering.  June  1-5. 19M,  St  Louis,  Mo,  Paper  No.  1.14 


Implementation  of  Remedial  Measures  to  Contain  a  Spill  of  PCBs 


NLD.  Huag 

novesiw  arm  rs@®e*,  ueparvntnc  ov  tm  LnyHcaiiy,  mwenty  01 
Saskatchewan,  Saskatoon,  Sailrrtrhnnran.  Canada 

J.  Atwater 

Professor,  Department  of  Cfefl  Engineering,  Unfeengy  of 
^■ifnlrhrnn.  Saskatoon,  *1  iikalrhf  wm.  Canada 

R.B.  Knight 

Knight  and  Pfesokf,  Ltd,  Vancouver,  Brithh  Columbia,  Canada 


P.Kaadd 

Ground  Engineering  Ltd,  Saskatchewan,  Canada 

A.  Lissey 

MLM  Groundwater  and  Engineering  Ud.  St  Albert.  Alberta,  Canada 


SVKOPSIS:  A  large  spill  of  Polychlorinated  Biphenols  (PCB's)  occurred  at  Federal  Pioneer  Limited's 
Regina  Plant  in  1976.  The  City  of  Regina  is  underlain  by  a  relatively  shallow  aquifer  which 
supplies  a  significant  proportion  of  its  drinking  water.  A  remedial  measures  plan  was  developed  to 
contain  this  spill  within  the  boundaries  of  the  site  and  clean  up  any  contamination  which  had  spread 
to  adjacent  property.  The  remedial  measures  plan  developed  involved  limiting  or  reversing  the 
normal  downward  hydraulic  gradient.  The  three  principle  measures  introduced  to  accomplish  this 
reversal  included  the  construction  of  a  cutoff  wall  around  the  site,  installation  of  a  thick  surface 
seal  over  the  entire  surface  and  active  dewatering.  The  performance  of  these  measures  was  monitored 
by  an  extensive  network  of  piezometers  and  sampling  well.  Monitoring  over  the  past  seven  years  has 
produced  no  evidence  of  further  downward  migration  of  PCB's. 


INTRODUCTION 

The  development  of  remedial  measures  to 
contain  and  control  the  spread  of  hazardous  waste 
is  one  of  the  most  challenging  tasks  in  waste 
management.  Many  of  these  wastes  are 
chemically  active,  present  a  threat  to  uncontaminated 
groundwater  and  must  be  contained  for  considerable 
lengths  of  time.  This  paper  presents  a  case  history 
of  the  development,  installation,  monitoring  and 
analysis  of  remedial  measures  designed  to  control 
a  spill  of  liquid  PCB.  It  describes  the  background 
of  the  spill  and  development  of  the  remedial 
measures  plan.  The  installation  of  the 
remedial  measures  and  problems  encountered  during 
the  installation  are  also  presented.  This 
paper  also  describes  the  monitoring  system  set 
up  to  measure  the  effectiveness  of  the 
system,  and  presents  an  analysis  of  monitoring 
results  over  the  past  seven  years.  This  analysis 
shows  that  the  system  has  been  effective  in 
preventing  further  downward  migration  of  PCB's 
and  should  remain  effective  as  long  as  the  remedial 
measures  are  adequately  maintained. 

BACKGROUND 

In  1976,  Canada's  first  major  known  spill  of  PCB's 
occurred  at  Federal  Pioneer  Limited's  Regina 
Plant.  This  plant  used  a  non-destructvie  oil 
containing  70  percent  PCB's  and  30  percent 
tri-  and  tetra-  chlorobenzenes  (TCB's)  in  the 
manufacture  of  transformers.  The  oil  was 
stored  in  an  outside  tank  and  pumped  to  the  plant 
through  an  underground  line.  The  exact  date  this 
line  reptured  is  not  known,  and  the  total  quantity 
of  PCB's  released  is  also  not  known.  However,  a 
review  carried  out  by  the  National  Research  Council 
of  Canada  (NRCC,  1980)  estimated  that  up  to  21,000 
litres  of  oil  was  involved.  At  the  time  of 
the  spill  little  was  known  about  the  health  hazards 
of  PCB's  or  their  threat  to  the  environment.  Even 
less  was  known  on  how  to  effectively  contain  such 
a  spill.  The  manufacturer  responded  to  the  spill 
by  drilling  some  shallow  holes  to  pump  off  free 
oil,  and  had  a  thin  asphalt  seal  placed  over  the 
PCB  saturated  soil. 


In  1977  the  Canadian  Government  prohibited  the 
use  of  PCB's  for  most  applications.  This  increased 
awareness  of  the  potential  problems  associated 
with  PCB's  and  in  1978  public  concern  was  expressed 
over  the  security  of  the  city  of  Regina's  drinking 
water.  The  reason  for  this  concern  was  the  presence 
of  an  important  aquifer  under  the  site  which 
supplies  approximately  one-third  of  the  city's 
drinking  water.  These  concerns  eventually  lead 
to  the  formation  of  an  ad  hoc  panel  of  scientist 
under  the  umbrella  of  the  National  Research  Council 
of  Canada.  This  panel  was  requested  to 
evaluate  information  on  the  nature  and  consequences 
of  the  spill,  and  prepare  a  public  report. 
The  report  (NRCC, 1980)  identified  the  major  areas 
of  contamination  and  recommended  that  all  of  the 
contaminated  soil  under  the  plant  be 
eventually  removed  and  deposited  in  a 
hazardous  waste  facility. 

The  major  areas  and  the  depths  of 
contamination  identified  in  the  NRC  study  are 
shown  in  Figure  1.  The  manufacturing  plant  is 
located  on  a  lot  approximately  105  m  wide  and 
190  m  long.  Old  concrete  pads  at  the  rear  of  the 
lot  mark  the  location  of  a  previous  plant  which 
burned  in  1974.  The  natural  slope  of  the  site 
changes  near  the  rear  of  the  plant,  with 
water  draining  to  the  north  and  south.  The  location 
of  heaviest  concentrations  of  PCB' s  were  found 
at  the  north-east  corner  of  the  plant  near 
the  location  of  the  burried  underground  line. 
PCB's  migrated  out  from  this  location  to  the  west 
along  an  underground  power  line  trench,  south 
along  the  east  limit  of  the  building  and  east  to 
an  old  transformer  oil  sump.  Other  areas  of 
contamination  were  found  near  the  railroad  tracks 
where  the  oil  was  unloaded. 

The  high  costs  associated  with  the  removal  of 
the  contaminated  soil  and  the  lack  of  a  suitable 
facility  in  the  Province  of  Saskatchewan  to  deposit 
such  waste  forced  the  company  to  look  for 
more  economically  acceptable  alternatives.  Thus, 
in  1980  a  team  of  waste  management  and  environmental 
specialists  headed  by  Ground  Engineering  Ltd.  of 
Regina  was  engaged  to  develop  a  set  of  remedial 
measures  to  secure  the  site  and  enable  the  company 
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to  continue  operations. 


downward  migration  of  PC3's. 


Fig.  1  Location  of  Major  Areas  of  Contamination 

PHYSICAL  ENVIRONMENT  OF  THE  SITE 

Christiansen  (1979)  carried  out  an  investigation 
to  determine  the  geology  and  stratigraphy  underlying 
the  site.  This  information  is  presented  in  Figure 
2.  It  shows  a  north-south  cross  section  through 
the  site.  The  surface  of  the  site  is  covered  with 
approximately  1  m  of  fill.  Underlying  this  fill 
is  a  weathered  clay  referred  to  as  Regina  Clay. 
This  highly  plastic  clay  was  formed  in  a 
large  glacial  lake  during  the  recession  of 
the  last  ice  age.  Its  depth  varies  from  7.3 
to  8  m.  under  the  site.  Prolonged  periods  of 
drying  have  resulted  in  severe  desiccation  of 
thisclay, significantlyincreasingitspermeabiiity . 
The  clay  is  underlain  by  3  to  7  m  of  silt. 
Christiansen  (1979)  found  some  indications  of 
weathering  in  the  upper  portion  of  this  silt 
deposit.  The  silt  is  underlain  by  1  to  5  m  of 
soft  till,  which  is  underlain  in  turn  by  5  to  6 
m  of  hard  till.  Underlying  the  till  is  a  deposit 
consisting  of  from  16  to  22  m  of  interglacial 
silts  and  sands.  The  Regina  Aquifer  is 
located  in  this  zone,  approximately  35  m 
below  the  surface  of  the  site. 

At  least  three  different  water  tables  underly  the 
site.  The  first  is  a  perched  water  table  located 
in  the  fill.  The  second  is  located  on  top  of 
dense  silt  underlying  the  weathered  clay.  A  third 
water  table  was  located  further  down  in  the  silt. 

DEVELOPMENT  OF  THE  REMEDIAL  MEASURES  PLAN 

The  objective  of  the  remedial  measures  plan  was 
to  develop  a  less  costly  and  more  practical 
alternative  to  the  excavation  and  removal  solution 
proposed  by  the  NRC  panel.  This  alternative  was 
to  also  permit  the  plant  to  continue  operations. 
With  these  requirements  as  a  guideline  a  strategy 
was  developed  to  contain  the  spill  within  the 
boundaries  of  the  site  and  to  prevent  further 
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Fig  2  Geological  Stratigraphy  of  the  Site 


The  fundamental  principle  on  which  this  strategy 
involved  severely  limiting  and  possibly  reversing 
the  hydraulic  gradient  in  the  fill  and  clay 
beneath  the  site.  Since  the  supply  of  PC3's  had 
been  cut  off  the  primary  downward  driving  force 
was  the  natural  downward  movement  of  moisture 
through  the  clay.  This  downward  movement  is  driven 
by  water  in  the  fill  replenished  by  precipitation 
through  the  year.  The  goal  of  the  remedial  measures 
plan  was  to  seal  the  surface  of  the  site  preventing 
the  recharging  of  the  perched  water  table  and 
forcing  a  reversal  of  the  hydraulic  gradient.  To 
aid  in  this  reversal,  the  perimeter  of  the  site 
was  ringed  with  a  cutoff  wall  extending  down 
through  the  clay  to  the  silt.  Shallow  sumps  were 
installed  to  dewater  the  fill.  Figure  3  shows  an 
east  west  cross  section  through  the  zone  of 
deepest  contamination.  This  figure  conceptualy 
illustrates  how  the  cutoff  wall,  surface  seal  and 
dewatering  combined  to  enhance  the  containment 
strategy.  _.QT 
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Fig.  3  Conceptual  Sketch  of  Containment  System 


The  remedial  measures  plan  also  involved  excavation 
of  contaminated  soil  on  the  fringe  and 
outside  the  boundaries  of  the  site.  Soil  containing 
more  than  50  ppm  PCB' s  was  excavated  in  this 
process.  The  contaminated  soil  was  transported 
to  an  interim  storage  facility  established  on  the 
east  side  of  the  plant.  It  was  intended  that  this 
facility  would  hold  the  contaminated  soil 
until  a  permanent  facility  was  constructed  for 
such  purposes. 


The  effectiveness  of  these  measures  was  monitored 
with  a  network  of  piezometers  spread  over  the 
site.  The  volume  of  water  collected  in  the  sumps 
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was  recorded  and  its  PC3  concentration  checked 
periodically  In  addition,  the  movement  of  the 
deepest  contamination  was  monitored  with  a 
deep  hole  drilling  and  sampling  program. 

IMPLEMENTATION  Or  REMEDIAL  MEASURES 

On  September  15,  1980  Saskatchewan  Environment 
formaily  gave  approval  to  proceed  with  the  remedial 
measures  plan.  The  first  step  in  implementing  the 
remedial  measures  involved  further  drilling 
and  sampling  to  determine  the  exact  extent  of  the 
contamination  off  site.  At  the  time  this  was 
proceeding  contract  documents  were  drawn  up 
and  discussions  commenced  with  various  contractors . 
The  principle  areas  of  work  involved 
excavation  of  the  contaminated  soil,  construction 
of  the  cutoff  wall,  placement  of  the  surface  seal 
and  installation  of  the  dewatering  and  monitoring 
network.  Negotiations  were  also  commenced  with 
government  agencies  responsible  for  workers  health 
and  safety,  to  ensure  smooth  implementation  of 
the  remedial  measures. 

Excavation  of  Contaminated  Soil  From.  Off  Site 

The  primary  locations  of  excavation  of  contaminated 
soil  are  shown  in  Figure  4.  The  soil 
excavated  from  these  areas  was  transported  to  the 
Interim  Storage  Facility.  The  initial  estimation 
of  the  quantity  of  contaminated  soil  of  the  site 
was  300  m  .  However,  this  increased  substantially 
as  the  excavation  proceeded.  It  was  estimated 
that  the  contamination  in  these  areas  would  vary 
in  depth  from  0.3  to  3  m.  The  contractor  was 
directed  to  excavate  the  contaminated  soil  by 
advancing  excavation  equipment  towards  areas 
of  greatest  concentration,  without  backing 
equipment  over  contaminated  soil  and  back  on 
to  uncontaminated  soil.  The  contractor  was 
instructed  to  take  precautions  to  ensure  that 
contaminated  soil  did  not  spill  while  being 
transported  to  the  Interim  Storage  Facility.  Water 
found  in  the  excavation  as  a  result  of  rainfall 
or  seepage  was  treated  as  contaminated,  and  pumped 
into  special  containers.  These  containers  were 
numbered  and  stored  for  later  treatment  or  disposal. 

Area  "A"  was  located  on  the  western  boundary  of 
the  site  near  a  electrical  power  facility  serving 
the  plant.  The  PCB's  apparently  migrated  along 
the  north  wall  of  the  plant  and  over  to  this 
facility  through  an  underground  concrete  service 
conduit.  Excavation  in  this  area  was  delayed  until 
the  electrical  power  facility  was  moved.  Area  "B" 
was  located  outside  an  old  Askarel  sump  on 
the  eastern  boundary  of  the  site.  This 
unlined  sump  contained  high  levels  of  PCB' s  and 
some  had  migrated  down  slope  to  the  east. 

Area  "C"  was  located  near  the  rail  oil  unloading 
facility  in  the  north-east  corner  of  the 
site.  The  depth  of  contamination  in  this  area 
was  initially  considered  shallow.  However, 
soil  sampling  and  testing  following  excavation 
continued  to  show  high  levels  of  PCB's. 
Figure  5  shows  a  hydraulic  excavator 
attempting  to  reach  the  lowest  levels  of 
contamination,  near  the  base  of  the  weathered 
clay.  In  addition  to  these  areas  some  minor 
contamination  at  the  south  end  of  the  site 
was  also  excavated  for  storage  in  the  Interim 
Storage  Facility.  Following  excavation  these  areas 
were  backfilled  and  compacted  with  uncontaminated 
soil. 


1st  AVENUE 

Fig.  4  Location  of  Areas  of  Off  Site  Contamination 
and  Route  of  Slurry  Trench  Cutoff  Wall 


Fig.  5  Excavation  of  Zone  of  Deep  PCB  Contamination 
Interim  Storage  Facility 

The  Interim  Storage  Facility  was  designed  to 
receive  contaminated  soil  from  off  the  site.  It 
was  constructed  in  the  weathered  clay  on  the  east 
side  of  the  plant.  This  area  was  flooded  with 
PCB' s  during  and  shortly  after  the  pipe  line 
break.  Thus,  the  PCB  concentrations  in  these  soils 
were  carefully  monitored  during  excavation. 
Uncontaminated  soil  was  separated  from  contaminated 
soil  for  future  use,  and  contaminated  soil 
was  placed  back  in  the  completed  facility. 
The  depth  of  the  facility  varied  from  approximately 
1  m  at  the  south  end  to  2  m  at  the  north 
end.  The  facility  covered  an  area 
approximately  12  m  wide  by  37  m  long.  This 
was  later  increased  to  approximately  14  m  by  64 
m  for  the  above  ground  level  storage.  The 
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base  and  sides  of  the  excavation  were  lined  with 
compacted  5  percent  lime-modified  clay.  Lime  was 
used  to  inhibit  the  swelling  characteristics 
of  the  highly  plastic  clay.  The  base  of  the 
facility  consisted  of  two  150  mm  lifts  of 
lime  modified  clay  compacted  to  98  percent  of 
standard  Proctor  density.  Following  compaction 
the  l'ime  modified  clay  was  covered  with  a  liquid 
asphalt  seal  coat. 

Special  provisions  were  made  for  the  placement 
of  the  contaminated  soil  in  the  Interim 
Storage  Facility.  This  soil  was  placed  in  a  loose 
layer  of  approximately  150  mm  in  thickness. 
The  contaminated  soil  was  mixed  with  2 
percent  lime  by  weight  and  compacted  to  95  percent 
of  standard  Proctor  density.  Figure  6  shows 
the  contaminated  soil  placement  and  compaction 
operation  in  progress.  The  final  step  in  the 
contruction  of  this  facility  involved  the 
installation  of  a  surface  seal.  This  seal  consisted 
of  300  mm  of  lime  modified  contaminated  clay, 
covered  with  a  150  mm  hot  mix  sand-asphalt  base 
course. 


Fig.  6  Placement  of  Soil  in  Interim  Storage 
Facility 

Washdown  Facility. 


Fig.  7  Decontamination  of  Construction  Equipment 
at  Washdown  Facility. 


Installation  of  Cutoff  Wall 

A  key  element  of  the  containment  strategy  was  the 
installation  of  a  cutoff  wall  around  the 
site.  The  location  of  this  cutoff  wall  is  shown 
in  Figure  4 .  The  length  of  the  wall  was  approximately 
550  m,  and  extended  down  to  a  depth  of  10.5 
A  vibrated  beam  cutoff  wall  was  chosen  because 
it  can  be  used  to  install  a  wall  through  potentially 
contaminated  soil  without  excavating 
additional  soil.  This  reduced  the  volume  of  soil 
requiring  storage  in  the  Interim  Storage  Facility 
and  decreased  the  risk  of  further  contamination. 

The  thin  cutoff  wall  was  constructed  using  a 
vibrating  beam  having  a  web  depth  of  500  to  825 
mm,  and  a  flange  width  of  250  to  375  mm.  An 
attempt  was  made  to  ensure  that  the  beam  was 
plumb  to  within  plus  or  minus  1  percent.  A  minimum 
overlap  of  1  m  of  wall  was  constructed  at  all 
changes  in  direction. 

Figure  8  show  the  installation  of  the  cutoff  wall. 
The  wall  was  constructed  from  a  mixture  of  sodium 
bentonite,  f.ly  ash  and  soda  ash  in  water.  Special 
attention  was  given  to  the  seal  between  the  cutoff 
wall  and  the  surface  seal. 


A  temporary  washdown  facility  was  constructed 
immediately  north  of  the  Interim  Storage  Facility. 
This  shallow  washdown  area  consisted  of  200 
mm  of  95  percent  standard  Proctor  density  compacted 
clay.  A  medium  curing  liquid  asphalt  was  sprayed 
over  the  compacted  clay  to  further  improve 
the  seal.  The  final  layer  of  protection  consisted 
of  a  polyethlyene  geomembrane. 

This  facility  proved  difficult  to  maintain  and  a 
more  permanent  installation  was  constructed.  This 
facility  was  established  over  a  concrete  sump 
located  at  the  rear  of  the  plant  (Figure  7) .  This 
sump  was  turned  into  a  washdown  facility  by 
installing  a  heavy  steel  channel  iron  grate  capable 
of  supporting  large  construction  equipment. 

All  equipment  used  to  excavate  or  handle  contaminated 
soil  was  washed  in  these  facilities.  Washing 
consisted  of  alternately  spraying  the 
equipment  with  acetone  and  hexane.  These  facilities 
were  also  used  to  decontaminate  drilling  and 
sampling  equipment. 


Fig.  8  Installation  of  Vibrated  Beam  Cutoff  Wall 
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Surface  Seal 


The  installation  of  the  surface  seal  was  a  critical 
element  in  the  overall  containment  strategy.  A 
signi  f  icant  ef  f  ort  was  made  tominimize  infiltration . 
This  involved  the  construction  of  a  continuous 
seal  capable  of  draining  precipitation  from 
the  site.  However,  the  site  contained  a 
number  of  areas  requiring  special  attention.  Some 
of  these  areas  consisted  of  old  cracked  and 
weathered  concrete  from  the  previous  plant. 
The  concrete  at  the  rear  of  the  plant  was 
also  at  the  same  elevation  as  the  floor  of 
the  plant  and  restricted  positive  drainage  off 
the  site.  Manholes  leading  to  abandoned  sewer 
lines,  space  adjacent  railway  tracks,  transformer 
enclosures  and  other  such  facilities  also  presented 
problems.  To  accommodate  these  variations,  the 
nature,  type  and  quality  of  surface  seal 
varied  considerably  from  location  to  location. 
In  addition  special  measures  had  to  be  taken  to 
ensure  that  continuity  existed  between  the  different 
seals. 

In  unsurfaced  areas,  the  general  approach  used 
was  to  excavate  the  subgrade,  mixe  this  soil  with 
lime  and  compact.  The  thickness  of  this  lime 
modified  clay  base  varied  up  to  450  mm.  Prior  to 
compaction  the  soil  was  pulverized  and  dry 
lime  was  added  at  a  rate  of  5  percent  by  weight 
of  soil.  The  lime  was  mixed  with  the  soil 
with  a  rotary  mixer  and  water  added  in  the  field. 

The  lime  modified  clay  was  covered  and 
brought  to  grade  with  an  aphalt  seal.  This  seal 
consisted  of  a  hot  sand-asphalt  base  mix  overlain 
by  a  hot  asphalt  concrete  surface  course.  The 
thickness  of  these  layers  v<;-ied  from  0  up  to  50 
mm  for  surface  course  material  and  up  to  100  mm 
for  base. 

The  old  concrete  at  the  rear  of  the  plant  was 
handled  in  different  ways.  The  large  concrete  pad 
at  the  rear  of  the  plant  was  covered  with  asphalt 
concrete.  The  old  concrete  pad  west  of  the  railroad 
was  covered  with  a  new  layer  of  concrete.  The 
new  lift  of  concrete  was  placed  back  from  the 
edge  of  the  existing  concret  to  improve  its  seal 
with  the  adjacent  asphalt  overlay  seal.  Concrete 
was  required  to  provide  the  plant  with  structures 
capable  of  supporting  heavy  transformers.  For 
this  reason  some  additional  concrete  was 
poured  in  area  outside  the  north-east  corner 
of  the  plant  and  at  the  north  east  corner  of  the 
site. 

Installation  of  Dewatering  and  Monitoring  Equipment 

The  location  of  the  shallow  dewatering  sumps  used 
to  dewater  the  fill  are  shown  in  Figure  9a.  This 
figure  also  shows  the  location  of  the  storage 
tank  used  to  hold  the  water  removed  from  the 
sumps.  In  addition,  a  purge  well  was  located  at 
the  center  of  the  PCS  plumb  naar  the  location  of 
the  pipe  line  break.  A  total  of  13  sumps  were 
installed.  Three  of  these  sumps  are  located  inside 
the  plant.  Sump  6  is  the  concrete  lined  sump  used 
to  decontaminate  excavation  equipment.  Sump  8  is 
an  old  Askarel  sump. 

The  location  of  the  most  frequently  recorded 
piezometers  is  shown  in  Figure  9b.  A  total  of  73 
piezometers  have  been  installed  on  this  site. 
Most  of  these  piezometers  were  read  on  a  weekly 
basis  since  completion  of  the  remedial  measures. 


Fig  9a.  Location  Fig  9b.  Location  of 

of  Dewatering  Sumps  Piezometers 


PRELIMINARY  EVALUATION  OF  REMEDIAL  MEASURES 

The  remedial  measures  were  completed  in  the  summer 
of  1981,  when  monitoring  was  commenced.  The  sumps 
were  dewatered  when  sufficient  water  was  available 
to  enable  them  to  be  pumped.  The  piezometers  were 
recorded  weekly,  except  during  the  winter  when 
the  water  was  frozen.  The  initial  dewatering  rates 
were  surprisingly  high.  During  the  first  year 
sumps  dewatering  the  perched  water  table  in 
the  fill  were  quite  active,  producing  approximately 
20,000  liters  of  water.  In  1981,  the  first  full 
year  of  operation,  their  yield  increased  to 
approximately  110,000  liters.  In  1982  this  value 
dropped  somewhat  to  near  90,000  liters.  However, 
in  1983  it  increased  again  to  near  125,000  liters, 
when  it  was  recognized  that  the  majority  of  the 
water  being  removed  was  due  to  infiltration 
of  precipitation.  This  conclusion  was  based  on 
the  close  comparison  between  dev?atering  and 
precipitation. 

A  review  of  the  initial  remedial  measures 
found  a  number  of  potential  sources  of  infiltration. 
The  first  was  the  general  lack  of  continuity  and 
adequate  grade  at  the  rear  of  the  site.  The  second 
was  the  presence  of  open  or  poorly  sealed  areas 
along  the  railway  tracks  and  around  a  large  complex 
of  transformers  adjacent  the  outside  north 
wall  of  the  plant.  In  addition,  considerable  water 
was  being  discharged  onto  the  rear  of  the 
site  from  the  roof  of  the  plant  itself.  Based  on 
this  review  a  second  phase  of  remedial 
measures  was  initiated. 

The  second  phase  of  the  remedial  measures  introduced 
to  correct  the  deficiencies  in  the  first  program 
were  carried  out  in  the  summer  of  1984.  These 
measures  included:  a) resurfacing  the  site  with 
asphalt  to  provide  a  minimum  grade  off  the  site 
of  1  percent,  b)  raising  concrete  slabs  60  mm 
above  the  asphalt  surface,  c)  re-sealing  the 
perimeter  of  all  concrete  slabs,  d)  constructing 
an  asphalt  berm  around  the  building  to 
prevent  the  backup  of  water  e)  raising  the  tops 
of  the  sumps  and  piezometer  so  that  they  were 
higher  than  the  surface  seal,  f)  regrading 
the  remaining  railway  track  so  that  the  grade 
sloped  off  the  site,  h)  constructing  a  lean-to-roof 
over  the  transformer  area  to  prevent  rain 
from  entering  the  fill  in  that  area,  and  i) 
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re-directing  runoff  from  the  plant  roof. 

The  majority  of  this  work  was  completed  in  1984. 
Only  the  addition  of  flashing  around  the  building 
adjacent  to  its  contact  with  the  asphalt  pavement 
was  left  until  1985  for  installation. 

PERFORMANCE  EVALUATION  OF  THE  REMEDIAL  MEASURES 

The  performance  of  the  remdedial  measures  has 
been  monitored  over  the  past  seven  years.  The 
goal  of  the  remedial  measures  was  to  strickly 
limit  or  reverse  the  normal  downward  hydraulic 
gradient  under  the  site.  If  successful  the  level 
of  dewatering  of  the  fill  should  drop  significantly. 
A  second  measure  of  the  performance  is  given  by 
the  variation  in  water  levels  of  the  piezometers. 
However,  these  levels  are  also  influenced  by 
lateral  movement  of  water  under  the  site  and 
reflect  general  trends  rather  than  precise 
determinations.  A  third  measure  of  the  performace 
is  given  by  the  volume  of  PCB' s  removed  from  the 
purge  well  and  the  location  and  levels  of 
contamination  reported  in  the  deep  hole  drilling 
monitoring  in  the  vicinity  of  the  purge  well. 

Piezometers 

A  typical  piezometer  profile  over  the  past 
six  years  is  presented  in  Figure  10.  This  piezometer 
is  located  inside  the  north  wall  of  the 
plant.  The  base  of  the  piezometer  is  located  in 
sand  lenses  in  the  silt.  This  piezometer  was 
flooded  in  1982  to  measure  its  response. 
Since  that  time  the  water  level  has  been  dropping 
yearly  to  its  1981  value  of  570.3  m.  This  and 
some  of  the  other  deep  piezometers  have  shown  a 
tendency  to  drop  slightly  during  summer  as  a 
result  of  the  dewatering,  and  increase  in  elevation 
during  the  winter. 


YEAR 

Fig.  10  Variation  in  Water  Elevation  with 
Time  for  Deep  Piezometer  No.  32 

Sump  Dewatering 

The  volume  of  water  removed  from  the  sumps 
has  shown  a  considerable  decrease  since  the 
installation  of  the  remedial  measures.  Figure  12 
shows  the  cummulative  yield  from  these  sumps  for 
the  past  seven  years.  The  cummulative  yield  values 
start  in  January  and  end  in  December  as  the  12th 
month.  The  second  phase  of  the  remedial  measures 
was  carried  out  in  1984.  The  volume  of  water 


extracted  from  the  sumps  has  fallen  every 
year  since,  to  near  one-third  of  its  1984  level 
by  1986.  The  1987  values  indicate  further 
improvement . 


♦  1982  X  1984  ■  1986 

11  Cummulative  Yield  From  Dewatering 
Sumps  From  1981  to  1987. 

Another  illustration  of  the  improvement  in  the 
surface  seal  is  shown  in  Figure  12.  It  presents 
a  comparison  of  the  ratio  of  sump  yield  in  litres 
to  precipitation  in  mm.  The  figure  clearly 
illustrates  the  connection  between  precipitation 
and  infiltration.  It  also  demonstrates  the 
effectiveness  of  the  1984  remedial  measures  in 
lowering  infiltration  through  the  surface  seal. 


Fig.  12  Variation  in  Yield  Versus  Precipitation 

Figures  11  and  12  clearly  show  that  further 

improvements  in  restricting  inflow  are  possible. 
However,  nost  of  the  obvious  sources  of  infiltration 
were  dealt  with  in  the  1984  improvements.  The  one 
source  of  possible  infiltration  causing  some 
concern  and  not  dealt  with  at  that  time  was  the 

quality  of  the  seal  over  the  Interim  Storage 

Facility.  Sump  8  located  a  short  distance 

north  of  this  facility  has  consistently  been  the 
leading  source  of  water.  In  addition  the 
height  and  geometry  of  this  facility  made  placement 
and  compaction  of  the  asphalt  surface  seal 
very  difficult.  As  a  result  cracks  of  up  to  100 
mm  opened  every  spring  along  the  sides  and 
top  of  this  facility.  These  cracks  were 
sealed  with  various  asphaltic  compounds  on  a 
regular  basis.  However,  the  cracks  still  re-opened. 
A  number  of  attempts  were  made  to  check  the 
possible  influence  of  this  facility  by  placing 
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die  in  the  crack.  Unfortunately  no  trace  of  the 
die  was  found  at  any  of  the  sumps. 

A  further  analysis  of  the  present  situation 
can  be  made  by  examining  the  cummulative 
yield  versus  precipitiation  relationships  for 
sumps  located  near  a  far  away  from  the 
Interim  Storage  Facility  (Figure  13) .  This  figure 
shows  that  the  ratio  of  yield  to 
precipitation  is  considerbly  higher  for  the  sumps 
locaced  near  the  Interim  Storage  Facility. 

The  information  obtained  from  the  purge  well  and 
deep  drilling  and  sampling  program  in  the  vicinity 
of  the  purge  well  has  found  some  free  PCB's 
in  the  clay.  It  also  found  some  evidence  of 
lateral  migration  in  the  clay  above  the  silt. 
However,  it  showed  no  evidence  of  any 
downward  migration  of  PCB's. 
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Fig.  13  Comparison  of  Yield  Versus  Precipitation 
Ratios  for  Sumps  Located  Near  and  Far  Away  From 
The  Interim  Storage  Facility 

CONCLUSION 

Information  obtained  from  the  ongoing  monitoring 
and  surveillance  program  has  shown  that  the 
remedial  measures  and  containment  strategy  developed 
have  been  effective.  No  evidence  has  been 
found  «f  further  downward  migration  of  PCB's.  The 
monitoring  data  also  shows  that  water  entering 
the  fill  has  been  considerably  reduced,  thus 
minimizing  the  potential  for  downward  movement 
of  PCB's.  The  piezometers  have  also  shown  evidence 
of  the  effectiveness  of  the  dewatering  program. 

While  these  measures  have  been  effective  to  date, 
there  is  also  evidence  that  the  remedial  measures 
must  be  adequately  maintained  to  ensure  a  continued 
successful  performance  of  the  containment  system. 
For  this  reason  it  is  essential  that  a  permanent 
monitoring  and  surviellance  system  be  set  up  and 
maintained  for  such  system. 

A  review  of  the  measures  used  and  effort  expended 
on  this  project  to  completely  seal  the 
surface  and  dewater  the  fill  demonstrates  the 
difficulties  of  such  a  task.  It  also  demonstrates 
the  increased  effort  and  attention  to  detail 
required  to  move  towards  a  "perfect"  surface  seal. 
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SYNOPSIS:  The  containment  dikes  of  two  sludge  disposal  lagoons  were  founded  on  low  strength,  highly  compressible  wetland  soils  in  Madison, 
Wisconsin.  These  lagoons,  constructed  in  1942  and  1967  respectively,  encompass  130  acres  of  digested  sludge  produced  at  the  sewage  treatment 
plant.  The  dikes  have  experience  two  previous  failures  in  1970  and  1973.  A  dike  rehabilitation  program  was  initiated  in  1976  to  prevent  additional 
failures.  New  dikes  were  built  using  wood  chips  as  a  lightweight  fill.  Non-woven  synthetic  filter  fabric  was  used  to  prevent  soil  intrusion  into  the 
chips  and  to  provide  resistance  to  lateral  spreading.  An  investigation  was  initiated  in  1984  to  assess  the  current  and  long  term  stability  and  settlement 
of  the  dikes,  to  detenmine  the  fate  of  the  wood  chip  fill,  and  to  develop  recommendations  for  ways  to  stabilize  the  dikes,  if  necessary.  This  paper 
presents  the  results  of  the  stability  and  settlement  analyses,  and  the  attendant  interpretations.  The  investigation  indicated  better  than  marginal 
stability,  predicted  minor  loss  of  freeboard  between  1987  and  the  year  2000,  and  found  only  minor  changes  in  the  wood  chips  after  10  years  of 
service. 


INTRODUCTION 

Wood  chips  have  been  used  to  rehabilitate  sludge  lagoon  dikes 
constructed  over  wetland  soils  in  Madison,  Wisconsin.  The  previous 
dikes  required  rehabilitation  because  of  two  dike  failures.  The  Madison 
Metropolitan  Sewerage  District  authorized  rehabilitation  work  to  be 
carried  out  in  two  phases  because  of  the  risk  involved.  A  600-ft  long 
demonstration  project  was  built  and  successfully  completed  in  August, 
1976.  The  remaining  rehabilitation  was  done  in  1977.  Because  of  site 
constraints,  rehabilitation  had  to  be  made  near  the  alignment  of  existing 
dikes.  The  dike  rehabilitation  program  was  described  by  Schneider  and 
Roth  (1977).  A  light-weight  fill  was  made  using  wood  chips  from 
diseased  elm  trees  and  a  non-woven  filter  fabric  to  prevent  soil  intrusion 
into  the  wood  chips  and  to  provide  restraint  against  lateral  spreading.  A 
soil  cover  was  provided  to  protect  the  wood  chips  and  to  retain  the 
sludge.  This  paper  describes  the  evaluation  of  the  state  of  stability  of 
the  dikes  nearly  10  years  after  their  rehabilitation.  The  evaluation 
program  was  designed  to  answer  the  following  questions: 

1.  What  is  the  state  of  stability  of  the  dikes  10  years  after  rehabilitation? 
Is  shear  failure  similar  to  the  previous  failures  likely  to  take  place? 

2.  Is  there  a  significant  deterioration  of  the  dike  constructed  of  wood 
chips?  What  is  the  projected  dike  competency? 

3.  What  is  the  projected  settlement  of  the  dikes?  Where  is  the  current 
procedure  of  maintaining  freeboard  leading  to  in  terms  of  additional 
settlements  and  dike  stability? 


BACKGROUND 

The  two  lagoons  are  located  on  the  western  edge  of  Nine  Springs 
Marsh,  an  extensive  grass-sedge  wetland  area,  and  east  of  the  Madison 
Metropolitan  Sewerage  District  (MMSD)  Nine  Springs  sewage 
treatment  plant  as  shown  on  Figure  1.  Lagoon  1  is  a  45-acre  lagoon 
constructed  in  about  1942  and  Lagoon  2  is  an  85-acre  lagoon  installed 
in  1967.  Digested  sludge  produced  at  the  treatment  plant  is  currently 
discharged  and  held  in  these  two  lagoons. 


Figure  1.  General  Plan  of  the  Dikes  (from  Schneider  and  Roth,  1976). 

Soils  underlying  the  lagoons  are  of  glacial  drift  and  post  glacial  drift 
origin.  Surface  soils  are  organic  and  range  in  thickness  from  about  10 
to  40  feet  The  organic  soils  overlie  silt,  sand,  and  gravel  till.  The  till 
extends  to  depths  of  approximately  250  ft  where  sandstone  bedrock  is 
found.  Since  the  water  table  lies  at  about  the  ground  surface,  the 
wetland  area  is  often  subject  to  flooding  during  spring  runoff. 

Nine  Springs  Creek  flows  along  the  south  and  east  perimeter  of  the 
lagoons,  and  the  drainage  channel  is  located  along  the  north  edge  of  the 
lagoons.  Tney  converge  at  the  northeast  comer  of  Lagoon  2  and  flow 
together  about  one-half  mile  to  the  Yahara  River.  The  Chicago, 
Milwaukee,  St  Paul,  and  Pacific  Railroad  crosses  Nine  Springs  Marsh 
just  north  of  the  lagoons  on  a  railroad  embankment  installed  in  1854 
using  displacement  methods. 

The  dikes  for  Lagoon  1  were  built  with  fill  hauled  in  over  a  10-year 
period.  The  dikes  of  Lagoon  2  were  constructed  by  drag-lining  peat 
from  the  wetland  to  form  embankments  around  the  lagoon  area.  As  the 
dikes  consolidated  and  displaced  the  wetland  soils,  miscellaneous  fill 
consisting  mainly  of  silty  sand  and  gravel,  was  periodically  imported 
and  placed  to  maintain  embankment  heights.  Existing  embankments 
ranged  from  5  to  7  ft  in  height,  with  crest  widths  of  15  to  22  ft  and  side 
slopes  ranging  from  1:1  to  1.5:1. 

Dikes  around  Lagoon  1  have  been  relatively  stable  although  they 
require  periodic  maintenance  to  compensate  for  settlement.  Dikes 
surrounding  Lagoon  2,  however,  require  continual  maintenance  and 
have  failed  twice  since  construction.  The  two  areas  of  embankment 
failure  are  shown  on  Figure  1.  Both  failures  were  similar  in  nature 
beginning  with  relatively  rapid  subsidence  of  portions  of  the 
embankment.  As  the  dikes  settled,  imported  fill  was  placed  to  try  to 
maintain  freeboard  and  prevent  discharge  of  supernatant  into  the 
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adjacent  surface  waters.  The  dikes  generally  continued  to  settle  rapidly, 
and  mud  waves  formed  on  both  inboard  and  outboard  sides.  The  failure 
zones  spread  longitudinally  along  the  dikes  as  repair  filling  proceeded. 
The  failure  zone  at  the  north  dike  eventually  extended  approximately 
300  ft;  the  failure  zone  at  the  south  dike  extended  approximately  1,300 
ft. 

At  the  time  the  north  dike  failed,  sludge  and  supernatant  escaped  into 
the  drainage  channel.  After  this  failure,  more  fill  was  placed  and  the 
failure  zone  eventually  stabilized.  A  similar  failure  occurred  in  1973  in 
the  south  dike.  The  dike  crest  settled  below  lagoon  level,  but  the 
associated  mud  waves  rose  high  enough  to  prevent  discharge  of 
supernatant 

Presently,  both  sludge  lagoons  are  essentially  filled  to  capacity.  In  order 
to  permit  continued  discharge  of  sludge  to  the  lagoons,  settled  sludge  is 
excavated  from  the  lagans  and  applied  to  farmlands.  To  maintain 
freeboard,  supernatant  is  also  returned  to  the  plant.  Disposal  of  the 
liquid  sludge  produced  at  the  treatment  works  and  of  the  sludge 
currendy  held  in  the  lagoons  was  studied  as  part  of  a  pollution  control 
facilities  plan  for  MMSD.  This  study  proposed  emptying  the  sludge 
from  Lagoon  2  and  the  eastern  half  of  Lagoon  1  over  a  period  of  9  to  14 
years.  The  western  half  of  Lagoon  1  would  be  kept  operable  lor 
seasonal  sludge  storage,  but  the  remainder  of  the  lagoons  would  be 
abandoned  after  the  sludge  was  removed.  Based  on  past  performance,  it 
was  apparent  that  rehabilitation  of  the  unstable  dikes  would  be 
necessary  to  minimize  risk  of  failure  until  the  sludge  was  completely 
removed. 

Several  significant  constraints  were  placed  on  the  design  of  the 
rehabilitation  of  the  dikes  including  the  inability  to  empty  the  sludge, 
the  inability  to  construct  new  dikes  on  the  inboard  side  without 
increasing  dike  height,  and  the  inability  to  expand  the  lagoons  by 
building  new  dikes  on  the  outboard  side  because  of  the  proximity  of 
Nine  Springs  Creek,  the  drainage  channel,  and  the  railroad.  For  these 
reasons,  it  was  necessary  to  design  the  dike  rehabilitation  as  closely  as 
possible  to  the  existing  dike  alignments.  Based  on  a  field  exploration 
and  laboratory  testing  program,  Schneider  and  Roth  (1977)  evaluated 
the  existing  conditions  and  possible  rehabilitation  schemes.  The 
rehabilitation  methods  selected  by  them  use  wood  chips  from  trees 
infected  with  Dutch  elm  disease.  The  City  of  Madison,  working  with  an 
independent  contractor,  was  starting  to  reduce  the  logs  of  diseased  elm 
trees  to  wood  chips.  The  presence  of  this  regularly  available  supply  of 
wood  chips  made  dike  rehabilitation  with  the  wood-chip  fill 
economically  attractive.  Use  of  the  light-weight  wood  chips  reduced 
loads  to  a  sufficiently  low  level  so  that  excess  settlement  and  ultimate 
general  shear  failure  caused  by  placement  of  additional  fill  could  be 
avoided.  Non-woven  synthetic  filter  fabric  was  used  to  provide  restraint 
against  spreading  failures  and  to  prevent  intrusion  of  soil  into  the  wood- 
chip  fill. 

In  1979,  the  Madison  Metropolitan  Sewerage  District  initiated  an  active 
program  of  applying  the  sludge  to  farmland  as  a  fertilizer.  However, 
this  program,  which  was  aimed  at  removing  the  sludge  from  the 
lagoons,  was  retarded  by  the  discovery  of  PCB's  in  portions  of  the 
sludge  and  by  regulatory  restrictions  on  the  allowable  concentration  of 
PCB's  in  the  farmland  fertilizers.  Therefore,  it  is  expected  that  the 
lagoons  could  be  holding  sludge  for  another  15  to  20  years,  nearly 
doubling  the  initial  design  life  of  the  rehabilitated  dikes.  Since  another 
uncontrolled  release  of  sludge  and  supernatant  caused  by  continued 
subsidence  of  existing  dikes  and/or  shear  failure  is  not  acceptable,  an 
evaluation  of  the  current  status  of  stability  of  the  dikes  was  undertaken 
nearly  10  years  after  their  construction. 


SUBSURFACE  CONDITIONS  AND  SOIL  PROPERTIES 

Twenty  test  borings  were  drilled  at  various  locations  around  the  lagoons 
by  Schneider  and  Roth  (1977)  as  shown  in  Figure  1.  Based  on  results  of 
those  explorations,  the  general  soil  conditions  at  the  sludge  lagoons 
were  determined  to  be  as  given  in  Figure  2.  Three  new  boreholes  and  a 
number  of  cone  penetrometer  soundings  were  made  initially  as  part  of 
the  current  evaluation  program.  Another  8  boreholes  were  made  later  as 
part  of  the  installation  of  instrumentation  for  the  field  monitoring 
program.  The  subsurface  conditions  revealed  in  these  boreholes 
generally  supported  the  subsurface  conditions  described  in  Figure  2. 


Figure  2.  Subsurface  Fence  Diagram  (from  Schneider  and  Roth,  1976). 

Some  of  the  boreholes  were  made  very  close  to  the  boreholes  made  in 
the  investigation  of  Schneider  and  Roth.  For  instance,  a  new  borehole 
located  near  boring  B-14  (see  Figure  1)  in  the  1973  failure  zone 
revealed  the  presence  of  7  ft  of  new  fill  of  gravel/wood  chips 
combination  underlain  by  14  ft  of  old  fill  material  consisting  of  gray- 
brown  sandy-silty  material.  The  native  material  below  the  fill  is  a  high 
organic  content  (89%)  peat  with  water  contents  of  up  to  400%.  The 
thickness  of  the  peat  was  1 1.5  ft  in  the  recent  boring  compared  to  13  ft 
in  boring  made  by  Schneider  and  Roth.  Under  the  peat,  an  organic 
material  with  lower  water  contents  (about  200  to  300%)  and  a  lower 
organic  content  (28%)  was  encountered.  This  22.5  ft  thick  layer 
corresponds,  perhaps,  to  the  24  ft  thick  deposit  referred  to  as  "silt, 
brownish-gray  with  occasional  shell  fragments"  in  B-14  of  Schneider 
and  Roth.  This  layer  was  underlain  with  another  peat  deposit  of  lower 
organic  content  (44%)  compared  to  the  upper  fibrous  peat  This  is 
referred  to  as  "amorphous  peat"  herein.  This  deposit  is  about  5  ft  thick. 
At  a  depth  of  55  ft  there  is  a  gray  silty  clay  of  lower  water  content 
(about  68%).  This  latter  material  is  classified  as  a  "highly  plastic  silt" 
according  to  the  Unified  Soil  Classification  System.  It  has  a  low 
organic  content  of  about  5%.  The  thickness  of  the  peat  in  the 
underljting  organic  material  is  about  1,5  ft  less  than  the  values  given  in 
the  boring  of  1975,  perhaps  indicating  the  amount  of  compression  of  tire 
layers  within  the  last  10  years. 

Laboratory  tests  were  performed  to  characterize  the  wetland  soils  and  to 
determine  the  shear  strength  and  compressibility  of  the  subsurface 
materials.  The  testing  program  included  1 1  consolidated-undrained 
triaxial  compression  tests  with  pore  pressure  measurements  on 
undisturbed  samples  of  the  old  fill,  peats,  and  organic  silt.  Additionally, 
4  consolidated-drained  direct  shear  tests  on  samples  of  wood  chips 
obtained  from  depth  of  2.5  ft  and  9  ft,  respectively,  were  performed  to 
provide  a  comparison  of  the  strengths  of  the  young  and  old  wood  chips. 
Laboratory  consolidation  tests  were  performed  on  samples  from  the 
major  compressible  soil  units  encountered,  i.e.,  the  peat,  the  organic  soil 
called  "marl",  and  the  silty  clay.  These  tests  provided  an  updating  of  the 
extensive  laboratory  tests  performed  by  Schneider  and  Roth  (1977). 

Strength  Properties  of  Wood  Chips  and  Soils 

The  effective  strength  parameters  of  the  various  soil  units  were 
estimated  based  on  the  recent  tests  and  compared  with  the  values 
reported  and  used  by  Schneider  and  Roth. 
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Wood  Chips 

The  direct  shear  tests  performed  on  wood  chip  samples  retrieved  from 
2.5  and  9  ft  depths,  indicated  friction  angles  of  53°  to  57°  as  compared 
to  49°  reported  by  Schneider  and  Roth.  This  may  be  a  result  of  the 
difference  in  densities  as  specimens  were  reconstituted  in  the  laboratory. 
The  most  recent  specimens  were  denser  than  the  Schneider  and  Roth 
specimens.  The  insitu  density  was  determined  from  an  undisturbed 
shelby  tube  sample  first,  and  the  chips  were  reconstituted  at  this  density 
for  the  strength  test.  Furthermore,  the  higher  friction  angles  were 
determined  using  a  drained  direct  shear  test,  whereas  Schneider  and 
Roth  performed  triaxial  tests. 

An  interesdng  observation  is  the  difference  of  4°  in  the  friction  angles 
of  the  wood  chips  obtained  from  2.5  ft  and  9  ft.  The  deeper  (older) 
wood  chips  exhibited  the  lower  friction  angles.  Apparently,  some 
degradation  due  to  decomposition  has  taken  place,  but  not  to  a  great 
extent  over  10  years.  It  is  believed  that  there  has  not  been  a  major 
change  in  the  source  of  wood  chips  during  this  time.  The  older  wood 
chips  have  smaller  sire  than  the  younger  wood  chips. 

Old  Fill 

rhe  low  plasticity  silty  clay  material  found  in  the  old  fill  of  the  north 
bank  indicated  an  effective  friction  angle  of  about  29°  which  compared 
well  with  the  values  in  the  analysis  by  Schneider  and  Roth.  There  is  an 
effective  cohesion  intercept  of  about  400  lb/ft2. 

Organic  Soils 

The  tests  of  the  top  fibrous  peat  gave  an  effective  friction  angle  of  53°, 
which  is  decidedly  higher  than  40.5°  reported  by  Schneider  and  Roth. 
The  stability  of  the  dikes  was  checked  with  both  42°  and  53°  in  the 
analyses.  A  cohesion  intercept  of  200  lb/ft2  was  also  measured. 

It  was  noticed  that  the  22.5  feet  of  soil  under  the  fibrous  peat  revealed  in 
the  boring  is  a  rather  complex  material  with  a  range  of  organic  contents. 
The  first  17.5  feet  of  this  material  consists  of  "organic  silt  with  shell 
fragments".  The  2  samples  fitting  this  description  were  tested  giving 
40°  for  the  effective  friction  angle  with  a  cohesion  intercept  of  400 
lb/ft2.  Schneider  and  Roth  reported  two  tests  of  friction  angles  of  36°  to 
38°  for  this  material.  However,  they  chose  to  use  29°  in  their  stability 
analyses. 

The  bottom  5  ft  of  this  organic  layer  is  an  amorphous  peat,  which  gave 
an  effective  friction  angle  of  5.5°  and  a  cohesion  intercept  of  about  830 
lb/ft2.  These  values  are  considered  somewhat  unusual.  However,  they 
did  not  influence  stability  analyses  since  most  of  the  critical  failure 
surfaces  were  confined  to  the  zone  above  this  layer. 

Highly  Plastic  Silt 

This  is  a  deposit  of  very  low  organic  content  encountered  in  the  recent 
borings  as  well  as  the  borings  of  Schneider  and  Roth.  There  were  no 
strength  tests  on  samples  from  this  layer.  Most  failure  surfaces  were 
confined  to  the  weak  peat  deposits  above  this  layer  in  the  analyses. 

Compression  Properties  of  Soils 

The  marl  had  an  organic  content  of  about  28%  and  exhibited  a 
compression  behavior  very  similar  to  that  of  the  peat  samples  (organic 
content  23%  to  89%).  The  silty  clay  had  a  markedly  lower  organic 
content  (about  5%)  and  exhibited  much  less  compressibility  compared 
to  the  others  as  shown  in  Figure  3.  This  figure  also  implies  that  the  soils 
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encountered  had  been  compressed  under  a  stress  of  about  1,000  lb/ft  or 
less.  The  one-dimensional  laboratory  compression  versus  time  curves 
were  represented  using  an  equation  first  proposed  by  Gibson  and  Lo 
(1961)  and  applied  to  peats  and  organic  soils  by  Edil  and  Dhowian 
(1979).  This  equation  has  been  found  to  be  quite  useful  in  representing 
die  compression  of  peats  from  numerous  sites  and  has  the  following 
fotm: 


e(t) 


=  Aa|a  +  b  ,l-e'(b)' 


(1) 


where  e(t)  =  vertical  strain, 

Ao  =  stress  increment, 
t  =  time, 

a  =  primary  compressibility, 
b  =  secondary  compressibility, 

X/b  =  rate  factor  for  secondary  compression. 


Figure  3.  Compression  Curves  of  Wetland  Deposits 

A  convenient  method  of  analysis  of  a  given  set  of  either  laboratory  or 
field  vertical  strain  versus  time  data  was  described  by  Edil  and  Dhowian 
(1979).  This  method  is  used  in  determining  the  empirical  compression 
parameters  (a,b,  and  X/b).  The  settlement  is  calculated  by  multiplying 
the  vertical  strain  by  the  initial  thickness  of  the  soil  (in  the  laboratory  or 
in  the  field).  The  compression  parameters  depend  on  the  type  of  peat 
and  the  stress  level.  Often  there  is  a  difference  between  the  measured 
laboratory  values  and  those  seen  to  be  governing  the  field  compression. 

The  laboratory  compression  curves  (vertical  strain  versus  time)  under 
different  increments  of  stress  have  been  evaluated  using  the 
compression  equation  given  above  to  obtain  the  parameters  resulting  in 
the  best  possible  fit  of  the  equation  to  the  measured  data.  Figures  4  and 
5  provide  a  plot  of  parameters  a  and  b  as  a  function  of  the  stress  level 
used  in  the  laboratory  tests.  These  curves  show  trends  noted  before  for 
similar  soils  from  other  sites  (Edil  and  Mochtar,  1984).  There  is  a 
decrease  of  compressibility  with  increasing  stress.  Figure  6  shows  the 
rate  factor  for  secondary  compression  (X/b)  as  a  function  of  the  average 

strain  rate  (E).  Average  strain  rate  is  defined  as  the  final  measured  strain 
divided  by  the  lapsed  time  under  a  given  increment  of  stress  applied. 
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Figure  4.  Primary  Compressibility  versus  Consoridation-Stress 
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10  MOST  CRITICAL  OF  SURFACES  COCPATED 
MINIMUM  FACTOR  OF  SAFETY  -  1. 19972 
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Figure  5.  Secondary  Compressibility  versus  Consolidation  Stress 


Figure  6.  Rate  Factor  for  Secondary  Compression  versus  Strain  Rate 
STABILITY  ANALYSES 


A  series  of  stability  analyses  for  a  cross  section  (see  Figure  7)  through 
the  south  dike  of  Lagoon  2  near  the  west  end  of  the  1973  failure  zone 
was  performed.  This  section  was  considered  to  be  a  critical  section 
based  on  the  thicknesses  of  the  soft  soil  deposits  and  the  geometry  of 
the  embankment.  Furthermore,  the  most  detailed  account  of  soil 
properties  and  the  stratigraphy  was  available  at  this  location.  Initially,  it 
was  assumed  that  all  of  the  excess  pore  pressure  in  the  peat  underlying 
the  fill  had  completely  dissipated.  In  effect,  the  pore  pressures  in  the 
underlying  soils  were  set  equal  to  the  hydrostatic  pressures  produced  by 
the  lagoon  and  canal  water  elevations.  Other  analyses  were  made  in 
which  the  pore  pressures  in  the  peat  were  higher  than  the  hydrostatic 
pressure.  There  were  also  analyses  performed  in  which  the  soil 
properties  were  varied  within  the  perceived  range  of  uncertainty.  All  of 
the  analyses  used  an  effective  stress  approach  and  were  performed  using 
the  STABL  computer  program  (Siegel,  1975)  which  is  based  on  the 
limiting  equilibrium  method  of  slices  for  circular  and  non-circular 
failure  surfaces.  A  summary  of  safety  factors  as  a  function  of  amou.n  t>.' 
excess  pore  water  pressure  assumed  in  the  peat  layer  (0,100,  and  200 
2 

lb/ft  )  is  given  in  Figure  8  for  different  assumptions  about  the  soil 
properties  and  the  choice  of  analysis.  These  analyses  indicated  the 
following  (Edil  and  Bosscher,  1985): 

1  Under  the  hydrostatic  pore  pressure  regime,  the  cross  section  was 
quite  s'able. 

2  The  slope  on  the  lagoon  side  was  found  to  be  more  unstable  than  the 
slope  on  the  canal  side. 

3  The  presence  of  excess  pore  pressures  in  the  underlying  peat  layer  is 
very  significant  relative  to  stability. 

4.  All  of  the  critical  failure  surfaces  were  confined  basically  to  the 
upper  peat  layer. 
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Figure  7.  Stability  Analysis  Section  and  Critical  Failure  Surfaces 


Figure  8.  Safety  Factors  for  Different  Pore  Pressures 
[WLl=Hydrostatic  Pressure;  100,200=Excess  Pore  Pressure  (lb/ft2)] 


It  is  clear  from  this  analysis  that  the  presence  of  residual  excess  pore 
pressures  induced  by  the  weight  of  the  fill  (dike  material)  ana  additional 
pore  pressures  due  to  upward  ground  water  discharge  can  reduce  the 
stability  of  the  dike  slope  to  near  critical  levels.  Since  the  lagoons  lie 
within  a  groundwater  discharge  zone  (as  indicated  in  the  previous 
studies),  upward  seepage  should  be  investigated  relative  to  stability. 

Since  it  is  clear  that  the  dike  stability  is  dependent  on  the  magnitude  of 
the  excess  pore  watet  pressure  in  the  underlying  soils,  it  became 
imperative  to  make  an  assessment  of  the  amount  of  excess  pressure.  For 
this  purpose,  a  piezometer  and  a  well  were  installed  near  boring  B-14. 
The  porous  tip  of  piezometer  was  at  a  depth  of  25  ft  below  the  top  of  the 
dike  and  sealed  in  the  underlying  peat  deposit.  A  cased  open  well  was 
placed  in  the  middle  of  the  dike  crest  at  the  same  location  ana  extended 
15  ft  into  the  fill  material.  The  water  levels  observed  in  the  piezometer 
indicated  that  the  peat  deposit  is  not  experiencing  higher  pore  pressures 
than  would  be  expected.  It  is,  however,  higher  than  the  level  indicated 
in  the  o  i  well  in  the  dike  material.  This  may  be  due  to  the  lag  in 
water  lt,»d  response  to  the  changes  in  the  water  levels  of  both  the 
lagoon  and  the  nearby  stream  channel.  Using  this  new  information, 
additional  stability  analyses  were  performed.  These  analyses  indicated 
better  than  marginal  stability  of  the  dike  under  present  conditions  of 
strength  and  pore  water  pressure.  However,  because  of  the  limited 
hydrologic  record,  further  periodic  observations  of  the  pore  water 
pressures  was  needed  to  ensure  the  maintenance  of  this  stability. 
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SETTLEMENT  ANALYSES 

During  construction,  settlement  plates  were  installed  under  the 
reconstructed  dikes,  six  settlement  plates  were  placed  under  the 
southeastern  half  of  Lagoon  2  dikes  in  1977,  another  3  settlement  plates 
were  installed  later  along  the  southwestern  half  of  Lagoon  2  dikes  and  6 
setdement  plates  along  the  northeastern  portion  in  1979.  Some  of  the 
setdement  plates  were  damaged  due  to  traffic  on  the  dikes  and  the  data 
related  to  them  was  discarded.  However,  there  were  about  7  settlement 
plates  giving  useful  data.  These  7  sets  of  setdement  data  were  analyzed 
by  assuming  a  stress  increase  of  420  lb/ft2  (corresponding  to  a  7  ft  high 
wood-chip  embankment  above  water)  and  estimating  the  compressible 
layer  thickness  from  the  borings.  The  field  settlement  data  collected  by 
the  MMSD  personnel  over  the  years  since  the  rehabilitation  of  the  dikes 
was  evaluated  using  the  same  compression  equation  given  above 
(equation  1).  A  range  of  values  for  parameters  a  and  b  as  obtained  from 
the  field  settlement  data  are  also  marked  on  Figures  4  and  5  at  a  stress 

level  of  0.75  ton/ft2  (estimated  to  be  the  average  stress  level  in  the 
field).  The  field  values  of  X/b  are  plotted  at  the  field  average  strains  on 
Figure  6.  The  grouping  of  the  field  and  laboratory  X/b  values  and 
difference  between  them  is  noted.  This  conforms  with  the  observations 
made  at  other  sites  (Edil  and  Mochtar,  1984). 


The  presence  of  uncertainties  and  unresolved  inconsistencies,  i.e., 
discrepancy  between  the  field  and  laboratory  a  values,  and  the  lack  of 
the  expected  discrepancy  between  the  field  and  the  laboratory  b  values, 
precludes  highly  conclusive  predictions  of  future  settlements.  However, 
an  attempt  can  be  made  in  establishing  some  bracketing  values. 

If  we  assume  that  the  settlement  plate  data  are  a  reliable  indicator  of  the 
actual  settlement  trends,  we  can  use  the  lowest  and  highest 
combinations  of  the  compression  parameters  obtained  from  the  field 
data  and  estimate  upper  and  lower  bounds  of  future  settlements.  Table 
2  presents  such  a  prediction  using  the  compression  equation.  The 
compressible  layer  thicknesses  used  were  34  and  23  ft  for  the  upper  and 
lower  bounds  estimates,  respectively.  The  settlement  data  as  given  by 
the  settlement  plate  SP2  is  also  included  in  Table  2.  This  settlement 
plate  gave  the  largest  settlement  of  all  the  plates  considered  to  be 
undamaged.  At  the  site  of  this  plate,  which  is  near  boring  B-14,  the 
compressible  layers  are  perhaps  the  thickest,  measuring  about  34  ft. 

The  upper  bound  estimates  compare  well  with  the  SP2  record. 
Extrapolation  of  the  settlement  plate  data  to  the  present  (3,010  days)  and 
to  the  year  2,000  (8,054  days)  indicates  that  less  than  2  inches  of 
additional  settlement  is  to  be  expected. 

Table  2.  Settlement  Prediction 


An  interpretation  of  the  laboratory  and  the  field  measured  compression 
values  provides  some  insight  into  the  settlement  behavior  of  the  dikes  in 
the  future.  Table  1  gives  the  average  values  and  the  ranges  of  the  three 
compression  parameters  as  obtained  from  the  field  and  the  laboratory 
data.  The  estimated  average  values  from  the  empirical  curves  reported 
by  Edil  and  Mochtar  (1984)  based  on  numerous  case  records  are  also 
listed.  It  should  be  noted  here  that  there  are  some  uncertainties  in  the 
field  analysis  of  the  data  stemming  from  the  assumed  equal  stress 
increase  of  420  lb/ft2  at  each  settlement  plate  and  the  assumed 
compressible  layer  thicknesses.  Furthermore,  all  compressible  layers 
are  combined  in  the  back  analysis  of  the  field  settlement  data.  The  field 
settlement  records,  themselves,  could  be  suspect  as  damage  to  the 
settlement  plates  is  likely  due  to  the  traffic  on  the  dikes.  Nevertheless, 
some  trends  do  emerge  from  an  examination  of  all  sources  of 
information  available. 

Table  1.  Compression  Parameters 
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The  laboratory  measured  values  of  parameter  a  are  higher  than  the  field 
values.  The  empirical  values  provide  a  range  comparable  to  the 
laboratory  and  field  values  of  a,  depending  on  the  stress  level.  The 
higher  laboratory  values  of  a  will  mak  j  the  prediction  of  field 
settlements  larger  than  giveri  by  the  settlement  plates.  However,  the  rate 
of  settlement  after  a  number  of  years  would  not  be  affected  as  much  by 
the  value  of  parameter  a  as  by  the  values  of  b  and  Vb.  The  values  of 
parameter  b  are  quite  consistent  between  the  field  and  the  laboratory. 
The  empirical  values  corrected  to  the  field  as  suggested  by  Edil  and 
Mochtar  (1984)  also  compare  well  with  the  Nine  Springs  values.  It  is 
noted  here  that  the  type  of  laboratory/field  corrections  suggested  by  Edil 
and  Mochtar  is  not  required  for  the  Nine  Springs  data.  The  values  of 
Vb  in  the  field  are  much  lower  than  obtained  in  the  laboratory.  This  a 
well-established  trend.  The  value  given  by  the  empirical  curves  for  the 
average  field  strain  is  very  comparable  to  the  average  value  of  X/b 
obtained  directly  from  the  field  data. 
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If  estimates  for  settlement  are  based  on  the  largest  values  of  parameters 
a,  and  b,  considering  both  the  field  and  the  laboratory  data,  4  inches  of 
settlement  between  now  and  the  year  2,000  can  be  expected.  These 
estimates,  while  not  very  firm,  are  quite  encouraging  with  respect  to 
future  settlement  performance  of  the  dikes.  Either  of  these  estimates 
results  in  a  minor  loss  of  freeboard  and  is  quite  tolerable. 


DIKE  INSTRUMENTATION 
Justification 

Based  on  this  evaluation  of  the  rehabilitated  dikes  nearly  10  years  after 
their  construction  (Edil  and  Bosscher,  1986),  the  following  observations 
could  be  made: 

1.  The  stability  analyses  indicate  better  than  marginal  stability  of  the 
dikes  under  present  conditions  of  strength  and  pore  water  pressure. 
However,  because  of  the  limited  nature  of  the  hydrologic  record 
collected,  further  periodic  observations  of  the  pore  water  pressures 
are  needed  to  ensure  the  maintenance  of  the  stability. 

2.  Wood  chips  placed  in  the  dikes  10  years  ago  seem  to  exhibit  strength 
properties  close  to  those  recently  placed  indicating  relatively  low 
amounts  of  degradation.  Based  on  a  careful  survey  of  the  literature, 
common  estimates  of  useful  life  of  wood  chips  are  found  to  extend  to 
at  least  15  years  (Nelson  and  Allen,  1974;  Jackson,  1979).  No 
published  studies  of  chip  durability  have  extended  these  estimates 
beyond  15  years  even  though  it  is  expected  that  wood  chips  could 
provide  acceptable  performance  for  longer  periods. 

3.  Settlement  estimates  indicate  a  minor  loss  of  freeboard  can  be 
expected  between  the  present  and  year  2000.  These  estimates,  while 
not  very  firm,  are  quite  encouraging  with  respect  to  future  settlement 
performance  of  the  dikes. 
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Based  on  these  observations,  the  Madison  Metropolitan  Sewerage 
District  was  advised  as  follows: 

1.  No  evidence  has  been  found  to  warrant  additional  major  construction 
to  improve  dike  stability.  This  recommendation  is  based,  however, 
on  an  adoption  of  a  continual  monitoring  program  relative  to  dike 
settlement  and  stability. 

2.  The  monitoring  program  should  consist  of  multilayer  settlement  and 
piezometric  measurements.  In  addition,  any  regrading  or  other 
significant  construction  activity  should  be  noted  and  evaluated  for  the 
potential  effect  on  dike  stability. 

3.  The  levels  of  supernatant  in  the  lagoon  an'*  the  water  level  in  the 
stream  channels  should  be  recorded  periodically.  The  levels  of  these 
fluids  are  important  relative  to  the  stability  of  the  dikes.  Safe  levels 
for  these  fluids  may  be  established,  with  any  variation  outside  of 
these  levels  to  be  allowed  only  after  an  evaluation  of  the  effect  on 
dike  stability. 

Following  these  recommendations,  Madison  Metropolitan  Sewerage 
District  authorized  installation  of  an  instrumentation  system  during  the 
Fall  of  1986.  The  instrumentation  system  was  designed  to  monitor  the 
following  elements  of  the  lagoon  dikes: 

1.  The  settlement  under  the  weight  of  dike  fill  materials  of  various 
compressible  layers  in  the  dike  foundation. 

2.  The  lateral  movements  within  relatively  soft  and  weak  soil  layers. 

3.  The  excess  pore  water  pressures  in  the  substrata  created  by  dike  fill. 

4.  The  phreatic  water  levels  within  the  dike  due  to  the  levels  of 
supernatant  in  the  lagoon  and  water  in  channels  outside  the  dikes. 

Field  Instrumentation 

The  Sondex  settlement  system  and  the  slope  indicator  system  by  Slope 
Indicator  Company  were  chosen  to  monitor  settlement  and  lateral 
movements  at  various  depths  in  the  substrata  below  the  dike  fill 
materials.  The  settlement  system  consists  of  3  inch  I.D.  flexible 
corrugated  plastic  pipe  with  metal  rings  attached  at  5  ft  intervals.  An 
electical  probe  is  used  to  determine  the  vertical  location  of  the  metal 
rings  within  ±0.01  feet.  A  2.75  inch  O.D.  grooved  plastic  casing,  used 
for  the  inclinometer  system,  was  typically  installed  inside  the  Sondex 
plastic  pipe.  The  inclinometer,  when  lowered  into  the  casing  and 
oriented  with  thecasing  grooves,  provides  a  rapid  means  of  assessing 
the  deviations  of  the  casing  from  vertical  as  a  function  of  depth.  These 
readings  may  then  be  compared  with  readings  taken  at  an  earlier  time  to 
determine  the  amount  of  lateral  movement  as  a  function  of  depth  and 
time. 

Gconor  M206  piezometers  were  used  to  monitor  total  pore  pressures 
(hydrostatic  plus  excess)  for  this  project.  The  piezometer  point  consists 
of  a  hollow  stem  approximately  1-ft  long  with  3  bronze  filters  mounted 
on  the  stem.  Plastic  tubing  (1/4  in-I.D.)  is  attached  to  the  porous  point 
and  threaded  first  through  a  5  ft  length  of  E-rod  and  then  through  a  1 
inch  diameter  steel  water  pipe.  After  the  piezometer  is  pushed  or  driven 
into  the  ground,  the  water  level  in  the  plastic  tubing  is  measured  with  a 
small  diameter  water  level  indicator  especially  designed  for  this 
purpose.  Phreatic  water  levels  in  the  lagoon  dikes  were  measured  using 
conventional  groundwater  monitoring  wells  consisting  of  2-in  diameter, 
Schedule  40  PVC  slotted  well  screen  and  riser  pipe.  The  10  ft  screens 
were  enclosed  by  No.  30  flint  sand  to  be  used  as  filter  material  around 
the  screen  and  as  backfill.  A  seal  of  dry  granular  bentonite  was  placed 
over  the  sand  to  prevent  surface  water  infiltration.  Water  levels  are 
measured  with  a  conventional  electronic  water  level  indicator. 


1.  areas  of  observed  prior  dike  failures, 

2.  areas  of  known  deep  wetland  soils  based  on  early  investigations, 

3.  areas  of  unknown  subsurface  conditions  or  gaps  in  the  soil  profile, 
and 

4.  budget  constraints. 

At  7  of  the  8  cluster  locations,  the  Sondex  and  inclinometers  were 
installed  in  the  same  borehole.  At  each  cluster  location  settlement 
instrumentation,  a  lateral  movement  instrumentation,  multiple 
piezometers,  and  a  well  were  installed.  In  all,  8  Sondex  and 
inclinometer  systems,  6  monitoring  wells,  and  10  piezometers  were 
installed.  Instrument  depths  were  established  by  review  of  an  initial 
boring  at  each  cluster  location  which  was  sampled  at  2.5-ft  intervals  in 
the  upper  10  ft,  and  at  5-ft  intervals  thereafter  with  a  split-spoon  sampler 
using  standard  penetration  test  (SPT)  procedures  and  extended  on  the 
order  of  5  to  10  ft  into  sand  soil  below  the  compressible  wetland 
deposits.  Additional  boreholes  within  a  cluster  were  drilled  to  permit 
instrument  installation  without  additional  sampling.  The  drilling 
methods  included  4-in  diameter  continuous  flight  augering  and  rotary 
wash  boring. 

Since  the  completion  of  the  installation  of  the  instrumentation  system  by 
the  end  of  1986,  a  program  for  periodic  measurement  of  the  instruments 
was  initiated.  A  computer  program  for  the  database  management, 
reduction  and  presentation  of  the  data  was  developed. 


FIELD  MONITORING  DATA 

The  data  obtained  from  the  field  consists  of: 

1.  water  levels  in  the  open  wells  and  the  piezometers, 

2.  depths  of  the  Sondex  rings,  and 

3.  inclinometer  readings. 

The  data  has  been  collected  since  late  February,  1987  upon  completion 
of  the  instrument  installation.  The  water  level  data  has  been  used  to 
support  the  assumptions  made  in  the  dike  stability  analysis.  The  results 
as  obtained  from  the  monitoring  instrumentation  near  boring  B-14  are 
presented  in  Figure  9.  The  measured  piezometric  levels  are  similar  to 
the  values  assumed  during  the  analysis  phase.  It  can  also  be  noted  that 
the  previous  assumptions  of  the  region  being  a  groundwater  discharge 
zone  is  substantiated  (see  piezometric  levels  in  Piezometers  2  and  3 
compared  to  the  surface  well)  The  dramatic  dip  in  the  piezometric 
levels  around  early  August  in  Piezometers  2  and  3  is  due  to  pumping  of 
these  piezometers  to  determine  the  response  of  the  system.  It  should 
also  be  noted  that  the  surface  well  water  elevation  lies  between  the 
creek  elevation  and  the  sludge  elevation,  the  two  boundary  elevations. 


Figure  9.  Ground  Water  Level  and  Pore  Pressure  Measurements 


Eight  locations  along  the  dikes  were  chosen  for  the  placement  of 
instrumentation  clusters  (Weber,  1987).  These  positions  are  located  at 
sites  circling  Lagoon  2  and  at  other  points  near  Lagoon  1.  Criteria  used 
in  determining  the  instrument  locations  included: 


The  settlement  data  has  been  reduced  and  plotted  in  Figure  10.  This 
figure  indicates  the  small  amount  of  settlement  which  can  be  measured 
using  the  Sondex  system.  The  data  is  presented  with  the  amount  of 
settlement  assumed  to  be  zero  at  the  time  of  installation.  Even  with 
only  240  days  of  settlement,  the  results  show  that  the  settlement  is  zero 
in  the  mineral  soils  at  +68  feet,  and  the  settlement  occurring  mainly  in 
the  soils  in  the  40-68  ft  depths.  Additional  settlement  can  be  seen  in  the 
15-20  ft  depth.  The  Sondex  pipe  was  riveted  to  the  inclinometer  pipe  at 
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the  ground  surface  which  is  thought  to  account  for  the  reduction  in 
measured  settlement  at  the  ground  surface.  Based  upon  the  measured 
rate  of  0.07  feet  occurring  in  240  days,  the  additional  total  settlement 
expected  between  now  and  the  year  2000  is  under  1.5  inches  assuming 
a  logarithmic  decline  in  the  settlement  rate.  This  value  compares  well 
with  the  previous  prediction  of  less  than  2.0  inches. 


Figure  10.  Settlement  Measurements 

The  inclinometer  data  indicated  negligible  movements  in  the  tubes  since 
installation.  This  supports  the  stability  analyses  which  indicated  that  the 
dikes  should  be  stable  in  their  present  configuration. 

Further  monitoring  of  this  site  is  continuing  on  an  ongoing  basis.  The 
level  of  effort  in  data  acquisition  will  likely  taper  off  as  the  data  is 
analyzed  and  annual  trends  in  data  are  noted  and  shown  to  support  the 
previous  conclusions. 

CONCLUSIONS 

Sludge  lagoon  dikes  rehabilitated  using  wood  chips  and  founded  on 
highly  compressible  and  weak  wetland  deposits  have  provided 
satisfactory  performance  over  the  past  10  years  in  a  difficult 
environment  for  the  use  of  conventional  stabilization  techniques.  The 
present  evaluation  of  stability  and  settlement  based  both  in  analysis  and 
field  data  collected  to  date  indicates  that  the  dikes  arc  likely  to  continue 
to  provide  satisfactory  service  for  another  15  to  20  yean.  Due  to  rather 
marginal  stability  of  die  dikes  and  the  environmental  risks  associated 
with  a  dike  failure,  a  field  monitoring  program  has  been  initiated.  This 
program  has  provided  an  initial  verification  of  certain  assumptions  used 
in  the  analyses.  The  instrumentation  is  expected  to  serve  as  a 
continuing  control  and  warning  system  during  the  service  life  of  the 
dikes. 
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SYNOPSIS:  Traditionally  clay  soils  have  been  regarded  as  being  relatively  impermeable  to  the  migration  of  water  and 
contaminants.  Recent  studies  in  Louisiana  are  beginning  to  show,  however,  that  laboratory  permeability  tests  are  not  true 
indicators  of  the  ability  of  an  in-situ  soil  to  retain  or  transmit  fluids.  Both  the  depositional  and  post-depositional  environment 
of  a  soil  can  greatly  alter  its  in-situ  permeability.  In  particular,  post-depositional  structural  fractures  provide  preferencial 
pathways  for  contaminant  migration  at  rates  that  far  exceed  those  predicted  by  using  laboratory  permeability  values. 

Difficulties  in  field  identification  of  these  pathways  reduces  modeling  of  their  effect  on  site  hydrology  to  very  basic  terms. 
Since  their  distribution  is  not  yet  predictable,  the  net  increase  in  permeability  caused  by  their  presence  at  a  site  can  not  be 
factored  into  any  hydrologic  models,  except  as  gross  estimates. 


INTRODUCTION  GEOLOGY 


For  many  years  clay  has  been  regarded  as  an  impermeable 
barrier  to  the  migration  of  all  fulids.  Landfills  and 
impoundments  constructed  in  clay  were  regarded  as  the  safest 
place  to  dispose  of  hazardous  and  solid  wastes.  Recent  studies 
are  showing  that  the  clays  themselves  are  not  immune  to  attack 
by  chemicals.  In  addition,  in  Louisiana,  contaminate  studies  at 
quite  a  few  facilities  are  showing  that  laboratory  permeability 
tests  are  not  giving  an  accurate  indication  of  the  ability  of  a 
particular  soil  layer  to  retain  or  transmit  fluids.  Factors 
introduced  by  both  the  depositional  and  the  post-depositional 
environments  have  a  significant  influence  on  the  in-situ 
permeability  of  at  least  the  Pleistocene,  and  perhaps  older, 
soils.  In  particular,  post-depositional  structural  features 
provide  pathways  for  the  migration  of  fluids,  most  importantly 
organic  compounds.  These  pathways  are  not  being  found  or 
predicted  by  laboratory  testing.  Thus,  false  assumptions  have 
been  used  in  determining  the  siting  of  disposal  facilities  and  in 
the  design  of  these  facilities  due  to  overly-optimistic  values  of 
permeability  obtained  for  local  soils. 

The  site  that  first  confirmed  this  situation  in  Louisiana  is 
located  in  Calcasieu  Parish  (county).  Originally  the  site  of  an 
oil  and  gas  well  with  ancilliary  impoundments,  it  was  later 
expanded  to  accept  wastes  from  other  oil  fields  and  from  the 
petrochemical  industry  in  nearby  Lake  Charles.  Liquid  wastes 
were  accepted  into  several  large  surface  impoundments  which 
were  constructed  by  excavating  a  trench  around  the  desired 
area  and  using  the  spoil  material  to  build  a  levee.  In  early 
1977,  the  site  received  a  permit  to  convert  the  oil  and  gas  well 
to  a  Class  I  (hazardous  waste)  injection  well.  Thereafter,  new 
receiving  basins  were  constructed  which  were  lined  with  five 
feet  of  recompacted  clay.  The  old  impoundments  were  closed 
out  by  pumping  the  liquids  down  the  injection  well,  solidifying 
the  sludges  with  cement  fly  ash,  and  capping  with  recompacted 
clay.  Most  of  the  sludges  were  left  in-place;  however,  sludges 
from  three  impoundments  were  placed  in  several  of  the  landfill 
cells  that  were  constructed  at  the  site. 


The  site  is  located  on  unconsolidated  deposits  of 
Pleistocene  Age  known  as  the  Prairie  Formation  or 
Prairie  Terrace.  The  formation  consists  of  clay 
interbedded  with  clayey  silt  and  sandy  clay.  Underlying 
the  terrace  deposits,  so  named  because  of  the  terrace 
effect  caused  by  erosion,  at  a  depth  of  50  to  70  feet,  is 
the  Montgomery  Formation,  also  of  Pleistocene  Age.  This 
formation  is  the  uppermost  member  of  the  regional 
Chicot  Aquifer  System  and  contains  a  thick  sequence  of 
sands  at  the  top,  known  as  the  "200  Foot  Sand"  -  named 
after  the  depth  of  this  unit  at  the  pumping  center  in  Lake 
Charles  (Jones,  1954).  Beneath  the  Montgomery 
Formation  are  the  Bentley  and  Williana  Formations,  also 
of  Pleistocene  Age,  which  contain  the  "500  Foot  Sand" 
and  the  "700  Foot  Sand"  respectively,  and  compose  the 
remaining  units  of  the  Chicot  Aquifer.  The  sands  grade 
from  fine  sand  at  the  top  to  coarse  sand  and  gravel  at  the 
base.  They  are  separated  by  leaky  confining  units  of  clays 
and  silt.  The  Chicot  Aquifer  had  been  declining  for  many 
years,  however,  after  the  completion  of  the  Sabine  River 
Diversion  Canal  in  1981,  industrial  pumping  declined  and 
the  water  levels  in  the  aquifer  began  to  rise. 

Tne  eastern  edge  of  the  site  dips  down  into  the  flood  plain 
of  the  Little  River,  a  tributary  of  the  Calcasieu  River. 
Here  deposits  of  Recent  Aluvium  overlie  the  Pleistocene 
formations.  Periodic  flooding  from  Little  River  inundates 
this  area,  and  in  time  past,  has  overtopped  the 
impoundment  levees. 

The  site  hydrogeologic  conditions  have  been  extensively 
s  udied.  Since  1977  over  257  borings,  totaling  over  17,480 
linear  feet,  have  been  drilled  on  or  adjacent  to  the 
facility.  Fifty-three  monitoring  wells  and  thirty-two 
piezometers  have  been  installed  to  monitor  the  ground 
water.  In  addition,  four  large  diameter  (36  inch)  wells  and 
five  4  inch  wells  are  recovering  contaminated  ground 
water  at  a  rate  of  over  7,000  gallons  per  day.  More 
hydrogeologic  work  is  currently  being  done  at  the  site. 


The  earliest  engineering  studies  (DEQ,  unpublished  data)  state 
that  the  permeabilities  of  the  soils  at  the  site  range  from  1  X 
10'®  cm/sec  in  the  clays  to  1  X  Id®  cm/sec  in  the  silts  and 
clayey  sands.  The  site  was  generally  characterized  as  having 
four  "zones"  or  layers,  except  at  the  eastern  edge  where  the 
depositional  patterns  of  the  Little  River  imposed  a  different 
regime.  The  upper  50  feet  of  soil  is  composed  of  stiff  to  very 
stiff  clays  and  silty  clays.  This  stratum  of  thin  layers  of  over¬ 
lapping  and  interfingering  soils  is  typical  of  surficial 
Pleistocene  deposits  in  southern  Louisiana.  Beginning  at  40-50 
feet  below  ground  surface  is  a  layer  of  silt  and  clayey  sand, 
varying  between  five  and  eight  feet  thick,  labeled  the  "50-foot 
pervious  zone".  This  is  the  first  water  bearing  stratum  at  the 
site,  although  the  overlying  clays  approach  saturation. 

Beneath  the  "50-foot  pervious  zone"  is  another  clay  layer 
varying  from  0-10  feet  in  thickness.  This  immediately  overlies 
the  200  foot  sand  of  the  Chicot  Aquifer.  Throughout  the  years 
of  study,  the  extent  of  interconnection  between  the  "50-foot 
pervious  zone"  and  the  200  foot  sand  has  been  disputed.  A 
recent  study  of  water  levels  and  stratigraphy  at  the  site 
(Hebert,  unpublished)  concluded  that  the  area  of 
interconnection  extends  over  the  eastern  half  of  the  site. 
Earlier  studies  have  confined  this  area  to  the  southeastern 
portion  of  the  site.  This  difference  plays  a  significant  role  in 
determining  effective  corrective  measures  for  ground  water 
contamination  at  the  site. 

SITE  CONTAMINATION 

The  first  systematic  investigation  of  contamination  at  the  site 
began  in  early  1983.  The  extension  of  landfill  cell  7  at  the  site 
(figure  1)  was  infiltrated  by  volatile  organics  contaminates 
shortly  after  being  excavated.  The  subsequent  investigation 
determined  that  the  excavation  had  come  close  to  the 
downward  pathway  of  migration  for  these  contaminates, 
allowing  them  to  seep  into  the  cell.  The  contamination  at  the 
site  is  composed  of  a  variety  of  volatile  organics,  notably 
dichloroethane,  dichloroethylene,  trichloroethane, 
trichloroethylene,  methylene  chloride  and  vinyl  chloride,  in  the 
part  per  million  range. 


The  investigation  concluded  that  waste  migrated  from  the 
old  impoundments  while  they  were  active  by  a  variety  of 
mechanisms.  From  observations  in  the  side  wall  of  the 
cell,  it  was  readily  apparent  that  the  waste  was  migrating 
through  a  series  of  structural  cracks  in  the  clay,  called 
"Slickensides".  This  preference  was  so  strong  that  the 
waste  would  migrate  through  rather  than  into  silt  lenses 
and  thin  layers  within  the  clay.  Contaminates  were  found 
down  to  the  top  of  the  "50-foot  pervious  zone"  but  did  not 
penetrate  the  zone  as  a  distinct  phase.  Dissolved 
constituents  were  found  in  the  water  of  that  zone, 
apparently  coming  from  the  floating  contaminants.  The 
extent  of  the  dissolved  phase  was  eventually  determined 
to  cover  most  of  the  center  of  the  site,  and  to  extend 
slightly  off-oite  in  the  downgradient  direction. 

By  calculating  the  length  of  time  that  the  contaminants 
were  available  for  transport  versus  the  actual  distance  of 
migration,  a  relative  permeability  of  about  1  X  10“® 
cm/sec  can  be  derrived.  This  is  opposed  to  the  measured 
laboratory  permeabilities  in  the  1  X  10'7  and  1  X  10 
cm/sec  range.  This  increase  in  the  vertical  permeability 
of  two  to  three  orders  of  magnitude  was  observed  at  this 
site  to  be  due  to  migration  through  the  slickensides. 
Slickensides  are  fractures  in  the  cohesive  soils  of  the  Gulf 
Coast  region  which  were  produced  by  the  elastic 
rebounding  of  soils  when  stress  was  removed.  During 
Pleistocene  time  a  large  volume  of  sediment  was 
deposited  in  the  Gulf  Coast  area.  The  weight  of  the 
overlying  sediments  introduced  a  large  amount  of  stress 
on  the  buried  soil  layers.  When  this  overburden  was 
removed  by  subsequent  erosion,  the  pressure  acting  on  the 
soil  was  released  causing  a  rebounding  effect  within  the 
soils.  This  produced  a  pressure  relief  fracture  called  a 
slickenside.  The  slickensides  are  not  extensive  in  length, 
but  they  form  a  prevalent  pattern  in  all  of  the  Pleistocene 
soils.  This  network  of  fractures  allows  fluids  to  migrate 
much  more  rapidly  than  if  they  had  had  to  pass  totally 
through  the  actual  clay  fabric. 


Other  pathways  also  exist  at  the  site,  although  they  were  not 
directly  observed  to  have  influenced  the  migration  of 
contamination.  The  site  was  originally  covered  with  pine 
timber.  When  the  lagoons  were  first  excavated,  the  timber  was 
not  cut.  As  the  trees  decayed  a  path  for  migration  down  the 
decaying  tap  root  of  the  tree  was  introduced.  These  tap  rcots 
can  extend  20  to  35  feet  deep  in  some  places. 

Animal  burrows  can  likewise  provide  pathways  for  migration  of 
contaminates.  In  southern  Louisiana,  crawfish  burrows  are 
common  in  open  ground.  Crawfish  burrows  have  beer,  measured 
as  deep  as  twenty  feet  in  some  areas,  since  they  burrow  down 
to  reach  the  water  table.  These  burrows  even  when 
subsequently  abandoned  and  collapsed,  leave  a  disturbed  area 
behind  which  is  more  permeable  than  the  surrounding  soil. 

OTHER  STUDIES 

These  potential  pathways  for  contaminant  migration  are  not 
being  adequately  indentified  during  sampling,  nor  are  they  being 
accounted  for  in  the  testing  of  soils  for  geotechnical  purposes. 
An  extensive  study  of  sample  handling  was  conducted  by 
Louisiana  State  University  (Arman,  1977).  They  intensively 
studied  disturbances  to  soil  samples  caused  by  the  normal 
sampling  procedures  used  in  Louisiana  and  many  of  the  southern 
states.  The  most  common  method  is  to  use  a  rotary  drill  for 
advancing  the  boring,  and  a  thin-walled  Shelby  Tube  for  taking 
the  sample.  The  soil  samole  is  brought  to  the  surface  and 
mechanically  extruded  with  a  hydraulic  ram.  The  sample  is 
then  scraped  of  excess  mud,  classified,  and  approximately  18 
inches  is  kept  as  a  representative  sample,  while  the  rest  is 
discarded. 

All  of  the  steps  described  above  introduce  disturbances  in  the 
sample.  The  report  draws  the  following  conclusions  regarding 
the  effect  of  these  disturbances  on  permeability: 

"Permeability  is  affected  by  changes  in  density  and 
void  ratios  caused  by  structural  disturbance. 
Estimates  concerning  settlement  rates  deviate 
drastically  from  the  performance  in  the  field  if 
tests  are  conducted  on  samples  with  excessive 
disturbance. 

"Soils  composed  primarily  of  platey  or  flakey  grains 
develop  anisotropy  with  respect  to  permeability 
depending  on  the  grain  orientation.  Minor 
disturbances  can  rearrange  these  grains  to  change 
permeability  by  several  ordes  of  magnitude  while 
making  only  fractional  change  in  other  engineering 
properties." 

Even  minor  disturbances  in  clay  samples  can  significantly  alter 
the  measured  permeability  of  a  sample  without  changing  the 
other  properties  and  thus  alerting  the  geologist  or  engineer  that 
the  sample  is  not  giving  an  accurate  reading. 

Slickensides  and  thin  silt  or  sand  interbeds  are  features  that  are 
often  not  representatively  sampled.  If  the  slickenside  or 
interbed  extends  through  the  core,  the  sample,  upon  extrusion, 
will  often  break  along  that  line.  Rather  than  attempting  to 
include  the  feature  in  the  retained  sample,  so  that  its  effect 
can  be  measured,  the  break  is  most  often  used  as  the  place  to 
trim  the  sample  and  so  the  effect  of  this  feature  on  the 
permeability  is  not  measured. 

Slickensides  and  interbeds  that  do  not  extend  through  the  core 
are  often  masked  by  the  sample  handling  technique.  The 
scraping  of  the  drilling  fluids  from  the  core  will  smear  the  sides 
of  the  sample  to  some  extent.  This  will  seal  small  silt  or  sand 
interbeds,  and  to  some  extent  the  slickensides  as  well. 


CONCLUSIONS 

The  only  recognition  of  the  potential  pathways  described 
above  is  usually  a  minor  note  in  the  driller's  log  of  a 
boring.  No  systematic  studies  of  the  distribution  of 
slickensides  have  been  done.  Silt  lenses  and  animal 
burrows  are  impossible  to  statistically  described  for  a 
given  location.  Since  these  features  cannot  be  described 
statistically,  they  cannot  be  factored  into  a  model  except 
in  general  terms.  Field  permeability  tests  will  give  the 
closest  approximation  to  the  actual  in-situ  permeability 
of  a  site.  Even  these  tests  may  under-rate  the 
permeability  of  the  soils  at  a  site  due  to  the  placement  of 
the  boring  for  the  test. 

At  the  current  time  the  only  accurate  way  to  calculate 
the  effect  of  these  pathways  on  soils  at  a  site  is  to 
measure  the  extent  of  contamination  and  determine  the 
net  permeability  of  the  soil.  This  factor  can  then  be 
introduced  into  any  flow  models  used  to  evaluate 
corrective  measures  for  clean-up  of  a  site. 
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SYNOPSIS:  This  paper  relates  to  the  conversion  of  a  disused  water  reservoir  into  a  landfill 
site  for  domestic  and  industrial  refuse.  The  reservoir  was  initially  subdivided  into  four 
cells  (by  using  earth  bunds)  and  three  of  the  cells  have  been  successfully  prepared  and  filled. 
The  fourth  cell  is  the  largest  and  presents  the  greatest  number  of  geotechnical  problems,  the 
major  one  being  the  problem  of  ensuring  that  leachate  does  not  escape  into  the  groundwater. 

The  first  owner  of  the  site  removed  natural  clay  from  various  parts  of  the  reservoir  base  to 
seal  the  first  three  cells.  In  doing  so  he  exposed  water-bearing  sandstones,  mudstones  and 
badly-shattered  shales  and  ground  water  is  now  issuing  freely  from  these  strata.  Standpipes 
in  the  base  of  the  completed  cells  indicate  a  significant  artesian  pressure  in  the  groundwater 
and  sealing  of  the  exposed  rocks  in  cell  4  represents  a  major  problem.  In  an  attempt  to  form 
a  low  permeability  seal  with  compacted  clay  temporary  pressure  relief  drains  have  been 
installed  to  connect  with  the  water  bearing  rocks.  However  closure  of  these  drains  may  lead 
to  excessive  uplift  pressure  and  rupture  of  the  seal  and  so  the  relief  drains  will  be  left 
open,  whilst  waste  is  placed,  until  they  can  be  safely  closed. 


THE  SITE 

The  site  is  a  disused  water  reservoir  which 
is  being  converted  into  a  disposal  area  for 
domestic  and  industrial  refuse  -  a  gener»l 
plan  of  the  location  is  shown  in  figure  1. 
The  reservoir  lies  in  a  natural  valley  with 
the  ground  falling  generally  from  North  to 
South.  When  the  reservoir  was  no  longer 
required  it  was  drained  and  the  dam,  which 
consists  of  a  puddle  clay  core  with  boulder 
clay  shoulders,  was  breached. 

Although  there  are  no  records  of  the 
construction  of  the  reservoir  a  deep  well 
was  sunk  (at  position  W)  to  supplement  the 
natural  inflow  into  the  catchment.  During 
the  boring  of  this  hole  the  observed  ground 
stratigraphy  was  4.5ft  (1.37m)  of  soil  and 
clay  overlying  water-bearing  bands  of 
fissured  shale,  sandstone  and  gritstone.  A 
limited  hand  auger  survey  in  the  basin  of 
the  site  confirmed  that  the  ground  profile 
consisted  of  a  relatively-thin  layer  of 
clay  overlying  water  bearing  shattered 
shale  and  fissured  sandstone.  The 
thickness  of  the  clay  varied  from  2.5  ft 
(0.76m)  in  the  bottom  of  the  valley  to 
12.8ft  (3.9m)  at  the  edges.  Both  the 
ground  level  and  the  underlying  rocks  rise 
from  South  to  North  and  to  the  North  of  the 
site  the  fissured  sandstone  forms  the  bed 
of  the  stream  which  fed  the  reservoir.  The 
foothills  of  the  Pennines  are  approximately 
2  miles  (3.2km)  North  of  the  site.  The 
auger  holes  revealed  an  artesian  pressure 
in  the  shale  and  sandstone  and  groundwater 
issues  were  visible  at  several  locations  in 
cell  4. 
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To  develop  the  site  for  refuse  disposal  the 
local  authority  required  that  the  basin  of 
the  reservoir  should  be  sealed  by  the 
establishment  of  either  an  impermeable 
membrane  or  a  low  permeability  clay  liner. 
The  clay  liner  has  to  have  a  minimum 
thickness  of  lm  and  a  permeability  of  not 
greater  than  10-  cm/sec.  Falling  head 
permeability  tests  showed  that  for  certain 
areas  of  the  site  the  naturally-occurring 
clay  had  a  suf ficiently-low  permeability  to 
act  as  a  partial  sealing  layer.  In 
addition  compaction  permeameter  tests 
confirmed  that  clay  was  available  on  site 
which  could  be  compacted  to  achieve  the 
requisite  permeability.  The  first  owner 
of  the  site  opted  to  install  a  clay  liner 
for  two  reasons: 

i)  There  was  sufficient,  suitable  clay  on 
site  -  in  fact  in  some  parts  there  was 
a  naturally-occurring  partial  clay 
liner. 

ii)  The  clay  liner  option  was  very  much 
cheaper  than  installing  an  impermeable 
membrane  which  would  itself  have  to  be 
contained  within  low-permeability  clay 
layers. 


INITIAL  SITE  DEVELOPMENT 

The  initial  development  of  the  site  was 
undertaken  by  a  person  who  had  no 
experience  of  waste  management  or 
earthworks  and  as  described  in  an  earlier 
paper  (Sarsby  1987)  his  first  attempts  at 
forming  a  clay  liner  had  resulted  in  much 
good  quality  clay  being  contaminated  and 
wasted.  Cells  1  to  3  were  eventually 
lined  and  filled  with  waste  but  in  the 
process  the  problems  associated  with  cell  4 
(by  far  the  largest  cell)  were  greatly 
exacerbated.  The  problems  were: 

1)  Partial  loss  of  naturally  occurring 

clay  seal.  To  line  cell  3,  and  to 
form  containment  bunds,  clay  was 
removed  indiscriminantly  from  cell  4's 
basin  so  that  the  thickness  of  the 
natural  clay  seal  varied  randomly  over 
the  site  and  in  many  places  its 

thickness  was  reduced  well  below  the 
necessary  one  metre.  In  addition 
earthmoving  had  taken  place  whatever 
the  weather  and  the  wheels  of  the  plant 
had  created  deep  ruts  which  had 
penetrated  through  the  clay,  thus 
creating  leakage  points. 

2)  Exposure  of  underlying  water-bearing 
strata. 

The  underlying  shales  and  sandstone  had 
been  uncovered  and  groundwater  issues 
created  (as  indicated  in  figure  2)  due 
to  removal  of  clay  for  use  in  cell  3 
and  due  to  'rutting'  and  'bogglng-down' 
of  earth  moving  plant.  These  issues 
created  large  ponds  a  3  miniature 
stream  courses  at  many  locacions  within 
the  basin  of  cell  4. 

3)  Clay  could  not  be  placed  and  compacted 
to  the  required  degree  where  there  was 
standing  or  running  water.  The 
natural  moisture  content  of  the  ln-situ 
clay  was  significantly  greater  than 
the  optimum  value  and  adding  water  and 


then  kneading  the  soil  (as  in  field 
compaction)  rapidly  causes  the  clay  to 
degenerate  to  mud  -  as  discovered  by  the 
site  developer.  The  North-West  of  England 
has  a  damp  climate  which  severely 
restricts  the  times  when  earthworks  can 
be  undertaken.  Even  during  the  drier 
parts  of  the  year  the  numerous  ground 
issues  meant  that  there  was  always  a  lot 
of  standing  water  on  the  site. 

4)  The  development  of  high  uplift  pressure 
from  the  groundwater.  Extrapolation  of 
the  pumping  data  from  well  W  indicated 
that  the  steady-state  water  level  in  the 
borehole  would  be  close  to  the  ground 
surface  -  the  top  of  the  well  being 
approximately  12m  above  the  lowest  point 
of  cell  4.  A  standpipe  had  been 
installed  to  measure  the  development  of 
head  in  the  shales  underlying  cell  3. 
When  this  cell  was  sealed  the  water  level 
in  the  standpipe  rose  fo  2.8  ft  (0.86m) 
above  the  lowest  part  of  the  clay  seal, 
i.e.  6.8  ft.  (2.07m)  above  original 
ground  level.  This  head  rise  had  occurred 
despite  the  fact  that  issues  in  cell  4 
were  acting  as  pressure  relief  points. 
With  cell  4  sealed  it  was  estimated  that 
the  underlying  head  could  rise  to  8m 
above  ground  level .  If  there  was 
insufficient  weight  on  top  of  the  seal  at 
this  stage  then  uplift  and  consequential 
fracture  of  the  liner  would  occur. 

5)  There  appeared  to  be  insufficient  clay  on 

site  for  the  completion  of  the  liner  in 
cell  4.  Importation  of  material  would 

be  very  costly  since  there  was  no 

suitable  source  in  the  immediate  vicinity 
and  the  use  of  an  impermeable  liner  would 
be  even  more  costly  (even  if  such  a  liner 
were  only  used  over  part  of  the  area) . 
Even  if  an  impermeable  membrane  were  used 
then  sealing  clay  would  need  to  be  placed 
above  and  below  it  as  a  'fail-safe' 

measure  against  puncture  of  the  membrane. 

Shortly  after  the  Writer  commenced  an 
investigation  of  the  extent  of  the  natural 
liner  and  the  availability  of  additional  clay 
on  site  the  developer  went  bankrupt.  The 
new  owner  then  requested  a  feasibility  plan 
to  be  drafted  for  the  the  completion  of  cell 
4  using  on-site  materials  if  at  all  possible. 


TREATMENT  OF  CELL  4 
Availability  of  clay 

The  first  thing  to  be  done  was  to  identify 
the  zones  where  there  was  already  an  adequate 
natural  liner  (low  permeability  clay  not  less 
than  lm  thick)  and  the  zones  where  additional 
clay  was  required  -  as  shown  in  figure  2. 
This  investigation  was  undertaken  by  hand 
auger.  "Undisturbed"  samples  of  clay  were 
taken  using  a  4"  (102mm)  diameter  cutter 
driven  into  the  ground  to  obtain  a  plug  of 
soil  approximately  4%"  (114mm)  long  which  was 
then  subjected  to  a  falling  head  permeability 
test.  All  of  the  samples  tested  had 
permeabilities  in  the  range  0.10  to  0.60  x 
10”  cm/sec.  so  that  this  material  would 
satisfy  the  local  authority  requirements  for 


( 


< 


< 

i 


76 


Zone  A:  Natural  liner  =  0  to0-5m  thick -more  clay  needed 
Zone  B=  "  »  =0-5to1'0m  »  >•  -  • 

Zone C'-  *  *  =  10to15m  ”  -  sotisfaclory 

ZoneD:  "  "  =  greater  than  1-5  m  thick  -  source  of 

suitable  clay 


Zone  E=  Dam  breach  1=  Groundwater  issue 


Fig.  2  Cell  4 
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sealing  clay.  Furthermore  it  was  estimated 
that  the  volume  of  suitable  clay  was  just 
sufficient  for  the  completion  of  a  lm  thick 
sealing  blanket  over  the  whole  cell  and  the 
construction  of  a  clay  core  within  the  dam 
breach.  This  balancing  of  volumes  would 
only  apply  if;  (a)  clay  could  be  excavated 
from  one  part  of  the  cell  and  then  be 
compacted  elsewhere-  to  achieve  a  maximum 
permeability  of  10"  cm/sec,  and;  (b)  there 
was  no  further  wastage  of  suitable  clay 
material . 

Compaction/Permeability  Control 

Random  samples  were  taken  from  the  'borrow' 
areas  of  the  site  and  were  subjected  to 
compaction  and  permeability  tests  to  provide 
both  a  specification  for  placement  of  the 
clay  and  a  rapid  means  of  checking  that  the 
liner  would  have  the  requisite  permeability. 
Dry  density /moisture  content  relationships 

were  established  in  accordance  with  the 

procedures  contained  in  BS  1377  (1976).  For 
each  sample  relationships  were  derived  for 
both  standard  compaction  (Proctor)  and  heavy 
compaction  (modified  A.A.S.H.O.  test) .  The 
resultant  compact  curves  are  shown  in  figure 
3.  For  each  type  of  test  the  six  soil 
samples  gave  very  similar  compaction  curves. 
The  effect  of  increased  compactive  effort  is 
to  increase  the  maximum  dry  density  and 
reduce  the  optimum  moisture  content.  However 
on  the  'wet  side'  of  optimum  there  is  close 
correspondence  between  the  data  obtained  from 
the  two  types  of  test.  The  natural  moisture 
content  of  the  clay  ranged  from  13.5  to 
17.6%,  i.e.  wet  of  optimum  and  in  the  region 
where  both  standard  and  heavy  compaction  gave 
virtually  identical  dry  unit  weight  values. 

Since  the  compaction  curves  for  the  samples 
were  very  similar  it  was  decided  to  establish 
the  variation  of  permeability  with  compaction 
state  for  only  one  clay  (sample  1)  using  both 
standard  and  heavy  compaction.  For  the 
other  samples  the  coefficient  and 
permeability  was  only  determined  for  optimum 
and  natural  moisture  content  under  both 
standard  and  heavy  compaction.  The 

permeability  was  determined  using  compaction 
permeameters  into  which  the  rlay  was 
compacted,  at  a  specific  moisture  content,  in 
accordance  with  the  requirements  of  BS  1377. 
To  saturate  the  samples  gentle  vacuuming  was 
employed  so  that  water  was  drawn  up  through  a 
specimen. 

The  results  from  the  permeability  test 
programme,  which  are  presented  in  figure  4, 
agree  with  the  trends  reported  by  Daniel 
(1984) .  The  data  show  several  important 
points  : 

i)  On  the  'dry  side  of  optimum'  the 

coefficient  of  permeability  (k) 
increases  rapidly  as  moisture  content 
and  dry  unit  weight  decrease. 

ii)  Minimum  permeability  is  obtained  when 

the  clay  is  compacted  slightly  'wet  of 
optimum' . 

iii)  On  the  'wet  side  of  optimum'  the 

permeability  is  virtually  independent  of 
moisture  content  (at  preparation)  or  dry 
unit  weight. 

iv)  Increased  compactive  effort  decreases 

the  permeability  -  in  this  case  by  a 
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Fig. 4  Effect  of  Moisture  Content  on  Peraeabiiity 

factor  of  approximately  3  in  going  from 
standard  to  heavy  compaction  . 

v)  Clay  compacted  at  natural  moisture 
content  had  a  permeability  less  than 
10  css/sec. 

As  a  consequence  of  the  preceding  findings 
it  was  agreed  with  the  Local  Authorities 
that  quality  control  of  the  liner  (as 
regards  permeability)  would  be  undertaken 
by  monitoring  the  dry  density  and  moisture 
content  of  the  compacted  clay.  To  be 
acceptable  the  material  would  have  to  be 
wet  of  Proctor  optimum  and  have  a  dry  unit 
weight  not  less  than  that  obtained  from 
standard  compaction  at  that  moisture 
content.  In  addition  samples  of  the 
compacted  clay  would  be  taken  for 
permeability  testing  (as  each  part  of  the 
cell  was  prepared) . 

Groundwater  control 

To  be  able  to  place  the  clay  liner 
satisfactorily  standing  and  running  water 
had  to  be  eliminated  from  the  cell.  The 
easiest  way  to  do  this  would  be  to  collect 
the  groundwater  within  relief  drains, 
discharge  the  water  from  site,  and  compact 
the  clay  liner  over  the  drains.  However 
the  Local  Authorities  will  not  accept 
permanent  underdrainage  to  a  refuse  site  in 
case  the  liner  leaks  and  hence  pollutes 
groundwater  and  stream  courses. 

Unfortunately  any  relief  drains  could  not 
be  closed  immediately  after  preparation  of 
the  liner  as  the  induced  uplift 


from  the  ground  water  would  fracture  the  clay 
seal  -  the  clay  was  only  la  thick  and  the 
anticipated  uplift  head  was  about  Sa  maximum. 
To  overcome  these  problems  the  following 
method  of  operation  was  proposed: 

i)  Connect  all  issues  to  relief  drains  and 
lead  these  to  a  central  collection  point 
(the  freshwater  chamber) .  Water  is 
then  discharged  from  this  point  to  a 
stream  to  the  South  of  the  site. 

ii)  Complete  the  clay  liner  while  the 
grou  ewater  is  being  discharged  freely. 

iii)  Test  the  integrity /inpermeability  of  the 
liner  by  applying  an  excess  head  to  the 
groundwater,  i.e.  raise  the  level  of  the 
outlet  from  the  relief  drains.  The 
head  to  be  applied  (0.3m  above  ground 
level)  is  insufficient  to  lift  the  liner 
and  has  to  be  maintained  for  a  minimum 
of  28  days.  If  leaks  develop  in  the 
liner  these  should  be  eliminated  (with 
the  excess  head  removed)  and  then  the 
whole  liner  shonld  ba  re-tested  for  28 
days  and  so  on  until  no  leakage  occurs. 

iv)  Commence  reinstatement  of  the  breached 
dam  so  that  the  fill  in  the  breach  is  at 
least  3m  above  the  floor  level  of  cell  4. 

v)  When  the  liner  has  passed  the  pressure 
test  install  leachate  drains  and 
commence  construction  of  the  leachate 
chimney. 

vi)  Place  waste  in  the  cell  and 
simultaneously  raise  the  level  of  the 
outlet  in  the  freshwater  chamber  so  that 
the  groundwater  head  is  always  0.5s 
above  the  surface  of  the  refuse.  Check 
the  purity  of  the  water  in  the  chamber 
and  if  it  is  clean  discharge  it  into  the 
stream  to  the  South  of  the  site. 

vii)  Once  the  level  of  water  in  the  outlet 
pipe  becomes  static,  i.e-  there  is  no 
further  overflow  of  groundwater,  close 
the  relief  drains  off  and  seal  the 
freshwater  chamber.  The  cell  can  then  be 
completed  in  the  usual  manner. 

The  proposal  was  accepted  by  the  authorities 
for  several  reasons 

a)  It  enables  the  whole  of  the  clay  liner 
to  be  pressure  tested  for  leaks  and 
imperfections . 

b)  The  groundwater  pressure  is  controlled 
so  that  it  never  exceeds  the  overburden 
thus  preventing  lift  and  fracture  of  the 
liner. 

c)  The  groundwater  pressure  will  always  be 

greater  than  the  pressure  in  the 
leachate  inside  the  cell  (due  to  regular 
pumping  from  the  leachate  chimney)  so 
that  there  will  be  no  tendency  for 

leachate  to  flow  out  of  the  cell  if  the 
liner  becomes  porous. 

d)  During  filling  of  the  cell  the  purity  of 

the  groundwater  is  checked  so 

contamination  would  be  quickly  detected. 

e)  If  the  groundwater  does  ever  become 

polluted  then  the  problem  can  be 
contained  by  opening  the  outlet  pipe  in 
the  freshwater  chamber.  This  chamber 

will  consist  of  a  permanent  manhole 

built  into  the  dam  just  downstream  of 
the  central  clay  core.  If  the  outlet 
pipe  is  opened  at  its  lowest  level,  i.e. 
the  bottom  of  the  manhole,  and  the 


chaaher  is  punped  out  then  groundwater  will 
flow  to  the  chaaber  since  it  is  the  lowest 
point  in  the  s vs tec.  Thus  polluted  water 
would  be  drawn  to  the  outlet  frost  whence  it 
would  be  taken  for  treatment. 


WORK  UNDERTAKE* 

Figures  5  and  6  shew  general  views  of  cell 
4  after  completion  of  clay  lining.  In 
figure  5  the  original  dam  is  in  the 
right-hand-side  of  the  picture.  The  breach 
is  approximately  half-way  along  the 
embankment  and  has  a  shallow  bund  in  front 
of  it  so  that  reinstatement  of  the  daa  can 
be  ccsrssenced.  The  upstream  slope  of  the 
das  is  currently  1  on  2*  but  this  will  be 
cut  back  to  1  on  2  to  provide  fil 1  for  the 
breach.  Figures  5  and  6  show  the 
proximity  of  the  site  to  residential 
properties.  The  view  in  figure  6  was 
taken  frea  the  South-East  corner  of  the  das 
with  the  bunc  between  cell  3  and  4  being  on 
the  right-hand-side  of  the  picture.  The 
water  in  the  basin  of  cell  4  is  not  fro* 
ground  water  issues  but  is  due  to  rainfall 
(Manchester  and  the  North-West  being  a 
notoriously  damp  part  of  England) . 

Data  from  tests  on  the  compacted  clay  of 
the  liner  are  presented  in  figure  7.  The 
earthworks  were  undertaken  using  an 
'end-result  specification',  i.e. 
acceptability  of  the  work  is  based  on  the 
end  result  rather  than  on  strict  adherence 
with  a  specified  method  of  working. 
Quality  control  was  undertaken  by 
specifying  that  the  clay  should  be 
compacted  in  accordance  with  the  relevant 
Department  of  Transport  specification 
(1976)  as  regards  weight  of  compaction 
plant,  number  of  passes  of  the  roller,  etc. 
Quality  assurance  was  achieved  by  checking 
that  the  compacted  clay  had  the  appropriate 
moisture  content  and  density  values  (as 
stated  previously'  together  with  a  limited 
number  of  permeability  tests  and  pressure 
testing  of  the  completed  liner.  After 
placement  all  of  the  material  was  well  wet 
of  Proctor  optimum  with  dry  unit  weight 
values  close  to  the  theoretical  curve  for 
100%  saturation  -  the  compacted  clay  was 
generally  denser  than  the  laboratory 
samples  formed  using  either  standard  or 
heavy  compaction.  The  permeability  of  the 
field  specimens  is  in  keeping  with  the 
laboratory  data  obtained  for  heavy 
compaction  and  is  well  below  the  requisite 
10~  cm/sec.  These  data  vindicated  the 
method  used  for  the  quality 
assurance/control  of  the  clay  liner. 

To  collect  all  of  the  ground  water  issues  3 
major  relieve  drains  had  to  be  installed. 
At  the  location  of  each  weep  a  perforated 
section  of  pipe  was  inserted  into  the  line 
and  was  covered  with  a  granular  filter. 
Clay  was  then  compacted  by  hand  around  the 
drains  before  they  were  covered  by  the  full 
clay  liner.  The  pipes  were  brought  to  a 
common  junction  in  the  basin  of  the  cell 
from  where  the  single  4  ins  (102  mm  dia) 


Fig. 5  Cell  4  -  Looking  to  the  South-East 


Fig. 6  Cell  4  -  looking  Westwards 
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Fig.  8  Relief  Drain  Connection 


Fig.  9  Outlet  of  Relief  Drains 


Fig.  10  Leaks  through  the  liner 


drain  pipe  shown  in  figure  8  carried  the 
water  out  of  the  site  via  the  breach  in  the 
dam.  Figure  8  shows  a  section  of  the 
outfall  relief  pipe  in  between  the  clay- 
seal  and  the  temporary  bund  (on  the 
right-hand-side)  and  a  temporary  access 
across  the  breach  (on  the  left-hand-side) . 

The  temporary  outlet  of  the  relief  drains, 
set  to  induce  an  excess  head  of  1.6  ft 
(0.5m)  above  the  clay  liner,  is  shown  in 


figure  9.  The  left-hand  picture  shows  the 
drain  emerging  from  a  protective  steel  pipe 
under  the  temporary  access  across  the  breach. 
The  other  view  shows  the  outflow  from  the 
relief  drain  which  at  this  stage  was 
approximately  0.6  litres/second  (about  480 
gallons/hour) .  When  the  outlet  was  first 
raised  and  the  liner  was  pressure  tested  a  few 
leaks  were  detected  -  as  indicated  by  the 
bubbles  in  figure  10.  At  these  locations  the 
liner  was  dug  out  completely  and  carefully 
recompacted.  For  the  past  six  weeks  the  clay 
has  been  under  pressure  and  no  further  leaks 
have  been  detected.  Work  is  now  starting  on 
the  sealing  and  reinstatement  of  the  dam 
breach  and  it  is  anticipated  that  tipping  of 
refuse  will  commence  in  about  four  weeks  - 
during  the  whole  of  this  time  the  liner  will 
be  left  under  test. 


CONCLUSIONS 

A  method  of  forming  a  clay  liner  (for  a  land 
fill  site)  has  been  devised  to  overcome  uplift 
induced  by  groundwater  issues  at  a  particular 
site.  The  method  has  two  major  benefits; 
the  integrity  of  the  completed  liner  is 
checked  and;  leakage  of  leachate  from  the 
landfill  is  inhibited  by  the  positive 
groundwater  pressure  which  will  act  on  the 
exterior  of  the  liner  once  the  site  is 
filled.  Control  of  the  placement  of  the  clay 
liner  (to  achieve  the  requisite  low 
permeability)  was  undertaken  by  a  simple 
specification  based  on  bulk  unit  weight  and 
moisture  content  as  a  result  of  the  data 
obtained  from  an  extensive  laboratory 
programme  of  permeability  testing. 
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SYNOPSIS:  A  soil  bentonite  slurry  wall  was  designed  for  an  NPL  site  to  stop  further  migration  of 
chemicals  in  a  complex  aquifer  system,  and  to  facilitate  the  removal  of  possible  chemical  sources 
from  saturated  zones  beneath  the  site.  Pumping  from  within  the  slurry  wall  will  maintain  inward  and 
upward  hydraulic  gradients  and  thus  stop  further  lateral  or  vertical  migration  of  chemicals  from  the 
contained  area.  The  slurry  wall  was  constructed  under  an  exceptionally  detailed  Quality  Assurance/ 
Quality  Control  review  by  the  Contractor  and  two  independent  consulting  firms.  Ground  movements, 
vibration  levels  and  opacity  of  dust  produced  during  construction  were  monitored  for  compliance  with 
design  specifications.  It  was  made  a  condition  of  the  contract  that  no  hazardous  material  could 
leave  the  site.  Federal  regulations  required  all  persons  involved  in  site  work  to  have  health  and 
safety  training.  Careful  planning  and  close  liaison  between  the  Owner,  Engineer  and  Contractor  has 
enabled  the  slurry  wall  to  be  constructed  in  a  business  park  environment  around  an  operating  manufac¬ 
turing  facility  without  disruption  to  production. 


INTRODUCTION 

A  soil  bentonite  slurry  wall  was  constructed 
around  the  perimeter  of  a  facility  belonging 
to  the  Raytheon  Company  Semiconductor  Division 
(Ellis  Street  site) ,  Mountain  View,  California 
(Owner)  between  June  and  October,  1987. 
Although  a  large  number  of  soil  bentonite 
slurry  walls  have  been  installed  in  the  past 
for  dam  cut-offs  and  deep  open  excavations, 
this  soil  bentonite  wall  was  unique  in  that 
the  wall  was  constructed  in  a  business  park 
environment  around  an  operating  facility. 

This  setting  required  considerable  foresight 
in  the  preparation  of  contract  documents  and 
in  coordination  between  the  Contractor  and  the 
Owner  in  order  to  avoid  delays  to  either  party 
during  construction  of  the  slurry  wall. 

Pumping  from  within  the  slurry  wall  will 
maintain  inward  and  upward  hydraulic  gradients 
and  thus  stop  any  further  vertical  or  lateral 
migration  of  chemicals  from  the  contained 
area.  Wall  construction  was  accompanied  by  an 
exceptionally  detailed  Quality  Assurance/ 
Quality  Control  (QA/QC)  review  performed  by 
the  Contractor  and  two  consulting  firms. 


SITE  DESCRIPTION 

The  site  is  situated  in  Mountain  View, 
California,  ("Silicon  Valley"),  between  San 
Francisco  and  San  Jose,  and  was  placed  on  the 
National  Priorities  List  (NPL) ,  owing  to  the 
presence  of  chemicals  in  the  ground  and  ground 
water.  The  site  is  at  approximately  fifty 
feet  above  sea  level,  with  a  drop  in  grade  of 
approximately  nine  feet  between  the  south  west 
and  north  east  corners.  The  site  measures 
approximately  1000  feet  by  840  feet,  and  is 
shown  on  Figure  1. 

The  Ellis  Street  facility  is  a  one  story 
building  where  semiconductor  products  are 


manufactured.  The  building  contains  equipment 
sensitive  to  vibrations  and  dust,  and  the 
facility  is  supplied  with  several  underground 
and  overhead  utilities.  Access  to  the  Ellis 
Street  facility  was  by  three  entrances  from 
Ellis  Street,  and  an  interbuilding  access  from 
an  adjacent  Raytheon  plant  on  Middlefield  Road 
to  the  south  of  the  Ellis  Street  site.  Two 
other  buildings  exist  on  the  south  side 
adjacent  to  the  Ellis  Street  site,  and  a  soil 
bentonite  wall  forty  feet  deep  had  previously 
been  installed  on  a  neighboring  property,  at  a 
distance  of  approximately  twenty  feet  from  the 
west  property  line.  A  multistory  building 
exists  along  most  of  the  length  of  the  north 
boundary.  Immediately  in  front  of  and  along 
the  sides  of  the  Ellis  Street  facility  the 
area  is  paved.  The  western  half  of  the 
Raytheon  property  is  an  undeveloped  open  area. 


SUBSURFACE  CONDITIONS 

The  site  had  been  thoroughly  investigated  by 
Raytheon,  by  drilling  over  200  boreholes  and 
installing  over  100  monitoring  or  extraction 
wells  to  characterize  the  soil  and  ground 
water  from  a  hydrogeological  and  chemical 
point  of  view.  Most  of  the  investigations 
were  oriented  to  chemical  identification,  and 
sampling  was  performed  with  a  3.0  inch  O.D. 
California  drive  sampler,  to  provide  six  inch 
long  samples  for  chemical  analysis  using  an 
on-site  gas  chromatograph.  The  chemicals 
detected  were  essentially  volatile  organic 
compounds  (VOC) ,  in  concentrations  less  than 
37  parts  per  million  (ppm)  in  the  soil  in  the 
vicinity  of  the  slurry  wall  and  less  than  200 
mg/1  in  the  ground  water  (Golder  Associates, 
1987) .  The  chemicals  detected  most  frequently 
were  trichloroethylene  (TCE)  and  1,2-dichloro- 
ethylene  (1,2-DCE). 
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Investigations  at  the  Ellis  Street  site  and  at 
neighboring  facilities  show  the  area  to  be 
underlain  by  a  complex  succession  of  medium 
dense  to  dense  interbedded  clays,  silts,  sands 
and  gravels. 

The  grain  size  distribution  of  soil  samples 
have  a  D6o  (the  grain  size  diameter  larger 

than  60  percent  of  a  soil  sample  by  weight) 
between  30  and  0.02  mm  and  a  D10  between  0.5 

and  less  than  0.0006  mm.  The  fine  grain 
samples  have  Atterberg  limits  above  the  "A" 
line. 

A  typical  interpreted  soil  section  through  the 
site  is  presented  in  Figure  2.  The  con¬ 
tinuity,  thickness,  and  areal  extent  of  the 
strata  are  highly  variable,  with  many  units 
thinning  or  pinching  out.  In  general,  the 
soils  beneath  the  site  can  be  categorized  into 
five  major  water  bearing  zones;  A,  Bl,  B2, 

B3,  and  C  (Figure  2). 

Prior  to  construction,  the  groundwater  surface 
was  approximately  twenty  feet  below  ground 
surface  with  the  horizontal  hydraulic  gradient 
generally  to  the  north  in  all  aquifer  zones. 
The  vertical  gradients  were  upward  within  the 
A  and  B  aquifer  zones,  but  downward  across  the 
B/C  aquitard  due  to  pumping  for  water  supply 
from  the  C  aquifer.  With  the  possible 
exception  of  the  B/C  aquitard,  all  other 


aquitards  are  considered  to  show  some  degree 
of  interconnection  end  leakage. 


SLURRY  WALL  DESIGN 

Based  upon  the  results  of  the  extensive 
investigations  at  the  site,  a  number  of 
alternatives  were  evaluated  for  Interim 
Remedial  Action,  including  excavation, 
groundwater  control,  and  slurry  wall  with 
pumping  from  within  the  contained  area.  The 
installation  of  a  slurry  wall,  together  with 
pumping  to  maintain  inward  and  upward  hydrau¬ 
lic  gradients  was  considered  the  best  alterna¬ 
tive  to  satisfy  the  objective  of  stopping 
further  migration  of  chemicals  from  the  site, 
protecting  underlying  aquifers  and  facilitat¬ 
ing  removal  of  possible  chemical  sources  in 
saturated  soils  beneath  the  site.  An  addi¬ 
tional  important  requirement  was  that  the 
plant  remain  operational  during  all  stages  of 
construction  and  operation. 

Conventionally,  slurry  walls  have  been  tied  in 
to  a  less  permeable  horizon  for  containment. 
After  reviewing  and  assessing  the  site  data, 
it  was  decided  that  this  would  not  meet  the 
remedial  objectives.  A  novel  concept  was 
therefore  developed  in  which  the  wall  would  be 
constructed  to  a  predetermined  depth  around 
the  site  to  act  as  a  curtain  within  which 
pumping  would  accentuate  inward  and  upward 
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EXPLANATION 
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FIGURE  2.  Typical  Geological  Cross  Section  (Along  North  Property  Line) 


hydraulic  gradients  and  so  stop  further 
offsite  migration  of  chemicals  within  the 
impacted  zones  (Figure  3) . 

Extensive  design  studies  were  undertaken, 
including  2-D  and  3-D  computer  modeling  of 
groundwater  flow  to  confirm  the  utility  of  the 
novel  design  concept  and  to  determine  the 
optimum  wall  depth.  To  ensure  that  the  wall 
would  accentuate  upward  gradients  across  the 
aquitards  beneath  the  site,  it  was  determined 
that  a  maximum  hydraulic  conductivity  of 

1  x  10-7  cm/sec  was  required. 

Utilities 

Twenty  six  utilities  were  identified  that 
would  be  affected  by  wall  construction.  In 
addition  to  water,  sewerage,  and  storm  water 


drainage,  the  Ellis  Street  facility  is 
supplied  with  piped  hydrogen,  nitrogen  and 
de-ionized  water,  and  underground  data  cables 
linked  it  to  an  adjacent  Raytheon  building. 

It  was  decided  to  perform  utility  diversions 
before  the  start  of  the  slurry  wall  construc¬ 
tion,  under  a  contract  separate  from  the 
slurry  wall  contract.  Underground  utility 
diversions  were  designed  to  withstand  acciden¬ 
tal  impact  from  the  slurry  wall  excavation 
equipment.  Overhead  utility  diversions  were 
to  provide  enough  clearance  for  normal  site 
and  Contractor  truck  traffic,  and  to  be 
demountable  to  allow  the  passage  of  large 
excavating  equipment. 

Potential  contractors  were  consulted  on  the 
feasibility  of  utility  protection.  A  15  feet 
clearance  under  a  utility  bridge  on  the  south 


side  of  the  site  was  provided,  and  underground 
utilities  across  the  slurry  trench  alignment 
were  encased  in  reinforced  concrete  sleeves. 
The  utility  conduits  were  consolidated  to 
minimize  separate  crossings  of  the  slurry 
wall.  The  slurry  wall  was  located  about  30 
feet  from  the  property  boundary  to  leave 
enough  space  between  construction  equipment 
and  overhead  electric  lines  in  a  public 
utility  easement  around  the  site. 

The  site  also  contained  a  large  number  of 
extraction  and  monitoring  wells  that  had  to 
function  during  slurry  wall  construction.  The 
slurry  wall  contractor  was  responsible  for 
protecting  all  wells  or  instrumentation  more 
than  ten  feet  from  the  edge  of  the  slurry 
wall.  Wells  within  ten  feet  of  the  slurry 
wall  alignment  were  abandoned  by  grouting  in 
accordance  with  the  requirements  of  the  Santa 
Clara  Water  District. 


Specifications 

A  considerable  amount  of  effort  went  into  the 
preparation  of  the  specifications  for  the 
slurry  wall  construction  particularly  as  there 
was  no  published  precedent  for  slurry  wall 
construction  in  constraints  of  the  kind  at  the 
Ellis  Street  facility.  It  was  decided  from 
the  outset  that  wall  construction  should  be 
carried  to  a  minimum  performance  specification 
for  the  wall  materials,  and  that  the  Contrac¬ 
tor  would  be  responsible  for  providing  a 
detailed  and  thorough  QA/QC  program. 

The  bentonite  slurry  in  the  trench  was 
specified  to  have  a  minimum  density  of  70 
pounds  per  cubic  foot  (pcf)  instead  of  the 
usual  65  pcf  in  order  to  reduce  notential 
ground  movements  during  excavatijn.  Bentonite 
was  to  be  stored  in  two  lined  ponds,  so  that 
it  would  be  easier  to  clean  out  the  ponds  at 
the  end  of  the  work. 


Prior  to  the  issue  of  the  final  bid  documents, 
tests  were  performed  to  demonstrate  that  it 
was  possible  with  the  materials  on  site  to 
provide  a  mix  meetirg  the  maximum  permeability 

requirement  of  10-7  cm/sec.  The  specifica¬ 
tions  defined  a  minimum  bentonite  content  of 
two  percent  for  the  firal  soil  bentonite  mix, 
but  gave  the  Contractor  the  responsibility  for 
the  mix  composition  to  meet  the  specified 
maximum  permeability.  The  wall  width  was 
defined  as  a  minimum  of  three  feet,  to  a  depth 
of  100  feet.  The  wall  had  to  be  horizontally 
continuous,  and  the  specifications  required 
excavation  and  backfilling  operations  to  be 
separated  by  a  distance  of  at  least  50  feet. 
The  specifications  allowed  the  Contractor  the 
freedom  to  decide  on  equipment,  although  it 
was  anticipated  that  he  would  use  a  backhoe 
and  clamshells.  Backfill  was  specified  to  be 
placed  from  the  surface,  which  is  usual  for 
this  kind  of  slurry  wall. 

The  contract  documents  required  that  only 
excavated  soil  with  VOC  concentrations  less 
than  0.5  ppm  could  be  used  in  the  backfill. 
This  was  to  avoid  the  potential  for  introduc¬ 
ing  chemicals  below  the  areas  currently 
affected.  The  extensive  investigations 
undertaken  prior  to  wall  design,  with  bore¬ 
holes  as  close  as  75  feet  and  samples  and 
chemical  analyses  every  5  feet,  provided  the 
designers  with  a  comprehensive  picture  of  the 
vertical  and  lateral  distribution  of  chemicals 
along  the  wall  alignment.  There  was  also 
provision  in  the  contract  documents  for  field 
checking  by  the  Engineer,  using  an  organic 
vapor  analyzer  (OVA) . 

The  Engineer's  method  to  evaluate  VOC  content 
involved  mixing  prescribed  volumes  of  soil  and 
distilled  water  in  a  glass  jar.  The  head 
space  above  the  mixture  was  sampled  with  the 
OVA  and  injected  into  the  gas  chromatograph 
(GC) .  A  strip  chart  recorder  provided  the 
signatures  of  the  chemicals  in  the  soil  sample 
which  were  then  compared  to  chromatograms  of 
standard  solutions  of  TCE  and  1,2-DCE.  Actual 
soil  concentrations  were  calculated  by  peak 
height  comparison  with  these  standards. 

Before  actual  excavation  began,  a  field 
program  was  performed,  with  samples  tested 
with  the  OVA  and  at  an  independent  laboratory 
using  the  EPA  method  8010  for  independent 
confirmation. 


In  view  of  the  sensitive  equipment  installed 
in  the  Ellis  Street  facility  and  other 
buildings,  the  specifications  set  maximum 
vibration  levels  at  the  buildings  that  were 
not  to  be  exceeded.  Vibrations  were  monitored 
for  construction  activities  that  took  place 
approximately  100  feet  away  from  the  sensitive 
buildings.  The  maximum  allowable  vibration 
levels  are  given  below: 


Frequency 


Acceleration 


>  500  Hz 
50  -  500  Hz 
5-50  Hz 
shocks 


2.0  g. 

1.0  g. 

0.2  g. 

2.0  g.  for  10  milliseconds 


Concern  was  expressed  for  the  problems  that 
could  arise  from  dust  produced  by 
construction.  After  considerable  research,  it 
was  decided  to  adopt  the  Environmental 
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Protection  Agency  (EPA)  opacity  standards  used 
for  smoke  stacks,  with  a  maximum  intensity  of 
20  percent. 

One  of  the  most  important  practical  conse¬ 
quences  of  the  site  being  on  the  NPL  was  that 
the  wall  construction  would  be  under  29  CFR 
Part, 1910,  which  requires  health  and  safety 
training  for  all  persons  involved  in  site 
work.  The  specifications.  required  all  persons 
on  site  to  have  level  D  safety  protection, 
with  equipment  available  for  all  persons  to 
wear  level  C  protection.  Each  employer  was 
made  responsible  for  the  health  and  safety  of 
his  own  staff. 

It  was  made  a  condition  of  the  contract  that 
no  hazardous  material  could  leave  the  site. 
Although  the  work  would  be  performed  in 
summer,  when  rainfall  was  usually  negligible, 
allowance  had  to  be  made  to  contain  run  off 
from  an  exceptional  storm.  Calculations  were 
made  to  estimate  the  surface  run-off  from  a 
storm  with  a  25  year  recurrence  interval.  The 
potential  for  run-off  led  to  the  requirement 
to  isolate  the  site  with  a  earthen  berm  three 
i'-et  high.  The  design  therefore  included 
suites  for  stormwater  collection,  with  a 
pumping  system  to  transfer  the  water  to  lined 
ponds  with  a  total  capacity  of  approximately 
3,900  cubic  yards.  Provision  was  made  for  the 
collected  water  to  pass  through  settlement 
tanks  and  be  aerated  to  remove  any  VOC  before 
being  discharged  into  the  sewer  system.  As  it 
turned  out,  the  summer  was  dry,  and  no  run-off 
had  to  be  collected. 


Quality  Assurance 

The  specifications  defined  the  minimum  QA/QC 
testing  to  be  performed  by  the  Contractor. 

The  Engineer  reviewed  the  Contractor's  QA/QC 
test  results  and  independently  verified  these 
results  by  performing  separate  tests.  Another 
consultant  reviewed  the  test  results  of  the 
Contractor  and  the  Engineer  and  performed 
additional  permeability  tests. 

No  acknowledged  QA/QC  program  existed  for  EPA 
Superfund  sites  (JRB  Associates,  1984),  and 
therefore  a  high  testing  frequency  for 
monitoring  workmanship  and  material  proper¬ 
ties,  particularly  permeability  was  required. 
The  minimum  QA/QC  requirements  are  shown  in 
Table  1.  For  the  first  two  weeks  of  excava¬ 
tion  and  backfilling,  the  materials  testing 
frequencies  were  doubled.  The  philosophy  was 
to  be  able  to  identify  any  non-compliant 
materials  or  workmanship  as  early  as  possible, 
and  have  records  available  to  show  where  any 
such  materials  may  have  been  placed. 

Before  excavation  could  begin,  the  Contractor 
had  to  provide  a  detailed  QA/QC  plan  defining 
testing  and  remedial  actions  for  non-compliar.t 
materials.  The  Engineer  also  provided  a  QA/QC 
plan  that  was  reviewed  by  the  independent 
consultant.  The  Contractor  was  required  to 
provide  a  qualified  person,  specifically  for 
the  QA/QC  and  his  qualifications  were  to  be 
approved  by  the  Engineer.  The  Engineer  had 
four  employees  on  site  to  observe  the 
construction. 


TABLE  1.  Slurry  Wall  Quality  Assurance/Quality  Control  Testing  Specifications 


SOIL  BENTONITE  WALL 


Subiect 

Standard 

■  1  ■  1  ■  1  1  1  — ■ 

H 

Water 

pH 

Total  Hardness 

Per  water  source 
or  as  changes  are 
evident 

As  required  to  properly 
hydrate  bentonite  with 
approved  additives 

T 

E 

R 

Bentonite 

API  13A 

All  tests  needed 
to  show  compliance 
to  API  13A 

1  per  truckload 

Premium  grade  sodium 
catopm  montmorillonite 

A 

L 

S 

Clay 

ASTM  D1140 
(modified) 

%  Passing  #200 

1  per  500  cy  at 
least  once/shif-c 

As  measured 

ASTM  L.L.  D423 
P.L.  D424 

Plasticity  Index 

1  per  500  cy  at 
least  once  per/shift 

As  measured 

Ponds 

API  Std.  13B 

Viscosity 

2  per  shift/pond 

Min.  40  sec.  Marsh 
@  68F 

L 

U 

£ 

Unit  Weight 

2  per  shift/pond 

Max.  85  lb/cu.  ft. 

Min.  63  lb/cu.  ft. 

R 

Y 

API  Std.  13 B 

Filtrate  Loss 

1  per  shift 

Loss  <25  cc  in  30  min. 

@  100  psi 

Trench 

API  Std,  13B 

Viscosity 

2  per  shift 

Min.  40  sec.  Marsh 

API  Std.  13B 

Unit  Weight 

2  per  shift  § 
two  elevations 

Max.  85  lb/cu.  ft. 

Min.  70  lb/cu.  ft. 
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TABLE  1  (Continued) 


SOIL  BENTONITE  WALL 


Standard 

Trench 

See  Section 

Permeability 

l  per  500  cy. 

10-7  cm/sec 

2.9.2 

(laboratory) 

at  least  once 
per  shift 

B 

Permeability 

10  in  situ  tests 

10-7  cm/sec 

A 

(field) 

plus  one  lab  test 

C 

on  sample  taken 

K 

from  each  in-situ 

F 

test  location 

L 

Trench 

ASTM  C-143 

Slump 

1  per  200  cy  and 

3"  minimum  - 

L 

at  least  once  per 
shift 

7"  maximum 

Trench 

See  Section 

Bentonite  Content 

1  per  200  cy  and 

2%  dry  weight  of 

at  least  once  per 
shift 

backfill 

Trench 

Unit  Weight 

1  per  200  cy  at 
least  twice  per 
shift 

15  lb/cu.  ft.  slurry 
unit  weight 

Trench 

See  Section 

Slope 

1  per  week 

No  irregularities  which 

2.9.2(D) 

are  not  backfill 

T 

Profile 

Depth  measurment 

Per  10  LF  of 

Min.  specified  key 

R 

j? 

excavation 

depth 

N 

C 

H 

Continuity 

Movement  of 
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The  Contractor  established  an  on  site  labora¬ 
tory,  equipped  to  perform  all  the  tests  in 
Table  1.  Most  of  the  tests  were  standard  for 
the  permeability  tests  the  consolidation 
pressure,  hydraulic  gradient,  apparatus  type, 
and  permeant  were  specified.  The  Engineer 
maintained  an  independent,  fully  equipped  on 
site  laboratory,  and  performed  testing  at 
approximately  one  half  the  frequency  required 
of  the  Contractor. 

Slurry  trench  depths  were  verified  at  ten  feet 
horizontal  intervals.  The  Contractor  main¬ 
tained  a  large  scale  elevation  drawing  of  the 
wall,  showing  excavation  and  backfilling 
progress  on  a  daily  basis  to  enable  any 
materials  found  later  as  non-compliant  to  be 
located . 

The  specification  provided  a  list  of  reporting 
items,  to  be  provided  in  weekly  reports.  Any 
non-compliant  items  were  discussed  at  daily 
progress  meetings  with  the  Owner,  Engineer  and 
Contractor. 


Instrumentation 

Three  inclinometers;  accelerometers  for 
vibration  monitoring  in  the  x,  y,  and  z 
directions;  and  a  number  of  settlement  points 
were  installed  around  the  site.  To  assess  the 
ground  movement  around  neighboring  buildings, 
the  inclinometers  were  placed  inside  the 


slurry  wall  equidistant  from  the  wall  as  the 
buildings  of  concern  or  in  between  the  wall 
and  the  building.  The  first  inclinometer  was 
placed  near  the  starting  point,  in  order  to 
have  early  information  on  ground  movements. 

The  inclinometers  were  read  as  part  of  the 
Owners  QA/QC,  and  the  results  were  reviewed  by 
the  Engineer. 

The  inclinometers  were  of  the  Sinco  type,  with 
10  foot  long  casings  3  inches  in  diameter. 

The  inclinometers  went  to  a  depth  of  150  Feet, 
and  were  surrounded  by  a  grout  mix  approved  by 
the  Santa  Clara  Water  District,  for  imperfect 
sealing  could  lead  to  communication  between 
the  aquifers. 


SLURRY  WALL  CONSTRUCTION 

Slurry  wall  construction  began  in  June  1987, 
and  the  wall  was  completed  by  the  end  of 
October.  The  Contractor  used  a  backhoe  with 
an  extended  boom  to  excavate  the  trench  to  a 
depth  of  approximately  50  feet.  Two  200  ton 
Manitowoc  cranes  were  used  with  the  12  ton 
clamshells,  to  excavate  the  trench  to  a  depth 
of  100  feet.  The  wall  perimeter  measured  over 
3400  feet. 

Backfill  was  mixed  in  a  mixing  pit,  by  placing 
a  volume  of  excavated  soil  that  had  been  mixed 
with  slurry  in  a  pit  of  known  volume.  The 
bentonite  was  added  from  sacks  submerged  in 
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the  pit,  which  considerably  reduced  the 
problems  associated  with  dust.  The  backfill 
was  mixed  in  the  pit  with  a  backhoe,  which  was 
also  used  to  load  the  final  mix  into  trucks. 
The  trucks  then  transported  the  backfill  to 
the  slurry  trench,  where  it  was  end  dumped 
onto  the  exposed  backfill  already  in  the 
trench.  This  caused  the  backfill  to  enter  the 
trench  ~y  continuous  failure  of  the  backfill 
slope,  and  thus  minimized  segregation  and  the 
chance  for  incorporating  slurry  pockets  in  the 
backfill.  This  method  of  handling  the 
excavated  soil  and  backfill  kept  the  site 
relatively  clean.  Tarpaulins  were  placed  over 
the  facades  of  adjacent  buildings,  and  no 
complaints  were  received  from  the  public  on 
site  cleanliness.  At  the  end  of  wall  con¬ 
struction,  the  excess  soil  was  stockpiled  and 
the  slurry  was  left  in  the  lined  ponds. 

Construction  of  the  slurry  wall  beneath  the 
buried  utilities  was  performed  carefully,  and 
it  is  to  the  Contractor's  credit  that  not  one 
utility  was  damaged.  After  the  start  of 
construction,  the  sequence  of  excavation  was 
changed  at  the  request  of  the  Owner.  This 
required  the  Contractor  to  use  bulkheads  of 
soil  to  support  different  elevations  of  slurry 
in  the  trench  across  the  site  where  there  was 
a  difference  in  grade  of  more  than  four  feet. 
Actual  wall  construction  led  to  the  phasing 
shown  in  Figure  4.  The  excavation  sequence 


Slurry  Wall 

Sequence  of 
Excavation 


FIGURE  4.  Slurry  Wall  Excavation  Sequence 

required  considerable  coordination  between  the 
Contractor  and  the  Owner  to  ensure  the 
facility  with  all  of  its  traffic  could  remain 
in  operation.  Construction  was  completed  on 
time  and  within  budget,  with  no  major  break¬ 
downs  or  mishaps. 


The  results  of  the  QA/QC  showed  that  no 
non-compliant  material  was  in  the  wall 
backfill.  All  the  permeability  test  results, 
which  are  shown  on  Figure  5,  were  well  below 
the  required  maximum. 


Required  v*Iu*.  Ims  than  IE-07  cm/*#c 


Permeability  (centimeters  per  second) 

I  Contractor  H  Engineer  n  Independent 

Data  i  Data  U  Consultant 

Data 

FIGURE  5.  Histogram  of  Permeability  Test 
Results  by  Laboratory 


Measurements  of  actual  soil  VOC  content,  as 
performed  on  the  excavated  soil,  showed  an 
excellent  correlation  with  the  anticipated 
concentrations  based  upon  boreholes  along  the 
wall  alignment.  Airborne  VOC  levels  were 
monitored  for  health  and  safety  purposes,  and 
level  C  protection  was  not  required  at  any 
time. 

Inclinometer  movements  showed  up  to  0.8  inches 
of  movement  towards  the  trench  during  excava¬ 
tion,  followed  by  an  outward  movement  below  20 
feet  depth  after  placing  the  backfill. 
Inclinometers  have  shown  movement  towards  the 
trench  subsequent  to  placing  the  backfill. 


Slurry  Wall  Effectiveness 

The  effectiveness  of  the  slurry  wall  was 
demonstrated  during  the  construction,  based 
upon  water  level  measurements  in  the  monitor- 
i>  x  wells.  Deep  well  pumping  continued  during 
wall  construction,  and  water  levels  in  the 
pumped  aquifers  within  the  contained  area 
dropped  as  soon  as  the  wall  was  near 
completion. 

CONCLUSIONS 

Extensive  QA/QC  testing  has  indicated  that  the 
slurry  wall  meets  the  specified  maximum 
permeability  requirements,  and  will  prevent 
further  offsite  migration  of  chemicals  in 
groundwater.  Careful  planning  and  close 
liaison  between  the  Owner,  Engineer  and 
Contractor  has  enabled  slurry  wall  technology, 
usually  applied  in  a  less  restrictive  setting, 
to  be  used  around  an  operating  manufacturing 
facility,  without  disruption  to  production. 
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SYNOPSIS:  Regulatory  agencies  are  looking  more  freguently  to  in  situ  field  hydraulic  conductivity 
tests  for  the  assessment  of  a  liner's  compliance  to  a  specified  hydraulic  conductivity.  Most 
field  tests  have  evaluated  hydraulic  conductivity  by  measuring  the  infiltration  rate  of  the  liner. 
The  infiltration  rate  can  be  used  to  arrive  at  a  hydraulic  conductivity  value  if  the  hydraulic 
boundary  conditions  of  the  test  can  be  identified  or  if  the  head  loss  at  different  depths  can  be 
measured . 

k  test  fill  of  a  clay  liner  was  evaluated  for  its  saturated  vertical  hydraulic  conductivity.  This 
taper  discusses  the  use  of  eight  tensiometers  to  measure  soil  suction  at  four  depths  beneath  a 
double  ring  infiltrometer.  The  hydraulic  conductivity  results  using  the  tensiometer  data  dis¬ 
played  good  consistency  and  agreed  well  with  laboratory  test  results. 


INTRODUCTION 

Hydraulic  barriers  of  compacted  soil  are  widely 
.  •'d  for  covering  vaste  disposal  facilities  and 
i  r  lining  solid  waste  landfills,  liguid  stor¬ 
age  ponds,  and  other  impoundments.  These  soil 
barriers  are  generally  made  of  naturally  clayey 
soil  or  a  soil/bentonite  mixture.  The  materi¬ 
als  used  for  these  clay  covers/liners  may  have 
to  conform  to  a  design  specification  such  as  a 
certain  plasticity  index  or  a  minimum  bentonite 
content,  however,  most  often  the  design  speci¬ 
fication  will  require  that  these  barriers  must 
have  a  hydraulic  conductivity  not  exceeding  a 
specified  value. 

The  determination  of  the  hydraulic  conductivity 
of  a  clay  liner  is  most  often  made  from  labora¬ 
tory  hydraulic  conductivity  tests,  but,  re¬ 
cently,  regulatory  agencies  are  looking  more 
frequently  to  field  hydraulic  conductivity 
tests  for  the  assessment  of  a  barrier's  compli¬ 
ance  to  a  specified  impermeability.  Field 
tests  may  be  receiving  more  attention  because 
it  has  been  suggested  that  laboratory  hydraulic 
conductivity  tests  underestimate  in  situ  hy¬ 
draulic  conductivity  (Daniel,  1984),  because 
field  tests  may  be  better  at  accounting  for  any 
hydraulic  defects  in  the  in  situ  barrier 
(Stewart  and  Nolan,  1987) ,  and/or  because  field 
tests  evaluate  hydraulic  conductivity  on  the 
scale  more  representative  of  the  hydraulic  bar¬ 
rier  (Day  and  Daniel,  1985b). 

Most  field  tests  have  evaluated  hydraulic  con¬ 
ductivity  by  measuring  the  infiltration  rate 
for  the  hydraulic  barrier.  The  infiltration 
rate  can  be  used  to  arrive  at  a  hydraulic  con¬ 
ductivity  value  if  the  hydraulic  boundary  con¬ 
ditions  of  the  test  can  be  identified  or  if  the 
head  loss  at  different  depths  can  be  measured 
(Daniel  and  Trautwein,  1986) . 

The  purpose  of  this  paper  is  1)  to  describe  the 
use  of  tensiometers  with  an  infiltrometer  test 
for  evaluating  the  hydraulic  condition  of  soil 


suction  (soil  tension),  2)  to  discuss  options 
utilizing  the  tensiometers,  and  3)  to  describe 
a  recent  field  test  where  an  infiltrometer  test 
using  tensiometers  was  conducted  witn  success. 
Before  proceeding,  a  clarification  of  terms  is 
necessary.  The  terms  permeability  and  hy¬ 
draulic  conductivity  are  often  used  inter¬ 
changeably.  strictly  speaking,  permeability  is 
a  property  of  the  soil  independent  of  the 
fluid.  However,  the  data  collected  from  field 
tests  is  often  a  measure  of  the  hydraulic  con¬ 
ductivity,  which  is  a  property  of  the  soil  and 
the  fluid  passing  through  it.  Therefore,  the 
term  hydraulic  conductivity  is  used  in  this  re¬ 
port. 


Infiltration  Test 

There  are  three  broad  categories  of  infiltra¬ 
tion  tests:  the  borehole  or  percolation  test, 
the  single  ring  infiltrometer,  and  the  double 
ring  infiltrometer.  Advantages  and  disadvan¬ 
tages  of  each  type  of  infiltration  test  are 
well  documented  (Day  and  Daniel,  1985b;  Daniel 
and  Trautwein,  1986) .  All  of  these  tests  mea¬ 
sure  the  loss  of  water  to  the  soil  as  infiltra¬ 
tion.  The  borehole  test  uses  the  change  in  the 
water  level  in  an  uncased  or  cased  hole.  A 
single  ring  infiltrometer  pools  the  water  above 
the  barrier  to  be  tested  and  reduces  the  ef¬ 
fects  of  lateral  infiltration  by  being  at  least 
as  wide  as  the  barrier  is  thick.  The  double 
ring  infiltrometer  minimizes  the  effects  of 
lateral  infiltration  by  having  cwo  pools  of  wa¬ 
ter.  A  large  pool  of  water,  surrounding  an  in¬ 
ner  pool  of  water,  is  the  source  of  all  water 
affected  by  lateral  infiltration.  The  loss  of 
water  through  the  inner  ring  is  used  to  deter¬ 
mine  the  infiltration. 


Description  of  Test  Apparatus 

As  an  extension  of  the  double  ring  infiltrome- 
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ter  described  above,  a  sealed  double  ring  in- 
filtrometer  featuring  a  covered  innar  ring  that 
eliminates  evaporation  as  a  flux  term,  has  leen 
developed  by  Trautwein  Soil  Testing  Equipment 
of  Houston,  Texas.  The  apparatus  consists  of 
two  rings:  a  fiberglass  rectangular  ring  ap¬ 
proximately  five  feet  to  the  side  (inner  ring) 
which  is  positioned  in  the  center  of  a  second 
rectangular  aluminum  iing  that  is  approximately 
twelve  feet  long  on  the  side  (outer  ring) .  Two 
sets  of  the  Trautwein  apparatus  were  used.  A 
schematic  of  the  test  layout  and  a  cross-sec- 
ticn  are  shown  in  Figure  1.  Both  rings  are 
2'ill-d  with  water,  and  the  loss  of  water  from 
the  inner  ring  is  measured  periodically  by 
weighing  a  flexible  bag  that  is  the  reservoir 
cf  water  for  the  inner  ring  (Figure  1) .  This 
water  loss  is  the  amount  of  water  that  has  in¬ 
filtrated  the  test  fill  beneath  the  inner  ring. 
The  water  level  in  the  outer  ring  is  maintained 
at  a  level  slightly  above  the  top  of  the  inner 
ring.  The  head  of  water  in  the  inner  ring  is 
equal  to  the  outer  ring  by  placing  the  flexible 
bag  in  the  water  of  the  outer  ring.  Submerging 
the  inner  ring  reduces  the  effects  of  tempera¬ 
ture  changes  on  measurements  of  water  volume 
lost  through  the  inner  ring. 

Initially,  the  water  from  the  inner  ring  enters 
a  clay  cover/liner  which  is  unsaturated.  The 
water  is  forced  through  the  barrier  by  the  head 
of  water  in  the  rings  and  by  the  soil  suction 
caused  by  capillary  tension.  Eventually,  the 


soil  beneath  the  ring  will  become  saturated, 
and  tha  infiltration  rate  will  approach  steady 
state.  If  a  drainage  layer  (vented  to  the  at¬ 
mosphere)  is  provided  beneath  the  barrier,  it 
would  be  possible  to  measure  the  outflow 
through  the  barrier.  When  the  outflow  is  equal 
to  the  inflow,  steady  state  conditions  are  'aid 
co  exist.  Under  these  saturated  steady  state 
conditions,  the  boundary  condition  below  the 
barrier  can  be  easily  identified.  To  arrive  at 
the  hydraulic  conductivity  of  the  barrier  from 
a  measured  infiltration  rate,  either  the  bound- 
airy  conditions  beneath  the  barrier  must  be 
known,  or  the  head  loss  between  different  soil 
depths  muct  be  measured. 

Previous  application  of  the  Trautwein  apparatus 
(Daniel  and  Trautwein,  1986)  and  of  single  ring 
mfiltrometers  (Day  and  Daniel,  1985b;  Stewart 
and  Nolan,  1987)  have  not  measured  pore  water 
pressure  (soil  suction).  When  the  soil  barrier 
is  saturated  and  steady  state  conditions  exist, 
as  verified  with  a  free  draining  layer  underly¬ 
ing  the  barrier,  pore  water  pressure  can  be  as¬ 
sumed  to  be  zero.  However,  clay  liners  with 
low  hydraulic  conductivity  may  take  several 
months  tc  saturate  if  thickpr  than  a  couple  of 
feet. 


Theory 

The  seepage  of  water  into  the  test  fill  is 
driven  by  the  hydraulic  gradient  caused  by  the 


Norin  i-iing 


TN3  A'^1/ 1/°Uter  ring 

TNsj^ji  iri^m 

TN7-4"L  -F-TN8 

V“Nlnner  ring 

TN4  A  \ 

TN2 

PLAN  VIEW 


too  TS1  Outer  ring 

W/ 

L-TS6 

TS7-"'L1^TS8 

/  \  \lnner  ring 

TS4  \ 


F EET  (APPROXIMATE) 
0  '  8  16 


Figure  1.  Infiltrometer  Test  Schematic 
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ponded  water  depth  and  soil  suction  (tension) . 
The  saturated  hydraulic  conductivity  can  be 
computed  using  a  form  of  Darcy's  Law  which  in¬ 
cludes  terms  for  the  total  hydraulic  gradient. 
The  governing  equation  that  describes  the  flow 
of  water  into  the  compacted  clay  is  developed 
below.  Illustration  of  the  terms  and  sign  con¬ 
vention  is  shown  in  Figure  1. 


According  to  Darcy's  Law,  and  by  observation  of 
Figure  1  (the  flow  direction  is  in  the  negative 
Z-direction,  downward) : 


q  = 


v  Ah 
K  AL 


(1) 


where, 

q  =  flow  rate  per  unit  area  (L/T) 

K  =  saturated  hydraulic  conductivity  (L/T) 

=  total  hydraulic  gradient  (L/L) 


Recognizing  that,  Ah  =  h1  -  h2  and  AL  =  -  Z2 

between  points  1  and  2  (see  Figure  1)  taken  at 
ground  surface  and  immediately  below  the  wet¬ 
ting  front,  respectively.  Equation  1  becomes: 


n  _  ,,  r  <zi  +  +i)  "  (z2+  *2)  -I 

q  "  K  l  (Z'Fz2> - J 


(2) 


where, 


♦  =  pressure  head 
Z  =  elevation  head,  and 
h  =  *  +  Z. 


noting  the  depth  at  which  the  tensiometer  was 
installed.  The  depth  of  flooding  (Df)  is  taken 

as  an  average  value.  The  soil  suction  [f)  is 
set  equal  to  the  average  soil  tension  preceding 
the  passage  of  the  wetting  front.  The  infil¬ 
tration  rate  (q)  is  determined  by  weighing  the 
flexible  bag  (Figure  1)  periodically  to  deter¬ 
mine  the  volume  of  water  lost.  The  change  in 
volume  is  then  divided  by  the  area  of  the  inner 
ring  and  the  elapsed  time  over  which  the  volume 
change  occurred.  The  values  of  q,  Lf,  Lf,  and 

♦ ,  are  then  used  to  back  calculate  K  from 

Equation  4.  In  addition,  it  is  poss.  le  to 
evaluate  K  for  individual  layers  of  the  clay 
fill,  i.e.,  zero  to  6  inches,  6  inches  to  12 
inches,  zero  to  12  inches,  etc. 

The  test  procedure  and  analysis  methodology  de¬ 
scribed  above,  is  based  on  the  assumptions 
Darcy's  law  applies,  the  test  fill  is  homoge¬ 
neous  and  isotropic,  the  flow  from  the  infil¬ 
tration  ring  is  vertically  downward,  and  a  dis¬ 
crete  and  well  defined  wetting  front  exists  be¬ 
tween  the  saturated  soil  and  the  partially  sat¬ 
urated  soil.  The  assumption  of  the  well-de¬ 
fined  wetting  front  is  valid  at  early  stages  of 
the  test,  but  may  not  be  totally  valid  at  sub¬ 
sequent  times  since  a  transition  zone  between 
the  saturated  and  partially  saturated  soil  is 
likely  to  exist.  The  errors  which  could  be  in¬ 
troduced  by  the  possible  limited  validity  of 
the  assumptions,  all  result  in  hydraulic  con¬ 
ductivity  values  which  will  be  too  high.  Con¬ 
sequently,  the  test  results  are  conservative. 


Rewriting: 


By  reviewing  Figure  1,  it  can  be  seen  that  at 
point  1  the  pressure  head  is  equal  to  the  depth 
of  flooding,  or  =  Df .  Also,  since  the  clay 

fill  is  unsaturated,  the  ir.  situ  pressure  head 
at  point  2  will  be  negative  and  can  be  desig¬ 
nated  simply  as  ip,  i.e.,  ip  =  -i)>2. 

Substituting  into  Equation  3: 


The  minus  sign  indicates  that  flow  is  in  the 
negative  Z  direction  (downward) . 


The  other  method  used  to  analyze  the  infiltrom- 
eter  test  is  suggested  by  the  manufacturer  of 
the  test  apparatus  in  their  technical  litera¬ 
ture.  This  method  assumes  that  steady  state 
conditions  exist  and  soil  tension  does  not  con¬ 
tribute  to  the  hydraulic  gradient.  In  this 
method,  Equation  4  is  evaluated  using  the  same 
values  as  used  above,  but  setting  soil  tension 
equal  to  zero.  The  depth  of  the  saturated  zone 
will  be  identified  by  the  depth  of  the  ten¬ 
siometer  which  reads  zero  soil  suction  (i.e., 
complete  saturation) . 


CASE  HISTORY 

A  test  fill  was  constructed  between  August  19 
and  September  4,  1986  on  a  site  just  outside  of 
Chemical  Waste  Management,  Inc.,  Kettleman 
Hills,  California  facility.  The  test  fill  is 
approximately  140  feet  long  by  50  feet  wide  at 
the  surface,  with  a  depth  between  three  and 
three  and  one  half  feet. 


Equation  4  is  time  dependent.  That  is,  the 
flow  rate  per  unit  area  (infiltration  rate,  q) 
and  the  depth  of  the  wetting  front  (Lf )  are 

interrelated  and  vary  with  time.  As  the 
wetting  front  advances,  Equation  4  can  be  used 
to  calculate  hydraulic  conductivity  at  various 
wetting  front  depths,  provided  values  of  soil 
tension  ($)  are  measured  at  these  depths  using 
tensiometers. 

The  position  of  the  wetting  front  at  a  point  in 
time  is  evidenced  by  the  soil  tensiometer  read¬ 
ings  falling  to  zero.  In  Equation  4,  the 
length  of  the  wetting  front  (Lf )  is  known  by 


The  test  fill  was  underlain  with  a  drainage 
layer  of  geonet  and  geotextile.  Prior  to  haul¬ 
ing  soil  to  the  test  fill  each  day,  the  admix 
stockpile  was  moisture  conditioned  to  maintain 
a  moisture  content  of  approximately  30  percent. 
The  admix  was  placed  in  approximately  eight 
inch  loose  lifts.  Compaction  consisted  of 
wheel  rolling  by  the  routing  of  the  scrapers 
used  to  haul  the  soil,  and  two  complete  passes 
with  a  sheepsfoot  compactor. 

After  the  compactor  made  its  last  pass,  the 
lift  was  tested  to  assure  the  lift  had  the 
proper  water  content  and  density,  and  samples 
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were  obtained  for  laboratory  hydraulic  conduc¬ 
tivity  tests.  At  the  end  of  each  day  the  test 
fill  was  wheel  rolled  to  seal  the  surface  and 
minimize  the  Moisture  lost  from  the  soil.  Be¬ 
fore  a  new  lift  was  applied,  the  underlying 
lift  was  scarified  and  moisture  conditioned  as 
a  method  to  improve  the  bonding  between  lifts. 


Field  Measurements 

After  placement  and  compaction  of  each  lift,  a 
series  of  field  measurements  were  conducted. 
The  field  measurements  consisted  of  nuclear 
density  tests  and  sand  cone  density  tests  for 
each  lift.  In  addition,  s staples  of  admix  at 
each  nuclear  density  test  location  were  ob¬ 
tained  for  laboratory  water  content  tests  and 
undisturbed  shelby  tube  samples  were  also  ob¬ 
tained  from  select  lifts  for  laboratory  hy¬ 
draulic  conductivity  tests.  Occasionally, 
pocket  penetrometer  tests  were  also  conducted 
to  determine  the  undrained  shear  strength  of 
the  compacted  admix. 


Laboratory  Tests 

Laboratory  tests  were  conducted  on  bulk  samples 
of  the  admix  stockpile  to  determine  the  rela¬ 
tionship  between  the  degree  of  compaction,  wa¬ 
ter  content  and  hydraulic  conductivity.  Tests 
included  index  tests,  compaction  tests  and  hy¬ 
draulic  conductivity  tests. 

Shelby  tube  samples  were  taken  from  select 
lifts  of  the  test  fill.  Portions  of  the  shelby 
tubes  were  then  tested  to  determine  the  hy¬ 
draulic  conductivity  of  each  lift.  The  results 
of  these  tests  are  tabulated  in  Table  1. 


TABLE  l.  Test  Fill  Permeability  Results 


Tested  Depth 

Dry 

Density 
(lb/ ft3) 

Water 

Content* 

(percent) 

K 

(cm/sec) 

lift 

1 

89.0 

30.2 

4xl0-9 

lift 

2 

90.0 

30.7 

1x10  a 

lift 

3 

92.5 

29.5 

4xl0-9 

lift 

4 

87.8 

31.2 

7x10  a 

lift 

5 

94.2 

26.5 

1x10"! 

lift 

6 

97.6 

24.3 

2x10"° 

lift 

7 

92.7 

30.7 

2xlO~9 

*  Density  and  water  contents  from  lift 
near  permeability  sample. 

1  lb/ft3  =  16.02  kg/m3 


INFILTROMETER  TEST 

Site  Preparation  and  Installation 

The  test  fill  was  prepared  for  the  infiltrome- 
ter  by  using  a  motor  grader  and  a  vibratory 
drum  roller  to  level  and  smooth  the  test  fill's 
surface.  The  surface  was  lightly  sprayed  with 
water  and  then  covered  with  a  black  plastic 
tarp. 

The  outer  rings  for  both  sets  of  infiltrometers 
were  positioned  on  the  tarp  and  their  outlines 
were  marked  on  the  tarp  to  locate  the  trenches 
for  the  rings.  The  outer  rings  trenches  were 


cut  with  a  Ditch  Hitch,  series  1420,  to  a  depth 
of  18  inches.  The  iuier  rings  were  positioned 
in  the  center  of  the  outer  rings  and  their  out¬ 
lines  marked.  The  five  inch  deep  trenches  for 
the  inner  rings  were  cut  by  hand  using  mason's 
hammers. 

The  outer  ring  trenches  were  sealed  with  ben¬ 
tonite  pellets  while  the  outer  ring  was  in  the 
trench.  The  trenches  for  the  inner  rings  were 
sealed  with  a  thin  layer  of  bentonite  pellets 
in  the  bottom  of  the  trenches  and  the  remainder 
of  the  depth  filled  with  a  viscous  Voclay 
grout.  The  inner  rings  were  placed  in  their 
trenches  during  the  grouting  process. 

The  inner  ring  was  checked  for  leaks  by  adding 
a  little  water  to  it.  The  outer  ring  was 
flooded  until  the  inner  ring  was  slightly  sub¬ 
merged,  then  the  inner  ring  was  partially 
filled.  The  outer  ring  was  filled  to  its  final 
depth  and  the  inner  ring  was  topped  off.  The 
bags  and  hoses  for  the  measurement  of  water  in¬ 
filtrating  through  the  inner  rings  were  at¬ 
tached,  the  inner  ring  was  purged  of  air,  and 
the  tests  began. 


Data  Collection 

Each  inner  ring  has  a  heavy  duty  flexible  bag 
of  water  connected  to  it  in  order  to  provide  a 
volume  of  water  to  replace  that  water  which  in¬ 
filtrated  the  test  fill  beneath  the  inner  ring. 
The  bags  were  fitted  with  no  volume  change 
valves  to  allow  new  (refilled)  bags  to  be  ex¬ 
changed  after  the  original  bags  were  depleted 
without  any  water  loss.  The  difference  in  the 
initial  and  final  weight  of  the  bag  is  the 
amount  of  infiltration  that  occurred  over  that 
particular  time  period.  During  the  first  days 
of  the  test,  several  bags  of  water  were  needed 
each  day.  In  less  than  a  week,  each  bag  was 
changed  once  a  day. 

In  addition  to  the  amount  of  infiltration,  data 
collected  daily  for  each  ring  included:  depth 
of  water  in  the  outer  ring,  temperature  of  the 
water,  and  tensiometer  values.  Notes  about  the 
condition  of  the  water  (i.e.,  algae  growth)  and 
the  test  fill,  and  the  weather  were  recorded 
when  deemed  relevant.  Periodically,  the  inner 
rings  were  purged  of  any  air  which  may  have 
collected  in  the  inner  rings.  The  air  volume 
was  measured  and  the  the  accumulative  infiltra¬ 
tion  adjusted  to  include  this  volume.  In  gen¬ 
eral,  the  volume  of  air  purged  from  the  system 
was  very  small  compared  to  the  volume  of  water 
infiltrating  on  a  daily  basis. 


Results  Based  on  Using  Tensiometers 

Both  the  North  and  South  Rings  have  two  ten¬ 
siometers,  each  at  the  depths  of  6,  12,  18,  and 
24  inches  (a  total  for  both  rings  of  16  ten¬ 
siometers)  .  The  tensiometers  register  the  pas¬ 
sage  of  the  wetting  front  by  displaying  a  soil 
tension  of  zero.  All  of  the  tensiometers  went 
to  zero  at  different  times;  therefore,  the  val¬ 
ues  used  to  solve  for  the  hydraulic  conductiv¬ 
ity  are  different  for  each  of  the  tensiometers. 
Figures  2  and  3  present  the  accumulated  infil¬ 
tration  as  a  function  of  time  for  the  North  and 
South  Rings.  Figure  4  presents  two  examples  of 
the  soil  tension  versus  time.  The  values  used 
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in  Equation  4  are  listed  in  Table  2. 


Figure  2.  Accuaulative  Infiltration  Versus 
Time  (North  Ring) 


Figure  3.  Accumulative  Infiltration  Versus 
Time  (South  Ring) 


TIME  (min) 
(Thousands) 


Figure  4.  Soil  Tension  Versus  Time  at  24  Inch 
Depth  (North  Ring) 


TABLE  2.  Infiltrometer  Test  Values 


Tensiometer 

q 

(cm/sec) 

?f 

Un) 

kf 

(m) 

¥ 

(in) 

TN-l 

3.1 

X 

10~7 

11.1 

6 

60.3 

TN-2 

2.3 

X 

10~7 

11.1 

6 

100.5 

TN-3 

1.1 

X 

10~7 

11.4 

12 

76.4 

TN-4 

1.6 

X 

i°'; 

11.4 

12 

76.4 

TN-5 

9.9 

X 

l°-8 

11.5 

18 

92.5 

TN-6 

1.3 

X 

10_A 

11.4 

18 

100.5 

TN-7 

4.1 

X 

10“® 

11.5 

24 

56.3 

TN-8 

5.5 

X 

10~7 

11.4 

24 

56.3 

TS-1 

4.3 

X 

10_7 

10.8 

6 

112.6 

TS-2 

4.2 

X 

10  -J 

10.8 

6 

74.4 

TS-3 

1.5 

X 

10  ~l 

10.8 

12 

60.3 

TS-4 

1.9 

X 

10~A 

10.8 

12 

48.2 

TS-5 

8.7 

X 

10_A 

10.9 

18 

56.3 

TS-6 

8.6 

X 

10“® 

10.9 

18 

30.2 

TS-7 

6.4 

X 

1ST® 

10.9 

24 

68.3 

TS-8 

8.0 

X 

10“8 

10.9 

24 

64.3 

NOTE:  $  (in)  =  ¥  (cbars)  x  4.02 


1  in  =  2.54  cm 


The  hydraulic  conductivity  for  the  soil  between 
two  particular  depths  is  the  geometric  mean  of 
the  separate  values  for  that  range  of  depth. 
Applying  the  values  given  in  Table  2  to  Equa¬ 
tion  4,  the  range  of  hydraulic  conductivity  for 
the  soil  of  depths  for  each  six  inch  thickness 
of  soil  is  presented  in  Table  3. 


TABLE  3.  Summary  of  Infiltrometer  Test 
Accounting  for  Soil  Tension 


Range  in  Geometric 

Soil  Depths  Permeability  Mean 

(in)  (cm/sec)  (cm/sec) 


V£> 

1 

O 

1 

X 

io-8  -  3 

X 

10“8 

2 

X 

10“ 

6-12 

1 

X 

10“8  -  3 

X 

10~8 

2 

X 

10“ 

12  -  18 

1 

X 

10-8  -  3 

X 

10"8 

2 

X 

10“ 

18  -  24 

1 

X 

10-8  -  2 

X 

10“8 

1 

X 

10“' 

1  in  =  2.54  cm 


The  composite  hydraulic  conductivity  for  the 
soil  from  zero  to  twenty  four  inches  deep  is 
calculated  by  applying  to  Equation  5,  the  mean 
hydraulic  conductivity  for  the  different  ranges 
of  depth. 

Applying  the  geometric  means  given  in  a  preced¬ 
ing  paragraph,  the  equivalent  hydraulic  conduc¬ 
tivity  for  the  depths  from  zero  to  twenty 

four  inches  is  2xl0”8  cm/sec. 


Results  Without  Considering  Soil  Suction 

An  alternative  methodology  suggested  for  analy¬ 
sis  of  the  test  provided  by  the  manufacturer  is 
based  upon  the  assumption  that  soil  suction  is 
not  a  factor  in  the  hydraulic  gradient.  This 
assumption  is  valid  only  when  steady  state  is 
reached.  Assuming  steady  state  is  attained 
when  and  where  the  soil  is  saturated.  Equation 
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4  nay  be  applied  if  the  soil  suction  tern  is 
set  to  zero.  The  resulting  hydraulic  conduc¬ 
tivity  ranges  are  shown  in  Table  4. 

Applying  these  values  to  Equation  5,  the  equiv¬ 
alent  hydraulic  conductivity  for  the  depths 
from  zero  to  twenty  four  inches  is 

6xl0-8  cm/sec. 


D 

K  =  -  (5) 

d0-6  d6-12  d12-18  d18-24 

K0-6  K6-12  K12-18  K18-24 


where  K  =  equivalent  hydraulic  conductivity 
(L/T) 

D  =  total  depth  (L)  (=24  in) 

da_b  =  depth  of  the  zone  a  to  b  (L) 

(=  6  in) 

Ka_h  =  hydraulic  conductivity  of  the  zone 
3  b  a  to  b  (L/T) 

TABLE  4.  Summary  of  Infiltrometer  Test  Without 
Accounting  for  Soil  Tension 

Range  in  Geometric 

Soil  Depths  Perme".oility  Mean 

(in)  (cm/sec)  (cm/sec) 

0-6  8  x  10-8  -  2  x  10"7  1  x  10-7 

6-12  6  x  10~8  -  1  x  10'7  8  x  10-8 

12-18  5  X  10"8  -  8  X  10“8  6  x  10~8 

18-24  3  X  10"8  -  6  X  10-8  4  X  10-8 


1  in  =  2.54  cm 


Discussion  of  Results 

The  tensiometers  had  different  values  and  reg¬ 
istered  zero  soil  suction  at  different  times 
for  the  same  depth.  This  is  expected  for  a  ma¬ 
terial  that  had  different  moisture  contents 
when  placed.  In  the  North  Ring,  one  of  the 
tensiometers  at  the  18  inch  depth  measured  zero 
soil  suction  after  one  of  the  24  inch  tensiome¬ 
ters  on  the  opposite  side  of  the  North  Ring  had 
measured  zero.  This  could  be  the  result  of 
different  moisture  contents  and  compactive  ef¬ 
forts  of  the  placed  material  causing  a  greater 
hydraulic  conductivity  on  one  side  of  the  in¬ 
filtrometer.  Tensiometers  TN-3,  TN-5,  and  TN-7 
all  recorded  zero  soil  suction  after  their 
counterparts.  A  review  of  the  field  data  for 
the  density  and  moisture  content  of  the  soil 
from  12  to  18  inches  revealed  one  test  on  the 
south  side  of  the  North  Ring  which  had  a  low 
density  and  a  high  moisture  content.  This 
moisture/density  relationship  may  result  in  a 
higher  hydraulic  conductivity,  but  the  true  ef¬ 
fect  can  not  be  quantified. 

The  scale  of  the  infiltrometer  tests  appears  to 
be  evaluating  the  overall  hydraulic  conductiv¬ 
ity  of  the  test  fill  rather  than  the  hydraulic 


conductivity  of  discrete  samples,  which  is  ac¬ 
complished  in  laboratory  tests.  The  hydraulic 
conductivity  results  of  the  infiltrometer  tests 
utilizing  the  tensiometers  are  consistent  be¬ 
tween  the  North  and  South  Rings  and  between  the 
soil  at  different  depths. 

The  infiltrometer  test  results,  which  accounted 
for  soil  tension,  compared  well  with  the  labo¬ 
ratory  results  for  hydraulic  conductivity.  The 
geometric  mean  of  the  laboratory  results  is 

5xl0-9  cm/sec,  and  the  geometric  mean  of  the 

infiltrometer  tests  is  2xl0-8  cm/sec.  The 
difference  between  the  means  of  less  than  an 
order  of  magnitude  is  considerably  better  than 
previous  investigations  (Day  and  Danniel, 

1985a) .  The  good  results  in  the  field  tests 
underscore  the  importance  of  quality  control 
during  construction  of  the  test  fill  and  in¬ 
stallation  of  the  infiltrometer. 

The  analysis  of  the  infiltrometer  data  without 
accounting  for  soil  tension  reveal  that  the 
differences  between  the  infiltrometer  and  the 
laboratory  results  may  be  as  much  as  two  orders 
of  magnitude.  If  the  full  thickness  of  the 
test  fill  were  considered  saturated  when  only 
the  first  six  inches  were  saturated,  the  gradi¬ 
ent  would  be  1.31  (1  +  Df/Lf  =  1  +  11/36).  The 
resulting  hydraulic  conductivity  would 

range  from  2xl0~7  cm/sec  to  3xl0-7  cm/sec. 
Clearly  this  method  of  analysis  gives  an  overly 
conservative  upper  bound  of  the  hydraulic  con¬ 
ductivity  of  the  material. 

At  the  end  of  the  test,  the  system  can  be  as¬ 
sumed  to  be  saturated  through  its  entire  depth. 
No  water  was  noted  to  drain  out  the  underlying 
drainage  layers.  Since  the  system  drains  to 
the  edge  of  the  test  fill,  any  water  draining 
from  the  system  would  be  hard  to  notice  because 
of  the  high  evaporation  of  the  site  and  low 
flow  rates.  Using  the  last  infiltration  rates 
for  the  two  infiltrometer 

sets  (l.SxlO-8  cm/sec  and  1.6xl0-8  cm/sec),  and 
assuming  steady  state,  the  hydraulic 

conductivity  would  be  lxlO-8  cm/sec. 

The  test  fill  took  over  200  days  to  be  satu¬ 
rated  through  the  first  two  feet.  To  shorten 
the  time  to  conduct  the  test,  the  tensiometers 
could  have  been  used  to  identify  the  saturated 
depth.  If  the  analysis  included  the  use  of  the 
tensiometers  to  identify  the  depth  of  satura¬ 
tion  without  accounting  for  the  soil  tension, 
the  hydraulic  conductivity  results  after  the 
first  six  inches  of  the  test 

fill  were  saturated  would  only  be  8xl0~8  cm/sec 

to  2xl0-7  cm/sec.  The  first  six  inches  took 
just  over  21  days  to  be  completely  saturated. 
Therefore,  use  of  the  tensiometers  just  to  note 
the  saturated  depth  does  not  improve  the  re¬ 
sults  significantly,  while  using  the  tensiome¬ 
ters  to  quantify  soil  suction  does  improve  the 
analysis  significantly. 


CONCLUSIONS 

An  in  situ  hydraulic  conductivity  test  using 
two  sets  of  sealed  double  ring  infiltrometers 


was  conducted  with  the  soil  suction  measured  by 
tensiometers.  The  infiltrometer  t-fests  have 
worked  to  adequately  characterize  the  in  situ 
hydraulic  conductivity  of  the  clay  liner.  The 
results  display  good  consistency  between  the 
North  and  South  Rings  and  between  the  soil  at 
different  depths.  In  addition,  the  laboratory 
hydraulic  conductivity  tests  conducted  on  sam¬ 
ples  of  the  test  fill  correlate  well  with  the 
results  from  the  infiltrometer.  Using  the  ten¬ 
siometers  and  accounting  for  soil  tension  could 
reduce  the  testing  time  by  approximately  a  fac¬ 
tor  of  ten.  Using  the  tensiometers  merely  to 
identify  the  saturated  thickness  may  improve 
the  correlation  between  the  laboratory  and 
field  hydraulic  conductivity  tests,  but  not  im¬ 
prove  it  significantly. 
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Hazardous  Waste  Disposal  Site  Hydrogeologic  Characterization 

S.M.  Testa 

Vice  President  West  Coast  Operations,  Engineering  Enterprises,  Ino, 

Long  Beach,  California 


SYNOPSIS:  A  major  hazardous  waste  disposal  facility  near  Arlington,  Oregon  serving  the  Pacific 
Northwest,  Canada,  and  Alaska  maintains  numerous  favorable  environmental  characteristics  for  siting 
of  a  hazardous  waste  disposal  facility. 

The  risk  of  contamination  as  a  result  of  potential  leakage  from  a  waste  management  unit  via  primary 
pathways  to  surface  water,  groundwater  or  by  direct  contact  and/or  ingestion  is  thus  reasonably  low. 
However,  these  same  characteristics  which  make  the  site  most  suitable  for  hazardous  waste  disposal 
often  conflict  with:  1)  the  demonstration  of  the  groundwater  monitoring  system's  ability  to  adequate 
ly  perform  immediate  leak  detection  monitoring  as  mandated  under  the  Resource  Conservation  and 
Recovery  Act  (RCRA),  40  CFR  Part  264,  part  F,  and,  2)  the  level  of  demonstration  required  for  the 
site  to  be  "properly  characterized." 


INTRODUCTION 

An  extensive  field  investigative  program  to 
characterize  existing  site  geologic  and  hydro¬ 
geologic  conditions  was  conducted  during  the 
period  from  December,  1983  through  November, 

1986  in  support  of  a  Part  B  Application  under 
RCRA  (Dames  &  Moore,  1983).  This  program  has 
included: 

o  Detailed  geologic  mapping  including 
trenching  to  evaluate  and  characterize 
faults; 

o  Drilling  of  over  102  boreholes  and  instal¬ 
lation  of  over  120  wells/piezometers  to 
depths  ranging  to  363  feet  beiow  ground 
surface  to  evaluate  subsurface  hydrogeolo¬ 
gic  conditions  and  the  groundwater  flow 
reg.me; 

o  Collection  of  undisturbed  samples  for 

detailed  laboratory  evaluation  and  testing; 

o  Performance  of  both  pumping/packer  and  slug 
tests  to  assess  in-situ  hydraulic  charac¬ 
teristics  and  possible  intercommunication 
between  the  uppermost  aquifer  and  the 
underlying  basalts: 

o  Performance  of  both  surface  and  borehole 
geophysics; 

o  Performance  of  analytical  testing  of 
groundwater  samples  to  evaluate  general 
water  chemistry  and  water  quality, 
including  the  presence  of  tritium  to  assess 
recent  recharge;  and 

o  Development  of  a  groundwater  detection  moni¬ 
toring  network. 

The  results  of  the  site  characterization,  spec- 
fically,  the  site  geology,  and  the  existing 
groundwater  recharge-discharge  regime,  and  the 
implication  to  site  suitability  and  groundwater 
detection  monitoring  are  discussed  hecein. 


SITE  DESCRIPTION 

The  Arlington  facility  is  located  6.5  miles 
south  of  the  Columbia  River  and  7.5  miles 
southwest  of  the  town  of  Arlington  in  Gilliam 
County,  Oregon  (Figure  1).  The  facility  site  is 
situated  on  a  640-acre  parcel,  of  which  320 
acres  (eastern  tract  property)  are  currently 
used  for  waste  management  operations  (Figure  2). 
The  property  is  bounded  on  the  south  by  the 
east-west  trending  Alkali  Canyon  at  an  elevation 
of  approximately  700  feet  (site  datum).  The 
upland  plateau  is  at  an  elevation  of  approxi¬ 
mately  850  to  995  feet.  Waste  management 
activities  are  limited  to  that  area  above  920 
feet  on  the  eastern  tract  property.  In  the 
southern  portion  of  the  property  bounded  by 
Alkali  Canyon,  the  relief  between  the  valley 
floor  and  the  upland  plateau  is  approximately 
280  feet. 

Adjacent  tracts  to  the  north,  east,  souti,  and 
west  of  the  site  are  owned  by  others.  Portions 
of  the  tract  to  the  east  of  the  Chem-Security 
site  are  under  cultivation  and  are  irrigated. 

The  facility  is  remote  from  any  residential, 
commercial,  or  industrial  developments.  The 
nearest  residence  is  approximately  one  mile  by 
road  west  of  the  western  site  boundary. 

FACILITY  LAYOUT  AND  OPERATION 

The  Arlington  facility  was  opened  in  1976  and 
provides  hazardous  waste  treatment,  storage,  and 
disposal  services  primarily  to  the  Pacific 
Northwest,  Alaska,  and  Hawaii,  although  it  also 
receives  hazardous  wastes  from  other  western 
states  and  Superfund-related  activities.  The 
Arlington  facility  presently  operates  under  RCRA 
Part  A  Interim  Status  authorization,  and  a 
Hazardous  Waste  Disposal  Site  License  from  the 
Oregon  State  Department  of  Environmental  Quality 
(DEQ  License  No.  HW-1).  PCB  wastes  regulated 
under  the  Toxic  Substances  Control  Act  (TSCA) 
are  accepted  at  the  site  under  authorization 
from  EPA  Region  X  and  are  stored,  treated,  and 
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Figure  X  Site  Location  Map 


disposed  of  separately  from  the  RCRA-regulated 
wastes.  The  facility  does  not  accept  explosive, 
radioactive,  or  infectious  wastes.  Wastes  that 
cannot  be  treated  or  disposed  of  at  the  facility, 
or  that  can  be  reused  or  recycled  are  tempora¬ 
rily  stored  at  the  facility  and  then  shipped 
elsewhere  for  treatment,  recycling,  disposal,  or 
beneficial  use. 

The  existing  waste  management  units  that  require 
groundwater  monitoring  under  RCRA  at  the  Arling¬ 
ton  facility  include  surface  impoundments, 
reactive  solids  hydrolysis,  and  landfills  (of 
which  four  are  complete),  seven  container  storage 
areas  and  four  storage  tanks  comprise  the 
existing  major  RCRA  waste  management  units  at 
the  site;  although  additional  facilities  are 
planned  for  the  future.  A  liquid  waste  solid¬ 
ification  system  and  a  truck-wash  operation  are 
also  in  use.  The  layout  of  the  existing  waste 
management  units  of  most  importance  at  the 
facility  shown  in  Figure  2. 


Figure  2  Facility  Layout  Map  Showing 
Major  Waste  Management  Units 


GEOLOGIC  SETTING 

The  Arlington  facility  is  located  in  the  south- 
central  portion  of  the  Columbia  Plateau  physio¬ 
graphic  province  within  the  Deschutes-Umatilla 
Plateau  (Dicken,  1955).  The  area  is  character¬ 
ized  by  upland  areas  of  sandy  deserts  separated 
by  relatively  wide,  deep  to  moderate  ephemeral 
stream  drainages  such  as  the  Alkali  Canyon  which 
borders  the  south  side  of  the  property.  In 
addition  to  the  semi-arid  climate,  several 
factors  account  for  the  physiography  of  the  area 
and  include  the  presence  of  extensive  flood- 
basalt  bedrock,  subsurface  geologic  structure, 
and  catastrophic  floods  of  glacial  meltwater. 

The  subsurface  geology  of  the  facility  and 
surrounding  areas  consists  of  a  thick,  accor¬ 
dantly  layered  sequence  of  basalt  flows  and 
sedimentary  interbeds,  collectively  known  as  the 
Columbia  River  Basalt  Group.  The  basalt  flows 
are  part  of  the  Columbia  Plateau  geological 
flood-basalt  province  (Fenneman,  1931)  of 
Miocene  to  lower  Pliocene  age  (8  to  17  million 
years  old).  This  sequence  is  unconformably 
overlain  by  younger  intercalated  and  suprabasalt 
sedimentary  units  of  Miocene  to  Holocene  age. 
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Within  the  site  area  the  formations  which  com¬ 
prise  the  Columbia  River  Basalt  and  the 
Ellensburg  Formation  include  several  members  of 
regional  extent.  These  are  the  Frenchman 
Springs  and  Priest  Rapids  Members  of  the  Wanapum 
Basalt/  the  Pomona  Member  of  the  Saddle  Mountains 
Basalt/  and  the  Selah  and  Rattlesnake  Ridge 
Members  of  the  Ellensburg  Formation.  In  addition 
to  these  formal  stratigraphic  units/  several 
informal  units  useful  to  comprehension  of  site 
structure  and  stratigraphy  are  defined.  These 
include  several  unnamed  interbeds  within  the 
Priest  Rapids  Member/  and  an  areally  extensive 
vitric  tuff  which  occurs  at  the  top  of  the  Selah 
Member.  In  addition  to  the  informal  units  are 
several  facies  of  local  extent.  These  include 
three  facies  of  different  lithology  within  both 
the  Selah  Member  of  the  Ellensburg  Formatoin  and 
tne  Dalles  Formatoin.  A  generalized  stratigra¬ 
phic  column  is  shown  in  Figure  3.  A  discussion 
of  the  underlying  geologic  units/  oldest  to 
youngest/  is  presented  below: 

Grand  Ronde  Basalt 


The  Grande  Ronde  Basalt  is  the  oldest  formation 
within  the  Columbia  River  Basalt  group  in  the 
site  area.  In  the  site  area/  thickness  of  the 
Grande  Ronde  Basalt  is  not  known  although  it  is 
suggested  to  be  probably  3/000  to  4/000  feet 
thick  based  on  review  of  well  records  and  re¬ 
gional  outcrops  (Rockwell  Hanford  Operations/ 
1979).  Because  these  large  flows  advanced  to 
the  limits  of  the  Plateau  and  then  cooled  while 
ponded/  they  form  nearly  continuous  sheets  of 
competent,  black,  glassy,  fine-grained, 
columnar-jointed  basalt,  which  are  separated  by 
vesicular  to  rubbly  flow  breccias  which  occur  at 
the  top  of  most  of  the  flows.  Only  a  few  thin 
discontinuous  sediments  occur  as  interbeds  within 
the  Grande  Ronde.  This  unit  was  not  penetrated 
by  on-site  borings. 
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Figure  3  Generalized  Stratigraphic  Column 


Vantage  Member  of  the  Ellensburg  Formation 

The  Vantage  Member  of  the  Ellensburg  Formation 
is  an  arkosic  sandstone  deposited  by  the  ances¬ 
tral  Columbia  River  on  top  of  the  Grande  Ronde 
Basalt.  In  most  areas  of  the  Plateau  the  Vantage 
sandstone  is  absent:  however,  a  well  developed 
saprolitic  soil  generally  considered  to  be  part 
of  the  member  occurs  at  its  stratigraphic  posi¬ 
tion  on  top  of  the  Grande  Ronde.  This  unit  was 
also  not  penetrated  by  on-site  borings  but  is 
about  22  feet  in  thickness  as  noted  in  a  boring 
drilled  about  six  miles  southeast  of  the 
facility  (Foundation  Sciences,  Inc.,  1980a). 

Priest  Rapids  Member 

The  Priest  Rapids  Member  of  the  Wanapum  Basalt 
consists  of  two  to  six  large  and  several  smaller 
basalt  flows.  In  the  site  area,  the  member  is 
comprised  of  two  flows  which  are  laterally  con¬ 
tiguous  with  the  Priest  Rapids  Member  north  of 
the  Columbia  River  (Schminke,  1964)  and  general¬ 
ly  separated  by  an  interbed.  A  thickness  of  136 
feet  is  inferred  from  a  geophysical  log  of  the 
onsite  water  supply  well. 


The  upper  part  of  the  lower  Priest  Rapids  flow 
and  the  Priest  Rapids  interbed  are  exposed  in 
several  outcrops  in  the  vicinity  of  the  site, 
and  were  reached  in  several  onsite  boreholes. 

The  lower  flow  is  approximately  45  feet  thick. 

It  is  very  similar  to  the  upper  flow  with  re¬ 
spect  to  petrography,  jointing,  and  joint 
linings;  however,  in  most  of  the  boreholes  the 
lower  flow  has  a  flow-top  breccia.  This  breccia 
consists  of  ash  to  block-size  fragments  of  scoria 
and  vesicular  basalt  that  is  often  loose;  how¬ 
ever,  in  some  places  it  is  slightly  welded  to 
form  a  relatively  competent  rock.  Open  voids 
are  typical  of  this  interval.  In  some  boreholes, 
the  voids  are  infilled  with  fine-grained  sedi¬ 
mentary  material  which  effectively  reduces  the 
permeability  of  the  breccia. 

The  Priest  Rapids  interbed  varies  from  two-to- 
twelve  feet  thick  in  boreholes  at  the  site  and 
is  characterized  as  a  tuffaceous  siltstone;  how¬ 
ever,  it  is  quite  variable  in  lithology  and 
includes  clayey  silt,  silty  clay,  weathered 
hyaloclastite,  and  clayey  silty  sandstone. 

The  upper  Priest  Rapids  flow  at  the  site 
generally  consists  of  hard, dark  gray  to  greenish 
gray  basalt.  The  upper  few  feet  ’of  the  flow 
consist  of  vesicular  basalt,  flow  breccia,  or 
scoria  that  is  moderately  weathered  or  decom¬ 
posed.  The  weathered  basalt  consists  of  soft  to 
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medium  hard  rock  with  the  consistency  of  a 
clayey,  sandy  siltstone  becuase  of  alteration. 

The  upper  Priest  Rapids  flow  varies  from  approx¬ 
imately  60  to  95  feet  in  thickness  at  the  site. 

In  outcrops  in  Alkali  Canyon  southwest  of  the 
site,  the  upper  Priest  Rapids  flow  is  character¬ 
ized  by  well  developed  columnar  jointing  ranging 
from  four  to  eight  feet  in  diameter  and  rise  from 
the  base  of  the  flows  for  two-thirds  to  three- 
fourths  the  total  thickness.  Nearly  vertical  and 
roughly  hexagonal  in  cross  section,  these  columns 
are  cut  into  sections  by  subhorizontal  cross¬ 
joints  with  highly  variable  spacing  (0.5  to  10 
feet).  Randomly  oriented  joints  frequently  ex¬ 
tend  through  the  upper  part  of  the  colonnade. 
These  random  joints  increase  in  density  upwards, 
creating  a  brickbat  jointing  pattern  which  forms 
the  upper  one-third  to  one-fourth  of  the  flow. 

A  generalized  schematic  diagram  showing  the 
stucture  of  a  typical  basalt  flow  is  shown  in 
Figure  4. 
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Generalized  Schematic  Diagram 
Showing  Structure  of  a  Basalt  Flow 


Selah  Member 


The  Selah  Member  of  the  Ellensburg  Formation 
(Schminke,  1967)  occurs  as  an  interbed  between 
the  Priest  Rapids  Member  and  the  Saddle  Mountains 
Member.  Deposited  directly  on  the  underlying 
Priest  Rapids  Basalt,  it  is  the  most  prominent 
interbed  in  the  vicinity  and  is  comprised  of 
weathered  tuffs  and  fluviolacustrine  tuffaceous 
sediments  that  accumulated  during  the  volcanic 
hiatus  between  extrusion  of  the  Priest  Rapids  and 
Pomona  Basalts.  The  thickness  of  the  Selah 
varies  from  approximately  115  to  160  feet  in 
boreholes  at  the  site  where  the  top  has  not  been 
eroded  in  channels  of  Dalles  or  glaciofluvial 
gravel.  The  uneroded  Selah  averages  approxi¬ 
mately  138  feet  in  thickness. 

The  Selah  contains  three  facies  which  are  readily 
distinguishable  on  geophysical  logs.  Due  to 
severe  weathering,  and  zeolitic  and  clayey  al¬ 
teration  of  the  member,  they  are  not  as  discern- 
able  in  outcrop  or  borehole  samples.  The  facies 
include:  1)  a  lower  facies  comprised  primarily 
of  flood  plain  deposits  derived  from  the 
Columbia  Plateau  and  adjacent  areas,  but  also 
containing  three  to  four  airfall  tuff  units; 

2)  a  middle  facies  similar  to  the  lower,  but 
containing  large  amounts  of  silicic-volcaniclastic 
material  derived  from  volcanic  areas;  and,  3)  an 
upper  or  channel  facies  which  results,  in  part, 
from  reworking  of  the  lower  two  facies. 

The  lower  facies  of  the  Selah  is  distinguished 
from  the  overlying  middle  and  upper  channel 
facies  by  generally  lower  density  and  higher 
porosity,  and  from  the  middle  facies  by  lower 
potassium  content  as  indicated  by  the  gamma 
gamma,  neutron  neutron,  and  natural  gamma  logs, 
respectively.  Where  the  middle  facies  overlies 
the  lower  facies  a  marked  decrease  in  natural 
gamma  occurs  at  the  boundary.  Samples  of  the 
lower  lithologies  have  textures  which  range  from 
yellow-green  massive  clayey  siltstone  to  lamin¬ 
ated  sandy  siltstone,  and  yellow-brown  to  blue- 
green  silty  sandstone.  Bedding  is  generally 
preserved  in  the  sandy  layers  but  obscured  by 
weathering  and  possibly  by  bioturbation  in  silty 
claystone  and  clayey  siltstone  intervals.  Tuff 
layers  in  the  lower  member  are  altered  to  mas¬ 
sive  silty  claystone;  their  origin  is  indicated 
only  by  their  high  natural  gamma  and  the  presence 
of  accretionary  lapilli.  In  many  of  the  bore¬ 
holes,  a  blue-green,  fine-grained  sandstone  occurs 
at  the  base  of  the  Selah.  The  thickness  and 
distribution  of  the  sandstone  are  variable. 
Thickness  variations  of  the  lower  facies  suggest 
that  the  east-west  trending  anticline  initiated 
development  during  deposition  of  the  lower  facies 
of  the  Selah.  This  is  demonstrated  by  non¬ 
deposition  of  the  lower  facies  in  the  north- 
central  portion  of  the  site  at  the  approximate 
location  of  the  axial  trace  of  the  structural 
high,  and  systematic  thickening  to  the  north  and 
south.  Variations  of  the  lower  facies  of  the 
Selah,  therefore,  appears  to  account  for  most  of 
the  variation  in  the  total  thickness  of  the 
Selah  Member,  except  in  localized  areas  where 
the  Dalles  Channel  exist. 
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The  middle  facies  of  the  Selah  consists  of  soft 
to  medium  hard  yellow  green  to  brown,  tuffaceous, 
silty  claystone  and  clayey  siltstone.  It  is 
characterized  by  higher  natural  gamma,  higher 
density,  and  lower  porosity  than  the  lower 
facies.  Samples  of  the  middle  facies  from  bore¬ 
holes  frequently  contain  finely  laminated, 
weathered  tuffs. 

Locally,  the  middle  or  highly  tuffaceous  facies 
of  the  Selah  Member  appears  to  contain  broad 
shallow  channels  filled  with  flood  plain  deposits 
range  from  clayey  siltstone  to  fine  sandy  silt- 
stone.  These  channel-fill  sediments  have  low 
natural  gamma  similar  to  the  lower  facies. 
However,  unlike  the  lower  facies,  they  are  dom¬ 
inantly  weathered  tuff  that  has  the  consistency 
of  clayey  siltstone. 

Two  of  the  test  trenches  excavated  at  the  site 
exposed  the  top  of  the  Selah  member  and  provide 
excellent  exposures  of  the  middle  facies.  In 
both  trenches  the  Selah  consists  of  weathered 
tuffs  that  have  the  consistency  of  clayey  silt- 
stone  and  si’ty  claystone.  At  natural  moisture 
content  they  appear  massive;  however,  upon 
drying  fine  laminations  are  locally  visible. 

Vitric  Tuff  Bed  of  the  Selah  Member 

A  gray,  dacitic,  vitric  tuff  attaining  a  maximum 
thickness  of  about  30  feet  occurs  at  the  top  of 
the  Selah  Member  of  the  Ellensburg  Formation. 
Geologic  mapping  in  the  area  indicates  that  the 
ash  most  likely  originated  from  eruptions  in  the 
Cascades  Range  (Schminke,  1964).  Texturally, 
the  vitric  tuff  is  soft  to  medium  hard,  gray, 
medium-grained  sandstone  (tuff)  which  is  well- 
sorted  and  massive  in  the  central  20  to  24  feet 
of  the  deposit.  The  lower  one  to  five  feet  con¬ 
sist  of  soft  to  medium  hard,  gray  to  dark  gray, 
laminated,  silty  sandstone  (tuff)  and  sandy 
siltstone  (tuff).  The  finer  laminae  are  wea¬ 
thered  to  soft,  clayey  siltstone  or  silty  clay¬ 
stone.  The  upper  three  to  eight  feet  consist  of 
silty,  fine  to  medium,  vitric  sandstone  that 
occurs  as  cross-laminated  and/or  thinly  graded 
beds.  These  fine-grained  layers  consisted  of 
weathered  clayey  silt/silty  clay  similar  to  the 
bottom  laminated  portion.  Development  of  an 
open-pit  pozzalana  mine  and  explorations  for  its 
development  have  provided  nearly  continuous  ex¬ 
posure  of  the  vitric  tuff  in  the  southern  part 
of  the  site. 

Rattlesnake  Ridge  Member  of  the  Ellensburg 
Formation 

Overlying  the  vitric  tuff  in  the  north  part  of 
the  site  is  a  tan,  fine-grained  tuff  which  varies 
from  zero  to  about  eight  feet  thick.  It  aver¬ 
ages  four  to  six  feet  in  thickness  in  areas  where 
it  was  not  scoured  away  prior  to  deposition  of 
the  overlying  Dalles  conglomerate.  In  the  south 
part  of  the  site,  the  tan  tuff  rests  directly 
on  the  underlying  vitric  tuff  and  has  a  sharp, 
conformable  contact  with  it.  The  tuff  typically 
consists  of  weathered  to  decomposed  fine  volcanic 
ash  and  has  the  texture  of  a  plastic,  silty  clay 
or  clay  which  is  largely  montmorillonitic.  The 
tuff  is  generally  massive;  however,  locally  the 
top  and  bottom  few  inches  have  thin  laminae  of 
carbonaceous  material. 


Pomona  Member 

The  Pomona  flow  is  restricted  to  the  northern 
portion  of  the  site  and  consists  of  very  hard, 
black,  fine-grained  to  glassy  prophyritic  basalt. 
Maximum  thickness  is  about  40  feet  while  the 
average  thickness  is  about  20  feet.  The  Pomona 
onsite  exhibits  its  characteristic  jointing  habit 
of  lower  colonnade,  entabulature  and  upper 
colonnade  (Figure  4).  However,  where  the  flow  is 
thin  (  25  feet  thick)  the  flow  top  consists  of 
three  to  five  feet  of  platy  jointed,  vesicular 
basalt  with  little  columnar  development.  Also, 
development  of  the  distinctive  fans  of  joints  in 
t.ie  entablature  is  attenuated  where  the  flow  is 
thin. 

Dalles  Formation 

The  Dalles  Formation  overlies  the  Columbia  River 
Basalt  and  Ellensburg  Formation  throughout  the 
site  area.  It  consists  of  fluvial  gravel,  con¬ 
glomerate,  sandstone,  fluviolacustrine  siltstone, 
tuffs,  and  loess.  Many  fossil  soil  horizons 
represented  by  zones  of  caliche  are  present  in 
the  Dalles,  and  local  unconformities  are  common. 

Two  facies  of  different  origin  are  present 
throughout  most  of  the  site  area:  a  basal  ce¬ 
mented  sandstone  and  conglomerate  facies,  and  an 
overlying  tuffaceous  siltstone  facies.  In  addi¬ 
tion  to  these  two  facies,  a  third  facies  con¬ 
sisting  of  poorly  sorted  silty,  sandy  gravel 
occupies  a  channel  which  meanders  across  the  site 
and  is  cut  to  the  top  of  the  Selah  Member. 

Surficial  Materials 

Pleistocene  glaciofluvial ,  slackwater,  torren¬ 
tial  flood,  colluvial,  alluvial  and  Holocene 
eolian  deposits  locally  mantle  the  bedrock  units. 

Structural  Geology 

The  geologic  structure  of  the  site  is  relatively 
simple.  The  site  lies  partially  astride  one  of 
several  samll  east-west  anticlinal  folds  that 
interrupt  the  floor  of  the  required  Dalles- 
Umatilla  synclinorium.  The  overall  trend  of 
this  small  anticline  is  east-west;  however,  it 
is  somewhat  sinuous  in  detail.  The  strike  of  the 
anticline  varies  from  about  N  70  W  in  the  north¬ 
east  part.  North  and  south  of  the  anticline,  the 
bedrock  units  dip  relatively  uniformly  to  the 
north  and  south,  respectively,  toward  adjacent 
synclines. 

Structure  contours  of  the  top  of  the  Priest 
Rapids  Member  define  the  shape  and  amplitude  of 
folding  that  has  occurred  in  the  site  area  since 
extrusion  of  the  member  approximately  15  million 
years  before  present.  Maximum  amplitude  of  the 
fold  in  the  Priest  Rapids  Basalt  is  approximately 
130  feet  between  the  local  culmination  on  the 
anticline  in  tne  northwest  corner  of  the  site  and 
synclinal  axis  south  of  the  site  in  Alkali  Can¬ 
yon.  Average  dip  of  the  Priest  Rapids  Basalt  is 
about  1.5  degrees  although  higher  dips  occur 
along  the  anticlinal  axis  (1.5  to  5  degrees),  and 
lower  dips  occur  in  the  south  part  of  the  site 
(0.5  to  1  degrees).  Folding  of  the  east-west 
anticline  is  slightly  disharmonic,  in  that  the 
folding  of  the  Priest  Rapids,  Selah,  and  Pomona 
was  not  perfectly  concentric. 


Folding  of  the  anticline  was  accompanied  by 
minor  faulting  along  the  fold  axis-  Faults  and 
related  shears  on  the  Seiah  are  typically 
characterized  Dy  gouge  zones  consisting  of  re¬ 
molded,  plastic  clay  and  clay  and  thus  appear 
to  be  of  relatively  lower  permeability  than  the 
small  thrust  faults  are  typically  open  or  filled 
with  loose  glaciof luvial  deposits  and  thus 
appear  to  be  of  relatively  higher  permeability 
than  that  of  the  Seiah. 

Evidence  developed  during  investigations  of  the 
site  and  nearby  areas  indicates  a  lack  of 
Holocene  deformation  (i.e.,  since  the  Spokane 
flood,  10,000  to  13,000  years  ago).  This 
evidence  includes:  1)  that  developed  by  geolo¬ 
gic  mapping  which  shows  that  unfaulted  glacial 
flood  deposits  cover  the  small  faults  onsite  and 
in  the  western  tract  where  no  waste  management 
activities  presently  exist  and,  2)  by  relation¬ 
ships  exposed  in  excavated  trenches  whereas  the 
fault  zones  exposed  are  trunicated  by  unfaulted 
glacial  flood  deposits. 

HXDROGEOLOGIC  SETTING 

Within  the  Columbia  Plateau,  groundwater  re¬ 
charge  is  derived  mainly  from  incident  precipi¬ 
tation  and  surface  runoff;  however,  a  small 
percentage  may  also  be  derived  from  irrigation 
and  irrigation  water  diversions  from  the  Columbia 
River  (Pacific  Northwest  River  Basins  Commission, 
1970).  The  climate  of  the  Arlington  area  is  arid 
to  semi-arid;  consequently,  potential  rates  of 
groundwater  recharge  from  precipitation  are  low 
in  comparison  with  those  for  the  more-humid 
areas  such  as  the  Blue  Mountains  south  of  the 
site.  According  to  National  Weather  Bureau 
statistics,  the  mean  annual  precipitation  at 
Arlington,  Oregon  is  less  than  ten  inches, 
mostly  occurring  between  October  and  March.  The 
low  annual  precipitation  and  high  summer  evapo- 
transpiration  (40  to  55  inches)  is  evidenced  by 
the  sparse  vegatation  consisting  of  prairie 
grasses,  low  flowering  plants,  sage  brush  and 
occasional  junipers.  Phreatophytes ,  including 
some  deciduous  trees,  mostly  brought  in  by  early 
settlers,  are  found  along  the  steam  valleys, 
near  springs,  and  in  other  areas  where  the 
groundwater  table  is  at  moderate  to  shallow 
depths  (Dickens,  1955). 

The  principal  aquifers  within  the  Arlington  area 
are  associated  with  the  interflow  zones  between 
basalt  flows.  The  principal  interflow  aquifers 
in  the  site  area  are  within  and  between  the 
Priest  Rapids,  Frenchman  Springs,  and  the  upper 
part  of  the  Grande  Ronde  Basalt.  Of  these,  the 
Frenchman  Springs  is  the  principal  aquifer 
developed  locally  for  irrigational  purposes. 

The  use  of  this  aquifer  ha3  decreased  in  recent 
years  due  to  the  reduction  in  yields  as  a  result 
of  overpumping. 

Within  the  site  area,  the  uppermost  basalt 
aquifer  of  regional  importance  occurs  within  the 
interbed  zone  between  the  two  Priest  Rapids 
basalt  flows  at  an  elevation  of  620  to  640  feet 
(site  datum).  The  static  water  level  in  test 
wells  completed  within  the  Priest  Rapids  inter¬ 
flow  zone  is  100  feet  or  more  above  that  reported 
for  veils  completed  in  the  Frenchman  Springs. 

The  Priest  Rapids  has  also  been  severly  depleted 
in  recent  years  because  of  overpumping.  The 
Grande  Ronde,  which  underlies  the  Priest  Rapids 
and  Frenchman  Springs,  is  tapped  by  the  city  of 


Arlington  for  its  water  supply  and  by  several 
irrigation  wells  south  of  the  Arlington  facility. 

Recharge  to  the  basalt  interflow  aquifers  occurs 
maintly  along  outcrops  and  through  fractures 
which  provide  hydraulic  communication  to  the 
surface.  The  principal  areas  of  groundwater 
recharge  to  the  Priest  Rapids,  Frenchman  Springs, 
and  Grande  Ronde  aquifer  systmes  are  south  of  the 
Arlington  facility,  where  the  edge  of  north 
dipping  basalt  flows  is  exposed  and  precipitation 
is  comparatively  higher.  Additionally,  the 
Priest  Rapids  and  Frenchman  Springs  are  exposed 
locally  along  the  major  drainages  south  of  the 
sitewhich  are  local  areas  of  groundwater  flow 
within  the  Columbia  River  Basalts  in  the  Arling¬ 
ton  area  is  to  the  north  toward  the  Columbia 
River . 

The  interflow  aquifers  within  the  Columbia  River 
Basalts  typically  have  high  to  very  high  permea¬ 
bility  and  low  storativity  because  of  the  open 
nature,  but  limited  volume,  of  joints  and  frac¬ 
tures.  Furthermore,  because  of  the  generally 
impervious  nature  of  the  intervening  tuffaceous 
sediments  and  dense  basalt,  stratigraphically 
adjacent  interflow  zones  may  be  hydraulically 
isolated  over  large  geographic  areas.  This 
physical  and  hydraulic  separation  is  commonly 
reflected  by  differences  in  both  piezometric 
levels  and  water  quality  between  adjacent  inter¬ 
flow  aquifers. 

Groundwater  Occurrence 

The  hydrogeologic  conditions  at  the  Arlington 
facility  were  evaluated  by  installation  of  over 
120  perimeter  and  interior  wells  and/or  piezome¬ 
ters  at  the  locations  shown  in  Figure  2.  These 
conditions  encountered  are  complex,  consisting 
of  multiple  zones  of  saturation  with  varying 
degrees  of  interconnection  (Fiugre  5).  The 
uppermost  zone  of  saturation  beneath  the  Arling¬ 
ton  facility  is  at  the  base  of  the  Seiah,  100  to 
200  feet  beneath  the  existing  ground  surface. 

This  zone  of  saturation  at  the  base  of  the  Seiah 
is  the  first  detectable  zone  encountered  during 
drilling  capable  of  yielding  even  small  quanti¬ 
ties  of  water  to  an  open  borehole  and  it  is, 
therefore,  the  uppermost  zone  capable  of  being 
monitored.  Because  of  stratification  and  marked 
permeability  contrasts  that  exist  within  and 
between  the  overlying  Dalles  Formation,  Pomona 
Basalt,  Vitric  Tuff,  and  the  Seiah,  it  is  rea- 
sonble  to  expect  that  isolated,  perched  zones  of 
saturation  could  exist  above  the  base  of  the 
Seiah.  However,  no  such  zones  have  been  detected. 
Furthermore,  no  perched  zones  of  saturation  were 
identit'ed  from  the  downhole  geophysical  logs 
although  variation  in  soil  moisture  content  with 
depth  is  evident. 

Groundwater  occurs  under  water  table  conditions 
at  the  base  of  the  Seiah.  It  also  occurs  under 
both  water  table  and  partially  confined  condi¬ 
tions  within  the  upper  Priest  Rapids  flow  above 
the  interbed  between  upper  and  lower  flows,  and 
within  the  interflow  zone  between  the  two  Priest 
Rapids  basalt  flows.  Barometric  efficiency  tests 
were  performed  to  assess  whether  there  were  mea¬ 
surable  fluctuations  in  water  levels  as  a  result 
of  changes  in  atmospheric  pressure.  The  test 
indicated  that  water  level  fluctuations  in  the 
uppermost  aquifer  within  the  lower  portion  of  the 
Seiah  on  the  order  of  0.25  foot,  and  that  these 
fluctuations  are  in  part  of  a  function  of  varia- 
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tions  in  atmospheric  pressure.  Thus,  the  upper¬ 
most  aquifer  is  partially  confined  and  therefore 
responds  to  changes  in  atmospheric  pressure; 
although  these  fluctuations  are  minimal. 

The  uppermost  zone  of  saturation  is  located 
physically  within  the  Selah  and  above  the  top  of 
the  Priest  Rapids  Basalt.  This  saturated  zone 
is  continuous  across  the  southern  two-thirds  of 
the  site  (north  of  Alkali  Canyon)  where  waste 
management  activities  occur.  It  is  either  thin 
or  absent  beneath  the  northwestern  corner  and  in 
the  north-central  part  of  the  site.  Groundwater 
that  would  otherwise  be  present  in  these  areas 
is  believed  to  flow  downward  from  the  Selah  into 
the  Priest  Rapids,  in  contrast  to  other  areas  of 
the  site  where  groundwater  is  perched  on  top  of 
the  Priest  Rapids  and  forms  a  continuous  sat¬ 
urated  zone. 

Beneath  the  northern  two-thirds  of  the  site  and 
along  its  southern  margin,  an  unsaturated  zone 
exists  within  the  upper  part  of  the  upper  Priest 
Rapids  basalt  flow.  The  thickness  of  this  uii- 
saturated  zone  ranges  from  a  few  feet  near  the 
southern  boundary  of  the  property  to  greater 
than  80  feet  in  the  northern  portion  of  the 
site.  The  lower  portion  of  the  upper  Priest 
Rapids  basalt  flow  is  saturated.  In  the  soutn- 
eastern  portion  of  the  site,  continuous 
saturation  appears  to  exist,  from  the  base  of  the 
Selah  downward  to  the  top  of  the  interbed.  The 
existence  of  the  saturated  zone  within  the  Selah 
is  thus  a  manifestation  of  the  anisotrophic 
nature  of  the  Selah  as  well  as  the  existence  of 
a  low  permeability  zone(s)  at  the  Selah/Priest 
Rapids  interface. 


Groundwater  also  occurs  under  both  confined  and 
water  table  conditions  within  the  interflow  zone 
at  tne  top  of  the  lower  Priest  Rapids  basalt 
flow.  Groundwater  within  the  interflow  zone 
beneath  the  south-central  portion  of  the  site, 
in  general,  is  confined  or  partially  confined. 

In  the  northern  portion  of  the  site  where  the 
interbed  rises  toward  the  anticline,  ground¬ 
water  within  it  exists  under  water  table  or 
uncont'ined  conditions. 


Groundwater  Regime 


The  groundwater  regime  within  the  uppermost  zone 
of  saturation  within  the  lower  portion  of  the 
Selah  was  evaluated  by  installation  of  wells 
which  discretely  screened  the  top  of  the  zone  of 
saturation  (cn  the  water  table),  at  or  near  the 
base  of  the  Selah  and  occassionally  intermediate 
between  the  water  table  and  the  base  of  the 
Selah.  Groundwater  flow  is  predominantly 
lateral  from  the  groundwater  divide  in  the 
northwest  corner  of  the  site  to  the  south  and 
southeast,  and  toward  Alkali  Canyon  (Figures  6 
and  7).  Groundwater  movement  appears  to  be 
principally  horizontal,  although  available 
piezometric  data  indicate  that  there  is  also  a 
vertical  (downward)  hydraulic  gradient  within 
the  zone  of  saturation.  This  inoicates  recharge 
from  the  Selah  to  the  Priest  Rapids,  albeit  at  a 
slow  rate.  The  observed  pressure  head  distribu¬ 
tion  within  the  Selah  suggests  the  existence  of 
a  low  hydraulic  conductivity  zone  at  the  base  of 
the  Selah/top  of  the  Priest  Rapids.  Evidence  of 
the  presence  of  such  a  layer  was  found  in  rock 
oore  samples  from  the  Selah/Priest  Rapids  inter¬ 
face.  In  these  core  samples,  the  fractures  and 
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vesicles  within  the  top  several  inches  of  Priest 
Rapids  were  infilled  with  secondary  weathering 
products  (clay  and  silt). 

Comparison  of  the  water  table  contour  map  and 
the  piezometric  contour  map  for  the  base  of  the 
Selah  compares  favorably  although  the  piezome- 
tric  contours  at  the  base  of  the  Selah  more 
closely  reflects  the  configuration  of  the  cop  of 
the  Priest  Rapids  than  do  the  water  table  con¬ 
tours  (Figures  6  and  7).  The  piezometric  head 
at  the  base  of  the  Selah  is  also  lower  than  that 
of  the  water  table.  This  reflects  the  geologic 
control  on  groundwater  occurrence  and  the  flow 
regime  within  the  Selah. 

Kriging  analysis,  a  statistical  technique  for 
estimating  quantitative  values  for  spatial 
(geographic)  variables  based  on  the  results  of 
sampling  at  discrete  points,  was  perfomred  to 
assess  the  degree  of  confidence  ir,  relation  to 
predicted  groundwater  flow  directions  at  the 
site  (Wolf  and  Testa,  1985).  The  Kriging 
analysis  perfomred  was  consistent  with  and 
support  the  regularity  and  predictability  of  the 
groundwater  contours  (i.e.,  low  variance  from  a 
reasonable  model)  within  the  active  portion  of 
the  site.  Kriging  is  limited  in  that  it  does 
not  account  for  geologic  and  hydrogeologic  fac¬ 
tors  which  could  reduce  the  level  of  uncertain¬ 
ty  (i.i.,  underlying  erosional  surfaces  which 
may  substantially  alter  the  occurrence  and 


movement  of  groundwater,  or  vertical  gradients). 
However,  Kriging  was  used  to  assess  whether  the 
level  of  uncertainty  or  variability  within  the 
site  area  is  small  compared  to  the  overall  hydro- 
gologica]  constraints  —  specifically,  the 
boundary  condition  of  the  saturated  zone  and  the 
configuration  of  the  potentiometnc  surface 
(Wolf  and  Testa,  1985). 

Recharge  to  the  saturated  zone  at  the  base  of  the 
SeJah  is  believed  to  be  from  direct  infiltraticn 
of  incident  precipitation  across  the  site  and 
ponded  surface  runoff.  In  this  regard,  the 
closed  depressions  in  the  northern  portion  of  the 
site  and  the  silty  gravel-filled  Dalles  channel 
are  believed  to  be  preferential  areas  for  gcound- 
water  recharge.  Groundwater  discharge  is  to 
Alkali  Canyon  as  evapotranspiration,  as  lateral 
inflow  to  the  glaciof luvial  deposits  in  the  can¬ 
non  and  by  vertical  recharge  to  the  underlying 
Priest  Rapids  Basalt.  The  water  table  at  the 
base  of  the  Selah  is  depressed  below  the  top  of 
the  Priest  Rapids  Basalt  along  the  extreme 
southern  boundary  of  the  site.  This  depression 
of  the  water  table  coincides  with  a  groundwater 
mound  within  the  upper  Priest  Rapids  basalt 
indicating  recharge  from  the  Selah  to  the  Priest 
Rapids.  Tritium  analysis  indicates  that  ground- 
water  within  the  lower  portion  of  the  Selah  pre¬ 
dates  1953. 
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Aquifer  Characteristics 


The  existence  of  a  zone  of  saturation  at  the  base 
of  the  Seiah  directly  overlying  an  unsaturated 
zone  within  upper  Priest  Rapids  Basalt  suggests 
either  a  permeability  contrast  between  the  Seiah 
and  the  Priest  Rapids  or  the  presence  of  a  lower 
hydraulic  conductivity  layer  or  zone.  The  latter 
hypothesis  is  consistent  with  the  observed  pres¬ 
sure  head  distribution  within  the  Seiah. 

In-situ  falling  head  permeability  (slug)  tests  m 
open  boreholes  terminated  at  the  base  of  the  Seiah/ 
top  of  the  Priest  Rapids  indicate  that  the  hori¬ 
zontal  hydraulic  conductivities  at  the  base  of 
the  Seiah  range  over  two  order  of  magnitude 
from  about  1  x  10-6  to  1  x  10-4  cm/sec.  Labora¬ 
tory  tests  on  undisturbed  cores  from  the  sat¬ 
urated  zone  at  the  base  of  the  Seiah  indicate 
that  tne  vertical  hvdraulic  conductivity,  which 
ranges  from  1  x  10-8  to  1  x  10-5  cm/sec,  is  one 
to  several  orders  of  magnitude  less  than  the 
horizontal  hydraulic  conductivity  as  determined 
from  slug  tests.  The  apparent  difference  be¬ 
tween  field  horizontal  hydraulic  conductivity 
may  be  attribued  in  part  to  the  difference  in 
measurement  techniques. 

Packer  tests  conducted  within  the  Priest  Rapids 
Basalt  indicate  wide  variations  in  hydraulic 
conductivity  of  the  Priest  Rapids  Basalt  is 
generally  of  the  same  order  of  magnitude  as  that 
within  the  basal  portion  of  the  Seiah. 

To  assess  their  hydraulic  characteristics  and 
degree  of  hydraulic  connection,  pumping  tests 
were  conducted  in  the  Seiah  and  the  Priest 
Rapids.  The  Seiah  pump  tests  entailed  pumping 
from  the  base  of  the  Seiah  and  monitoring  the 
response  to  pumping  at  the  base  of  the  Seiah,  at 
an  intermediate  depth  between  the  base  and  the 
water  table,  and  at  the  water  table.  Two 
locations  were  selected  and  pumped  at  rates  0.25 
and  0.167  gpm,  respectively,  which  resulted  in 
full  drawdown  m  the  pumping  wells.  The  Seiah 
pump  tests  were,  however,  of  limited  duration 
because  of  the  low  permeability  of  the  Seiah. 

The  calculated  horizontal  hydraulic  conductivity 
of  the  Seiah  for  the  Jacobs  nonequilibrium 
(Lohman,  1972),  and  the  Theis  (Lohman,  1972) 
analytical  methods  ranges  from  1  x  10-6  to  1  x 
10~6  cm/sec.  These  values  are  based  on  the 
time-drawdown  responses,  which  closely  follow 
the  Theis  curve  predictions.  Because  of  the 
limited  duration  of  the  tests,  the  calculated 
results  were  considered  order-of-magnitude 
estimated  only. 

The  Priest  Rapids  pump  test  had  dual  objectives: 

1)  the  assessment  of  the  aquifer  characteris¬ 
tics  within  the  Priest  Rapids  interflow  cone  and 

2)  the  assessment  of  possible  interaquifer  com¬ 
munication  between  the  Priest  Rapids  interflow 
zone,  the  upper  Priest  Rapids  basalt  flow,  and 
the  saturated  zone  at  the  base  of  the  Seiah. 
Observation  wells/piezometers  were  installed 

at  three  levels:  within  the  saturated  zone  at 
the  base  of  the  Seiah,  within  the  upper  Priest 
Rapids  basalt  flow  and  within  the  Priest 
Rapids  interflow  zone.  The  Priest  Rapids  in¬ 
terflow  zone  was  pumped  at  a  constant  rate  of 
0.5  to  1  gpm,  which  was  the  maximum  sustainable 
pumping  rate  over  the  planned  duration  of  the 
tests. 


The  Theis  and  Jacobs  analyses  were  applied  on 
the  assumption  that  the  observation  wells 
partially  penetrate  an  anisotropic,  unconfined 
aquifer  composed  of  the  Seiah,  the  upper  Priest 
Rapids  basalts,  and  the  interflow  zone.  These 
analyses,  however,  would  not  be  applicable  if  an 
unsaturated  zone  existed  between  the  base  of  the 
Seiah  and  the  interflow  zone.  An  unsaturated 
zone  would  provide  an  effective  discontinuity 
between  the  saturated  zone  at  the  base  of  the 
Seiah  and  the  pumping  zone  within  the  Priest 
Rapids,  and  hence  mask  any  response.  The  area 
m  which  the  Priest  Rapids  pump  test  was  con¬ 
ducted  is  the  only  known  area  on  the  site  that 
is  fully  saturated  from  the  base  of  the  Seiah  to 
the  interflow  zone.  The  drawdown  response  of 
several  of  the  observation  wells  indicates  that 
the  interflow  zone  in  this  area  is  hydraulically 
connected  with  the  saturated  zone  at  the  base 
of  the  Seiah. 

The  transmissivity  calculated  on  the  basis  of 
the  Priest  Rapids  pump  test  ranges  from  0.3  to 
19.1  ft/day.  Assuming  an  average  saturated 
thickness  of  approximately  7.5  feet  for  the 
interflow  zone,  the  horizontal  hydraulic  conduc¬ 
tivity  of  the  interflow  zone  is  estimated  to  be 
1  x  10-5  to  9  x  10“4  cm/sec.  Due  to  the  limited 
duration  of  the  test,  and  the  mathematical  limit¬ 
ation  of  the  Theis  and  Jacobs  analyses,  the 
calculated  pump  tests  results  are  considered 
order-of-magnitude  estimates. 

An  analysis  by  Witherspoon  (et  al,  1967)  for 
aquitard  response  to  punpinq  in  an  aquifer  has 
also  been  applied  on  the  assumption  that  the 
Seiah,  the  upper  Priest  Rapids  basalt,  and  the 
interbed  zone  are  an  aquitard  and  the  interflow 
zone  is  an  aquifer.  In  this  analysis,  the 
observed  drawdown  responses  in  the  aquitard  are 
used  to  estimate  the  vertical  hydraulic  conduc¬ 
tivity  of  the  aquitard.  The  estimated  vertical 
hydraulic  conductivity  of  the  aquitard  estimated 
on  this  basis  ranges  from  1  x  10-7  to  2  x  10-7 
cm/sec,  although  these  values  may  be  an  under¬ 
estimate  due  to  the  time  lag  response  to  the 
piezometers. 

DISCUSSIONS  AND  CONCLUSIONS 

Geologic  and  hydrogeologic  characterization  of 
the  Arlington  facility  to  the  extent  necessary 
to  proceed  with  development  of  a  detection 
groundwater  monitoring  system  was  approved  by  the 
Environmental  Protection  Agency  Region  10  in 
November,  1986.  The  studies  performed  addressed 
criteria  established  under  40  CFR  264,  Subpart  F 
and  included  identification  of  the  uppermost 
aquifer  and  aquifers  hydraulically  interconnected 
thereto  beneath  the  waste  management  area,  evalu¬ 
ation  of  their  respective  groundwater  flow  rates 
and  direction,  and  the  basis  for  such  identifica¬ 
tion.  These  studies  have  also  demonstrated  that 
the  geologic  and  hydrogeologic  cc  iditions  at  the 
Arlington  facility  make  it  environmentally 
favorable  for  hazardous  wa3te  disposal.  The 
favorable  environmental  characteristics  include: 

o  Semi-arid  climate; 
o  Low  precipitation; 
o  High  evapotranspiration; 
o  Low  rate  of  infiltation; 
o  Deep  water  table  (uppermost  zone  of 
saturation) ; 


o  Thick  vadose  zone; 

c  Abundant  low  permeability  and  moisture 
deficient  soils; 
o  Low  population  density;  and 
o  Lack  of  nearby  surface  water  bodies. 

These  favorable  conditions  at  the  site;  however/ 
have  been  very  difficult  to  demonstrate  in  an 
unequivocal  manner  due  to  tenuous  reliability  of 
testing  methods  available  for  use  under  the  site 
conditions  described  herein. 

For  the  purpose  of  designing  a  detection  moni¬ 
toring  network,  each  regulated  waste  management 
unit  at  the  facility  was  considered  to  be  a 
discrete  entity  with  its  own  point  of  compli¬ 
ance.  Thus,  a  primary  monitoring  network  within 
the  saturated  zone  at  the  base  of  the  Selah  was 
prepared  for  each  unit.  However,  in  designing  a 
groundwater  monitoring  system  to  detect  the 
"immediate"  potential  release  of  contaminants 
from  a  particular  waste  management  unit,  such 
favorable  environmental  characteristics  warrant 
consideration  of  and  conflicts  with  site- 
specific  factors  such  as: 

o  Heterogeneous  mixture  of  waste  types; 
o  Complex  stratigraphic  depositional  environ¬ 
ments  ; 

o  Identification  of  hydrostratigraphic  units; 
o  Complex  groundwater  movement  regimes  within 
the  vadose  aid  saturated  zones; 
o  Infeasibility  to  use  conventional  unsat¬ 
urated  zone  monitoring  techniques  which 
reflect  low  permeable  and  moisture 
deficient  soils,  and 

o  Level  of  demonstation  versus  level  of  risk 
to  site  integrity. 
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SYNOPSIS.  Optimum  dimensioning  of  bolts  or  anchors  for  the  reinforcement  of  slopes  in  jointed  rock 
masses,,  requires  compatible  strength-deformation  data,  for  both  the  rock  joints  and  the  reiforcing 
elements.  Most  types  of  rock  joints  behave  in  non-  linear  fashion  and,  thus,  realistic  modelling  can 
have  serious  implications  in  the  design,  both  from  the  economical  and  the  technical  standpoints.  This 
paper  will  present,  briefly,  the  principles  of  a  constitutive  model  of  joint  shear  behaviour  and  a 
method  for  optimum  bolt  or  anchor  design.  The  implications  of  non-linear  joint  behaviour  will  be 
demostrated  with  numerical  examples.  Finally,  a  case  study  of  slope  stabilization,  in  which  the 
method  was  adopted,  will  be  reported. 


INTRODUCTION 

Statics  show,  that  the  minimum  tensioning  force 
for  the  support  of  a  rock  mass  resting  on  an 
inclined  plane,  requires,  if  moments  are 
neglected,  an  optimum  angle  of  installation  (B) 
w.r.t.  the  failure  plane,  given  by: 

tanB  -  ( 1/F)  *  tan9  (1) 

where  9  is  the  friction  angle  along  the  contact 
interface  and  F  is  the  safety  factor.  Depending 
upon  the  desired  stiffness  of  the  reinforcing 
system  to  be  installed,  the  choice  of  the 
design  value  of  9,  must  be  made  in  accord  with 
the  amount  of  shear  deformation,  which  the 
reinforcing  element  would  be  capable  of 
tolerating. 

In  some  rock  slope  engineering  problems,  it 
may  prove  advantageous  to  allow  a  certain 
amount  of  deformation,  thus  dissipating  a 
portion  of  the  excavation  induced  shear  stress. 
In  addition,  shearing  may  also  initiate  an 
efficient  self-draining  process  within  the  rock 
mass, effected  by  the  openning  of  dilating  joints. 
By  implication,  the  designer  should  be  able  to 
quantify  the  changes  in  shear  behaviour  at  corre¬ 
sponding  stages  of  joint  deformation. 

The  non-linear  constitutive  model  for  the  shear 
behaviour  of  joints  reported  by  Bandis  et  al. 
(1981),  Barton  &  Bandis  (1982).  Barton  et  al. 
(1985),  and  Barton  and  Bandis  (1987),  offers 
the  basis  for  a  convenient  method  for  bolt 
design.  The  met  hr’,  aas  been  described  by  Barton 
and  Bakhtar  (1983)  and  Bandis  et  al.  (1985)  and 
is  based  or.  a  concept  of  "mobilized"  friction, 
by  which  the  shear  strength  available  at  various 
stages  of  shear  deformation,  can  be  quantified. 


NON-LINEAR  MODEL  OF  JOINT  SHEAR  BEHAVIOUR 


The  shear  behaviour  of  a  singly  jointed  rock 
block  is  largely  determined  by  the  effective 


normal  stress  (ft,')  and  the  length  of  the  joint 
(Ln) .  The  variations  observed  in  the  shear 
properties  of  different  joint  types  are 
attributed  to  differences  in  the  geometric  and 
strength  properties  of  the  joint  surfaces,  i.e. 
roughness,  aperture,  wall  strength  and  basic 
friction. 

Four  key-indices  are  required,  to  fully  model 
the  shear  behaviour  of  an  unfilled  joint: 

(i)  the  Joint  Roughness  Coefficient  (JRCo) ,  a 
dimensionless  number  ranging  from  0  for 
planar-smooth  to  2i  for  undulating  -  rough 
joints: 

(li)  the  Joint  Compressive  Strength  (JCSo) , 
which  is  the  uniaxial  compressive  strength 
of  the  rock  material  at  the  joint  wall; 

(iii)  the  Angle  of  Residual  Friction  (9r)  or 
Basic  Friction  (9b)  -  if  the  joint  is 
completely  fresh,  and, 

(iv)  the  Mechanical  Aperture  (Eo) . 

Simple  index  test3  have  been  devised  to 
measure  JRCo  (tilt,  pull  or  p""h  tests),  JCSo 
(Schmidt  hammer  tests) ,  9r  or  9b  (combination 
of  tilt  and  S.H.  testing)  and  Eo  (flow  tests 
in  the  field  or  the  lab).  The  subscript  (o)  is 
used  to  denote  the  joint  length  (Lo) ,  which  was 
index  tested.  Details  of  the  measuring 
techniques  appear  elsewhere  (Barton  and 
Choubey,  1977,  Barton  et .  al.,  1985). 
Extrapolation  of  the  measured  indices  to  field 
scale  (length  Ln) ,  require  appropriate  scaling 
conversions: 

JRCn  —  JRCo  (Ln/Lo)  . (2) 

JCSn  —  JCSo  (Ln/Lo)  -o.os.jrco  . (3) 

The  peak  shear  strength  (Tpeak)  of  a  joint  can 
be  predicted  from  Barton's  (1973)  criterion: 


T(peak)-Or.'*tan[jRCn*logio(-:^7-)  +  9r] _ (4) 
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The  latter  is  attained  at  a  peak  shear 
displacement,  Ah  (peak) : 


Ah (peak) 


Ln 

500 


. . <=> 


The  shear  strength  mobilized  at  any  given 
displacement.  Ah  can  be  expressed  by: 

T(mob)  -On-/*tan  jjRCn(mob)  *  logio(— ~7~)  +<P0  ■  •  (6) 


Dilation  can  be  modelled  utilizing  an  expression 
quite  similar  to  (4): 


dn°(mob)  -  1/2  JRC(mob)  *  logio(  ) . (8) 


The  increase  of  the  mechanical  aperture  (Eo) 
associated  with  dilation  can  be  calculated 
from: 

6Eo  -  6 (Ah)  *  tan  cL°  (mod)  . (9) 

Numerical  examples  of  model  application  are 
given  in  Fig. 2 


or  9 (mob)  -  JRC(mob)  *  log,  of  +  9r  ...(7)  BOLT  DESIGN  BASED  ON  NON-LINEAR  JOINT  MODEL 


The  model  illustrated  in  Fig.  1  simulates  the 

following  fundamental  features  of  joint  shear 

behaviour: 

(i)  mobilization  of  the  basic  frictional 

resistance,  upon  initiation  of  shear 

(ii)  the  amount  of  initial  shear  for  roughness 

mobilization  is  scale  dependent  (=s0.3* 

Ahpeak) . 

(lii)  dilation  begins  when  roughness  is  mobi¬ 
lized. 

(iv)  Fiak  shear  strength  is  reached  at  JRC(mob)/' 
JRC(peak) -I . 0  and  Ah/Ah(peak) -1 . 0 .The  peak 
shear  displacement, Ah(peak) .corresponds  to 
13s  of  the  joint  length.  A  .  value  of 
Ah/Ah  (peak) -2  has  been  adopted  for  rela¬ 
tively  smooth  and  planar  joints  (JRC<5) . 

(v)  the  contribution  of  roughness  declines  in 
the  post  -  peak  region,  owing  to  surface 
mismatch  and  wear. 

(vi)  the  residual  state  (JRC  mob-0)  is  reached 
after  large  shear  displacements  (Ah/Ahpeak 
-100)  . 


Barton  and  Bakhtar  (1983)  suggested  a  graphical 
solution  for  optimum  bolt  design,  utilizing 
normal  stress  and  scale  dependent  values  of  9 
(mobilized).  The  technique  essentially  combines 
the  appropriate  "mobilized"  strength  envelope, 
with  a  conventional  force  diagram. 

From  the  T-Ah  plots  in  Fig.  2a,  values  of 
JRC (mob)  can  be  back-calculated  at  any  shear 
displacement.  Ah,  e.g.  ~'4.0mm  (at  peak), 20. 0mm 
and  80mm.  Those  values  of  JRC (mob)  are  then 
used  to  derive  the  corresponding  mobilized 
strength  envelopes.  Combination  of  the  latter 
with  the  force  polygon  for  a  simple  slope 
problem  is  demonstrated  m  Fig.  3.  It  is  seen, 
that  the  frictional  resultants  R,  ,  R=,  R*. 
which  are  perpendicular  to  the  minimum  bolt 
forces  T,  ,  Ta ,  T3,  intersect  the  envelopes  at 
different  levels  of  normal  stress.  The  design 
9 (mob)  value  corresponds  to  an  effective  normal 
stress,  which  incorporates  the  normal 
component  of  the  force  T,  in  addition  to  the 
forces  N,  V  and  U. 
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Fig.  1.  Dimensionless  model  of  joint  shear  beha¬ 
viour  (from  Barton  &  Bandis,.  1987)  . 
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MODEL  INPUT 


JRCn 
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Ln 
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Fig. 2.  Numerical 
examples  of  model 
predicted 

(a)  shear  stress 
vs  shear  dispace- 
ment  and 

(b)  dilation 
curves 
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Fig.  3.  Example  of  graphical  solution  for  opti¬ 
mum  bolt  design  using  normal  stress  and 
scale  dependent  values  of  9  (mobilized) 
(from  Bandis  et .  al.  1985). 


The  engineering  implications  in  bolt/anchor 
design, if  the  non-linearity  in  joint  shear  beha¬ 
viour  is  neglected,  can  readily  be  demonstrated. 
In  the  hypothetical  problem  illustrated  in  Fig. 4 
it  is  assumed  that  the  rock  mass  structure 
favours  translational  sliding  along  a  potential 
failure  surf ace, consisting  of  segments  with  va¬ 
riable  inclination.-  The  slope  system  can  be  ana¬ 
lyzed  assuming  transfer  of  loads  by  superposi¬ 
tion  from  the  active  to  the  passive  blocks. Joint 
strength  indices  were  assigned  to  the  failure 
surface,  as  listed  in  Fig. 4. 


SLOPE  GEOMETRY 

HEIGHT  OF  SLOPE 

96 

DIP  OF  SLOPE  FACE 

80° 

LENGTH  OF  BOTTOM  PLANE 

90  m 

"  “  MIDDLE  " 

26  m 

"  "  TOP 

55  m 

DIP  OF  BOTTOM  PLANE 

45° 

"  "  MIDDLE  " 

20° 

"  "  TOP 

55° 

BENCH  WIDTH  105  m 

DIP  OF  BENCH 

12° 

TENSION  CRACK’S 

HORIZONTAL  DISTANCE 

97  m 

WEIGHT  OF  BLOCKS  . 

MN/m 

BOTTOM 

87.2 

MIDDLE 

24.5 

TOP 

13.4 

WATER  CONDITIONS 

ROCK 

JOINTS 

JRC 

(BOTTOM) 

_ 

8 

JCS 

(  "  ) 

= 

50000 

KPa 

$r 

i  ”  ) 

= 

30° 

JRC 

(TOP) 

= 

8 

JCS 

<  "  ) 

= 

50000 

KPa 

9r 

(  "  ) 

= 

30° 

JRC 

(MIDDLE) 

K 

5 

JCS 

(  "  ) 

= 

50000 

KPa 

9r 

(  "  ) 

3 

30° 

NORMAL  DRAWDOWN  CURVE 

At  peak  conditions 
H 1 =90m , H2= 1 00m , H3= 1 05m 

At  ultimate  conditions 
Hl=70m,H2=80m,H3=85ffl 


focfc 

Structure 


OUTPUT  FOR  SAFETY  FACTORS. 3 

ANCHOR  DESIGN  BASED  ON 
ULTIMATE  STRENGTH  (SLOPE 
DEFORMATION  =  10  cm, PARTIAL 
DRAINAGE) 

ANCHOR  DESIGN  BASED  ON 

PEAK  STRENGTH 

Non-linear  model 

Non-linear  model 

T=30  MN/m  9(B) =44. 9° 

b=-7 . 5°  9(M>=39.6° 

9<T)=49.6° 

Linear  model 

T=27.5  MN/m  9(B) =39. 9° 

b=-12.8°  9(M)=36.2° 

9(T>«42.6° 

Linear  model 

T-37.5  MN/m  9(B) =40.0° 

b«-12°  9 (M) =40.0° 

9(T)=40.0° 

T»44.0  MN/m  9(B) =30.0° 

b— 21°  9  (M)  =30.0° 

9 (T) *30.0° 

Fig.  4.  Comparison  of  calculated  anchor  forces 
for  a  hypothetical  slope  problem,  utili¬ 
sing  the  non-linear  JRC/JCS  model  and 
Coulomb's  linear  concept  of  joint  beha¬ 
viour  . 


In  a  simplified  approach,  a  constant  value  of 
9-40°, equal  to  the  mean  inclination  of  the  pote¬ 
ntial  failure  surface,  might  be  adopted.  For  the 
water  pressures  assumed  in  Fig. 4,  an  external 
anchoring  force,  T  is  required  for  stability.  It 
can  be  shown,  that  the  inclination,  w.r.t.  hori¬ 
zontal  of  a  minimum  force  (T)  for  safety  factor, 
(SF)  is  given  by: 


A  computer  programme  containing  a  subroutine 
for  the  JRC-JCS  model  was  used  for  the  analyses. 
The  computing  procedure  was  to  calculate  the 
normal  force  component  acting  on  each  segment  of 
the  failure  surface  and,  then,  determine  the 
normal  stress  dependent  values  of  friction  (9) 
through  an  iterative  procedure. 


_Uan_9bottom  /  SF)_  -  tan  y„ _ 

tan  "  (tan  9bottcin7~SF) “tan  yp~+“l  1 

where  yp  -  inclination  of  the  bottom  segment  of 
the  failure  surface. 


The  calculations  gave  for  dry  3lope 
Safety  Factor  (SF)  -  1.06 
Predicted  9(Bottom)  -  45° 
9(Top)  -  49° 
9(Middle)  -  38.5° 


For  the  case  of  design  based  on  peak  strength 
and  safety  factor  of  1.3  : 
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T  -  30.0  MN/m 
b  -  -7.5° 


non-linear  model 


and 

T  - 

37.5  MN/m  1 

b  - 

-12°  i 

. linear  model 

For  the 

case 

of  design 

based  on  ultimate 

strength. 

the 

following  were  assumed: 

Ah 

-  100  mm 

(slope  deformation) 

Ln  -  1.0  metre  (in-situ  block  length) 
JRC(mob)  BOTT  -  5.5  'l 

JRC(mob)  TOP  -  5.5  ?  non-linear  model  in 

JRC(mob)  MIDD  -  3.5  J  Fig.  1. 

The  calculated  anchor  force  for  SF=*1.3  and  water 
conditions  as  originally  : 

T  -  37.0  MN/m  b  -  -12° 

If  we  assumed  that  the  normal  drawdown  GW  curve 
was  lowered  by  209s  due  to  self-draining,  then  : 

T  -  27.5  MN/m  b  -  -21° 

Finally,,  if  the  deformed  slope  was  assigned  a 
conservative  residual  friction  angle  9-30°, 
then 

T  -  44.0  MN/m  b  -  -21° 

The  above  examples  indicate  a  conservative  over¬ 
estimation  of  T  between  25  and  409s,  depending  on 
the  mode  of  joint  behaviour  and  the  conditions 
assumed . 


CASE  STUDY  OF  ROCK  SLOPE  REINFORCEMENT 


Background  information. 

In  November  1985  and  during  the  excavation  of  a 
new  slope  face  in  a  drydock  at  Stavanger, 
Norway,  problems  of  instabilit-,  were 
encountered  in  the  form  of  translational 
sliding  failures  (Figure  5).  The  slope 
(0.0-12.0  in  height  and~50.0  in  length)  had  a 
major  functional  role,  bearing  the  foundation 
loads  of  a  back-filled  sheet-pile  wall,  which 
acted  as  sea-water  barrier.  Figure  6  presents  a 
vertical  section  along  the  final  slope  line,  as 
appeared  in  the  "good  for  construction"  plans. 


Fig.  5.  General  view  of  preexisting  slope  and 
new  excavation  (R.  H.  half) . 


Fig.  6.  Vertical  section  of  seawater  barrier 
along  the  final  slope  line.  A  -  A,  etc. 
indicate  sections  of  different  geometry,, 
which  were  analyzed. 


Under  the  pressure  of  circumstances,  the 
contractor  proceeded  with  immediate 
installation  of  anchors  along  a  line  at  the 
crest  of  the  slope,  at  a  small  distance  behind 
the  final  excavation  line,  as  shown  in  Fig.11, 
Prestress  loads  were  calculated  by  adopting  a 
constant  9  value  of  43°  along  potential  failure 
planes  inclined  by  45°  w.r.t.  horizontal. 

Following  geotechnical  control  of  the 
undertaken  measures,  it  was  concluded,  that 
the  eccentric  line-loading  along  the  crest, 
could  create,  in  addition  to  undesirable 
moments,  a  tensile  zone  in  the  central  part  of 
the  slope.  It  was  also  argued,,  that  the  use  of  a 
constant  value  of  9,  would  prohibit 
optimization  of  the  anchor  tensioning  forces, 
causing  under-  or  over-  loading  of  certain 
sections,  due  to  the  variable  slope  geometry. 

Reevaluation  of  the  design  parameters  was  made, 
by  using  normal  stress  and  scale  dependent 
estimates  of  the  friction  angle,  calculated 
according  the  non-linear  JRC/JCS  model.  The 
design  values  of  9,  thus  obtained,  ranged 
between  39°  and  45°,  instead  of  the  initial 
constant  value  9-43°,  thus  allowing  for  the 
changing  geometry  of  the  slope.  The  prestress 
loads  had  to  be  modified  accondingly.  In 
addition,  since  any  instability  of  the  lower 
part  of  the  slope  could  threaten  the  integrity 
of  the  whole  structure,  additional  reinforcement 
by  bolting  of  the  lower  slope  half  was  designed. 


INVESTIGATION  OF  THE  FIELD  CONDITIONS 


Rock  material 

The  rock  type  was  a  slightly  to  moderately 
weathered  phyllite,  with  well-developed 
foliation.  The  uniaxial  compression  strength 
ranged  between  50-60MPa  (-1-)  and  20-30MPa  (//)  . 

Rock  mass  structure 

The  direction/amount  of  dip  of  the  foliation 
was  N80°  -  95°  /  40°  -  45°.  Foliation  joints  of 
similar  orientation  appeared  frequently,  spaced 
0.5-1. Ora  apart  and  with  lengths  of  up  to  several 
metres. No  other  systematic  jointing  was  observed 
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Occasional  stress  relief  joints  were  of  no  pra¬ 
ctical  importance, due  to  the  relatively  gentle 
dip. Scarcely  distributed  subvertical  joints  were 
also  found. 

Stability  conditions 


The  value  of  JRCn  characterizing  a  particular 
surface,  represents  an  approximate  measure  of 
the  roughness  amplitude  (a)  divided  by  the 
length  (Ln)  of  the  profile.  From  analyses  of  a 
large  volume  of  data.  Barton  (1982)  arrived  at 
the  nomogram  of  Fig. 10. 


It  was  evident,  that  the  persistent  foliation 
joints  could  provide  with  potential  failure 
planes.  Several  of  them  "daylighted"  at  the 
slope  face.  Considering  the  climatic  condition 
in  the  area  and  a  maximum  water  head  of  16.0m, 
the  slope  could  be  expected  to  sustatn 
significant  hydraulic  loading.  Severe  seepage 
was  observed  at  several  locations  at  the  slope 
face.  The  part  of  the  slope  in  need  of 
reiforcement  comprised  the  new  excavation 
(between  section  A-A  and  D-D)  and  a  potencially 
unstable  block  at  the  middle  part  (section  E-E) 
as  indicated  in  Fig.  5. 


EVALUATION  OF  JOINT  SHEAR  STRENGTH 


The  length  of  profile  in  Fig. 9  is  Ln~11.0  m  and 
a~150  mm.  Then,  a  value  of  JRCn  6-7  is  predicted 
from  the  nomogram  The  independently  derived 
JRCn  value  was  used  to  back-calculate  the  drained 
friction  angle,  which  was  mobilized  along  the 
failure  plane,  as  shown  in  Fig. 8: 


>'  =  JRCn  *  logi.-. -  +  <Pr  . (11) 


on'-  (4W  cos40°  - 

Z!w  ifv,  cos40°)/4Ln 
W  ”  650  KN/m 
Ln=  12.0  m 
Zw“  6.0m 


where: JRCn  =  6 

JCSn  =  30  MPa 
9r  “  22“  -  24“ 
on'  ”  0.032  MPa 


The  exposed  failure  plane  at  the  ngthmost  end 
of  the  slope  (Fig. 5) ,  was  quite  accessible  for 
direct  measurements  of  the  surface  roughness. 
Detailed  line-profiling  along  section  2-2  in 
Fig. 8(a)  gave  the  trace  presented  in  Fig. 9. 


Fig. 8  (a)  Persistent  joint  surface  along  which 
translational  failure  took  place. 

(b)  Conditions  assumed  for  back-analysis 
of  failure. 


LENGTH  OF  PROFILE  (m) 

Fig.  10.  Joint  roughness  characterization  accor¬ 
ding  to  the  amplitude  of  asperities  and 
length  of  profile.  (Barton.  1982). 
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The  calculated  value  of  9“40"-42°  clearly 
complied  with  the  conceptual  limit  equilibrium 
contition  of  9=yc  (inclination  of  failure 
surface)  for  planar  sliding. 

Several  more  foliation  joint  planes  ^1.0  metre 
in  length  were  profiled  and  characterized 
according  to  the  nomogram  in  Fig. 10.  The 
conclusion  from  the  field  observations  was  that 
foliation  joints  invariably  contained 
undulating  features  of  various  sizes. 
Wavelengths  ranged  from  a  few  cm's  to  >5.0  m  and 
the  amplitudes  from  some  mm’s  to  >10  cm.  In 
general,  high  JRC  values  (15-18)  were  assigned 
to  joint  lengths  up  to  1.0  m.  The  latter 
represented  the  JRCo  and  Lo  value  for  scaling 
extrapolations  to  .JRCn  accordina  to  egn(2) 


STATIC  ANALYSES-PRESTRESS  LOAD  CALCULATIONS 

A  typical  slope  section  (B-B  according  to 
Fig. 6)  is  contained  in  Fig. 11,  with  all 

information  concerning  the  assumed  distribution 
and  calculation  of  forces. 

Table  1  summarizes  the  geometrical  data,  the 
joint  plane  indices,  the  operating  9  values  and 
the  calculated  prestress  loads  for  limit 
equilibrium  at  the  corresponding  sections  A-A, 
etc.  (see  Fig. 6  for  positions  of  analyzed 

sections).  The  angle  of  anchor  installation 
w.r.t.  horizontal  was  25“  (not  optimum,  but 

imposed  from  practical  constraints  and  the  fact 
that  most  of  the  holes  had  been  drilled).  The 
tensioning  force  was  in  each  case  determined 
graphically,,  by  locating  the  common  intersection 
between  the  vectors  of  force  T  and  frictional 
resultant  R.  and  the  appropriate  strength  envelo¬ 
pe  (also  refer  to  previous  Fig. 3) . 

For  purposes  of  comparison,  the  T  values 
calculated  for  constant  9-43°  have  been 

included  in  Table  1.  It  is  worth  noting,  that, 

despite  the  same  angle  of  anchor  installation. 


Fig.  11.  Diagrammatic  illustration  of  analyzed 
cross-section  and  of  the  assumed  forces 
_ distribution.  _ _ _ 


3 ignif leant  differences  in  the  prestress  load3 
were  found,  particularly  for  the  shortest  slope 
sections . 

As  expected,  the  optimum  anchor  force  (T  vector 
to  frictional  resultant)  gave  lower  T  values 
for  a  range  of  B  angles  from  -7°  to  +3"  (the 
minus  symbol  indicates  angle  above  the  hori¬ 
zontal)  . 


DESIGN  OF  THE  BOLT  REINFORCEMENT 

For  the  reasons  already  referred  to,  a  rock 
bolting  system  was  designed  to  secure  the  lower 


112 


part  of  the  slope,  at  the  final  excavation 
line.  Limiting  equilibrium  analyses  were 
conducted  for  the  slope  sections  A-A  to  P-D, 
by  assuming  a  tension  crack  at  the  zone  of 
potential  relaxaion  and  perpendicular  to  the 
failure  plane,  as  illustrated  in  Fig. 12(a). 

Depending  upon  u’ne  geometry  of  the  slope 
section,  the  calculated  minimum  bolting  forces 
at  equilibrium  ranged  between  510  KN/m  (A-A) 
and  64  KN/m  (D-D) .  The  corresponding  design  9 
values  were  between  45“  and  54°  and  the  optimum 
installation  angles  B  were  0°-9°  (see  Fig 
12b). 

Fully-grouted.  untensioned  bolts  of  250  kN 
capacity  (924mm)  were  recommended  for  instal¬ 
lation  in  a  pattern  with  similar  lateral 
and  vertical  spacing  (2x2  m  )  A  total  of  >  50 
bolt  units  were  installed  (Fig.  13).  Drainage 
holes  were  also  drilled  during  bolt  installation, 
horizontally  spaced  at  5-6  metres  and  drilled  at 
two  different  levels. 


Finally,  the  photograph  in  Fig. 14  shows  the 
anchor  reinforced  unstable  block  in  the  middle 
of  the  slope  (  section  E-E  in  Fig.  5).  Since 
completion  of  the  reinforcing  measures,,  the 
slope  has  presented  with  no  further  problems. 


Fig.  13.  Rock  slope  face  at  the  final  excavation 
line  reinforced  with  bolts. 


Calculated  total 
bolting  force  at 
equi librium. 


B=5 10  KN/m 
6-  0° 

B-330  KN/m 
6-  2° 

B-190  KN/m 
6”  4° 

B-  64  KN/m 
6-  9° 


Illustration  of  (a)  assumed  slope  geome¬ 
try  forces  for  bolt  design  (  active 
pressure  from  upper  slope-half  conside¬ 
red  equal  to  zero) ; (b)  recommended  bolt 
direction  and  position  of  drainage  holes 


Fig.  14.  Anchor  reinforced  unstable  block  in 
section  E-E. 


CONCLUDING  REMARKS 

1.  The  choice  of  linear  or  non-linear  model  for 
the  shear  behaviour  of  joints,  has  significant 
implications  upon  the  design  of  reinforcing 
systems  for  unstable  rock  slopes. 

2.  A  constitutive  non-linear  model  based  on 
simple  indices  (  JRC,  JCS.9r  ),  can  be  used  to 
calculate  the  optimum  angle  of  installation  for 
a  minimum  prestress  load. 


3.  The  model  predicted  value  for  ip  depends  upon 
the  normal  stress,  the  scale  of  joints  and  the 
amount  of  shear  deformation.  The  effects  of  all 
applied  forces  can  be  allowed  for,  by  using 
either  a  graphical  solution  or  an  iterative 
numerical  technique  for  relatively  complex 
failure  surface  geometry. 

4.  The  reported  case  study  of  slope 
reinforcement  revealed  good  agreement  between 
model  predicted  and  back-calculated  friction 
values  of  a  failed  slope  section.  Comparisons 
between  conventional  anchor  design  and  the 
suggested  method,  indicate  potential  over-  or 
under-loading,  if  non-linearity  is  ignored. 
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Stability  of  a  Rock  Slope  at  Bukit  Batok  New  Town,  Singapore 

John  Pitts 

Head  of  Geotechnical  Services,  Harry  Stanger  Limited,  Eistree,  U.K. 


SYNOPSIS:  The  stability  of  a  deep  rock  cutting  is  discussed,  the  face  of  which  mainly  corresponded  to  a  bedding  surface. 
The  slope  failed  during  heavy  rain.  Analyses  show  that  either  surface  roughness  or  cohesion  along  the  failure  surface 
accounts  for  the  initial  stability,  and  mobilisation  of  these  was  necessary  during  failure. 

INTRODUCTION 


As  part  of  the  major  re-housing  programme  instigated  by 
the  Government  of  Singapore,  several  new  towns  have 
been  built.  One  of  these,  Bukit  Batok  is  situated  in 
the  west-central  area  of  Singapore  Island  (Figure  1). 

As  a  part  of  the  development  of  Bukit  Batok  New  Town,  a 
series  of  major  cuttings  have  been  excavated,  and  it  is 
the  stability  of  one  of  these  which  is  to  be 
described.  The  cutting  in  question  (Figure  2)  is  along 
Bukit  Batok  Avenue  6  and  was  excavated  in  1983  by 
deepening  an  existing  col  which  originally  rose  to  over 
45m  in  height  between  two  hills  over  each  60m  high. 


Fig.  2  The  unfailed  cutting 


The  slope  is  over  30m  high,  the  lower  23m  sloping  at 
about  45°  with  a  3.7m  sub-vertical  toe  (Figure  3). 


fig.  3  Profile  of  the  cutting  slope 


The  slope  failed  initially  on  or  about  October  3rd, 
1985  (Figure  4),  and  coincided  with  a  storm  which 
resulted  in  53.5m  of  rainfall,  as  measured  at  the 
nearest  gauging  station.  The  preceding  month  had  been 
unseasonally  wet,  with  230mir  of  rain  having  been 
recorded  at  the  same  meteorological  station.  This 
represents  a  figure  some  33X  higher  than  the  September 
average  for  that  station.  During  a  further  wet  period 
between  8th  and  11th  January  1986,  coinciding  with  the 
northeast  monsoon,  a  further  movement  occurred 
(Figure  5).  A  new  failure  also  developed  in  the  slope 
immediately  to  the  south  (Figure  6). 
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The  geological  setting  of  the  Buklt  Batok  area  Is  shown 
In  Figure  7.  It  is  composed  of  sillclclastic  rocks  of 
the  Jurong  Formation  (PWD,  Singapore  1976;  Pitts,  1984 
(a)  4  (b)).  The  slope  in  question  is  part  of  a 
sequence  conglomerates,  sandstones  and  mudrocks  and  is 
composed  mainly  of  partially  recrystallised  quartz 
sandstones  (orthoquartzites)  with  muddy  intercalations, 
lenses  and  Interbeds.  The  muddy  material  is  usually 
clay  rich,  although  is  occasionally  silty  and  contains 
abundant  diagenetlc  muscovite.  In  the  main  part  of  the 
slope,  the  muddy  sediments  infill  what  appear  to  be 
potholes  scoured  on  the  bedding  surfaces  of  the 
orthoquartzites  (Figure  8).  However,  it  is  clear  from 
the  cutting  on  the  opposite  side  of  the  road  that 
within  some  parts  of  the  orthoquartzite  sequence,  the 
muddy  sediments  are  much  more  persistent,  and 
eventually  develop  into  full  beds  in  the  higher  part  of 
the  unit. 


The  slope  itself  was  excavated  by  blasting,  and  has 
been  cut  back  so  that  it  is  roughly  coincident  with  a 
bedding  surface.  However,  some  beds  daylight  in  the 
steep  toe  section  of  the  slope.  The  rock  mass 
possesses  a  blocky  structure,  and  signs  of  weathering 
and  discolouration  were  originally  confined  to 
discontinuity  surfaces.  The  rock  mass  was  therefore 
showing  Grade  II  weathering,  (Anon,  1977).  The 
discontinuity  surfaces  did  show  rapid  deterioration 
once  exposed  to  the  vagaries  of  the  equatorial  climate 
of  Singapore.  The  rapid  colonisation  of  these  surfaces 
and  of  the  slope  surface  itself  by  algae  and  lichens 


resulted  in  a  rap'd  disaggregation  of  the  surface,  so 
that  a  loose,  fine  sandy  residue  was  quickly  formed. 

In  addition,  a  certain  amount  of  stress  relief  occurred 
following  the  blasting  which  was  manifested  as  surface 
loosening  with  dislodged  small  blocks  sliding  down  the 
slope  surface. 


Fig.  8  Scours  infilled  with  muddy  sediments 


The  slope  forms  part  of  the  eastern  limb  of  an  open 
syncline.  The  geological  structure  of  the  rock  mass 
forming  the  slope  is  sunmarised  in  the  stereographic 
projection,  Figure  9.  The  plotting  of  poles  of  normals 
to  planes  was  carried  ou‘  on  an  equatorial  equal  area 
net,  and  the  poles  were  contoured  using  a  Denness 
Type  B  counting  net  (Denness,  1972). 

Pole  concentration  A  represents  the  bedding.  There  are 
about  fifty  readings  of  bedding,  and  some  scatter  in 
the  results  was  experienced.  The  reasons  fot  this  are 
probablv  two  fold.  Firstly,  along  the  length  of  the 
face  measured,  there  was  a  very  gradual  change  in  the 
strike  of  the  bedding  by  a  few  degrees,  indicating  that 
the  fold  was  either  periclinal,  or  had  been  re-folded. 
Secondly,  the  roughness  of  parts  of  some  of  the  bedding 
surfaces,  seemingly  as  a  result  of  localised 
penecontemporaneous  erosion,  also  led  to  variations  in 
orientation  at  that  scale  of  measurement. 

Pole  concentrations  E  and  C  are  joint  sets,  each  one 
sub-vertical  in  nature. 

Also  included  on  the  stereographic  projection  are 
cyclographs  of  the  more  important  sets  of 
discontinuities  with  respect  to  the  slope  failure. 
Cyclcgraph  D  represents  the  joint  set  which  formed  the 
release  surface  at  the  northern  limit  of  the  slide;  F 
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is  a  wrench  fault  (Figure  7)  which  fonred  the  release 
surface  at  the  southern  limit;  F  is  the  joint  set 
mainly  responsible  for  the  backscar,  although  C  and  H 
were  also  involved,  and  I  is  the  cyclograph  of  the 
average  dip  and  dip  direction  of  the  bedding  from  the 
nearly  fifty  bedding  readings  taken.  However,  because 
of  the  gradual  change  in  strike  as  the  toe  of  the 
failed  part  of  the  slope  is  approached,  this  is  rather 
misleading,  and  there  is  closer  coincidence  of  the  dip 
direction  of  the  bedding  and  the  slope  at  this  point. 
The  main  structures  controlling  the  slide  can  therefore 
be  seen  to  come  from  the  master  joint  sets  and  the 
bedding. 


Fig.  9  Ftereographic  projection  of  main  geological 
structures 

The  bedding  surfaces  vary  from  smooth,  with  first  order 
waviness  producing  an  -angle  i  (Patton,  1966)  of  2°  to 
10°,  vita  a  wavelength  of  200mm  to  300mm,  to  rough, 
with  second  order  asperities  producing  roughness  angles 
of  up  to  about  23°,  (Figure  10)  but  also  including  some 
backsloping  elements  of  10°  to  15°.  However,  the 
morphology  of  the  bedding  surface  is  further 
complicated  ,  ic  inclusion  of  the  muddy 
intercalations  and  lenses..  Although  the  bedding  plane 
scours  are  important  elements  of  roughness,  they  are 
infilled  with  material  of  an  inherently  weak  nature. 

The  muddy  infill  is  also  shaly,  fissured  or  even 
sheared  in  parts,  and  it  is  therefore  unlikely  that  the 
roughness  contributes  very  much  to  the  shearing 
resistance  of  the  bedding  in  the  areas  occupied  by 
muddy  sediments. 

MORPHOLOGY  OF  THE  SLIDE 

The  failed  slope  involved  up  to  about  5000m-*  of 
rock.  It  forms  three  distinct  zones  which  give  some 
impression  of  the  detailed  mode  of  failure  of  the 
slope.  The  toe  block  moved  forward  by  up  to  one  metre, 
and  remained  In  an  essentially  intact  state.  The 
sliding  surface  did  not  daylight  in  the  slope,  but  in  a 
backfilled  trench  at  the  toe.  The  block  extended 
upslope  by  only  a  few  metres  and  was  terminated  behind 
by  its  own  backscar  controlled  mainly  by  joint  set  G. 

A  block  of  rock  behind  the  toe  then  also  moved  forward 
in  response  to  the  removal  of  toe  support. 

However,  the  extent  of  movement  was  limited  and  the 
tension  crack  which  opened  up  as  a  result  of  movement 
of  the  toe  block  was  only  partially  closed.  Small 
blocks  of  rock  failed  along  muddy  bedding  partings  and 
fell  into  the  tension  crack.  The  crack  remained  open 
to  the  extent  of  about  one  metre  at  the  toe  to  less 
than  0.3m  at  the  crest  of  the  toe  block.  The  rearmost 
and  by  far  the  largest  portion  of  the  slope  then 
failed.  The  results  is  a  very  complex  area  of  movement 
Indicative  of  sudden,  rapid,  and  wholesale  failure 


(Figure  11).  The  backscar  is  clearly  defined  and  has  a 
deep,  chasm-like  6pace  in  front  of  it  occupied  by 
random  blocks  which  have  dropped  from  the  backscar 
itself  and  from  the  rear  of  the  slippedjj^^Jn  front. 


Fig.  10  Contrasting  morphology  of  discontinuity 
surfaces 


Fig.  11  Rear,  complex  crest  area  of  slide 


The  sliding  mass  constitutes  a  partially  disintegrated 
block,  where  additional  failures  by  sliding  on  clean, 
fairly  smooth  bedding  surfaces  has  occurred.  Also  of 
Importance  is  toppling,  and  a  second  "low  spot"  in 
front  of  the  rearmost  block  is  infilled  with  small 
columns  of  sandstone  which  have  toppled  forward  into 
it.  The  front  area  of  this  main  sliding  mass  shows 
clear  upthrustl->g  over  the  top  of  the  rear  of  the 
second  toe  block  (Figure  12).  Some  of  the  upthrust 
masses  are  now  sub-vertical  but  clearly  display  the 
original  lichen-covered  slope  surface.  The  whole  area 
behind  the  two  toe  blocks  is  generally  heavily 
disturbed  and  very  Irregular  with  large  disintegrating 
blocks  separated  by  deep  depressions  or  chasms,  partly 
infilled  with  blocks. 

Disruption  in  front  of  the  toe  of  the  slope  resulting 
from  the  first  stage  of  failure  was  remarkably  little 
because  the  main  energy  of  the  failure,  generated  by 
the  rearmost  mass,  has  been  absorbed  by  the  two  intact 
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Fig.  12  Over-riding  of  toe  block  by  slipped  materia] 
from  rear  part  of  slide. 


toe  blocks.  A  deep,  reinforced  concrete-lined  culvert 
at  the  toe  appears  to  be  intact,  and  the  lining  nay 
well  have  acted  as  a  retaining  structure  Uniting  the 
movement  of  the  toe  block.  It  may  however  have  been 
pushed  forward  'en  masse'.  The  failure  surface  was 
just  below  the  gr...  A  and  forward  movements  along  it 
were  clearly  limited  by  the  culvert.  Leading  to  the 
culvert  but  trending  at  right  angles  to  it  from  the 
road  were  scupper  drains.  These  have  remained 
essentially  rigid  and  have  translated  the  forward 
motion  of  the  rock  slope  to  the  kerb  line  of  the  road. 
Where  the  scupper  drains  meet  the  kerb,  the  kerbstones 
have  been  pushed  forward.  The  scupper  drains 
themselves  have  heaved  up  so  that  a  gap  now  exists 
between  the  concrete  bed  of  the  drains  and  the  courses 
of  bricks  beneath. 

Some  additional  movements  took  place  during  the  rains 
of  8th  to  11th  January  1986,  particularly  along  the 
toe.  At  the  southern  edge  of  the  slide,  a  toe  block 
shows  additional  movement  of  0.25m  (Figure  13),  and 
debris  from  the  block  now  fouls  part  of  one  of  the 
covers  of  the  main  culvert.  Toe  blocks  have  collapsed 
and  disintegrated  along  bedding  and  joint  surfaces. 

Some  of  the  bedding  contains  mudshale  partings  and 
Joints  are  frequently  iron  stained.  All  of  the  larger 
blocks  show  clear  structural  control  of  faces,  although 
some  blocks  have  disintegrated  to  form  gravel  and 


Hg.  13  Opening  of  large  fissure  between  first  and 

second  toe  blocks  after  January  1986  movements. 


At  the  northern  edge  of  the  rockslide,  a  block  has 
toppled  forward  from  the  front  edge  of  the  block  behind 
the  toe  block.  This  is  now  aligned  vertically  and  is 
jammed  in  the  crack  between  the  toe  and  second  blocks. 

All  four  of  the  drains  leading  from  the  toe  of  the 
slide  to  the  road  are  cracked  and  heaved.  Some  minor 
repair  work  where  mortar  had  been  placed  to  infill 
earlier  cracks  is  itself  cracked  (Figure  14).  The 
heave  has  produced  vertical  and  horizontal  gaps.  The 
kerbstones  at  the  end  of  the  drains  at  the  road  are 
more  severely  cracked  (Figure  15),  have  been  pushed 
further  out  (Figure  16)  and  there  is  now  a  clear  gap 
between  the  kerbline  and  the  soil  of  the  verge  behind. 
The  displacement  of  the  kerbline  varies  from  10  to  30mm. 

Immediately  downhill  of  the  main  rockslide,  there  has 
been  a  major  collapse  of  a  mainly  shallow  nature, 
occupying  the  slope  from  the  crest  downwards.  It  is  a 
debris  slide,  with  total  disintegration  of  blocks 
(maximum  size  C.5m)  and  much  debris  reduced  to  sand 
size.  A  long  debris  slope  has  formed  over  the  intact 
in  situ  bedrock.  Minor  secondary  failures  of 
originally  slipped  blocks  have,  with  the  addition  of 
much  water,  produced  mudflows.  Subsequently,  water  has 
washed  down  the  slope  and  has  formed  a  series  of  sandy 
alluvial  fans  at  the  toe  which  contain  braided 
rivulets.  The  fans  have  formed  across  the  footpath. 

At  the  road  side  of  the  footpath,  the  soil  has 
collapsed  and  a  hole  has  formed  against  the  wall  of  the 
main  drain. 


Fig.  14  Cracking  of  repair  mortar  in  scupper  drain 


Fig.  15  Cracked  kerbstone  at  end  of  scupper  drain 


118 


Fig.  16  Forward  translation  of  kerbstone 

The  backscar  is  clean,  sandy,  iron  stained  and  fresh 
and  is  now  continuous  over  15m  from  the  edge  of  the 
main  rock  slide.  The  scar  is  formed  mainly  at  the 
crest  of  the  slope,  above  which  there  is  a  berm.  Sandy 
lithologies  are  most  obvious,  although  there  is  some 
obvious  purple  staining  more  associated  with  the 
interbedded  mudrocks.  The  scar  is  occasionally 
ill-defined  and  irregular,  although  is  clearly  fresh. 


Iracediately  downhill  soil  slumps  5.0m  wide  with  ..bout 
1.0m  of  downslope  movement  have  later  been  complicated 
by  secondary  mudflows.  The  downhill  termination  is 
against  sandstone  and  some  sandstone  is  exposed  in  the 
backscar. 

Adjacent  to  the  slump  in  tbe  downhill  direction  is  a 
toe  slip  about  3m  in  height,  formed  within  a  very  mixed 
soil  of  clayey  matrix  with  angular  gravel  and  cobble 
sized  fragments  of  sandstone.  This  is  terminated  in 
turn  by  a  large  "boss"  of  sandstone  showing  minor 
spalling  along  bedding  planes  many  of  which  show  the 
grey  mudshale  lining.  A  block  failure  some  3-4m  wide 
and  1-1. 5m  high  has  failed  along  a  bedding  plane  at  one 
of  the  purple-grey  mudrock  partings. 

A  geororphological  map  of  the  slope  failure  to  the 
south  of  the  main  rockslide  is  shown  on  Figure  17. 


STRENGTH  CHARACTERISTICS 

Pock  strengths  were  obtained  both  in  the  field  and  in 
the  laboratory.  Schmidt  Hammer  (N  Type)  rebound  tests 
(<rijPer^°riDtd  on  the  dlsc°ntinuity  surfaces  in  the 

weinht  of°71Sf^/t3d  j°lnt  surfaces  a«d  a  rock  unit 
8  t  of  24.6  ki./m3,  the  equivalent  uniaxial 
compres  ve  strength  was  27  MN/m*.  For  dry  surfaces, 
the  equivalent  uniaxial  compressive  strength 
vos  33.6  KN/m  .  Uniaxial  compressive  strength  tests 
on  samples  of  the  fresh  sandstone  gave  results  in  the 
range  of  150-200  HN/m^,  which  suggests  that 
weathering  on  the  discontinuity  surfaces  was  well 
developed. 


Shear  strengths  of  discontinuities  were  determined  from 
large  block  samples  using  a  tilt  table.  The  blocks 
were  obtained  from  the  toe  portion  of  the  slope  where 
the  bedding  was  generally  smooth  and  wavy. 


The  toe  area  is  formed  of  a  competent  block  of 
sandstone  showing  no  disintegration.  The  block  has 
cracked  irregularly  along  intersecting  joints.  The 
crack  varies  In  width  from  20  to  30mm  in  the  higher 
parts  of  50  to  100mm  at  the  toe,  is  totally  controlled 
by  the  joints,  and  is  rarely  vertical.  The  block  has 
moved  forward  only  a  small  amount  and  has  rucked  up  the 
sandy  fill  at  the  toe  over  a  distance  of  7.0m.  There 
is  no  sign  of  damage  to  the  main  culvert,  to  feeder 
drains  or  to  the  kerb  of  the  road,  and  so  horizontal 
movement  is  limited.  Between  the  rock  toe  and  the 
sandy  fill  is  ponded  water  about  0.25m  deep. 

The  terminating  side  shear  of  this  slipped  block  is 
formed  along  two  parallel  joint  lines.  The  width  of 
the  zone  in  between  is  about  0.75m.  The  inside  shear 
is  controlled  by  joints  in  the  orthoquartzite  whereas 
the  outside  feature  reveals  large  amounts  of  grey  and 
purple  mudrock  In  the  scar,  and  is  less  regular  and 
clearly  defined.  The  downward  movement  Is  obviously 
slight  but  has  caused  minor  breakage  of  the  rock  within 
the  zone,  which  increases  downslope. 

The  scar  is  slightly  irregular  in  that  there  is  a  small 
amount  of  displacement  downslope  from  the  midslope 
berm,  and  then  the  main  scar  is  up  to  2m  below  that  on 
the  face.  The  backscar  is  steep  and  even  overhanging 
In  some  places.  The  gap  between  the  base  of  the  scar 
and  the  rear  of  the  main  intact  slide  block  is  fully 
2m,  although  the  gap  is  infilled  by  a  slab  of  the 
original  slope  which  has  collapsed  into  it  and  now 
produces  a  sub-horizontal  surface.  The  failure  of  this 
slope  slab  was  along  a  joint,  and  it  collapsed  into  the 
gap  left  by  the  original  forward  motion  of  the  main 
block. 


e  average  tilt  angle  obtained  for  these  samples  was 
44  .  Rough  sawn  blocks  were  also  tested  in  the 
portable  field  shear  box  apparatus  (Ross-Brown  and 
Walton,  1975),  in  order  to  determine  the  basic  friction 
angle  (Earton  and  Choubey,  1977).  These  produced 
results  of  fb  =  32°. 


Barton  and  Choubey  (1977)  suggested  the  following 
equation  for  estimating  peak  shear  strength: 

Tp  -Un  tan  (IRC  log  jo  JCS/CTn  +  0r)  .  (j) 

where  Tp  -  peak  shear  strength,  back  calculated  from 
Barton's  (1973)  empirical  equation 
V -(Jtan  (95+  JRC,  •  logjofl’j/O') 

CTn  -  normal  stress  due  to  self  weight  of 
overlying  blocks 

JRC  0  Joint  Roughness  Coefficient 

JCS  -  Joint  Compressive  Strength 

“  Residual  angle  of  shearing  resistance 

Fairly  small  errors  in  estimating  the  value  of  JRC  when 
visually  comparing  joint  profiles  could  result  in 
serious  errors  in  estimating  the  peak  shear  strength, 
especially  if  the  ratio  JCS/  n  was  large. 

Bandis  et  al  (1981)  suggested  that  accurate  estim<„.os 
of  JRC  can  be  conveniently  obtained  from  the  tilt  angle 
(  )  by  I 
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«*  ° 

1OS10  jig  .  (2) 

IFno 

Where  GTn0  Is  the  normal  stress  due  to  the  self  weight 
of  the  overlying  block. 

The  joint  wall  compressive  strength  and  can  be 
estimated  by  using  a  Schmidt  Hanmer: 

<pr  =  (<f>b  -  20)  +  20  (r/R) 

where  b  ■=  basic  friction  angle 
r  =  rebound  number  of  a 
saturated  joint  wall 
R  =  rebound  number  of  a  dry 
unweathered  surface 


From  the  laboratory  and  field  tests,  and  applying 
equation  (3),  <f>T  =  28.8°.  From  equation  (2), 

JRC  “  4.7,  and  from  equation  (1)  T" p  =  41°. 


ANALYSIS  OF  FAILURE 

The  analysis  of  the  rock  slope  failure  was  carried  out 
using  the  method  for  planar  failure  detailed  in 
Hoek  and  Bray  (1981).  Back  analyses  were  also 
performed  in  an  attempt  to  define  the  combination  of 
shear  strength  parameters  mobilised  at  failure.  This 
was  done  in  a  manner  similar  in  principle  to  the  secant 
method  (Nguyen,  1984).  For  the  back  analyses,  three 
different  cases  were  considered: 

Case  1.  Bedding  plane  dry. 

Case  2.  Bedding  plane  filled  with  water. 

Case  3.  Water-filled  tension  crack  present. 

The  results  of  the  sensitivity  analyses  for  the  three 
cases  are  shown  in  Figures  18,  19  and  20. 


Intuitively,  if  a  peak  friction  angle  of  41°  is  used  in 
an  analysis,  the  factor  of  safety  of  the  slope  will  be 
less  than  unity  for  a  range  of  bedding  plane  angles 
from  42.5°  to  45°.  The  stability  of  the  slope 
therefore  depends  upon  the  roughness  of  the  bedding 
plane,  and  possibly,  the  apparent  cohesion  that  can  be 
derived  from  the  crushing  of  the  partially  crystalline 
structure  of  the  quartzite. 

The  persistence  of  the  rough  asperities  was  difficult 
to  determine  accurately,  as  they  were  superimposed  on 
waviness.  Some  asperities  were,  however,  found  to  be 
dipping  into  the  slope.  It  was  found  that 
decompositional  weathering  was  occurring  rapidly 
following  the  initial  excavation,  and  as  well  as  the 
Schmidt  Hammer  results,  obvious  surface  softening  and 
loosening  was  taking  place  on  all  exposed  surfaces.  It 
is  therefore  open  to  question  as  to  what  mode  of 
failure  is  most  likely  to  have  occurred.  In  the  light 
of  the  low  levels  of  normal  stress  on  the  failure 
surface,  sliding  predominantly  by  over-riding  of 
asperities  might  be  expected.  However,  in  view  of  the 
rapid  softening  of  the  surface,  significant  shearing 
through  of  the  asperities  may  have  occurred,  with  a 
cohesion  being  mobilised  at  failure.  Unfortunately,  no 
part  of  the  failure  surface  was  exposed  in  order  that 
the  more  likely  of  the  two  solutions  may  be  Identified. 

Stress  relief  may  have  occurred  along  the  bedding 
planes  at  shallow  depths  with  Ingress  of  water 
accelerating  the  softening  along  the  failure  surface. 


CONCLUSIONS 

The  slope  has  now  been  stabilised  by  a  combination  of 
re-grading  and  rock  bolting.  The  lithogical  and 
structural  complexities  of  the  site  when  combined  with 
excavation  led  to  a  quasi-stable  slope  being 
established.  Heavy  rains  were  the  trigger  of  the 
rockslide  and  of  the  complex  failure  in  the  adjacent 
slope.  The  cause  of  failure  may  well  however  relate  to 
stress  relief  and  extremely  rapid  softening  under  an 
equatorial  climate  in  the  period  following  excavation. 
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Cohesion  CiS/i2) 


Cohesion  ftN/«a 


tngle  of  heading  plane  Ideg! 

Fig.  18  Results  of  Stability  Analyses.  Case  1 


Cohesion  0tH/«2J 


Fig.  19  Results  of  Stability  Analyses.  Case  2 
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Fig.  20  Pesults  of  Stability  Analyses.  Case  3 
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SYNOPSIS  :  This  case  study  concerns  an  investigation  of  a  major  existing  soil  slope.  It  is  a  60m 
(197  ft)  high  cutting  slope,  at  40  degrees  to  60  degrees  to  the  horizontal,  exhibiting  a  considerably 
greater  degree  of  stability  than  was  obtained  by  a  series  of  geotechnical  investigations  and 
analyses. 

The  common  practice  of  correlation  between  widely  spaced  borings  is  shown  to  be  inappropriate  at  this 
site  because  of  the  highly  variable  ground  conditions.  Rather,  the  comprehensive  geological 
comprehensive  engineering  investigation  carried  out  has  enabled  a  detailed  appreciation  of  the 
distribution  and  nature  of  weathered  materials  at  the  site.  Transitional  materials  with  soil-like 
appearance  and  weak  rock  properties  have  been  identified.  Based  on  this  information,  slope  stability 
evaluation  was  carried  out  with  more  realistic  results  and  with  greater  confidence. 


INTRODUCTION  PRELIMINARY  EVALUATION 


Due  to  the  steepness  of  the  hilly  terrain  and 
intensive  development  of  Hong  Kong  there  are 
many  large  steep  slopes  in  close  proximity  to 
occupied  high  rise  buildings.  Analysis  of  these 
slopes  is  important  because  of  the  severe 
consequences  if  they  were  to  fail. 
Investigation  is  often  costly  due  to  difficult 
access  and  size  of  the  slopes  involved.  Such 
has  been  the  demand  for  development  that  even 
the  steep  slopes  themselves  may  be  considered  as 
development  sites.  These  circumstances  are 
further  complicated  when  an  investigation 
obtains  factors  of  safety  of  below  unity  for 
commonly  occuring  conditions  and  with  no  signs 
of  imminent  collapse. 


PREVIOUS  EXPLORATORY  PROGRAMS 

Considerable  borehole  data  for  the  site  existed 
prior  to  this  study  due  to  the  many  attempts  by 
successive  owners  to  obtain  permission  to 
develop  the  upper  part  of  the  site.  In 
addition,  in  1978  an  investigation  of  the  slope 
was  carried  out  following  which  horizontal 
drains  were  installed  in  the  lower  portion  of 
the  slope  (Tong  and  Maher  1975) ,  (Figure  1) . 
The  next  investigation  primarily  consisted  of  30 
borings  and  the  hand  excavation  of  a  caisson 
shaft  which  permitted  the  installation  of  a 
series  of  tensiometers  which  were  used  to 
measure  pore  water  suction  in  the  ground  at 
various  depths  (Sweeney  1982) .  Research  into 
the  effects  of  unsaturation  on  shear  strength 
was  carried  out  (Fredland  1981)  in  order  to 
reconcile  the  observed  stability  of  the  slope 
with  the  low  factors  of  safety  obtained 
previously. 


The  unusually  large  number  of  borings  already 
drilled  prior  to  this  study  facilitated  to  the 
early  development  of  a  geological  model  of  the 
complex  subsurface  conditions.  From  the 
interpretation  of  aerial  photographs, 
geological  site  surface  mapping,  and  review  of 
existing  borehole  data  and  ground  water  level 
monitoring,  three  major  zones  of  deep 
weathering  were  considered  to  extend  across 
this  area  (Figure  2) .  Correlation  of  field 
mapping  and  borehole  data  suggested  that  these 
zones  of  deeper  weathering  were  probably  shear 
or  fracture  zones  in  the  rock  mass. 

The  deeper  zones  of  weathering  also  exhibited 
permanent  ground  water.  Horizontal  drains 
installed  along  the  deeper  zones  of  weathering, 
and  the  drains  which  intercept  these  zones  at 
depth  were  found  to  yield  a  permanent  flow  of 


Fig.  1  Lower  Slope  Section  Showing  Horizontal 
Drains  and  Piezometers 
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TABLE  1  :  Weathering  Classification 


Fig.  2  Site  Plan  Showing  Zones  of  Deep 
Weathering 

ground  water  during  dry  seasons.  The  presence 
of  these  deeper  zones  of  weathering  and 
fracturing  and  their  inferred  attitudes 
indicates  that  they  serve  as  preferred  paths 
where  ground  water  from  both  regional  and  local 
sources  could  be  concentrated.  In  areas 
associated  with  these  zones,  a  seasonal  rise  of 
ground  water  is  evident  from  both  piezometer 
monitoring  and  from  seepage  stains  beneath 
horizontal  drains. 

Elsewhere  on  site  there  is  a  general  lack  of 
ground  water  both  at  the  relatively  higher  soil 
to  rock  interface  and  within  the  bedrock. 

Samples  remaining  from  some  of  the  previous 
borings  were  re-logged  in  greater  detail,  and 
it  was  suspected  that  a  transitional  zone,  not 
recognised  previously,  exists  between  the  grade 
V  and  the  grade  IV  weathered  volcanic  rock. 
Classification  of  the  grades  of  weathering  is 
given  in  Table  1. 

Based  on  the  findings  of  this  preliminary 
evaluation,  geological  factors  relevant  to 
slope  stability  evaluation  at  the  site 
include : - 

a.  The  highly  variable  rockhead  and  weathered 
profile,  which  may  be  the  result  of 
differential  weathering  along  shear  zones 
and  granite/volcanics  contact  areas. 

b.  The  presence  of  a  significantly  thick  but 
variable  transitional  zone  of  weak  rock 
material  at  the  soil  to  rock  interface. 

c.  The  weak  rock  material  is  sensitive  to 
sampling  disturbance. 

d.  The  occurrence  of  ground  water,  which  was 
found  to  be  associated  with  geological 
structures. 


Grade  Degree  of 
weathering 


Typical  Diagnostic  Features 


VI  Residual 


Soil,  original  rock 
fabric  destroyed. 


V  Completely 
Weathered 


Soil,  discolouration, 
original  rock  fabric  is 
mainly  preserved. 


IV-V  Transition 
Material 


Soil-like  to  rock-like, 
highly  variable,  rock 
fabric  preserved. 


IV  Highly 

Weathered 


Rock  weathered, 
discoloured  throughout, 
variable,  weak  rock, 
alteration  of  primary 
minerals . 


Ill  Moderately 


Partially  weathered, 
discoloured,  joints 
stained  to  altered,  some 
alteration  of  primary 
minerals. 


Slightly  Rock  slightly  discoloured. 

Weathered  particularly  adjacent  to 

discontinuity. 


No  stains  along  joints,  no 
alteration  of  minerals. 


A  detailed  exploratory  program  was  planned  to 
test  the  geological  model,  to  better  interpret 
the  ground  conditions,  and  to  provide  more 
realistic  geotechnical  engineering  parameters. 


EXPLORATION  FIELDWORK 

Additional  fieldwork  was  carried  out  for  this 
study.  12  vertical  and  4  horizontal  drillholes 
were  each  selected  for  a  specific  purpose  such 
that  the  geological  features  of  the  site  can  be 
defined.  During  the  course  of  the  field 
exploration,  the  locations  of  some  of  the  later 
holes  and  test  pits  were  revised  as  a  result  of 
the  information  obtained  from  the  first  few 
holes  and  test  pits.  Core  samples  of  soil, 
transitional  material  and  rock  were  obtained 
using  a  Mazier  retractable  triple  tube  core 
barrel.  Block  samples  of  weathered  rocks  were 
collected  from  trial  pits  and  exposed  areas  on 
the  existing  cut  slope.  Grades  of  weathering 
were  classified  by  visual  examination  and  a 
pocket  penetrometer  modified  for  testing  strong 
materials  was  used  to  provide  a  quantitative 
index  strengths  of  materials  which  had 
undergone  different  degrees  of  weathering 
(Figure  3),  (Kwong  et  al.,  1984). 
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Fig.  3  Index  Strength  Test  Results  (After  Kwong  1985) 


DBTAILED  EVALUATIONS 

The  volcanic  and  granite  rock  mass  at  depth  is 
generally  grade  III.  Except  along  major  stream 
courses,  to  either  side  of  the  site,  a 
weathering  mantle  capped  by  thin  colluvium 
covers  the  study  area.  In  most  areas,  where  a 
soil  to  rock  interface  exists,  the  rock  is  grade 
III  to  IV.  The  soil  to  rock  interface  is  a 
transitional  zone  comprised  of  grade  IV  to  V 
material.  The  transitional  materials  usually 
have  high  SPT  "N"  values  (N=80  to  >200)  and  when 
soaked  in  water,  only  the  disturbed  part  of  the 
sample  disintegrates.  A  layer  of  grade  V 
volcanic  soil  generally  overlies  this 
transitional  zone  (Figure  4) . 


The  thickness  of  the  materials  in  the 
weathering  profile  varies  across  the  study 
area.  The  transitional  zone  is  thickest  in  the 
area  of  deep  weathering  associated  with  closely 
spaced  fracturing  and  shearing  of  the  rock 
mass. 

The  zones  of  the  slope  classified  previously  as 
soil  were  found  to  consist  primarily  of  grade 
IV,  transitional,  and  grade  V  weathered 
volcanic  rock.  The  deeper  weathering  profile 
is  believed  to  be  controlled  by  a  very  complex 
geological  condition.  Detailed  logging  of 
recovered  rock  cores  and  petrographic 
examination  of  thin  sections  prepared  from  rock 
samples  indicted  that  the  welded  tuff  was 


Fig.  4  Cross  Section  of  Slope 
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affected  by  the  younger  granite  intrusion,  and 
was  tectonically  fractured.  Alteration  to  the 
otherwise  unweathered  volcanic  rock  is  believed 
to  be  mainly  due  to  chemical  weathering,  as  the 
degree  of  weathering  appears  to  be  associated 
with  openings  or  fractures  in  the  parent 
material,  and  in  general,  the  degree  of 
weathering  also  decreases  with  depth. 

Differentiation  between  grade  V,  transitional 
and  grade  XV  materials  was  further  studied  with 
the  use  of  a  scanning  electron  microscope  for 
purposes  of  examining  the  microfabric.  in 
parallel  the  mineral  content  of  specimens  of 
each  material  was  determined  by  the  use  of  X-ray 
diffraction  techniques.  The  transitional 
material  was  classified  as  a  soil-like  but  weak 
rock  which  still  retains  a  skeletal  framework  of 
physical  and  chemical  bonds  between  partially 
weathered  feldspars  and  quartz  crystals.  These 
bonds  contribute  to  a  cohesion  of  the  material 
and  prevent  slaking  of  a  soaked  sample.  However 
the  bonds  are  weak  and  can  be  broken  by  sampling 
disturbance  (Kwong  1985) . 


surfaces  under  designed  conditions  relating  to 
10  year  return  period  rainstorms.  Shallow  slip 
surfaces  of  the  steeper  areas,  above  the 
predicted  water  table,  obtained  factors  of 
safety  of  as  low  as  1.0  under  saturated  (no 
suction)  conditions.  Whereas  slope  stability 
calculations  carried  out  previously  obtained 
factors  of  safety  as  low  as  0.55  initially  for 
deep  seated  failures,  rising  to  above  1.0  on 
the  basis  of  selective  use  of  triaxial  test 
strength  data  and  allowing  for  an  increase  of 
strength  with  depth. 


TABLE  2  :  Strength  Parameters 
Type  c ’ (kPa) 


Grade  V  9 
Transitional  18 
Grade  IV  34 


CONCLUSIONS 


For  grade  V  materials,  significantly  high  values 
for  cohesion  have  not  been  found;  although  there 
is  evidence  of  strength  reduction  around  the 
periphery  of  carefully  taken  Mazier  samples 
(Kwong,  1985). 

The  strength  parameters  for  grade  V, 
transitional,  and  grade  IV  materials  were 
obtained  by  performing  consolidated  drained 
triaxial  tests  on  Mazier  samples  (Figure  5) , 
Table  2.  Point  load  strength  tests  and 
unconfined  compression  tests  were  carried  out 
using  NX  size  cores,  (Figure  3). 


P'  kPa 


Fig.  5  Triaxial  Strength  Test  Results 


This  case  study  shows  that  vertical  and  lateral 
changes  in  the  degree  of  weathering  and  in  the 
soil  to  rock  interface  can  be  difficult  to 
interpolate  between  vertical  borings.  An 
understanding  of  the  conditions  confirmed  by 
appropriate  field  work  is  essential. 

Recognition  of  transitional  materials,  between 
grade  IV  and  V,  with  a  soil-like  appearance  and 
a  weak  rock  microfabric  is  important.  Its 
strength  can  contribute  significantly  to  the 
stability  of  slopes.  Failure  to  recognise  this 
material  can  lead  to  unrealistically  low 
assessment  of  stability. 

The  transitional  material  is  sensitive  to 
disturbance.  Very  careful  sampling  and  testing 
is  required. 
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SYNOPSIS:  The  paper  presents  a  case  study  of  a  hill  which  developed  signs  of  distress  in  1979-80. 

Retaining  and  breast  walls  provided  at  many  locations  on  the  hill  had  been  damaged  and  laterally  shifted, 
indicating  some  movement  m  the  hill.  It  created  anxiety  since  big  water  tanks  were  supported  on  top 
of  the  hill.  The  distress  in  the  hill  were  attributed  to  poor  drainage  of  hill  water,  weaker  sections 
of  walls,  dumping  of  loose  lateritic  material  on  the  slopes,  formation  of  erosion  gullies  etc.  The 
hill  was  stabilised  by  removing  these  signs  of  distress  with  suitable  remedial  measures  which  are 
functioning  satisfactorily  over  last  5-6  years.  Systematic  photographic  presentation  of  different 
portions/features  of  the  hill  which  showed  signs  of  distress  and  then  of  different  remedial  measures 
whicn  proved  satisfactory  makes  the  case  study  very  interesting. 


INTRODUCTION 

It  is  a  case  of  a  50m  high  hill  having  two  water 
tanks  constructed  at  its  top.  The  site  is  situa¬ 
ted  about  5  km  away  from  Dharampur  on  way  from 
Kalka  to  Simla  in  Himalayas  (India).  The  tanks 
store  water  brought  from  distant  springs  through 
pipes  and  it  is  then  pumped  to  higher  level 
localities.  So  the  complex  on  the  hill  consists 
of  two  big  tanks  and  a  large  pumping  station. 

Alarming  signs  of  distress  were  observed  in  the 
hill  in  1979-80.  They  were  of  two  types.  Firstly, 
some  of  the  retaining/breast  walls  of  the  appro¬ 
ach  road  had  cracked,  bulged  out  and  laterally 
shifted.  Secondly,  some  part  of  the  hill  was 
constantly  being  eroded  by  rain  water  leading  to 
formation  of  deep  gullies. 

All  these  created  anxiety  because  the  hill  was 
supporting  tanks  on  it.  So  factors  contributing 
to  distress  in  the  hill  were  investigated  and 
certain  remedial  measures  were  adopted  in  1981. 
Since  then  there  is  no  difficulties  with  the 
slopes  and  walls  on  the  hill. 

The  paper  reports  details  of  signs  of  distress, 
their  analysis  and  suggested  remedial  measures 
which  have  proved  to  be  satisfactory. 


STUDY  OF  DAMAGES 
Damaged  Walls 

A  breast  wall  constructed  at  the  foot  of  the  hill 
on  the  main  Simla  road  was  damaged  as  shown  in 
Fig.l.  The  damages  were  in  the  form  of  bulging 
out  of  the  wall  in  the  middle  of  its  height  and 
stones  coming  out  of  it  at  many  locations.  These 
signs  indicated  development  of  heavy  earth  pres¬ 
sures  which  might  be  partly  due  to  lateral  out¬ 
ward  movement  of  the  hill  and  partly  due  to 
accumulation  of  hill  water  in  the  backfill. 


Fig.l:  Damaged  Wall  at  the  foot  of  the  Hill. 

The  complex  with  water  tanks  located  at  top  of 
the  hill  was  approachable  through  a  Jeepable 
road.  Certain  portion  of  this  approach  road  was 
damaged  as  shown  in  Fig. 2.  Originally  the  road 


Fig. 2:  Sinking  Side  of  Approach  Road. 
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on  curve  was  provided  with  outer  edge  at  a  higher 
level  than  the  inner  edge.  But  the  figure  shows 
sinking  of  the  outer  edge  below  the  inner  edge  by 
more  than  30  cm  and  cracking  of  the  road  surface. 
This  happened  since  the  retaining  wall  supporting 
the  outer  side  of  the  road  had  experienced  large 
outward  shifting  and  roatation.  It  also  resulted 
in  movement  of  soil  in  certain  lower  portions  of 
the  hill.  The  breast  wall  reported  in  Fig.l  was 
in  the  lower  portion  of  the  hill. 

The  breast  wall  seen  by  the  side  of  the  road  in 
Sig  2  had  also  cracked.  A  close-view  of  the  dama¬ 
ged  wall  is  seen  in  Fig. 3.  The  cracks  were  so 
wide  that  in  certain  patches  the  wall  had  become 
almost  ineffective. 


Fig. 3:  Cracked  Breast  Wall. 

The  worst  damage  to  the  breast  wall  is  seen  in 
Fig. 4.  The  wall  had  failed,  rubbles  had  rushed 
out  and  a  big  opening  was  formed  in  the  wall. 


Fig. 4:  Completely  Failed  Wall. 


Causes  of  Damages: 

The  damages  to  the  wall  shown  in  Fig.l  to  4  were 
on  account  of  the  following  three  main  reasons: 


1.  In  certain  portions,  the  strength  of  the 
wall  was  not  adequate,  viz.  either  the  wall  was 
relatively  thin  in  section  or  the  quality  of 
mortar  used  was  poor.  The  bulging  of  wall  along 
its  height  shown  in  Fig.l  is  partly  due  to  inade¬ 
quate  thickness  of  the  wall.  The  cracking  and 
opening  out  of  the  joints  shown  in  the  wall  of 
Fig. 3  is  partly  due  to  poor  quality  of  mortar. 

2.  The  portion  of  the  hill  below  she  approach 
road  shown  in  Fig. 2  had  relatively  steeper  slope. 
Stability  analysis  of  the  slope  gave  a  factor  of 
safety  of  1.03  which  indicates  state  of  critical 
equilibrium.  Probably  this  resulted  in  the  late¬ 
ral  shift  of  the  wall  supporting  the  approach  road 
and  cracking  of  the  road  surface. 

3.  There  were  two  small  natural  streams  of 
water  in  the  hill.  Their  free  flow  was  hindered 
by  the  transverse  walls.  Collection  of  water  in 
the  backfill  increased  the  earth  pressure  and 
damaged  the  wall.  The  wall  in  Fig. 4  is  broken 
open  by  the  water  collected  at  its  back.  The 
rubbles  carried  by  the  gushing  water  were  depos* 
ited  in  the  front  of  the  wall.  Fig.l  also  shows 
collection  of  such  water  which  had  seeped  throu¬ 
gh  the  damaged  wall.  This  poor  drainage  of  hill 
water  was  another  major  cause  of  damages  to  the 
walls. 

Erosion  Gullies 

Another  cause  of  anxiety  was  the  constant  ero¬ 
sion  of  the  soil  in  the  eastern  part  of  the  hill. 
It  resulted  into  deeper  and  wider  erosion  gulli¬ 
es  as  shown  in  Fig. 5.  One  of  the  water  tanks  is 


Fig^5:  Eastern-  side  View  of  the  Hill. 

also  seen  on  the  left  side  in  the  backg  round 
of  the  figure.  The  soil  excavated  during  the 
construction  of  this  partly  under  ground  tank 
was  deposited  on  the  slopes  of  the  hill  with  an 
idea  that  it  would  increase  stability.  But  the 
soil  so  deposited  did  not  support  any  plant-life 
and  constant  erosion  of  it  under  rain  water  led 
to  formation  of  erosion  gullies.  Another  close 
view  of  it  is  shown  in  Fig. 6. 
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The  other  important  remedial  measure  which  effect¬ 
ively  arrested  the  signs  of  distress  was  the  wall 
planned  scheme  of  drainage  of  seepage  water  from 
all  parts  of  the  hil) .  Along  the  main  erosion 
gulley  formed  on  the  hill  which  was  shown  m 
Fig. 6,  a  drain  was  constructed  as  shown  in  Fig. 10. 
It  was  of  adequate  section  to  carry  the  maximum 
rain  water  discharge  and  had  adequate  longitu¬ 
dinal  slope  to  allow  uninterrupted  flow  of  water 


FIG.  10:  Main  Drain. 

in  all  seasons.  Also  for  matching  the  bed  level 
of  the  drain  with  the  natural  topography  of  the 
hill,  falls  of  heights  of  1  to  2.5  m  were  const¬ 
ructed  at  suitable  intervals  along  its  length. 
Also  the  rain  water  of  the  areas  adjoining  to 
the  drain  was  made  to  flow  towards  the  drain  by 
suitable  landscaping  with  construction  of  trans¬ 
verse  walls  as  shown  in  Fig. 11.  These  walls  form 


Fig. 11 : Another  View  of  the  Main  Drain. 


part  of  the  fall-structure  and  also  support  the 
ground  above  them.  The  soil  in  between  these 
walls  was  protected  from  erosion  either  by  prop¬ 
erly  compacting  it  and  then  growing  grass  on  it 
or  by  covering  the  surface  with  a  bituminous 
preraix  carpet,.  Fig. 12  shows  one  such  transverse 
wall  with  a  preraix  carpet  cover  in  the  front  of  it 
and  vegetation  cover  on  the  surface  of  the  slope 
at  the  back  of  it. 


Fig.  12:  A  Transverse  Wall 


CONCLUSIONS 

Generally  instability  of  an  embankment  is  studied 
by  considering  equilibrium  of  an  earth  mass  over 
an  assumed  potential  slip  surface  and  under 
action  of  disturbing  and  restoring  forces.  But 
this  approach  is  not  suitable  for  natural  hills 
of  Himalayas  which  are  made  of  non-homogeneous 
and  heterogeneous  materials  and  since  the  appro¬ 
ach  cannot  corsider  the  role  of  different  agen¬ 
cies  causing  distress  at  different  parts  of  the 
hill  (  Bhandari.  R.K.,  19861.  Some  of  the 
agencies  found  active  m  the  present  case  study 
were  (i)  presence  of  inorganic  deposit  on  the 
hill  which  did  not  promote  growth  of  protective 
vegetation  cover,  (ii)  presence  of  lateritic 
material  which  on  weathering  changed  into  easily 
erodable  loose  granular  material,  (lii)  ineffic¬ 
ient  drainage  of  natural  hill  water  causing 
development  of  excessive  earth  pressures  on 
retaining  walls  and  (iv)  development  of  criti¬ 
cal  equilibrium  state  in  certain  slopes  subjected 
to  constant  erosion. 

The  remedial  measures  which  proved  successful 
in  removing  the  distress  from  the  hill  were 
(i)  regrading  of  the  slopes  which  were  in  cri¬ 
tical  equillibrium  state,  (ii)  compacting  loose 
earth  masses  of  the  hill,  (iii)  preparing  vege¬ 
tation  cover  on  barren  surfaces  with  special 
measures  like  introducing  manure,  watering  it 
and  protecting  it  manually  or  by  using  geogrids, 
(iv)  covering  erosion-susceptible  surfaces  with 
bituminous  premix  carpets,  (v)  providing  suita¬ 
ble  retaining  and  breast  walls,  (vi)  providing 
longitudinal  and  transverse  drains  with  suita¬ 
ble  cross-falls  etc. 
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SYNOPSIS.  Xian  city,  the  most  well  known  ancient  city  of  China  for  her  incredible  Terra  Cotta 
Warriers  and  so  forth,  has  been  suffered  from  ground  fracture  for  years.  Surface  ruptures  and 
"faultings"  encountered  in  strips  all  over  the  city.  Hundreds  of  buildings  were  severely  distroyed 
and  many  of  them  even  have  been  demolished.  Ground  failures  wide-spread  and  enlarged  from  cime  tc 
time,  especially  right  from  Tangshan  earthquake  of  July  28,  1976.  Therefore  serious  concerns  and 
suspicious  of  being  associated  with  major  earthquakes  have  arosed.  Thus  it  has  been  a  problem  of 
both  engineering  and  social  influence . 

Like  many  other  cities  in  China  and  even  in  the  world  such  as  Houston,  Texas,  USA, surface  fault¬ 
ing  or  surface  rupture  often  caused  many  guess-works  and  arguments  among  different  engineers,  geolo¬ 
gists  and  seismologists.  In  turn,  many  projects  either  underway  or  co  be  undertaken  will  be  serious¬ 
ly  lagged  out  due  to  discrepancies  of  different  assessment  and  measures  of  mitigation. 

The  authors  have  been  deeply  involved  in  surface  faulting  and  ruptures  as  a  background  for  ex¬ 
ploring  che  mechanism  and  predicting  its  possible  effects  from  the  engineering  point  of  view. 

in  this  paper,  the  authors  introduce  their  systematic  case  study  on  Xian  ground  failures  ■‘owards 
this  end, including  site  investigations,  typical  damages  assessment,  numerical  analysis  on  fractire 
mechanism,  model  tests  in  laboratory  and  comprehensive  evaluations  etc.  Conclusions  were  drawn  not 
only  for  chis  particular  ancient  cicy  but  also  provided  a  referential  real  case  for  che  like  ir  che 
world . 


1.  INTRODUCTION 

Early  from  1950s,  ground  subsidence  cook  place  in  Xian 
city.  Meanwhile,  surface  ruptures  encountered  around 
Che  same  area  and  finally  developed  inco  five  major  rup¬ 
ture  belts  with  a  total  length  of  26.3km.  All  the  rup¬ 
ture  belts  tend  to  strike  in  N-E  direction  (Fig.  1). 
Buildings  and  many  other  constructions  on  the  ground 
or  underground  were  severely  destroyed  as  shown  in  plate 
(1)  and  (2).  This  problem  seemed  to  be  more  and  more 
serious  after  the  disastrous  Tangshan  earthquake  (M  =  7.8 
July  28,  1976),  because  many  people  terribly  worried 
about  that  their  development  would  be  associated  with 
any  seismic  event  to  come.  Consequently,  the 
occurrence  of  ground  ruptures  not  only  cause 
great  loss  in  construction,  but  also  form  a 
social  problem  which  affected  people  psycholo¬ 
gically,  and  make  Che  city  planners  much  con¬ 
fused. 

Tins  problems  has  been  investigated  by  many  re¬ 
levant  professional  agencies  and  quite  different 
conclusions  have  been  drawn.  One  conclusion  is 
Chat  the  ground  ruptures  are  the  extension  of 
Che  active  fault  in  Che  deep  bedrock  which 
is  about  several  hundred  meters  below  the 
ground  surface.  Another  conclusion  insisted  in 
thinking  of  the  consequence  of  excess  drawn- 
down  of  ground  water  table  due  to  over  pumping 
in  recent  thirty  years.  However,  either  of  the 
two  could  not  convince  the  other  with  sufficient 
reasons.  Therefore,  furcher  reasearch  work  is 
required  to  verify  Che  actual  mechanism  of  Che 
ground  ruptures  in  Xian  city. 


Ground  rupture  is  a  general  term  describing  che 
discountinuity  on  which  covers  surface  faultings 
of  any  kind.  The  case  history  in  Xian  city  is 
one  .of  the  numerous  similar  events  in  China  and 
other  countries  like  that  in  Houston  and  Shan-xi 
province  of  China-  Controversy  often  arise 
based  on  various  view  points.  But  as  a  practical 
problem  in  geotechnical  engineering,  the  follow¬ 
ing  questions  should  be  answered  definitely: 

(1)  Whether  or  not  the  ground  ruptures  used  to 
be  or  will  be  closely  related  to  a  strong 
earthquake . 

(2)  Whether  or  not  the  occurrence  of  ground 
ruptures  can  be  predicted  and  prevented.  This 
is  also  a  common  problem  somewhere  in  the  world 
like  Houston,  Texas{l],  San  Jaoguin  valley, CA. 
[2]  and  south-cencral  Arizona  [3]  even  Chough 

v  some  factors  differ  from  place  to  place. 


2.  PRELIMIANRY  DISCUSSION  ON  THE  MECHANISM  OF 
GROUND  RUPTURES 

Research  work  began  with  evaluating  the  stand¬ 
points  of  the  two  different  theories  as  mention¬ 
ed  above. 

The  tectonic  theory  put  emphasis  on  the  back¬ 
ground  of  the  fault  in  the  bedrock  and  any 
evidence  showing  the  link  between  ground  rupture 
and  causative  fault.  It  has  been  examined  and 
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Fig.  1.  Disti ibution  of  surface  ruptures  over 
Xian  urban  area 


Plate  2.  Damages  on  buildings  caused  by 
composite  ground  ruptures 


Plate  1.  Damages  on  buildings  caused  by 
composite  ground  ruptures 


verified  that: 

(1)  Ground  rupcure  belts  are  basically  in  the 
same  direction  as  the  regional  tectonic  fault; 

(2)  Ground  ruptures  basically  coincide  with 
major  tectonic  faults; 

However,  discrepant  phemomenon  still  exists 
which  will  be  pointed  out  in  the  following.  The 
over  pumping  theory  stressed  out  that: 

(1)  Ground  subsidence  did  occur  in  good  con¬ 
formity  with  the  occurrence  of  ground  rupcure; 

(2)  The  center  of  subsidence  cone  coinsides 
with  the  drawn  down  center  of  ground  water  Fig.  2; 

(3)  Ground  ruptures  useu  to  matun  up  with  the 


change  of  ground  water  level  in  time. 

However,  the  distribution  of  ground  ruptures 
didn't  follow  the  border  of  conic  subsidence 
Therefore  anyone  of  the  above  theories  can  not 
give  satisfactory  answer  alone. 

In  order  to  figure  out  comprenensively  the  actual 
behavior  and  mechanism  of  the  ground  rupcure, 
the  following  work  was  carried  out  In  detail: 

(1)  Detail  exploration  and  inspection  on  the 
rupture  characteristics  and  behavior; 

(2)  Laboratoiy  modelling  to  trace  out  the 
propagation  geometry  of  rupcure  itself  under 
the  law  of  similarity; 

(3)  Numerical  modelling  by  finite  element 
method  to  verify  the  laboratory  modelling 
result  and  the  criteria  of  rupture  propagation. 

Conclusion  was  finally  drawn  that  tne  mechanism 
of  ground  rupture  in  Xian  possesses  a  double 
feature  of  both  tectonic  faulting  and  ground 
subsiding  due  to  over  pumping.  A  particular  term 
was  suggested  to  be  given  —  composite  rupture 
which  is  explained  sevarateiy  as  follows. 

3  SITE  VERIFICATION  OF  GROUND  RUPTURE  BEHAVIOR 

Obvious  characteristics  were  examined  and  proved 
by  surveying  and  monitoring.  It  was  found  that: 

(l)Oniy  vertical  dislocation  can  be  visible  with 
the  rupture,  and  no  horizontal  dislocation  at 
all; 

(2 /New  ruptures  appeared  at  the  very  position 
of  the  ancient  ruptures  an  illustrative 
evidence  showing  the  recurrence  of  ground  rup¬ 
ture  ; 

;3)  Ground  ruptures  seemed  to  be  activated  by 
bothlowering  of  ground  water  table  and  che 
ground  subsidence  due  to  over  pumping; 

(4)  Ground  rupture  extended  down  to  certain 

depth  in  the  soil  formation  and  vanished 
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fig.  2  Surface  ruptures  and  land  subsidence 


with  increasing  depth(Fig.  3); 

(5)  All  the  ground  ruptures  distributed  within 
Che  scope  of  ground  subsidence.  The  most 
active  ruptures  are  directly  associated  with 
the  drawn-down  of  ground  water(Fig.  4); 

(5)  The  cracks  of  ground  surface  are  the 
secondary  effect  of  the  activity  of  the  under¬ 
lying  ancient  ruptures  in  the  sense  of  both 
manner  and  time: 

(7)  Ground  ruptures  have  a  very  strong  seismic 
background.  Evidence  verified  the  historical 
record  that  major  earthquakes  around  Xian  like 
Hua-xian  earthquake  in  1556  (U=  11)  excited 
strong  motion  in  Xian  to  an  intensity  1=9. 

As  the  ground  encountered  in  good  conformity 
wit'  the  tectonic  stress  field. 

4.  LABORATORY  MODELLING 

The  purpose  of  laboratory  modelling  is  to  simu¬ 
late  the  mechanism  of  ground  ruptures  and  con¬ 
sequently  to  specify  the  propagation  critaria 
of  the  bedrock  dislocation  up  to  the  ground 


surface  so  as  to  clarify  whether  and  how  the 
ruptures  in  bedrock  may  extend  to  the  ground 
surface. 

Model  test  was  so  designed  that  the  law  of  simi¬ 
larity  should  be  satisfied  with  the  following 
assumptions: 

(1)  The  overlying  soil  is  both  homogenious  and 
isotropic  halfspace; 

(2)  The  contact  between  overlying  soil  and  the 
bedrock  is  a  rigid  interface,  the  tectonic 
stress  exerted  is  the  subsequent  transferring 
effect  of  the  dislocation  in  bedrock; 

(3)  The  length  of  rupture  in  bedrock  is  theo¬ 
retically  infinite,  and  no  attenuation  of  dis¬ 
placement  in  both  longitudinal  and  transverse 
direction ; 

(4)  The  constitutive  behavior  of  soil  is 
elasto-plastic ; 

(5)  When  any  creep  occurs,  the  stress  in  the 
soil  can  be  considered  as  pseudo-static; 

(6)  The  rupture  induced  in  soil  can  be  treated 
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Qev-  change  along  Zulhua  Rd.  ELev-  change  along  Yenca  Rd. 


Kiev,  change  along  Changan  Rd. 


as  macroscopic  yield  in  soil  mass. 

By  the  law  of  similarity,  the  model  test  should 
similate  the  strain  behaviors  of  teh  quaterary 
soil.  And  the  model  test  should  satisfy  the 
following  similarity  conditions: 

For  motion,  Ct  Cx/Ci  =  l 

For  boundary  displacement,  CUt  /c*  —  / , 

Ci  /C«4  =  l ,  Cu,  •  Ct  /  =>»  1 1 

For  boundary  stress,  q.  /cr  —  I , 

for  stress-strain,  Cf/C,  =  l,  QVtt«/,Q=/ 

Where  C,  constant  fer  stress  similarity, 

Ci  constant  for  geometric  similarity, 

Cx  constant  for  volume  weighc  similarity, 
Cu  constant  for  displacement  similarity, 
Ct  constant  for  time  similarity, 

C«  constant  for  strain  similarity, 

C«  constant  for  elastic  modulus, 


CF  constant  for  boundary  stress  similarity, 
Cue  constant  for  boundary  displacement 
(  similarity, 

C„»  constant  for  boundary  displacement 
similarity. 

Thus,  a  silt  clay  was  adpoted  to  make  the  sample 
and  further  behavior  specified  as  follows: 

(1 (Stress  -  strain  relationship  looked  like  pa¬ 
rabolic  type; 

(2 (Change  of  confined  pressure  may  have  big  in¬ 
fluence  on  stress-strain  path; 

(3 (The  horizontal  to  vertical  load  racio  and 
the  water  contenc  have  bigger  influence  on 
the  rheological  properties  of  soil. 

A  number  of  test  results  show  that: 

(1/When  the  horizontal  dislocation  of  Che 
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base  becomes  greater  chan  1/2  of  the  sample 
thickness,  micro  rupture  on  the  surface  began  to 
occur; 

(2) As  the  base  dislocated  horizontally,  rup¬ 
tures  in  soil  began  from  the  botcon  to  the 
cop.  when  the  base  dislocation  extended  about 
1/2  of  the  chickness,  ruptures  comes  thro  out 
of  the  sample; 

(3) Rupcures  on  che  sample  have  quite  different 
figures  on  che  real  ground  surface. 

5.  NUMERICAL  ANALYSIS 

An  elasto-plascic  finite  element  analysis  program 
was  used  to  figure  out  che  mechanism  of  the  rup¬ 
ture.  it  has  a  big  variety  of  elements  which 
lead  soil  mechanics  into  plasticity.  To  modify 
che  soil  properties.  Cap-model  was  first  put  into 
consideration.  Since  this  model  is  actually  com¬ 
posed  of  both  a  cap  and  a  Drucker-Prager  yield 
plane  (Fig-  6  A),  and  che  stress  path  mainly 
goes  along  f,,  and  ft  will  become  a  minor  factor, 
so  Drucker-prager  model  was  finally  used  for 
simplicity  which  yielding  olane  is  as  shown  in 
Fig.  6  B. 


Fig. 6  Numerical  model  and  its  parameters 

In  addition,  the  loess  in  Xian  behaves  as  a  weak 
work-harding  or  even  work-softening  material  as 
shown  in  Fig.  7. 

In  calculation,  the  boundary  elements  were  used 
to  facilitate  the  displacement  calculation  at 
the  boundary  under  loading.  Besides,  infinite 
elements  to  deal  with  integration  problem  —  i.e. 
Gauss-Legendre  integral  and  Gauss-Lagurra  inte¬ 
gral  were  used  in  tangential  direction  and  ra¬ 
dial  direction  separately.  To  simulate  the  dis¬ 
location  in  bedrock, joint  element  was  used. 

Based  on  surface  faulting  and  rupture  pattern 
over  observed  triangular  elements  were  adopted 
to  input  displacement  or  load.  The  result  shows: 


(1) When  the  ratio  of  vertical  dislocation  of 
bedrock  to  the  thickness  of  overlying  soils  is 
1/20  (Fig.  8  A)  no  rupture  extends  to  ground 
surface  until  che  ratio  reaches  l/10iFig.8  B); 

(2) When  dislocation  reaches  3/5  of  the  thick¬ 
ness  of  overlying  soil ,  the  rupture  in  the 
soil  extend  downward,  and  finally  rupture  in 
soil  goes  thro  out  the  soil  layer; 

Referring  to  the  geological  data  in  Xian,  the 
thickness  of  overlying  soil  is  600  -  700  m,  and 
dislocation  of  bed  rock  is  about  2000  -  3000  m. 
The  vertical  dislocation  of  bedrock  necessary  to 
cause  Che  2000  m  thick  soil  layer  to  break  must 
be  at  least  200  m.  When  the  horizontal  disloca¬ 
tion  is  over  1000  m,  Che  2000  m  Chick  of  soil 
layer  to  begin  break  thoroughly. 

6. CORRELATION  BETWEEN  GROUND  RUPTURE  AND  ANCIENT 
FRACTURES  IN  SOIL 

By  visual  observation  in  exploration  trenches  at 
many  localities  over  Xian  city,  many  ancient 
fractures  embeded  with  top  soil  at  a  depth 
0.7  -  0.3  ra  below  ground  surface  were  found  which 
were  caused  by  tectonic  movement  of  ground  in 
historical  event  [4].  Fig.  3  is  an  example  where 
an  ancient  fracture  belt  striking  in  N  65-70'  E, 
about  5  -  6  m  wide,  embeded  at  2m  depth  by  top 
soil.  The  fractures  vanish  downward  at  a  depth 
of  6.5  m.  It  was  verified  that  Che  fractures 
were  caused  tectonically  by  Hua-xian  earthquake 
in  1556.  It  was  also  noticed  that  most  of  the 
ground  ruptures  lay  on  the  ancient  fractures 
which  were  normally  filled  by  the  materials  from 
top  layer.  Very  important  evidence  is  that  there 
existed  micro-fractures  in  the  top  soil  directly 
above  the  ancient  fracture.  Since  the  ground 
rupture  is  partially  the  sequel  of  ancient  frac¬ 
ture  in  the  soil,  it  is  easy  to  locate  the 
ground  rupture  by  simply  digging  trenches  and 
identifying  whether  ancient  fracture  exist  or 
not . 


7.  CONCLUSIONS 


j 
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H  Disphcawt  input 

Fig-  8  (A)  H  =  1/20  of  soil  thickness 


Fig.  8  (B)  H  =  1/10  of  soil  diickness 

Fig.  8  Grand  rupome  propagation  from  die  bedrock,  by  nuaerical  analysis 


tl)  The  ground  ruptures  or"surface  faulting"  in 
Xian  is  a  particular  type  of  composite  mechanism 
which  characterized  in  6  points  as  follows: 

( l (Oriencat ion  -  all  the  ruptures  are  oriented 
into  five  alignments  which  strike  7cT-8^i>'t. 
Therefore  it  reveals  common  tectonic  nacure; 

(2)  In  series  -  each  alignments  is  composed  of 
a  series  of  ruptures  which  are  in  good  coordi- 
dation  with  each  other; 

(3) In  coincidence  with  land  subsidence  -  all 
the  ruptures  occurred  within  che  boundary  of 
subsiding  area,  where  the  more  the  ground 
settled,  the  more  the  rupture  took  place; 

(4) Ruptures  vanishing  downward  -  since  rup¬ 
tures  are  the  result  of  ground  shaking,  its 
size  varies  inversely  with  depth  and  finally 
diminishes  to  invisible  degress  at  relatively 
shallow  depth; 

(5 (vertical  displacement  only  -  all  ruptures 
were  caused  by  differential  vertical  displace¬ 
ment  without  anv  horizontal  one.  This  is 
because  the  ruptures  were  activitated  only  by 
gravitational  force  of  che  soil  mass; 

( 6 (Coincidence  with  ancient  underground  rup- 
cute  -  ancient  tectonic  ruptures  in  soil  are 
the  origin  of  the  composite  ruptures.  Normally 
Che  former  extends  to  the  latter. 

1 2 )  On  one  hand,  lots  of  ancient  fractures  in 


soil  overspread  in  Xian  caused  by  scrong  histori¬ 
cal  earthquakes,  which  provides  che  geological 
background  of  the  ground  rupture. 

(3)  On  the  ocher  hand,  the  ancienc  fraccures  in 
soil  have  been  activated  by  ground  subsidence 
due  to  over  pumping  of  ground  water. 

(4)  Therefore,  che  mechanism  of  ground  ruptures 
consists  of  two  major  factors:  (lithe  ancient 
fractures;  (2'the  ground  subsidence  due  to  drawn 
down  of  ground  water. 

(5)  When  siting  a  project  in  an  area  like  Xian, 
a  very  practical  way  to  evaluate  Che  possible 
occurence  of  ground  rupeures  is  co  make  trench 
exploration  and  conduct  visual  verification. 
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A3STP.ACT:  This  paper  has  discusses  the  problem  proposed  about  aultiple  stroke  of  high-speed  landslide  3 
its  auitisle  strokes,  change  of  energy,  and  overstepping  gas  billows  spattered  with  sud. 


IM303UCTI0S 

^his  racer  for  the  first  time  puts  forward 
toe  problem  of  multiple-stroke  and  high-speed 
landslides  in  bedrock,  and  the  problea  of  over- 
steoping  gas  billows  spattered  with  mud  and  made 
theoritical  discusson  about  them  so  that  nach  at¬ 
tention  should  be  nail  to  protected  slope  environ¬ 
ments  froa  the  point  of  view  of  engineering  geo¬ 
logy  and  to  improving  its  quality  to  prove  land¬ 
slides  in  theory  and  take  appropriate  aeasures 
for  prevention  and  sanageaent. 

PR03L2JC  PS0FCS51)  la  THIS  PA?B?. 

Leng-shui-gou,  Shi-jia-po  landslide  in  Sang-su- 
wan  village  in  Hing-qiang  county  is  a  typical  one 
first  proposed  with  aultiple-stroke,  .intensely- 
moving  and  high-speed*  Shi-jia-po  aultiple-3troke, 
intensivelv-aoving  and  high-speed  landslide  lies 
on  the  left  bank(Shi-jia-po)  of  leng-shui-gou 
branch  of  upper  reaches  of  JIANG  HAH  Hiver,  The 
place  near  Leng-shiu-gou  is  very  dangerous.  At 
about  10  o’clock  at  that  noght.on  23,  August,  19 
81 ,  rock  soil  of  bulk  480,000  in  all  on  the 
left  bank  of  the  slope  rapidly  and  intensively 
dived  and  slid  down  from  the  elevation  of  925  a., 
accompanied  by  boom  aad  great  noise,  suddenly 
stopping  up  river3.  And  the  body  slide  under 
enormous  impulsive  forces  crossed  the  valley 
floor  in  length  if  50-100  m.,  and  upthrusted  val¬ 
ley  slope  on  the  right  bank,  lifting  up  the  40a.. 
Vhat  is  more,  in  the  front  part  of  the  landslide 
took  place  the  secondary  slide  bed  plane  which 
dived  and  slid  down  from  the  elevation  of  40m. 
to  the  opposite  direction  and  after  turning  to 
the  former  left  bank,  upthrusted  lifting  up  to 
20a..  Froa  here,  it  mixed  with  large  amount  of 
Stream  water  and  rain3,  continously  aade  up 
three  moving  strokes  in  the  fora  of  fluids  froa 
the  left  to  the  right,  and  then  front  the  right 
to  the  left,  and  stopped  in  the  regious  Shan-- 
tand-su  and  Long-wang-miao.  The  whole  course  is 
about  1,060a.  long,  which  spent  less  than  10 
minutes  sliding.  It  is  emphasized  that  damages 
made  by  Shi-jia-po  multiple-stroke  landslide  is 
rare  in  our  country.  At  the  left  bank  of  down, 
stream  which  is  600  m.  away  from  the  starting 
place  landslides  overturned  a  mountain  to  a  far- 
mar  household  in  the  village  Qing  -gang-su-  wan 
and  thirteen  farmers  were  died  of  sliding  fluids 
and  no  one  is  alive. 


Fig.  1.  A  geological  map  of  Shi-jia-po  section  in 
Hing-qiang  county,  Shaanxi  Province 

1, quartzite,  2.  phyllite,  3.  chlorite-schist, 
4.basalt-ande3ite,  porphyrite,  5.  slope  wash, 
6. alluvial  soil,  7. sliding  accumulation, 

8.  fault. 


MULTIPLE  STROHES 

High-speed  landslides  in  the  southern  part  of  Sha¬ 
anxi  Province  have  been  veil  known  for  a  long  tixe. 
However,  Shi-jia-po  landslide  is  a  typical  and  mul¬ 
tiple-stroke  and  high-speed  land side.  Proa  the  be¬ 
ginning  of  sliding,  in  a  natter  of  several  ai nates, 
there  appear  five  grades  of  strokes  in  the  whole 
sliding  course  as  long  as  1,060  a.,  each  having 
more  oe  less  double  strokes — “dive"  and  “upthrust" 
.that,  a  pair  of  strokes  which  dive  froa  higher 
places  to  lover,  and  then  frca  lover  to  higher. 

The  first  two  strokes  are  typical  sliding  ones  of 
body  slides,  while  the  last  three  strokes  are 
xoving  ones  aopeared  under  particular  conditions 
of  that  tins  V?ig.  1,  2). 

The  first  grade  stroke  (A)  of  Shi-jia-po  landslide 
— Shi-jia-po —  begins  froa  the  left  bank  of  Leng- 
su-gou  river  in  Shi-jia-po  where  landslides  take 
palee(TA3IS  1).  This  grade  stroke  is  the  conse¬ 
quent  sliding  stroke  of  front  dive  and  upthrust. 

The  secondary  grade  stroke(B)  of  Shi-jia-po  land¬ 
slide — Shui-jing-van  stroke —  occurs  upon  the 
front  slope  bodies  (sliding  tuque rj  of  the  foraer 
stroke  of  landslides. This  is  a  especial  and  inter¬ 
esting  problea  about  motive  forces  of  land  slides. 
This  grade  stroke  is  a  contrary  sliding  stroke  of 
reverse  dive  and  upthrust. 

The  third  grade  strike  (C)  of  Shi-jia-po — Tong- 
guan-van  stroke —  also  happens  on  the  front  edge 
of  sliding  bodies  of  the  foraer  stroke,  but  this 
stroke  is  different  fron  the  foraer  stroke  in  fea¬ 
tures  of  aotive  forces  and  changed  greatly.  After 
Shi-jia-po  landslides,  there  appear  one  Month' 3 

rainy-  d«ys  and  flood,  so  the  level  of  river  bed 
rises  mgn  enough  to  sake  larger  discharge.  In 
the  first  grade  stroke,  because  its  front  edge 
(sliding  tuquer)  is  Mixed  with  large  aaount  of 
rains  and  water  of  river,  sliding  bodies  having 
fragaents  in  a  Moist  saturated  state  and  Mixed 
with  sticky  soil  further  disintegrate  and  break 
out.  This  stroke  is  a  turned  and  consequent  Moving 
stroke  of  dive  and  upthrust. 

The  fourth  grade  stroke (D)  of  Shi-jia-po  landslide 
is  a  a  Shan-tang-su  stroke.  This  stroke  ia  also  a 
turned  and  consequent  moving  stroke  of  dive  and 
upthrust. 

The  last —  the  fifth —  stroke (E)  of  Shi-jia-po 
landslide  is  a  long-vang-miao  stroke  near  Sha- 
tang-su  village,  the  characters  of  which  are 
similar  to  those  of  the  former.  In  this  case, 
Shi-jia-po  multiple-stroke  landslide  has  finished 
its  activities  if  five  grades  of  strokes  in  all. 

It  may  take  several  minutes  to  finish  the  whole 
process  of  sliding. 

Table  1  The  situation  of  "dive"  and  "upthrust" 
Shi-jia-po  multiple-stroke  landslide  ( 
elevation  of  the  back  edge  925  m. ) 


Pig.  2  A  plane  of  multiple-stroke  landslide  of 
Shi-jia-po  in  Hing-qiang  county,  Shaanxi 
Province 

1.  landslide,  2.  lake  and  river,  3.  the 
first  landslide,  4.  the  secondary  land¬ 
slide,  5.  the  direction  of  sliding,  6. 
longitudinal  profile,  7.  cross  profile, 
8.  village. 
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Changes  of  energy  in  multiple-  strc  :e  l;_idslides 
should  be  studied  from  a  complete  stroke  (dive, 
upthrust).  For  this  reason,  first, a  typical  ene;- 
rgy  svstem  of  multinle-stroke  landslides  must  be 
chosen  (Pig.  3)  —  just  as  "ABCD3n  system.  It 
must  be  stated  that  it  is  difficult  in  proving 
clearly,  generally  such  a  complex  theory  in  prac¬ 
tice  without  some  supposition,  imagination  and 
simplification  providing  that  this  may  not  affect 
changes  of  energy  studied  in  this  paper .Therefore 
about  fors3  of  the  315  ue  bed  plane  on  the  land¬ 


slide  profile  intruduced  in  the  paper  we  will 


not  discuss. 

This  i3  not  significant  for  the  problem  discussed 
in  the  oaner.  There  only  according  to  the  lines 
of  basic  slide  bed  planes  (Ai3iCiDi jwhich  are 
existing  in  Shi-jia-po  multiple-stroke  landslide 
and  their  developing  characters,  slide  bed  plane 
may  be  properly  repaired  and  simplified.  So  they 
are  introduced  to  be  well— kxown  slide  bed  planes 
(Ai31C']9<j  }in  a  fora  of  circle  and  are  lines 
which  may  generally  correspond  to  cost  conditions 
and  actually  accepted  by  scientists.  Actual  slide 
bed  planes  (A1BiOjD1 )are  essentially  similar  to 
siaolified  slide  oed  planes  (Apb^V'y^pJ.  ^e  se¬ 
ction  Ai3  i3  quite  different  from  the  section 
423.  3ut  xn  .at  -o-_*  (slide  walls)  Is  re¬ 
built  from  the  original  slide  bed  plane  by  bur¬ 
sting  apart  (  to  fora  33??  oolluviun).  S0  it  must 
be  much*  steeper  and  closer  to  the  section  ApP- 
Otherwise,  in  spite  of  deviation,  section  BB_C2 
are  close  to  33^0-.  Reversed  and  turned-back 
body  slides  (A2B2C2?)are  in  the  states  of  body 
slides  deformed  after  sliding.  Although  they  do 
not  entirely  correspond  to  lines  of  the  former 
terrain  before  sliding,  they  are  approximate  to 
each  other.  Besides,  it  is  supposed  to  be  a  prob¬ 
lem  of  plane  and  this  means  that  in  different 
planes  and  during  the  whole  sliding  process,  the 
strength  of  shear-  resistance  of  slide  bed  planes 
is  equal  and  unchanged  ,  the  whole  slide  bodies  at 
a  definite  sneed.  Thes:  may  not  affect  the  es  - 
sence  of  problems  discussed  in  this. paper. 

At  any  tice  (  t)  in  sliding  of  high-speed  land¬ 
slides,  the  parts  beyond  sliding  bed  planes 
should  be  taken  as  an  energy  balance  system  while 
the  others  do  not  belong  to  It.  When  taking  point 
M  a3  the  centre  of  conversion,  slide  bodies  slide 
at  a  definite  speed  (V)  ,  the  interion  energy  of 
thi3  system  i»  regarded  as  potential  energy  (BP) 
of  slide  bodies.  Slide  bodies  in  motion  possess 
sliding  kinetic  energy  (33).  Besides,  for  over¬ 
coming  shear-resistant  strength  of  rock  masses 
beyond  the  system  energy  wasted  by  friction  and 
resistance  in  interior  bodies  and  other  resis¬ 
tance  (such  as  air  resistance)  and  ect.  (t)  for 
doing  work  is  considered  to  be  negative  outer 
energy  Be.  Therefore,  according  to  relative 
elevation  0  line — basic  line —  shown  in  the  Fig. 
and  energy  balance  principles,  we  suppose  the 
total  weight  of  slide  bodies  to  be  W,  and  can 
clearly  see  all  kinds  of  energy  stated  above: 


where: 


Bp  =  HW 

(1) 

wy2 

EK  =  — 

S 

(2) 

Ee  =  TLE 

(3) 

i=  the  total  length  of  a 

slide  bed  plane 

(ApB?C9D5or  B,C,D,) ; 

E  =  the  distance  of  sliding  (C_D_ ) ; 

The  shortened  thickness  is  equal  to^lf  On  the 
basis  of  energy  law  of  thermodynamics  or  the  law 
of  conversion  of  energy  and  from  formulas  (l), 
(2),  (2),  we  nay  make  energy  balance  formulas  of 
whole  processes  of  dive  and  upthrust  in  high¬ 
speed  and  intensively-moving  landslides,  but  ou¬ 
ter  energy  is  usually  regarded  as  negative  outer 
energy  (-Be): 


3p  +  3e  +33  =  U 

(4) 

wv2 

HW+xI>£  +  - =  U 

(5) 

2g 


the  total  energy  (U)  of  slide  bodies  system  in 
sliding  keeps  some  balance.  In  the  same  way, 
at  the  moment  when  body  slides  have  just  started 
or  will  stop,  we  cay  write  the  following  for¬ 
mulas: 

w(Hn  -H2)  (V?  -V  2)=o  (6) 

2S 


Thererfore,  in  order  to  prove  in  detail  or  partly 
to  investegate  the  relationship  of  energy  con¬ 
version  among  slide  bodies  we  may  divide  slide 
bodies  into  many  strips  in  definite  size  ape 
make  up  formulars  for  energy  balance  in  complete 
dive  and  upthrust  processes  of  high-speed  and 
intensively-moving* landslides  From  formulars 
(l),(2),  (3),  we  may  write  the  following  foisulars: 
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n=1 

(*?  -vf  )  =  0  (9) 


From  basic  formulars  of  energy  balance  (6)  and 
(9)»  it  is  not  difficult  in  seeing  that-in  the 
total  energy  of  slide  bodies  potential  energy, 
kinetic  energy  and  nagative  outer  energy  may  con- 
verte  to  each  other  in  the  whole  dive  and  upthrust 
process  of  high-speed  and  intensively-moving  land¬ 
slides,  or  straightly  speaking,  the  energy  is 
completed  by  arranging  and  converting  the  diffe¬ 
rence  of  elevation  of  gravity  centre,  the  speed 
of  sliding  and  the  difference  of  migration  of 
sliding.  There  is  a  clear  and  strict  conversion 
relationship  among  them. 

According  to  the  former  formula  and  formulars 
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stated  above,  it  is  not  different  in  proving  lavs 
of  energy  conversion  of  multiple-stroke  land¬ 
slides  (Fig.4  ,  5  )  . 


Fig. 3  An  analysis  map  of  energy  balance  of 
Sbi-iia-po  landslide 


Pig,  4  A  process  nap  of  multiple-  stroke  dive 
and  upthrust  of  Shi-jia-po  landslide 

1.  the  first (sliding)  stroke, II.  the  second- 
ary(sliding)stroke,lII.  the  third (moving) 
stroke, IT.  the  fourth (moving)  3troke,  V. 

V.  the  fifth(moving)  stroke,  1.  quartzite, 

2.  sericite, 3. chlorite-schist,  4. fault. 

5. line  of  former  terrains,  6.  links. 


Pig.  5.  An  inferred  nap  of  energy  conversion  of 
multiple-stroke  Shi-jia-po  landslide 
1.  curve  Of  potential  energy,  2.  curve  of 
kinetic  energy,  3.  curve  of  energy  wasted 
by  friction  and  resistance. 

OVBRSTEPPIa G  GAS  BILLOWS  SPATTERED  WITH  MUD 


tance  of  spattering. 


Shi-jia-po  landslide  has  its  own  characters  and 
a  new  phenomenon  different  from  that  of  common 
landslides.  This  is  overstepping  gas  billows  spat¬ 
tered  with  mud  of  active  slide  bodies.  They  may 
bring  us  extraordinary  disasters  that  are  dif¬ 
ficult  in  imagining.  Overstepping  gas  billows 
spattered  with  mud  may  damage  building  and  instal¬ 
lation  ,  break  trees,  burst  the  surface  soil  and 
even  may  break  and  lift  quite  far  o'ojectes  away. 
For  forming  overstepping  gas  billows  spattered 
with  mud,  it  is  necessary  to  have  sufficient  high 
speed.  Slide  bodies  at  high  speed  have  enormous 
kinetic  energy, thus  causing  gasses  in  front  parts 
of  body  slides  to  press  swiftly,  expand  and  then 
suddenly  burst  out  under  proper  conditions.  If  in 
a  region  there  may  exist  a  suitable  distance, 
very  different  rocks —  soft  and  hard,  a  uroper 
fracture  belu  in  structure  or  the  combination  of 
the  forcer  two,  thefe  would  be  formed  wide  or 
narrow,  and  winding  river  valleys,  obvious  nro- 
jectea  mountain  spur  and  whetstones  which  can 
stop  slide  bodies  to  turn.  Therefore,  it  makes 
parts  of  kinetic  energy  of  body  slides  be  changed 
into  an  enormous  impulse.  So  this  is  important 
objective  conditions  under  which  overstepping 
gas  billows  spattered  with  mud  are  formed (Pig.  6, 
7). The  projected  mountain  spur  must  have  steep 
slopes(about45-75°)  so  as  to  cause  parts  of 
pressed  air  and  converted  enormous  impulse  to 
break  out  swiftly  and  violently,  thus  forming 
the  maximum  height  (hmax)and  distance  (lmax)  of 
gas  billows  spattered  with  mud.  Obviously,  slide 
bodies  at  a  high  speed  must  possess  sufficient 
weak  rock  masses  and  developed  fractures  (wea¬ 
thered  rocks  or  low-strength  rocks)  or  loose  soil 
for  rapidly  disintegrating,  breaking  out  and 
grinding.  In  this  way,  the  front  or  the  side  part 
can  be  changed  into  mud.  This  i3  material  condi¬ 
tions  for  making  up  gas  billows  spattered  with 
mud.  At  last,  there  must  be  large  amount  of  under¬ 
ground  water  and  surface  water  to  take  part  in 
forming  overstepping  gas  billows  spattered  with 
mud.  The  humid  weather,  rains,  especially,  flood 
season  provide  enough  materials  for  overstepping 
gas  billows  spattered  with  mud. 
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Pig.  7. Overstepping  gas  billows  spattered  with 
mud  of  Shi-jia-po  landslide 

1.  3liding,moving  stroke  and  its  direction, 

2.  overstepping  gas  billows  spattered  with 
mud  and  their  height (m),  3.  houses  damaged 
(thirteen  people  were  buried)  4,  boulder 
(stone  tablet  overturned) 
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SYNOPSIS:  Kirkwood  Penstock,  located  in  a  deep,  steep-sided  canyon  near  Yosemite  National  Park,  California,  is  an 
integral  part  of  the  Hetch  Hetchy  system,  which  cor  -eys  water  from  the  Sierra  Nevada  mountains  to  the  city  of  San 
Francisco,  California.  A  heavy  rainfall  approxima^^y  17  years  following  construction  of  the  facility  triggered 
settlement  of  the  foundation.  Measures  undertaken  to  arrest  this  settlement  included  consolidation  grouting, 
construction  of  facilities  to  divert  surface  runoff  away  from  the  penstock,  and  installation  of  a  geomembrane  to 
prevent  infiltration  of  rainfall  and  snow  melt  in  the  vicinity  of  the  penstock.  No  evidence  of  further  settlement  has 
been  detected  since  completion  of  the  remedial  work. 


INTRODUCTION 

Kirkwood  Penstock  is  a  1955-foot-long,  8-foot-diameter 
facility  located  in  a  deep,  steep-sided  canyon  near 
Yosemite  National  Park,  California,  it  is  an  integral 
part  of  the  Batch  Hetchy  system,  which  conveys  water  from 
the  Sierra  Nevada  mountains  to  the  city  of  San  Francisco, 
California.  Construction  in  1966  was  preceded  by 
geologic  and  geophysical  investigations  that  were 
interpreted  to  indicate  that  the  penstock  would  be 
located  on  weathered  or  decomposed  in-place  granitic 
bedrock  beneath  the  surface  talus  (Hoodward-Clyde-Sherard 
and  Associates,  1964) .  Hie  penstock  was  protected  from 
rockfalls  by  concrete  walls  and  was  secured  in  place  by 
use  of  anchor  blocks  and  60-foot-long  anchor  cables. 

Hie  penstock  performed  satisfactorily  until  January  1984, 
vtoen  a  Dresser  coupling  at  the  top  of  the  penstock  and 
immediately  downslope  from  an  anchor  block  founded  on 
rock  was  found  to  have  undergone  an  extension  of  1  3/4 
inches.  Settlement  of  the  concrete  foundation  slab  and 
walls  was  also  found  to  have  occurred.  It  was  inferred 
that  the  settlement  had  been  triggered  by  heavy  rainfall 
that  occurred  during  December  1983.  However,  the 
underlying  cause  of  the  settlement  was  not  evident. 
Therefore,  geologic  studies  to  ascertain  the  cause  were 
undertaken.  These  studies  included  geologic  mapping, 
drilling  exploratory  borings,  and  installing  and 
monitoring  slope  indicator  casings  (Woodward-Clyde 
Consultants,  1985).  Additionally,  extensometers  were 
installed  on  the  penstock  and  a  program  of  frequent 
surveys  was  instituted  so  as  to  detect  any  further 
displacement. 

Extremely  difficult  drilling  conditions  were  encountered 
in  the  exploratory  holes,  delaying  accumulation  of 
sufficient  data  to  confidently  assess  the  cause  of  the 
settlement.  Due  to  the  importance  of  the  Kirkwood 
Penstock  to  the  Hetch  Hetchy  Water  and  Power  System,  a 
decision  was  made  to  leave  the  penstock  in  service  and  to 
institute  stabilization  measures  prior  to  completion  of 
the  exploratory  work.  Hie  measures  undertaken  were  based 
upon  an  assumption  that  loose  talus  was  present  beneath 
the  penstock;  they  included  consolidation  grouting, 
diversion  of  surface  flow  originating  upslope,  and 
covering  the  affected  portion  of  the  slope  with  an 
impervious  membrane.  Stairs  and  a  foot  bridge  were 
constructed  to  facilitate  access  for  long-term 


measurements  in  the  slope  indicator  casings. 


INFERRED  GEOLOGIC  CONDITIONS 


Preliminary  Working  Hypothesis 


A  crude  stair-step  morphology,  in  which  roughly  parallel 
steep  bluffs  of  granitic  rock  .are  separated  by 
intervening  areas  of  talus  and  deeply  weathered  rock, 
exists  in  the  site  area.  It  was  inferred  at  the  outset 
of  the  studies  leading  to  the  design  of  remedial 
treatment  that  the  "stair-steps'*  were  related  to  regional 
jointing.  Because  the  observed  settlement  of  the 
concrete  support  system  for  the  Kirkwood  penstock  took 
place  in  one  of  the  talus-filled  areas  between  bedrock 
bluffs,  it  was  hypothesized  that  the  settlement  was  the 
result  of  water-induced  migration  of  fine  particles  into 
the  interstices  of  coarser  talus  deposits  and  into  open 
joints  and  fractures.  Hie  fact  that  continuous  intact 
rock  was  not  encountered  in  the  core  borings  that 
subsequently  were  made  was  ascribed  to  weathering  along 
joints.  Hie  initial  minor  movements  shown  in  the 
inclinometer  readings  were  inferred  to  be  the  result  of 
snifting  of  casing  backfill  material  and  possibly  also 
related  to  movement  in  the  water-eroded  talus  materials 
contained  in  a  subsurface  bedrock  trough. 

Block  Sliding  Hypothesis 


Consideration  was  given,  both  during  the  initial  field 
reconnaissance  and  the  subsequent  subsurface  studies,  to 
the  possibility  that  the  settlement  of  the  penstock  was 
related  to  landslide  movement.  One  important  purpose  of 
the  core  borings,  as  well  as  of  the  inclinometers,  was  to 
examine  this  possibility.  Hie  borings  appeared  to  show 
the  existence  of  a  relatively  deep  bedrock  trough  that 
might  conceivably  represent  a  pull-apart  feature  between 
in-place  bedrock  and  the  main  mass  of  a  block  slide. 
However,  neither  the  inclinometer  data  nor  the  results  of 
frequent  surveys  disclosed  any  conclusive  evidence  of 
slide  movement. 
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Ridge-Spreading  Hypothesis 


It  ultimately  was  concluded  that  the  morphology  and 
apparent  subsurface  physical  characteristics  of  the  site 
are  the  result  of  large-scale  gravitational  spreading  and 
fracturing  processes.  These  processes,  which  we  will 
refer  to  here  as  ridge-spreading,  entail  dilation  of  a 
ridge  along  fractures,  joints,  foliation,  or  other 
structural  weaknesses  as  a  result  of  gravity-induced 
tensional  stresses.  Such  structural  weaknesses  may 
become  opened  to  considerable  depth.  According  to 
Radbruch-Hall  and  others  (1976),  the  usual  topographic 
expression  of  this  type  of  gravitational  movement,  which 
occurs  in  many  different  types  of  rock,  consists  of 
horizontal  linear  trenches  and  uphill-facing  (anti-slope) 
scarps  on  steep  slopes  and  ridge  crests. 

One  implication  that  can  be  drawn  from  this  hypothesis  is 
that  the  penstock  may  cross  an  extremely  deep  crevasse¬ 
like  opening  that  is  choked  with  blocks  and  masses  of 
granitic  rock.  This  condition  would  account  for  the 
large  "takes"  of  thick,  mortar-like  grout  that  were 
experienced  during  the  remedial  treatment  program,  if 
this  condition  actually  exists,  one  would  expect 
infiltrating  rainfall  to  tend  to  flush  fine-grained 
materials  into  adjacent  open  zones,  leading  to 
readjustment  and  settling  of  the  larger  blocks  and  masses 
of  material. 


SUBSURFACE  TREATMENT 


Design  Approach 


The  possible  need  for  subsurface  drainage  measures  was 
assessed.  However,  on  the  basis  of  habitual  loss  of 
circulation  in  all  of  the  exploratory  holes,  and  a 
finding  that  the  water  table  depths  were  in  the  range  of 
100  to  ISO  feet  or  more,  it  was  decided  that  no  benefits 
would  be  derived  from  a  drainage  tunnel  or  drainage 
borings.  As  the  available  data  indicated  that 
readjustment  of  loose  talus  was  the  most  probable  cause 
of  settlement  of  the  penstock,  it  was  concluded  that  some 
type  of  consolidation  grouting  should  be  done.  It  was 
evident  that  a  conventional  slurry  grout  would  travel  too 
far  beyond  the  penstock  foundation,  so  a  compaction 
grouting  approach  was  selected.  It  was  inferred  that  the 
grout  alone  would  not  be  able  to  bind  the  presumed  talus 
mass  together  to  the  optimum  extent,  so  Dywidag 
reinforcing  bars  were  placed  in  each  grout  hole.  In 
order  to  provide  optimum  distribution  of  grout,  one  row 
of  holes  was  drilled  and  grouted  on  each  side  of  the 
penstock.  The  maximmn  hole  spacing  was  10  feet. 

Grout  Hole  Drilling 


The  drilling  and  grouting  operations  were  performed  with 
the  aid  of  a  steel  platform  that  was  mounted  on  the 
penstock  wing  walls,  and  moved  up  and  down  the  slope  by 
means  of  manually-operated  grip-hoists.  The  holes  were 
drilled  with  a  ROC-601  rotary  percussion  drill  that  could 
be  shifted  along  slots  in  the  deck  of  the  platform.  NW 
casing,  with  an  outside  diameter  of  3  1/2  inches,  was 
advanced  above  a  4-inch-diameter  bit  until  the  planned 
depth  of  60  feet  was  reached  or  until  there  was  reason  to 
believe  that  bedrock  had  been  reached.  The  drill  string 
was  then  extracted,  the  bit  removed,  and  the  casing 
driven  back  into  place.  The  casing  was  then  cleaned  out 
preparatory  to  grouting.  The  rates  of  penetration  ranged 


from  nearly  instantaneous  where  the  drill  "string" 
dropped  through  voids  to  a  few  hundredths  of  a  foot  per 
minute  in  fresh,  hard  rock. 

Grouting  Procedures 


The  grout  was  batched  in  a  horizontally-mounted  paddle- 
type  mixer.  The  typical  content  of  a  5-cubic-foot  batch 
was  25  shovels  full  of  silty  sand,  2  bags  of  cement,  one 
gallon  of  prehydrated  bentonite,  and  sufficient  water  to 
produce  a  six-inch  slump  at  the  pump.  Depending  upon  the 
punping  pressure,  loss  of  water  at  the  delivery  line 
couplings  dropped  the  slump  to  3  1/2  to  5  inches  at  the 
injection  point.  It  did  not  prove  feasible  to  punp  at  a 
pressure  sufficient  to  deliver  and  inject  a  thicker 
grout.  As  the  grout  was  more  fluid  than  anticipated,  the 
injection  quantity  was  arbitrarily  limited  to  4  cubic 
feet  per  foot  of  stage  length  after  reaching  an  injection 
pressure  of  100  psi.  Injection  of  grout  was  stopped  when 
the  pressure  exceeded  10  psi  per  foot  of  stage  depth  if 
the  volune  criterion  was  not  met.  In  general,  injection 
was  performed  in  one-foot  increments,  with  the  casing 
being  raised  following  completion  of  each  increment. 

Sunroary  of  Results 


Twenty  eight  holes  were  drilled  an  aggregate  depth  of 
1700  feet,  and  4000  cubic  feet  of  grout  were  injected 
into  the  60-foot-deep  zone  being  treated.  An  additional 
250  cubic  feet  of  grout  were  injected  into  an 
inclinometer  hole  that  extended  85  feet  below  that 
zone.  In  general,  relatively  large  grout  takes  occurred 
in  the  lowest  injection  stages,  where  a  relatively  thin 
grout  was  used.  Grout  takes  exceeded  20  cubic  feet  at 
intermediate  depths  in  10  holes.  The  largest  volune 
injected  in  a  single  stage  was  59.5  cubic  feet;  the 
injection  pressure  in  this  stage  didn't  exceed  140  psi. 

The  injection  pressure  conroonly  would  build  up  to  two  or 
more  peaks  during  the  grouting  of  an  interval,  and  then 
would  drop  off  before  building  back  up  again.  This 
behavior,  an  example  of  which  is  presented  on  Figure  1, 
is  ascribed  to  the  grout  pushing  loose  talus  blocks  aside 
and  exposing  additional  voids.  These  pressure  peaks  were 
not  necessarily  high  as  compared  to  the  refusal  pressure 
for  the  stage;  as  is  shown  on  Figure  2,  injection  of 
intervals  deeper  than  about  20  feet  was  more  conmonly 
halted  on  the  basis  of  grout  take  than  of  excessive 
pressure. 


Figure  1.  Pressure  Behavior  at  Constant 
Injection  Rate 

There  was  no  noteworthy  reduction  in  take  between  primary 
holes  and  secondary  holes.  Therefore,  supplementary 
holes  were  drilled  and  grouted  beneath  the  Dresser 
coupling  that  had  exhibited  evidence  of  settlement. 
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Figure  2.  Injection  Pressure  -  Volume  Relationship 
for  Typical  Hole 

These  holes,  which  extended  beneath  an  anchor  block 
immediately  upslope  from  .he  coupling,  took  relatively 
little  grout.  Contact  grout  holes  drilled  through  the 
concrete  slab  on  which  the  penstock  is  located  also  took 
very  little  grout.  However,  the  mobile  platform  was  left 
in  place  as  a  precautionary  measure  in  case  further 
grouting  is  decided  to  be  needed. 


SURFACE  TREATMENT  MEASURES 


Surface  Drainage 


The  existing  surface  drainage  facilities  were  improved 
and  supplemented  to  divert  surface  runoff  around  and  away 
from  the  vicinity  of  the  penstock.  Ewe  to  the  steep, 
irregular,  brush-covered  topography,  much  of  this  work 
had  to  be  accomplished  by  hand  labor.  The  work  performed 
included  the  following: 

1.  An  existing  interceptor  trench  was  extended  and 
lined,  and  was  provided  with  outfall  pipes  to 
divert  the  runoff  200  to  300  feet  to  the  sides  of 
the  problem  area. 

2.  The  access  road  to  the  top  of  the  penstock  was 
regraded  and  paved  to  divert  surface  runoff  to  a 
new  drop  inlet  and  outfall  pipe  leading  away  from 
the  instock. 

3.  Additional  outfall  facilities  were  constructed  at 
the  downslope  end  of  the  slope  area  that  was 
covered  with  a  geomembrane. 


The  ground  surface  area  extending  about  200  feet 
downslope  from  the  valve  house  at  the  top  of  the  penstock 
and  about  150  feet  to  each  side  of  the  penstock  was 
covered  with  a  georoembrane  for  the  purpose  of  preventing 
direct  infiltration  of  rainfall  and  snow  melt  water  into 
the  problem  area.  Preparation  of  the  ground  surface  for 
placement  of  the  georoembrane  consisted  of  clearing  of 
brush  and  trees,  trimming  of  numerous  large  protruding 
rocks,  laying  and  pinning  wire  mesh  to  "smooth  out"  a- few 
irregular  areas,  and  hand-excavating  ditches  in  which  to 
tuck-in  and  secure  the  outside  edges  of  the  membrane. 

The  area  was  then  covered  with  a  layer  of  18-ounce 
Trevira  geotextile.  This  geotextile  is  a  continuous-spun 
polyester  fabric,  and  is  approximately  235  mils  thick. 

Its  function  is  to  provide  a  tear-resistant  foundation 
for  the  georoembrane,  protecting  it  from  direct  exposure 
to  puncturing  by  sharp  protruding  rocks. 

The  geotextile  was  covered  with  Shelter-Rite  XR-5,  style 
8130,  which  is  a  30-mil-thick  polymer-coated  membrane 
that  is  extensively  used  as  a  pond  lining.  This  material 
was  installed  in  panels  ranging  up  to  50  feet  by  160  feet 
in  size.  These  panels  were  heat-welded  together  to  form 
a  continuous  waterproof  membrane.  The  membrane  was 
fastened  to  the  concrete  foundation  of  the  penstock,  to  a 
newly-constructed  concrete  stairway  at  the  top  edge  of 
the  western  panel,  and  to  a  rock  outcrop  cliff  along  the 
eastern  side,  using  galvanized  battens  and  expansion 
bolts.  The  outside  and  downslope  edges  were  tucked  into 
hand-excavated  ditches  that  were  then  backfilled  to  tie 
down  the  membrane.  Finally,  sandbags  were  placed  at 
numerous  locations  on  the  membrane  to  provide  resistance 
to  uplifting  wind  forces. 

Small  concrete  dams  were  constructed  at  the  lower  end  of 
the  groins  formed  by  the  penstock  wingwalls  and  the 
geomembrane-covered  surfaces  that  slope  toward  the 
penstock.  These  dams  divert  concentrated  flows  into  CMP 
pipes  that  convey  these  flows  to  a  pre-existing  outfall 
that  collects  water  from  an  underdrain  system  beneath  the 
penstock  foundation  slab. 


POST-TREATMENT  MONITORING 


Slope  indicator  readings  have  been  performed  weekly 
during  the  rainy  season  and  monthly  during  the  dry  season 
since  completion  of  the  slope  stabilization  measures. 

The  data  obtained  have  indicated  no  continuing  or  renewed 
movement. 


CONCLUSIONS 


The  absence  of  evidence  of  further  settlement  following 
completion  of  the  slope  stabilization  measures  is 
inferred  to  indicate  that  the  grouting  operations 
produced  a  coherent  wedge  that  bridges  the  underlying 
opening  that  is  believed  to  be  present.  It  is  further 
concluded  that  influent  moisture  is  unlikely  to  trigger 
further  settlement.  However,  the  geologic  mechanism 
involved  in  ridge-spreading  at  the  site  is  too  poorly 
understood  to  allow  a  confident  conclusion  to  be  reached 
concerning  the  long-term  stability  of  the  penstock. 
Therefore,  consideration  is  being  given  to  alternatives 
for  replacing  it. 
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SYNOPSIS  :  Tehri  Dam  Project,  a  multi  purpose  river  valley  project,  is  being  constructed  in  Garhwal , 
Himalaya.  The  project  consists  of  a  260  m  high  earth  and  rock  fill  dam  with  a  clay  core,  four 
diversion  tunnels  each  of  11  m  finish  diameter,  four  head  race  tunnels  each  of  8.5  m  finish  diameter 
and  two  underground  powerhouses  cavities  each  measuring  180  m  long,  49.5  m  high  and  21.5  m  wide.  The 
project  is  located  near  the  district  headquarters  of  Tehri  in  the  state  of  Uttar  Pradesh.  The  rock 
masses  in  the  project  area  are  fragile,  tectonically  active  and  geologically  disturbed.  The  terrain 
is  rugged  and  inexcessible  and  therefore  preclueds  thorough  geotechnical  investigations  for  the 
disign  of  the  cavern.  The  diversion  and  the  head  race  tunnels  were  therefore  used  to  conduct  geotec¬ 
hnical  investigations  with  the  purpose  of  collecting  geotechnical  data  for  the  design  of  two  caverns. 
Goodman  Jack  tests  were  used  to  estimate  the  modulus  o *  deformation  of  the  rock  masses.  Load  cells 
and  tape  extensometers  were  used  to  monitore  the  support  pressure  and  the  tunnel  closures.  The 
modulus  of  deformation  varied  from  0.18  to  0.32  kg/cm. sq.  x  10  .  Tunnel  closures  were  about  0.3*  of 
the  tunnel  size.  The  support  pressure  stabilized  within  three  months  of  excavation  and  the  measured 
support  pressures  varied  between  0.16  and  1.14  kg/cm. sq.  This  geotechnical  data  Indicate  that  the 
rock  masses  behaviour  was  elastic  in  nature  and  the  cavern  could  be  designed  without  much 
difficulties. 


INTRODUCTION 

The  Tehri  project  is  the  first  multi-purpose 
development  scheme  being  constructed  in  the 
Garhwal  Himalayas  for  utilising  the  surplus 
monsoon  waters  of  river  Bhagirathi,  a  principal 
tributory  of  the  mighty  Ganga.  The  project, 
located  in  Tehri  district  of  the  state  of  Uttar 
Pradesh,  envisages  the  construction  of  a  260  m 
high  earth  and  rock  fill  dam  with  a  claycore 
and  an  underground  powerhouse  of  2000  MW  capa¬ 
city  to  be  built  In  two  stages  with  an  instal¬ 
led  capacity  of  1000  MW  in  the  first  stage. 
The  layout  plan  of  the  Tehri  dam  project  has 
been  shown  in  figure  1.  The  first  stage  com¬ 
plex  shall  have  conventional  turbines  and  the 
second  stage  shall  have  reversible  machines 
housed  in  a  separate  cavity  at  a  comparatively 
lower  setting.  A  balancing  reservoir  shall  be 
created  by  constructing  a  85  m  high  Koteshwar 
dam,  about  20  km  downstream  of  the  Tehri  dam 
project. 

The  project  when  completed  will  create  a  live 
storage  of  2615  million  cubic  meters  and  pro¬ 
vide  irrigation  to  270  thousand  hectares  of 
land  and  generate  2900  million  units  of  power 
annually  at  90*  water  availability,  besides 
other  benefits  like  moderation  of  floods,  deve¬ 
lopment  of  tourism  and  generating  employment 
opportunities.  The  estimated  cost  of  the  first 
stage  Is  Rs.1066  crores  -s  on  January,  1983. 

The  underground  works. mainly  comprise  of  four 
diversion  tunnels  of  il.00  m  diameter  (two  on 
each  bank),  four  head  race  tunnelc  of  8.5  m 
diameter  on  the  left  bank  of  the  river  Bhllan- 
gana  and  the  underground  powerhouse  complex. 
The  diversion  tunnels  of  11.00  m  diameter 


horseshoe  shape  are  designed  to  pass  a  cons¬ 
truction  stage  flow  of  nearly  7,500  cumecs  and 
flood  discharge  of  7300  cumecs  corresponding  to 
a  flood  discharge  of  12850  cumecs  for  a  1000 
year  return  period.  The  two  right  bank  diver¬ 
sion  tunnels  of  1298  and  1429  m  length  have 
already  been  constructed  and  the  two  left  bank 
diversion  tunnels  of  1778  and  1774  m  length  are' 
in  an  advanced  stage  of  construction.  The 
four  head  race  tunnels  of  horseshoe  shape  take 
off  at  the  left  flank  of  the  reservoir.  Two 
head  race  tunnels  will  convey  the  water  to  the 
four  machines  of  stage  I  powerhouse  and  the 
other  two  head  race  tunnels  will  convey  the 
water  to  the  stage  II  machines.  Construction 
of  the  machine  hall  cavities  has  not  begun  yet. 
The  paper  describes  the  geology  of  the  project 
area,  the  details  of  various  underground  exca¬ 
vations,  details  of  instrumentation  results  and 
the  geotechnical  Investigations.  Estimated 
values  of  tunnel  deformations  from  elastic 
analysis  have  been  compared  with  measured 
values  in  the  field. 

GEOLOGY 

The  rock  formations  encountered  In  the  tunnels 
are  the  phyllltes  of  Chandpur  series.  The 
phyllltes  are  generally  banded  in  appearance, 
the  bands  composed  of  argillaceous  materials. 
Based  on  the  lithological  character  of  the  rock 
masses  and  the  varying  magnitude  of  tectonic 
deformation  suffered  by  them,  these  have  been 
broadly  classified  as  phyllltes  of  grades  I,  II 
and  III.  The  rock  masses  of  grade  I  are  the 
most  competent.  These  are  predominantly  arena¬ 
ceous,  massive  in  character  and  distinctly 
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Fig.  1  Layout  Plan  of  Tehri  Dam  Project 


jointed.  Rock  masses  of  grade  II  are  banded 
due  to  rapid  alteration  of  arenaceous  and 
argillaceous  materials.  The  rock  masses  of 
grade  III  are  the  weakest  formations  and  are 
mainly  composed  of  the  argillaceous  component 
with  lesser  amount  of  arenaceous  material.  The 
three  grades  of  the  phyllites  are  interbanded 
and  show  gradual  change  from  one  grade  to 
another  along  the  strike  direction. 

GEO-TECHNICAL  INVESTIGATIONS 

The  geo-technical  investigations  are  being 
conducted  to  study  the  behavioural  aspects  of 
the  different  rock  units,  their  probable  mode 
of  interaction  with  various  engineering  struc¬ 
tures  and  the  state  of  stability  of  the  under¬ 
ground  structures  vis-a-vis  the  geological 
defects. 


The  process  of  geotechnical  investigations  had 
been  Initiated  since  the  inception  of  the  pro¬ 
ject  and  is  being  carried  out  contemporaneously 
with  the  construction  of  the  various  structures 
such  as  diversion  tunnels,  head  race  tunnels 
and  approaches  to  the  powerhouse  cavern.  The 
following  studies  are  being  conducted  in  the 
different  underground  openings  of  the  project 
complex. 

Geo-technical  Tests 

The  Geo-technical  studies  consist  of  determina¬ 
tion  of  shear  strength  parameters,  permeabili¬ 
ty  and  groutabllity  tests,  deformation  modulus 
tests  and  laboratory  tests  to  find  out  the 
tensile,  the  shear  and  the  compressive  strength 
and  Possion's  ratio. 


Deformation  modulus  has  been  determined  by  both 
direct  tests  and  by  the  rock  mass  classifica¬ 
tion  approach.  For  direct  tests,  plate  jack 
and  Goodman  jacks  are  commonly  employed.  Plate 
jacking  test  has  been  used  to  determine  the 
deformation  modulus  in  exploratory  drifts. 
This  technique  has  been  found  to  be  inferior  in 
relation  to  the  Goodman  jack  test  method.  The 
later  has  therefore  been  used  recently  to 
determine  the  deformation  modulus  values  from 
tests  conducted  in  the  tunnels.  The  tests  were 
conducted  in  the  NX  size  bore  holes.  The  pres¬ 
sure  was  applied  in  cycles  of  100,  200,  250, 
500  and  700  kg/cmz.  Pressures-deformati on 
characteristics  are  given  in  figure  2. 


OEFORMATION  IN  «■•»-*- 


Fig.  2  Load  Deformation  Characteristic  in  a 
Typical  Goodman  Jack  Test  in  HRT-1, 
ch. 223.07  m,  phyllites 


Rock  Mass  Behaviour  and  Support  Pressure 

Bieniawski  (1973)  proposed  a  rock  mass  classi¬ 
fication  for  predicting  rock  mass  behaviour  and 


Table  I 


Derformation  Modulus  by  Various  Techniques  in  Kg/Cm2  x  10® 


SI. No. 

Type  of  Rock 

Plate  Jack  Test 

Goodman  Jack 

Rock  Mass 
Classification 

Recommended 

Value 

1. 

Grade  I 

0.68 

0.06-0.570  (0.32) 

1.30 

0.30 

2. 

Grade  II 

0.18-0.57  (0.38) 

0.046-0.385  (0.21) 

0.43 

0.20 

3. 

Grade  III 

0.10-0.39  (0.25) 

0.025-0.345  (0.18) 

0.18 

0.15 

Note 

:  Figures  in  bracket  give  average  values. 

Table  II 

Comparison  of  Estimated  and 

Observed  Support  Pressure  in  Kg/Cm2 

SI. Ho. 

Type  of  Rock 
Mass 

Estimated  Support 

Terzaghi' s  Barton 

Rock  Load 

Tables  (L.T. )  L.T. 

Pressure 

's  Approach  Wedge 
Theory 

S.T. 

Observed 
Support 
Pressure 
(40  days) 

Recommended 

value. 

(Kg/Cm2) 

1. 

Grade  I 

0.0- 1.4  0.80 

0.40 

0.16-0.42 

1.0 

2. 

Grade  II 

0.0-2. 8  2.10 

1.30  1.75-2.00 

0.52-1.14 

1.5 

3. 

Grade  III 

- 

- 

Not  available 

_ 

a  relationship  between  rock  material  and  rock 
mass  deformation  modulus.  The  deformation 
modulus  with  the  help  of  this  technique  has 
been  determined  on  the  basis  of  the  information 
available  so  far.  Table  I  gives  the  range  of 
values  of  deformation  modulus  determined  by 
different  techniques. 

Various  techniques  are  applied  for  the  determi¬ 
nation  of  support  pressure.  Empirical 
approaches  of  Terzaghi  (1946)  and  Barton  et  al 
(1974)  have  been  used  for  the  determination  of 
support  pressure  for  tunnels.  Sometimes  a 
wedge  of  rock  which  may  get  loosened  in  the 
crown  and  may  sit  on  the  supports.  Support 
pressure  has  also  been  estimated  from  the  Wedge 
theory.  Estimated  and  observed  support  pres¬ 
sures  have  been  shown  in  Table  II. 

SEQUENCE  OF  CONSTRUCITON  AND  SUPPORT  SYSTEM 

Left  Bank  Diversion  Tunnels 

Excavation  of  diversion  tunnels  T-l  and  T-2 
were  planned  from  both  inlet  and  outlet  ends. 
The  inlet  portal  was  established  in  October 
1979.  However,  the  hill  slopes  at  the  outlet 
portal  were  very  unstable  and  the  work  was 
delayed  due. to  a  huge  landslide  near  the  outlet 
portal  which  occurred  in  the  year  1980.  The 
outlet  portal  therefore  could  be  established 
only  in  1981. 

The  excavation  has  been  done  by  heading  and 
bench  method  employing  the  conventional  drillng 
and  blasting  technique.  The  pull  varied  from 
2.0  m  to  2.5  m.  The  consumption  of  explosive 
was  of  the  order  of  0.7  kg/cum  of  the  excavated 
rock  mass.  Steel  sets  of  ISMB  300  mm  supported 
on  wall  brackets  placed  at  springing  level  were 
used  where  the  site  conditions  warranted  the 
use  of  permanent  supports. 


Right  Bank  Diversion  Tunnels 

The  inverts  of  diversion  tunnels  T-3  and  T-4  at 
the  outlet  are  at  RL  600  m  and  603  m  respec¬ 
tively.  Thus  there  tunnels  negotiate  a  drop  of 
6  m.  Tunnel  T-3  is  straight  in  its  entire 
length,  while  the  tunnel  T-4  traverses  a  hori¬ 
zontal  curve  of  78°  after  being  straight  in  the 
first  28  m  length.  The  remaining  length  of  the 
tunnel  is  straight.  For  the  early  completion 
of  these  tunnels,  the  construction  was  taken  up 
from  both  ends.  The  supporting  system  con¬ 
sisted  of  RSJ  300  x  140  steel  ribs  600  mm 
centre  to  centre  and  M75  concrete  backfill. 
The  redistribution  of  stresses  in  the  rock  mass 
around  the  excavated  cavity  in  this  zone  has 
taken  place  within  about  3  months  of  the  blas¬ 
ting  and  then  a  state  of  equilibrium  had  been 
reached.  A  record  progress  of  about  800  cubic 
metre  of  excavation  per  day  was  obtained. 

DEFORMATION  MODULUS 

The  data  collection  process  is  going  on  with 
the  construction  of  various  components  of  the 
project.  The  deformation  modulus  of  all  the 
three  grades  of  the  rock  masses  have  been  dete¬ 
rmined  by  different  techniques  (Table  I).  The 
plate  jacking  test  seems  obsolete  and  the  data 
collected  may  not  be  used  for  design  purposes. 
Results  of  the  Goodman  jack  tests  have  been 
accepted  for  design.  About  130  tests  have  been 
performed,  mostly  in  the  tunnels  (under  pres¬ 
sures  varying  between  80  to  600  kg/cmz).  The 
design  pressures  may  not  be  more  than  40  kg/cnr 
hence  the  values  were  calculated  at  this 
pressure. 

INSTRUMENTATION 

Construction  stage  instrumentation  was  under¬ 
taken  in  the  tunnels  to  monitor  the  behaviour 
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of  the  rock  Masses  surrounding  the  cavities  by 
the  Central  Mining  Research  Station,  Dhanbad. 
Load  cells  had  been  installed  to  Measure 
support  loads.  Tape  ExtensoMeter  was  used  to 
measure  tunnel  closures.  For  this  purpose 
closure  bolts  had  been  installed  in  all  the 
tunnels  randomly.  At  a  few  selected  test- 
sections  both  closure  bolts  and  load  cells  were 
installed. 

In  the  right  bank  diversion  tunnel  T-4,  one 
test-section  was  established  between  chainages 
614. SO  m  and  615.30  n  with  Mechanical  type  of 
lr;o  cells.  In  the  loft  bank  diversion  tunnel 
T-l,  one  test-section  at  ch.  083-84  h  was  esta¬ 
blished.  Mechanical  type  load  cells  were  in¬ 
stalled.  In  the  head  race  tunnel  T-3,  one 
test-section  was  installed  at  ch.  828-829  m. 
Vibrating  wire  and  mechanical  type  load  cells 
were  installed.  Typical  closure-time  and  load¬ 
time  graphs  are  shown  in  figures  3  to  4  respic- 
tively  for  this  test-section.  The  theoretic*! 
values  are  also  shown  in  these  figures. 


Fig.  3  Closure-Time  Relation  in  HRT-3 
(Grade  III  phyllites) 


Tunnel  Closures 

The  Measured  tunnel  closures  are  close  to  the 
predicted  values  (Fig. 3).  The  MZxiMUM  value  of 
about  30  mm  works  out  to  the  only  0.3  per  cent 
of  the  tunnel  size  and  is  considered  due  to  the 
elastic  relaxation  of  the  rock  Mass  surrounding 
the  tunnel  openings. 

Support  Pressure 

Support  pressures  calculated  by  the  wedge 
theory,  Terzaghi's  rock  load  table  and  Barton's 
method  have  been  compared  with  measured  values 
(Table  II).  The  support  pressures  are  very 
low.  It  can  be  seen  that  the  short-term  sup¬ 
port  pressure  estimated  by  Barton's  approach 
are  close  to  the  measured  values. 

CONCLUSIONS 

The  instrumentation  data  has  shown  that  both 
the  tunnel  closures  and  the  support  pressures 
are  very  low.  These  can  be  cosidered  due  to 
elastic  relaxation  of  the  rock  mass  surrounding 
the  tunnel  openings.  Grade  I  and  grade  II 
phyllites  can,  therefore,  be  considered  corape- 
tant  to  locate  the  powerhouse  cavern. 

The  measured  support  pressures  for  40  days 
compares  favourably  with  the  short-term  values 
estimated  by  Barton's  method.  This  would  sug¬ 
gest  that  the  short-term  support  pressure  for 
the  cavern  may  be  calculated  by  this  approach 
provided  that  the  Q  values  are  estimated  from 
the  full  sized  cavern. 
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SYNOPSIS:  Numerous  landslides  have  plagued  the  construction  of  a  t.3  Bile  road  sector  in  the  aountainous  region  of 
central  Puerto  Rico,  the  area  is  underlain  by  a  sequence  of  landslide  deposits  overlying  a  noddy  limestone  and  hard 
overconsolidetec  clayey  soils.  Landslides  have  occurred  in  both  cuts  and  fills  that  have  delayed  the  road 
construction  for  a  period  of  core  than  two  years,  bringing  as  a  result,  great  econcnic  losses  for  the  Puerto  Rico 
Highway  Authority.  The  landslide  trigger  cechanisa  ha3  been  intimately  related  to  high  rainfall,  casmonly  observed 
in  this  region.  The  geotechnical  and  geological  studies  performed  previous  to  the  construction  of  this  read  sector 
were  few  and  meager.  These  studies  did  not  recognize  the  presence  of  unstable  deposits  along  the  road  sector 
alignment.  A3  a  result,  several  large  3lope  failures  developed  during  construction  that  halted  the  ccspletion  of 
the  road.  Par  investigating  the  slope  failures,  detailed  geological  and  geotechnical  studies  were  performed, 
including  monitoring  of  groundwater  levels,  rainfall,  and  slope  movements  followed  by  laboratory  and  slope  stability 
analyses.  Remedial  measures  have  been  provided  in  the  form  of  excavation,  drainage,  and  stability  berms.  Renewal 
of  the  read  construction  with  the  remedial  measures  is  prompt  to  3tart. 

INTRODUCTION 


Numerous  landslides  have  plagued  the  construction  of  a 
1 .3  nile  road  sector  m  the  mountainous  region  of 
central  Puerto  Rico.  The  area  i3  underlain  by  a 
sequence  of  landslide  deposits  overlying  a  muddy 
limestone  and  hard  overcon3olidated  clayey  3oils. 
Landslides  have  occurred  in  both  cuts  and  fills  that 
have  delayed  the  road  construction  for  a  period  of  more 
than  two  years,  bringing  as  a  result,  great  economic 
losses  for  the  Puerto  Rico  Highway  Authority.  The 
landslide  trigger  mechanism  has  been  intimately  related 
to  high  rainfall,  commonly  observed  in  this  region. 


The  road  sector  alignment  runs  parallel  to  a  high 
limestone  scarp  which  rises  at  3teep  angles  to 
elevations  of  up  to  400  feet  above  the  road  level. 
North  of  the  scarp  is  a  cone-karsted  terrain 
characterized  by  north-south  and  east-we3t  trending 
limestone  ridges,  sinkholes  and  inter-ridge  valleys. 
The  proposed  road  grade  follows  a  300  to  600  feet  wide 
bench  along  the  base  of  the  scarp.  The  bench  is 
underlain  by  an  80  ft.  thick  sequence  of  landslide 
deposits,  hard  overconsolidated  clayey  soils  and 
volcanic  rock.  The  ground  surface  south  of  the  bench 
steepens  considerably  toward  a  river  running  430  feet 
below.  Figure  1  shows  a  schematic  cross  section  drawn 
at  the  road  sector. 


The  geotechnical  and  geological  studies  performed 
previous  to  the  construction  of  this  road  sector  were 
few  and  meager.  These  studies  did  not  recognize  the 
presence  of  unstable  deposits  along  the  road  sector 
alignment.  As  a  result,  several  large  slope  failures 
developed  during  construction  that  halted  the  completion 
of  the  road. 


The  study  of  a  single  slide  that  occurred  in  a  40  ft. 
high  cut  in  the  previously  mentioned  road  sector  is 
presented  herein.  The  slide  involved  a  large  ground 
mass  of  about  1150  feet  along  the  road,  350  feet  wide 
normal  to  the  road,  and  40  feet  deep  (Fig.  2).  The 
landslide  consisted  of  a  combined  slump  lateral 
spreading  slide  with  rotational  characteristics  and 
graben/horst  structures.  The  failure  developed  during  a 
heavy  rainfall  period  in  the  area  after  the  40  ft.  high 
cuts  were  performed. 


For  investigating  this  slope  failure,  a  detailed 
geological  and  geotechnical  study  was  performed. 
Several  deep  borings  were  drilled  at  and  around  the 
sliding  mass.  Inclinometers  and  piezometers  were 
installed  and  monitored  for  a  period  of  six  months. 
Laboratory  testing  was  conducted  on  recovered 
undisturbed  soil  samples  to  determine  their  engineering 
characteristics.  A  detailed  engineering  geologic 
reconnaissance  was  performed  and  slope  stability 
analyses  were  carried  out. 


SITE  GEOLOGY 


The  route  alignment  runs  nearly  east-west  at  an 
elevation  of  about  1050  ft.  above  sea  level.  It  is 
located  upon  a  gently  sloping  to  locally  irregular  bench 
300  to  600  ft.  wide  which  is  bounded  on  the  south  by  the 
moderately  steep,  heavily  vegetated  valley  slope  of  Rio 
Grande  River  of  Arecibo,  which  flows  about  430  ft. 
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Fig.  1  Schematic  Cross  Section  in  a  Korth-South  Direction 


below,  and  on  the  immediate  north  by  the  steep  rock 
escarpment  (cuesta  scarp)  of  the  I>are3  limestone  plateau 
which  extends  another  150  to  300  ft.  higher  (Figure  1). 
This  position  places  the  route  alignment  right  along  a 
precarious  condition  of  a  plateau  margin  (Deere  et  al. 
1987),  S3  shown  in  Fig.  1. 


For  most  of  its  alignment,  the  road  sector  is  underlain 
by  landslide  deposits  (Ql) ,  a  nuddy  limestone  unit  of 
the  Lare3  Limestone  Formation  (Tl),  hard 
overconsolidated  clayey  soils  called  the  San  Sebastian 
Formation  (Ts) ,  and  a  generalized  volcanic  rock  basement 
(Ty,  Ka) .  Figure  2  shows  a  typical  profile  in  the 
failed  road  sector. 


The  Lares  limestone,  which  constitutes  the  northern 
plateau,  consists  of  a  mid-Tertiary  upper  unit  of  hard, 
white  to  tan,  massive  to  bedded  limestone 
(recrystallized  chalk  and  calcarenite)  of  250  to  330  ft. 
thick,  and  a  80  ft  thick  lower  unit  of  softer,  thick  to 
medium  bedded,  tan  marly,  muddy  limestone  containing 
coral  beads  and  calcareous  algal  fragments.  The  upper 
unit  has  undergone  extensive  dissolution  with  many  small 
to  large  cavities  and  an  elaborate  karstic  surface  with 
isolated  rock  cones,  steep  ridges,  and  columns  separated 
by  elongated  and  circular  sinkhole  depressions  (Fig.  3). 


The  Lares  limestone  (Tl)  is  underlain  conformably  by  the 
San  Sebastian  Formation  (Ts),  also  of  mid-Tertiary  age, 
which  consists  of  hard  interbedded  and  lenticular  masses 
of  varicolored  hard  clay,  silty  clay,  and  clayey  silt 
with  some  weathered  gravel  at  the  base.  This  gravel  is 
probably  the  weathered  surface  of  the  underlying 
volcanic  rocks.  Some  thin  lignitic  zones  occur  near  the 
top  of  the  sequence.  The  San  Sebastian  formation  ranges 
in  thickness  from  0  to  6  ft.  on  the  east  to  about  80  ft 
on  the  west  end  of  the  studied  section. 


The  above  described  formations  are  the  two  bedrock 
formations  that  enter  into  the  construction  problem,  the 
resistant  Lares  limestone  at  the  cuesta  scarp  and  the 
weaker  San  Sebastian  deposits  which  underlie  and  support 
the  limestone  at  the  scarp  and  beneath  the  plateau.  The 
bench  hu.~  been  formed  in  the  San  Sebastian  formation 


with  the  limestone  having  been  removed  by  solutioning, 
erosion,  and  ancient  land sliding. 

The  San  Sebastian  formation  re3t3  unconforaably  on  the 
weathered  surface  of  the  volcanic  rock  basement  of  early 
Tertiary  age. 


The  most  recent  geologic  unit  is  the  Quaternary 
landslide  deposits  (QL)  or  colluvium  that  have 
accumulated  at  the  base  of  the  limestone  scarp  and  or 
the  bench  of  the  San  Sebastian  formation  over  the  last 
few  hundred  to  thousands  years.  These  deposits  consist 
of  a  heterogeneous  mixture  of  limestone  blocks  that  have 
fallen  or  toppled  from  the  scarp,  clay  and  weathered 
limestone  fragments  washed  out  of  the  limestone  joints, 
and  slide  debris  from  block  creep,  block  slides,  and 
rock  slumps  which  contain  both  limestone  blocks  and 
disturbed  clays  and  silts  from  the  underlying  San 
Sebastian  formation. 


Old  slide  scarps  can  be  recognized  in  the  field  and  on 
aerial  photographs  in  the  colluvium,  many  of  which 
coaler  ce  giving  a  scalloped  appearance  to  the 
escarpment.  Further  weathering  and  high  rainfall  have 
resulted  in  additional  deterioration  of  the  colluvium 
causing  local,  small  and  large  debris  flows  and  earth 
flows,  the  latter  involving  the  greenish  clay  from  the 
upper  part  of  the  San  Sebastian  formation  which  was 
softened  an  squeezed  out  from  below  the  escarpment  or 
which  was  brought  to  the  surface  by  rotational  slumps. 


HYDROGEOLOGY 


The  general  area  of  road  sector  is  humid  and  tropical 
with  an  average  annual  rainfall  of  about  6  ft,  most  of 
which  falls  from  May  to  November.  Most  of  the  rain  that 
falls  on  the  karstic  limestone  plateau  on  the  north  is 
collected  through  the  sinkhole  system  into  an  internal 
drainage  network.  Part  of  this  water  emerges  as  springs 
from  open  joints  or  cracks  along  the  base  of  the 
escarpment.  A  few  springs  appear  on  the  south  side  of 
the  bench  at  the  colluvium,  at  the  contact  of  the 
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colluvium  end  the  San  Sebastian  formation,  and  at  the 
contact  of  the  weathered  gravelly  San  Sebastian  and  the 
weathered  volcanic  bedrock.  Bart  of  the  water  seeps 
down  and  along  the  contact  with  the  San  Sebastian  clays, 
giving  an  opportunity  to  the  clays  to  absorb  water, 
swell,  and  soften  under  the  reduced  stress  beneath  and 
outside  the  linestone  scarp. 


The  co2bination  of  colluvius  aired  with  clay,  resting  on 
a  clayey  foundation,  end  of  a  steady  inflow  of  seepage 
water  fron  the  linestone  plateau  bee cues  particularly 
unfavorable  for  the  sector  stability  and  has  been  the 
cain  cause  of  the  slides  developed  during  construction. 
Sore  of  the  northern  sinkholes  appear  to  be  partially 
plugged  allowing  the  developeent  of  shallow  lakes  in 
then  during  the  wet  season.  These  lakes  slowly  drain 
and  feed  the  underground  water  supply.  A  snail  creek 
runs  north  of  the  scarp.  The  creek  has  been  damned  by  a 
snail  dike  for  local  use.  The  resulting  snail  lake  nay 
also  be  an  additional  source  of  water  for  the  internal 
drainage  network. 


The  coapler  geological  and  groundwater  conditions 
observed  at  the  project  area  place  this  site  in  a 
hazardous  geological  environnent. 


SLIDE  KQHPHOLOGY 


An  engineering  geologic  napping  and  air  photo  analysis 
were  perfomed  along  the  road  sector  alignment  and 
within  areas  lying  north  and  south.  The  results  of 
these  analyses  helped  to  identify  the  physical 
characteristcs  of  the  sliding  mass  and  its  surroundings. 
Figure  4  schematically  shows  these  characteristics.  The 


slide  consisted  of  a  combined  slump-lateral  spreading 
slide  with  rotational  characteristics  (near  the  bead) 
end  graben-horst  structures.  The  sain  body  of  the  slide 
soved  in  a  horizontal  translatory  fashion  with  a 
horizontal  off-set  estimated  at  10  ft.  The  slide  min 
scarp,  1150  ft.  long  and  10  to  15  ft.  high,  was  located 
near  the  escarpment  of  the  Lares  linestone.  Secondary 
scarps  and  tension  cracks  were  observed  within  the 
noving  mass  and  the  slide  toe  was  located  about  350  ft. 
south  of  the  main  scarp.  The  tee  was  characterized  by 
bulging  (10  ft.  high)  and  overriding  ground.  Several 
3pring3  were  observed  emerging  at  the  slide  toe  and 
green  silty  clay  with  high  water  content  (99)0  was 
oozing  out  and  slowly  flowing  away. 


The  air  photo  analysis  showed  that  an  old  large 
landslide  existed  at  the  road  sector  before  the  road 
construction.  The  developeent  of  this  old  slide  nay  be 
associated  with  the  sane  geologic  condition  described 
before.  The  construction  and  grading  operations  for  the 
road,  where  40  ft.  high  cuts  were  perfomed,  reactivated 
this  old  slide  with  the  physical  characteristics 
mentioned  above. 


GEOTECHNICAL  EVALUATION 


A  detailed  geotechnical  evaluation  was  conducted. 
Several  deep  borings  were  drilled  at  and  around  the 
sliding  mass.  The  resulting  soil  profiles  were 
consistent  with  the  anticipated  sequence  of  geologic 
strata  described  before.  Figure  2  shows  a  typical 
profile  of  the  sliding  road  sector.  For  the  borings 
located  near  the  base  of  the  limestone  scarp,  the  upper 
soil  samples  could  belong  to  the  lower  unit  of  the  Larea 
limestone  or  to  the  colluvium  accumulated  down-3lope. 


<rr» Slide  Scarp 
. — Slide  Toe 
{  Springs 

Inclinometers 
•  Borings 


l 


7 


Fig.  4  Slide  Physical  Characteristics  at  Station  192+10 


Sie  standard  penetration  !< -values  for  this  material  were 
usually  in  the  range  of  25  -o  50  blous/fi  (higher  values 
vere  associated  with  hard  inclusions  or  limestone 
blocks).  The  borings  also  found  a  clear  contact  of  the 
collnviua  vith  the  upper  part  of  the  San  Sebastian 
formation  narked  by  a  lignite  layer  overlying  35  ft.  or 
so  of  hard,  green  to  dark  gray,  organic  cleyey  silt  to 
silty  clay  (N-values  of  100  bpf  or  core  and  natural 
vater  contents  of  25  to  35?,  classification  of  CL  to 
Cn). 


The  borings  in  about  the  niddle  of  the  bench  did  not 
shov  the  lignite  and  the  underlying  green  organic  clayey 
silt,  both  of  vhich  vere  probably  renoved  by  erosion  or 
old  landsliding.  Instead,  a  layer  of  calcareous,  light 
to  dark  brovn,  clayey  silt  vas  found  vith  volcanic  and 
line3tone  inclusions.  This  layer  va3  softer  and  vetter 
than  the  organic  green  layer  at  the  edge  of  the  scarp 
(3-values  ranging  froa  5  to  30  bpf,  natural  vater 
contents  of  35  to  50?). 


Figure  2  shov3  that  the  upper  part  of  the  San  Sebastian 
formation  is  underlain  by  the  "typical”  San  Sebastian 
formation,  vhich  consists  of  purple,  green,  brown,  and 
gray  clayey  silt  to  silty  clay  vith  faint  to  partially 
decoaposed  clasts.  The  typical  layer  is  hard,  vith 
K-values  greater  than  100  bpf,  unconfined  compressive 
strengths  of  4*5  tsf  or  greater  and  noisture  contents  of 
about  20  to  30?.  The  average  liquid  limit  and 
plasticity  index  are  50  and  30?,  respectively.  The 
typical  San  Sebastian  soil  has  lover  N-values  of  30-50 
bpf  vhen  sampled  belov  the  bench,  particularly  in  the 
uppermost  part  where  swelling  has  been  more  important. 
The  soil  samples  of  the  formation  showed  the 
characteristics  of  stiff  fissured  clays  of  shiny  luster 
and  slickenslides  and  polished  faces  when  broken. 


The  clasts  in  this  formation  are  less  weathered  vith 
depth  as  the  volcanic  haseaent  is  approached  (leading  to 
difficulty  in  distinguishing  between  the  San  Sebastian 
deposit  and  any  gravelly  saprolite  developed  on  the 
volcanic  breccia).  At  this  contact,  the  soil  matrix  vas 
wetter,  perhaps  from  being  in  contact  with  reter  fro* 
the  bedrock  joints.  The  transition  gravel  zone  is  about 
£  ft.  thick  with  some  clay  matrix. 


Ten  piezometers  and  eight  inclinometers  were  installed 
and  conitered  for  a  period  of  six  aonths  for  determining 
groundwater  levels  and  depths  of  active  sliding 
surfaces.  The  inclinometers  were  installed  during  a 
relatively 

dry  period  where  the  movements  measurements  were  small 
(Fig.  5).  It  is  during  the  period  of  heavy  rains  that 
the  rate  of  movement  increased,  reaching  large 
displacements  in  excess  of  1  inch  idiere  shearing  off  of 
soae  of  the  inclinometers  casing3  developed  (Fig.  5). 


The  depth  and  shape  of  the  sliding  surface  va3 
determined  with  the  inclinometer  data  and  the  field 
characteristics  of  the  moving  mass.  The  sliding  surface 
starts  at  the  head  scarp  and  follows  the  contact  between 
the  organic  and  “typical”  layers  of  the  San  Sebastian 
formation.  The  depth  of  the  sliding  surface  as 
determined  by  the  off-sets  in  the  inclinometers  was 
about  40  ft.  The  sliding  mass  included  the  base  of  the 
muddy  limestone,  the  colluvium  and  the  underlying 
overconsolidated  clays.  The  sliding  mass  has  a  volume 
of  about  0.6  million  cubic  yards.  Figures  2  and  6  show 
two  profiles  indicating  the  position  of  the  sliding 
surface  and  the  observed  groundwater  levels. 


STABILITY  EVALUATIOH 


To  evaluate  the  stability  conditions  of  the  slide, 
hack-calculating  and  parametric  analyses  were  performed 
varying  the  position  of  the  vater  levels,  the  depth  of 
the  sliding  surface,  and  strength  paraneters.  The  back 
analyses  used  the  residual  friction  value  along  the 
sliding  surface.  Results  from  direct  shear  tests  on  the 
San  Sebastian  deposits  indicated  a  residual  friction 
angle  of  16  to  18  degrees.  An  assunption  was  made  in 
these  analyses  that  during  the  heavy  rainfalls  at  the 
tine  of  failure  the  water  levels  rose  near  the  surface. 
Although  reasonable,  the  assunption  wa3  not  confirsed  by 
the  piezometers,  as  difficulties  were  encountered  to 
measure  during  the  rain.  However,  large  quantities  of 
water  were  observed  seeping  at  several  sectors  of  the 
existing  ground  surface  at  higher  elevations  than  the 
slide  toe.  By  using  this  inforcation,  the  assuned  water 
levels  were  defined. 


The  conclusions  of  the  stability  evaluation  indicated 
that  the  causes  in  reactivating  the  old  slide  were  the 
following: 


1)  The  performance  of  large  cuts  (40  ft-high)  to  reach 
the  desired  road  grading.  These  cuts  deprived  the 
sliding  nas3  of  resisting  weight. 


2)  The  geologic  conditions  and  strength  characteristics 
of  the  ground  nass,  particularly  the  combination  of 
colluvium  resting  on  an  overconsolidated  clayey 
foundation  and  the  presence  of  the  old  landslide. 


3)  The  presence  of  large  amount  of  water  seeping  into 
the  sliding  mass  as  a  result  of  heavy  rainfall  and  the 
development  of  high  water  pressures  associated  with  the 
nearby  sinkhole  system. 


A  detailed  geological  and  geotechnical  study  previous  to 
the  road  construction  would  have  helped  in  defining  the 
steps  required  to  avoid  the  reactivation  of  the  old 
slide.  Such  steps  could  consist  of  smaller  cuts, 
incorporation  of  drainage  schemes,  and  possible 
relocation  of  the  road. 


REMEDIAL  MEASURES 


The  results  of  the  stability  evaluation  and  the  field 
information  were  used  to  draw  the  remedial  measures 
needed  to  stabilize  the  sliding  mass  and  proceed  with 
the  road  construction. 


The  recommended  solution  alternatives  involve  several 
forms  of  subsurface  drainage,  improvement  of  the  soil 
conditions  at  the  slide  toe  area,  and  incorporation  of  a 
weighting  berm  (to  increase  the  resisting  forces  and 
reduce  the  effect  of  the  large  cut3  for  grading 
operations) .  The  following  remedial  alternatives  have 
been  proposed  for  this  project  (Fig.  7): 


a.  Stabilizing  drainage  key 

b.  Solution  (a)  with  upslope  drainage  trenches 

c.  Solution  (b)  with  8  ft.  high  berm 

d.  Solution  (c)  with  horizontal  drains 

e.  Drainage  galley  with  horizontal  drains 

f.  Permanent  wells  with  horizontal  drains 

g.  Combination  of  some  of  the  above 
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Fig.  6  Soil  Profile  and  Slide  Surface  at  Station  193+65 
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Fig.  7  Remedial  Measures  for  Landslide  at  Station  191  to  195 


The  major  stabilizing  element  will  be  the  "stabilization 
drainage  key",  an  excavated  drainage  ditch  near  the  toe 
of  the  slide  and  to  the  downslope  side  of  the  new 
highway.  The  proposed  key  is  up  to  50  ft.  deep, 
backfilled  with  gravel  and  with  a  filter  fabric  lining 
(Fig.  7).  The  key  will  extend  a  few  meters  below  the 
determined  sliding  plane  and  will  increase  the  factor  of 
safety  from  1.0  (rainy  season  potential  condition)  to 
about  1.4.  Prior  to  building  the  key,  it  is  required  to 
lower  the  existing  water  level,  considering  the 
disturbed  and  fissured  nature  of  the  slide  mass. 
Studies  are  presently  being  made  of  two  procedures  for 
lowering  of  the  water  level:  (1)  parallel  small, 
drainage  trenches  or  ditches  (labeled  6  in  Fig.  7)  at 
two  or  three  locations  between  the  new  highway  and  the 
scarp  (excavated  and  backfilled  in  small  lengths),  or 
(2)  10  ft.  to  13  ft.  diameter  drainage  wells  (or  shaft) 
near  the  scarp  with  horizontal  drain  holes  drilled  from 
the  shaft  at  all  wet  zones.  Also,  borings  are  presently 
being  made  in  the  kar3tic  northern  limestone  to  evaluate 
the  possibility  of  partially  draining  the  sinkhole 
system  to  reduce  the  feeding  of  water  to  the  lower 
colluvium  and  the  San  Sebastian  formation. 


The  remedial  measure  of  shifting  the  alignment  either  to 
the  right  or  left  of  the  bench  is  considered  difficult 
to  carry  out  due  to  the  presence  of  the  large  cuesta 
scarp  (on  the  north)  and  the  steep  sloping  ground  (on 
the  south) .  Also,  previous  construction  operations 
performed  at  other  road  sectors  restrain  the  realignment 
of  this  road  sector  to  its  present  location. 

In  conclusion,  this  case  history  illustrates  the 
difficulty  of  road  construction  in  a  hazardous 
geological  environment  such  as  this,  where  the  presence 
of  an  old  slide  and  colluvium  renting  on  clayey 


foundation  make  the  road  sector  a  very  unstable  area. 
For  locations  as  this,  a  detailed  preliminary  evaluation 
of  the  area  is  mandatory  and  appropriate  geological  and 
geotechnical  studies  previous  to  road  construction  are 
necessary  to  define  the  proper  construction  scheme 
required  to  avoid  the  reactivation  of  existing  old 
landslides.  The  use  of  field  instrumentation  should  not 
be  overlooked  and  the  evaluation  of  the  general  area 
surrounding  the  troublesome  location  shall  also  be 
included. 
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SYNOPSIS  :  Transit  pulse  wave  ■times  through  a  weakly  cemented  sandstone  rock  being  measured  on 
prismatic  specimens  with  and  without  initial  plane  of  weakness,  which  is  uniaxially  loaded  at 
different  stages.  The  velocity,  Blastie  moduli  bulk  compressibility,  and  vertical  strain  were 
calculated  for  each  loading  level.  Results  have  shown  ,  that  such  rock  properties  have  changed 
dramatically.  Thus  they  should  be  considered  thoroughly  for  any  engineering  evaluation  in  such 
rock  type. 


I5TR0DUCTI0N 

Many  large  engineering  projects  have  been 
initiated  recently  in  the  country,  among  such 
project  is  the  construction  of  the  westren 
international  high,  way  running  mostly  in 
desertic  and  semidesertic  climatic  area. 

Figure  1.  The  area  is  covered  by  loose  sands, 
liad  out  physiographiealy  on  a  flat  surfaces 
except  in  few  planes  where  sand  dunes  of 
Barchan  type  oeeures  or  when  rock  layers 
exposed  to  the  surface.  •  Main  rock  layers  being 
recognized  at  the  site  of  Abughar-Hasiriyah , 
consequently  from  top-down  ward  were  the 
fallowing:  calcareous  breccia.  Mudstone,  Sand¬ 
stone,  conglomeratic  (  fragmental  )  sometimes 
dolomitic  limestone.  These  layers  are  inter- 
bedded  with  each  other  making  facies  like 
structure,  Figure  2.  Surfacial  layers  are 
highly  effected  by  heat  and  eolian  weathering 
which  characterized  by  the  eolian  ripple  marks 
and  many  fractures  formed  on  the  external 
surfaces  of  the  calcareous  breccia. 

A  drilling  programme  including  50  bore  holes 
were  performed  in  the  studied  area.  It  was 
realized  from  the  investigated  holes  that  good 
quality  rocks  are  oceured  at  depth  exceeded 
10  m,  Alezie  etal, (1985). 

The  present  work  mainly  intended  to  evaluate 
the  engineering  behaviours  of  weakly  cemented 
and  weathered  sandstone  layer  under  normaly 


?ig.  2  In3itu  lithologic  And  Structural  Relation. 


increased  load.  Both  the  static  and  dynamic 
properties  of  this  rock  type  were  considered  for 
each  loading  stage  using  a  portable  ultrasonic 
device.  Rock  axial  strain  and  bulk  compressi¬ 
bility  were  measured  at  different  levels  of 
load  too,  using  a  prismatic  shaped  samples. 

Many  authers  like  Fatt  (1958  b  )  ,  Brace 

(  1965  a  ),KLng  (1969),  Chilingarian  and  Wolf 
(1975) »  Gregory  (  1977  ),  and  many  others  have 
tackled  such  properties  for  different  rook  types. 
However  it  is  noticed  that  data  published  on 
sandstone  rock  material  behaviour  is  not  as  much 
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Fig.  3  Boreholes  Profile  Showing  Rock  Types 
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as  was  thought  to  be  .  These  data  are  of  prime 
importance  to  engineering  design. 

INS ITU  HOCK  CONDITION 


A  typical  site  locality  was  selected  for  this 
worm  ,  it  lies  on  the  bounday  between  the 
structural  stable  and  unstable  zone,Fattohi 
(1986  b  ).  Geologically  this  zone  is  charac¬ 
terized  by  calcareous  deposits  and  evaporites, 
mainly  composed  of  horizontal  layers  .  30 

bore  holes  ranges  indepth  from  10  to  30  m  were 
accomplished  by  the  construction  company 
(Dromex  Co.  of  Poland,  1980)  .  Across  sectional 
profile  was  constructed  using  data  obtained 
from  7  Bore  holes  to  explain  the  vertical  and 
lateral  lithologic  contacts  for  the  subsurface 
horizones  in  the  investigated  area  as  its 
illustrated  in  Figure  3. 

EXPERIMENTAl  APPROACH  AND  RESULTS 


The  sandstone  rock  layers,  medium  to  coarse 
grained  (  2-0.6  mm)  were  selected  for  this 

paper.  This  sandstone  rock  material  having 
bulk  density  =2.4-  g/cm3  and  fractional  poro¬ 
sity  0=  27.5  but  with  moderately  high  per¬ 
meability  E  =  90.5  mi.  Such  rock  material  was 
expected  to  be  effected  by  contineous  normal  and 
possibly  to  vibrated  stresses.  Prismatic 
samples  of  (9.5  x  4.5  x  5  cmsjwere  prepared  using 
rotary  diamond  pregnated  saw  machine  without 
a  water  flushing  system  ,  to  avoid  rock  dis- 
intigration  during  preparation.  Testing 
programe  included  two  type  of  tests  : 

Test  (1)  ,  was  performed  to  study  the  effect  of 
hetrogeneity  (either  bedding  plane  or  horizontal 
plane  of  fracture  )  of  the  rock  material  by 
puting  two  prismatic  specimens  having  surface 
area  A  =  45.4  cm2  one  above  the  other  and  then 
loaded  at  right  angle  to  its  longest  axis  as 
illustrated  in  Figure  4.  Sonic  velocity  (V.m/s) 
for  each  stage  of  loading  (  normal  compaction) 
was  then  calculated  using  the  transit  pulse  wave 
time  ( /us  )  and  the  speoimen  length  .  The  axial 
deformation  interm  of  vertical  strain,  «v  ,  . 

(  using  mechanical  dial  gauges  up  to  0.001  mm), 
and  bulk  compressibility  (Cfc)  were  predicted  for 


each  stage  of  loading. 

Test  (2)  ,  was  performed  on  single  prismatic 
shaped  sample  with  its  longest  axis  parallel  to 
the  direction  of  loading  (  See  Fig.  4).  She 
static  (Ea)  and  dynamic  T^d) constants  as  well  as 
bulk  compressibility  (Ob)  values  were  found  , 
using  the  conventional  method  adopted  by 
Chilingarian  and  Wolf  (1975  )  as  follows  : 

Ob  =  4 — a) 


Vb 


d  p 


Where  :  =  Bulk  Compressibility 


Vb  =■  Bulk  volume  for  prismatic  specimen 

*  410.6  cm^  fortest  l,«185.9c  cm^  for- 
test  2 


P  *  Normal  pressure  applied 

In  test  1,  the  normal  load  (P)  increased 
gradually  from  OXg.upto  failure  load  at  3470kgs. 

(vertical  stress  ,  3  ■  76.5  kg/e»2  )  and  upto 


2150  kgs  (  3=109  kg/cm2)  for  test  2.  The  above 
rock  measurements  were  plotted  as  it  is  seen 
in  Figures  5., 6.,  7.  respectively. 

Variation  of  sonic  velocity  (V)  with  loading 
level  (P)  for  both  tests  are  shown  in  Figure 
5a  and  5b.  which  is  a  plot  of  polynomial 
relations  of  the  form  : 
y=a+bx+cx2  -fdx^  +ex^  (2) 

where  y=sonie  velocity  (v)  m/s 
x=loading  level  CP)  kgs 
abode  are  the  polynomial  constants 
upto  4th  degree  least  square  fit.  The  maximum 
sonic  velocity  reached  in  test  1  is  2212  m/s 
corresponding  to  loading  level  P=3000  kgs. 

(S  =  66.2  kg/cm2),  and  for  test  2,  the  maximum 
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Fig.  4  Schematic  Diagram  For  Test  Procedure 


value  of  (V  )  ,  reached  was  1739  m/s  at  loading 
level  of  P  *  1500  kgs.  After  these  maximum 
values  the  velocity  decrease<  to  1521  m/s  while 
the  applied  vertical  load  is  still  increasing 

up  to  3470  kgs  in  test  1  and  to  1559  m/s 
at  loading  level  of  2150  kgs  in  test  2. 

Values  for  static  (Ss)  and  dynamic  modulus 
(Ed)  of  elasticity  at  each  loading  stage  are 
shown  in  Figure  6a  and  6b  .  which  also 

represent  the  best  fit  upto  4™1  polynomial  as 
below  : 

Where  y»Modulus  of  elasticity  ,  Es  and  E^ 
x  =  loading  level  P  (  kgs  ). 
a,b,o,d,e  are  the  polynomial  constants 
The  highest  contrast  between  the  two  moduli 
were  found  at  2500  kgs  to  be  7*3  x  10^  kg/cm2 
for  test  1  and  6.4  x  10+  kg/emz  at  250  kgs. 

loading  level  for  test  2.  It  appears  that  the 
increasing  rate  of  (Es)  values  having  more 
linear  form  than  for  (Ed)  values,  this  is 
possibly  due  to  the  isotropic  effects  in  the 
rock  material  it  self. 

Figure  7.  showing  the  (Ob)  variation  with 
the  vertical  stress  (3)  .  It  is  dear  from  the 
diagram  that  (Ob), for  both  tests  were  decreased 

with  increasing  vertioal  stresses,  as  the  (Ob) 
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-1 

values  was  decreased  from  7  #395  *  10 
(kg/cm2)-1  at  S=ll  kg/cm2  to  2.694  x  10~* 
(kg/em2)-1  at  76.5  kg/cm2  in  test  1  and  from 
8.8  i  lO-*  (kg/cm2)-1  at  S=12.7  kg/cm2  to 
2.1  i  l<f*(kg/cm2  )-1  at  S  =  109  kg/cm2  in 
test  2. 

Saturation  effect  was  carried  out  on  other 
prism  of  (9.5  x  7.0  i  5  cm  )  ,  which  is  loaded 
from  0  up  to  750  kgs.  The  pulse  wave  velocity 
has  increased  from  100  m/s  to  1505*6  m/s,  while 
porosity  of  rock  decreased  from  27.5^  "to  14»3^« 

DISCUSSION  AND  CONCLUSION 

It  apears  from  Figure  5.  that  the  longitudinal 
pulse  wave  transit  through  the  sample  was 
increased  hy  16  $6  in  test  1  when  the  load  have 
increased  from  0  to  3000  kgs,  and  hy  6.4  <f,  in 
test  2  when  the  load  increases  from  0  to  1500 
kgs.  This  fact  was  mentioned  in  the  poineer 
work  of  wyllie  etal,(1958)  and  confirmed  hy 
Warren  (1933)  as  well  as  by  the  recent  work  of 
Masayasu  (3.981)  on  his  study  concerning  the 
relation  of  uniaxial  compressive  strength  and 
elastic  waves  for  soft  rock  .In  other  hand  he 
concluded  that  this  relation  is  rather  very 
poor.  However  ,  the  velocity  increases  at  high 
pressure  which  is  fallowed  by  increases  in  C^ 

Es  and  too, may  results  from  changes  in 
intirinsic  properties  of  the  rock  such  as  the 
compaction  and  the  reduction  of  the  pore  space 
eoased  by  the  contact  oocures  between  Particles 
during  loading  .  Thus  the  rapid  increases  of 
velocity  at  low  pressure  may  be  attributed  to 
these  effects.  It  was  suggested  that  velocity 


may  reduces  sharply  just  before  the  maximum 
bearing  capacity  reached  .  In-.one  way  or 
another  this  fact  looks  to  agree  with  results 
obtained  in  Figure  5. 

It  can  be  traced  fromresults  also  t  hat  ratio 
Ea/Ea  was  decreased  by  increasing  the  normal 
pressure  (  Figure  6  )  from  4  at  500  kgs. to 
2.5  at  3000  kgs. for  teat  1  and  from  3.5  at 
500  kgs. to  1.4  at  1500  kgs  in  test  2.  However 
this  ratio  was  found  to  approach  unity  at 
higher  level  of  loading.  According  to  King 
(1969)  the  Ed/Es  ranging  from  1  to  3  for  most 
rock  type.  Although  the  compressibility  (Cb) 
results  (  Figure  7  ).  were  almost  identical  for 
test.land  test  2,  but  it  does  show  the  effect 
of  hetrogeniety  ,  plane  of  weakness  on  rock 
deformability  when  subjected  to  normal  loading. 
Brace  (1965)  mentioned  that  linear  compressi¬ 
bility  on  a  number  of  rocks  with  preferred 
orientations  dependent  upon  the  orientation  of 
grains  and  pressure  and  is  different  in 
different  direction.  Fattohi  ,  1986  a,  found 
out  that  the  particle  reorintations  and 


Fig. (6b)  Change*  of  *t*tlc  *nd  dynamic  moduli  vtlvt* 
with  loading  l*v*l 
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displacement,  which,  may  taken  place  during 
compaction  have  changed  the  bulk  compressibi¬ 
lity  of  soft  sandstone.  lama  and  Vitukuri 
(1978)  have  also  confirmed  the  efferts  of 
grain  ,  pores  and  cracks  on  such  rock  property. 

For  a  more  clear  picture  of  these  effect.  Figure 
8  ,  is  a  plot  of  vertical  strain  (  ©v)  sad 
stress  .  It  is  clear  that  (6y)  for  test  2  is 
more  linear  and  having  a  brittle  form  than  the 
curve  for  test  1  beease  of  the  initial 
fracture  occuranee. 
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SYNOPSIS:  Johnston  City,  a  small  community  in  southern  Illinois,  lies  above  the  Herrin  (Illinois  No.  6)  coal  seam.  The 
community  has  experienced  sporadic  episodes  of  surface  subsidence  due  to  the  collapse  of  underground  mines  since  the 
1930's.  Although  the  mining  company  left  a  large  block  of  coal  beneath  the  town's  elementary  school  to  prevent  sub¬ 
sidence  damage  to  the  structure,  large  cracks  appeared  in  the  school  building  in  December,  1971.  After  the  building 
was  razed,  construction  of  a  new  school  was  initiated  in  1974.  Approximately  six  months  after  the  start  of  construction, 
new  evidence  of  structural  distress  was  observed  in  the  still-uncompleted  structure.  Construction  was  suspended  inde¬ 
finitely  while  site  investigations  were  conducted.  These  investigations,  along  with  recent  air  photo  studies,  indicate 
that  renewed  mine  collapse  and  the  resulting  downward  displacement  of  the  surface,  were  the  cause  of  this  second  incident 
of  structural  distress. 


INTRODUCTION 

Johnson  City  is  a  community  of  approximately  4000 
population,  located  85  mixes  (140  km)  southeast  of  the 
St.  Louis  metropolitan  area  (Figure  1).  Situated  near 
the  northern  boundary  of  Williamson  County,  Johnson 
City  is  in  the  center  of  what  was  once  widely  known 
as  the  "Quality  Circle",  a  portion  of  Illinois  famous 
for  the  thickness  and  high  quality  of  its  coal  seams. 
Mining  of  the  Herrin  (Illinois  No.  6)  coal  seam,  which 
here  is  eight  feet  (2.4  metres)  thick,  provided  the 
economic  life-blood  of  the  community  during  the  early 
years  of  this  century.  The  Lake  Creek  Mine,  which 
underlies  most  of  the  town,  was  closed  in  1929,  and 
surface  subsidence,  caused  by  collapse  of  portions 
of  the  mine  workings,  was  observed  almost  immediately 
and  at  irregular  intervals  ever  since.  In  1971,  the 
town's  elementary  school  was  damaged  by  what  was  believed 
to  be  mine  subsidence,  and  was  subsequently  razed. 

In  1974,  construction  of  a  replacement  school  building 
was  initated  on  the  same  site.  New  evidence  of  structural 
distress  was  observed  even  before  the  replacement 
building  was  completed,  and  construction  was  suspended 
indefinitely.  Physical  evidence  at  the  site  indicates 
that  the  second  episode  of  damage  was  caused  by  renewed 
collapse  of  the  mines  below  Johnston  City. 

GEOLOGY 

Stratigraphy 

Johnston  City  is  situated  in  the  Till  Plains  Section 
of  the  Central  Lowlands  Physiographic  Province.  The 
Pleistocene  deposits  of  this  area  are  the  Equality 
Formation  of  Wisconsin  age  and  the  Glasford  Formation 
of  Illinoian  age  (William  and  Frye,  1970) .  The  Equality 
Formation  is  composed  of  lacustrine  deposits  of 
calcareous,  silty,  and  sometimes  sandy,  clay  representing 
the  Periglacial  Muddy  Lake  of  Wisconsin  age.  The 
Equality  clays  are  usually  brown  or  yellow-brown  in 
color.  The  Glasford  Formation  is  made  up  of  ground 
moraine  tills  of  Illinoian  age.  In  the  Johnston  City 
area,  these  Pleistocene  materials  have  a  combined 
thickness  of  from  50  to  100  feet  (15  to  30  metres). 


Figure  1.  Location  Map. 

Being  located  near  the  southern  boundary  of  the  Illinois 
Coal  Basin,  Johnstor  City  is  underlain  by  some  of  the 
oldest  formations  of  the  Pennsylvanian  System  in  Illinois. 
Most  important  for  this  study  is  the  Carbondale  Formation 
of  the  Kewanee  Group.  This  formation  includes  the  Herrin 
coal  seam  and  extends  upward  to  the  Danville  (Illinois 
No.  7)  coal  seam.  The  Herrin  seam  is  usually  underlain 
by  the  Energy  Shale  which  consists  primarily  of  a  medium- 
gray,  poorly  laminated,  silty  shale  (Damberger  et  al,  1980). 
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The  Carbondale  Formation  is  the  uppermost  of  the  Kewanee  was  active  at  the  turn  of  the  century  and  continued 

Group,  anC  is  in  turn  overlain  by  the  Modesto  Formation  is  operation  until  1929.  Mine  layout  was  typical  of 

of  the  McLeansboro  Group.  the  area  with  the  room  and  pillar  dimensions  previously 

cited.  Company  personnel  left  an  irregular  block  of 

Structural  Geology  coal,  approximately  160  feet  (43  m.)  square,  to  provide, 

what  was  believed  would  be  permanent  protection  for 

The  most  important  structural  feature  in  the  vicinity  the  elementary  school  against  mine  subsidence.  In  1927, 

of  the  site  is  the  Cottage  Grove  Fault  System  (Figure  the  mine  encountered  a  Grove  Fault  system,  which  trended 

2)  which  interrupts  the  slight  regional  dip  to  the  north,  NNW-SSE  and  had  a  vertical  displacement  of  approximately 

trends  WNW-ESE  and  has  beeen  characterized  as  a  right-  60  feet  (18  m.).  Like  most  mines  in  the  area,  the 

lateral  strike-slip  fault  with  a  desplacement  of  less  Lake  Creek  Coal  Mine  experienced  some  problems  with 

than  one  mile  (Kelson  and  Krausse,  1981).  Numerous  minor  groundwater.  Drilling  performed  in  conjunction  with 

faults  are  associated  with  the  system;  most,  are  normal,  these  studies  in  the  1970's  indicated  that  the  mine 

but  reverse  and  oblique-slip  faults  have  been  described.  was  flooded. 

Vertical  displacements  of  up  to  200  feet  (60  metres) 

are  associated  with  these  minor  faults.  Subsidiary  SUBSIDENCE  HISTORY 

anticlines  with  limbs  dipping  up  to  15  degrees  have  been 

reported  in  association  with  the  Cottage  Grove  Fault  Pre-1971  Subsidence 


Sporadic  incidents  of  mine  subsidence  have  been  reported 
in  Johnston  City  ever  since  the  Lake  Creek  Coal  Mine 
was  abandoned.  In  the  1930' s,  the  town's  high  school 
was  damaged  by  subsidence,  as  were  the  football  field 
and  the  community's  baseball  park.  In  the  1940's, 
two  residental  blocks  northeast  of  the  elementary  school 
experienced  subsidence  damage.  Another  baseball  park 
developed  a  dish-shaped  subsidence  depression,  three 
feet  (1  m.)  deep,  in  1964.  In  June  1965,  several  more 
homes  suffered  severe  cracking  of  basement  walls  and 
foundations;  cracks  were  also  visible  in  the  ground 
surface.  Subsidence  eventually  affected  so  much  of 
the  town  that  one  resident  indicated,  with  some  exaggera¬ 
tion,  that  there  wasn't  a  house  _i  the  town  where  a 
pencil  could  be  laid  on  a  table  without  having  it  roll 
off. 

1971  Subsidence 

The  initial  subsidence  damage  to  Johnston  City's  Washington 
Elementary  School  was  first  observed  during  the  Christmas 
school  holidays,  janitors  working  Curing  this  break 
discovered  cracks  in  the  walls  and  ceilings  of  eight 
school  rooms  (Figure  3) .  Door  frames  were  misaligned 
(Figure  4)  and  large  fractures  were  visible  on  outside 
foundations,  sidewalks,  and  school  playgrounds  (Figure  5). 
Damage  was  so  extensive  that  the  building  was  declared 
unsafe  and  was  demolished  shortly  thereafter. 


Figure  2,  Structural  features  of  southern  Illinois. 

System.  In  the  eastern  part  of  Williamson  County, 
approximately  15  miles  (25  kilometres)  southeast  of 
Johnston  City,  peridotite  dikes  have  been  reported, 
intruded  along  minor  faults  (Clegg,  1955).  both  faults 
and  intrusions  are  dated  only  as  post-Pennsylvanian 
in  age. 

MINING  HISTORY 

Coal  was  mined  in  Williamson  County  as  early  as  1850, 
with  the  first  shipping  mine  being  opened  in  1872  by 
the  Carbondale  Coal  and  Coke  Company  (Peltier,  1912). 
Mechanical  mining  was  introduced  into  the  area  as  early 
as  1891,  although  successful  mechanization  was  delayed 
until  1920,  when  it  was  utilized  by  the  Egyptian  Coal 
and  Mining  Company.  Room-and-Pillar  mining  methods  were 
used  throughout  this  area,  with  rooms  20  feet  (6  to.) 
wide  and  pillars  14  feet  (4.3  m.)  wide.  Rooms  were 
generally  200  to  250  feet  (60  to  75  ra.)  in  length,  with 
cross-cuts  being  driven  at  intervals  of  60  feet  (18  m.). 
The  mining  method  produced  frequent  incidents  of  surface 
subsidence  (Young,  1916). 


Figure  3.  Cracks  in  classroom  walls  and  ceilings. 


The  Lake  Creek  Coal  Mine,  which  underlies  Johnston  City, 


164 


Figure  4.  Misaligned  door  frames. 

1974  Subsidence 

In  the  belief  that  the  mine  subsidence  was  completed, 
construction  of  a  replacement  elementary  school  was 
initiated  on  the  same  site,  in  the  summer  of  1974.  In 
October  of  that  year,  the  contractor  reported  damage 
to  the  building  under  construction.  The  damage  was  in 
the  form  of  dislocated  and  misaligned  structural  members. 
Construction  was  suspended  indefinitely. 


Figure  5.  Crack  in  playground. 


A  damage  survey  of  the  area  indicated  that  a  number  of 
residences  were  damaged,  and  that  several  water-main 
breaks  occurred  simultaneously  with  the  damage  to  the 
new  school  building.  Eight  breaks  were  reported  in  the 
water-mains  in  the  six  blocks  to  the  east  and  southeast 
of  the  school,  with  five  occurring  in  the  southeast. 
Thirty-three  homes  were  reported  to  have  been  damaged 
during  the  suspected  subsidence  incident;  again,  most 
of  the  damage  incidents  were  reported  in  the  area  to 
the  southeast  of  the  school. 

Surveys  accomplished  during  October  and  November  of  1974 
established  that  the  center  of  the  subsidence  zone  was 
south  of  the  school,  although  the  exact  magnitude  of 
the  settlement  could  not  be  determined.  Displacements 
within  the  school  amounted  to  approximately  4  inches 
(10  centimetres) .  Extended  observation  of  settlement 
monuments  indicated  that  the  rate  of  subsidence  was 
slowing,  and  that,  by  the  end  of  November,  downward 


displacement  had  practically  ceased. 

Ten  borings  were  drilled  in  the  vicinity  of  the  school 
during  these  investigations.  Two  of  the  borings  en¬ 
countered  coal,  while  eight  borings  encountered  collapsed, 
or  partially  collapsed,  mine  workings.  Where  the  mine 
was  partially  collapsed,  openings  ranging  in  height  from 
6  inches  to  2.2  feet  (0.2  to  0.7  m.)  were  encountered. 
Boring  B-2  (Figure  6)  followed  a  vertical  fracture  from 
near  the  surface  to  a  depth  in  excess  of  190  feet  (58 
metres) . 

Recently,  air  photos  taken  of  the  site  in  May,  1960, 
and  December,  1974,  were  examined  for  evidence  of  sub¬ 
sidence.  No  evidence  of  subsidence  was  observed  in  the 
1960  air  photos  (Figure  7) .  Digital  image  processing 
applied  to  the  1974  air  photos  revealed  a  lineament 
trending  NE-SW  and  corresponding  generally  with  the 
reported  water-main  breaks  (Figures  6  and  8) .  The  light- 
colored  lineament  is  interpreted  as  a  narrow  zone  of  soil 
which  has  dried,  and  become  lighter  in  color,  due  to  the 
presence  of  an  underlying  fracture  in  the  bedrock.  The 
fracture  is  believed  to  be  a  tension  fracture  associated 
with  the  mine  subsidence.  Once  the  lineament  was  observed 
in  the  enhanced  image,  it  could  be  observed  in  the 
original  1974  photo,  although  only  very  faintly. 

Studies  of  mine  subsidence  in  the  United  States  indicate 
that  the  angle  of  draw,  the  angle  between  the  vertical 
and  a  line  drawn  from  the  edge  of  the  collapsing  mine 
opening  to  the  outer  limit  of  surface  displacement  caused 
by  subsidence,  ranges  from  20  to  35  degrees.  With  the 
Lake  Creek  Coal  Mine  lying  at  a  depth  of  240  to  280  feet 
(73  to  85  m.)  below  the  surface,  the  coal  Pillar  was 
not  large  enough  to  prevent  subsidence  damage  to  the 
school,  if  the  area  of  mine  collapse  was  near  the  school. 


Figure  6  Mine  layout  and  indications  of  subsidence. 
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Figure  8.  Air  photo  of  Johnston  City  in  1974. 
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CONCLUSIONS 

Although  other  explanations  have  reportedly  been  offered 
for  the  damage  to  the  Johnston  City  elementary  school 
buildings,  there  can  be  little  doubt  that  both  damage 
incidents  were  caused  by  mine  subsidence.  The  occurrence 
of  only-partially-collapsed  mine  openings  in  the  imnKdiate 
vicinity  of  the  school,  coupled  with  water-main  ruptures, 
damage  to  private  residences,  surveyed  displacements 
of  the  ground  surface  and  the  fractures  observed  in  the 
ground  surface  at  the  time  of  the  original  damage  to 
the  old  school  building,  are  strongly  indicative  of 
subsidence  damage.  The  lineaments  observed  in  the 
digitally  enhanced  air  photos,  taken  after  the  damage 
of  the  replacement  school  building,  and  generally 
coinciding  with  water-main  ruptures,  are  consistent 
with  subsidence-related  ground  displacements.  The 
presence  of  only-partially-collapsed  mine  openings 
near  the  school  after  the  second  subsidence  incidert. 
Indicates  that  additional  subsidence,  although  probably 
of  lesser  magnitude,  was  possible  after  1974. 
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SYNOPSIS:  This  paper  presents  an  analysis  of  the  stability  against  sliding  of  a  gravity  dam  built  on  a  layered  rock 
formation.  During  the  design  of  this  dam,  detailed  studies  of  the  dam  foundation  were  carried  out  from  a  viewpoint  of 
rock  mechanics,  including  laboratory  and  m-situ  tests  of  the  mechanical  properties  of  rocks,  calculations  by  the  theory 
of  limit  equilibrium  and  FEM,  as  well  as  model  tests.  Based  on  these  studies,  the  dam  type  was  selected. 


INTRODUCTION 

The  dam  of  Zhuzhuang  reservoir  is  a  stone  masonry  gravity 
dam.  Its  original  designed  height  was  I10m.  The  rock  at 
the  dam  site  is  a  layered  silicarenite  consisting  of  nine 
thick  layers  in  total.  The  bedding  surface  dips  dcwnstrean 
at  an  angle  of  6-8°.  There  are  many  layers  of  weak  in¬ 
tercalations  amony  which  intercalations  II-5  and  Cn72 
(Fig.l)  are  rather  unfavourable  to  the  sliding-resistance 
and  hence  the  controlling  layers  for  the  dam  foundation 
stability.  In  design,  not  only  the  safety  factor  for  the 
stability  against  sliding  of  the  foundation  was  calculated 
by  the  traditional  theory  of  limit  equilibrium,  but  also 
the  foundation  stability  was  studied  by  mode)  tests  and 
the  stress  in  the  foundation  computed  by  FEM.  Based  on 
the  result  of  model  tests  and  consulting  the  results  of 
limit  equilibrium  and  FEM  analysis,  the  dam  type  was 
selected  and  a  dam  height  of  95m  was  determined.  In  model 
tests  and  FEM  computation,  the  effect  of  fault  F4  which 
traverses  the  dam  foundation  was  taken  into  consideration. 
The  Zhuzhuang  dam  was  completed  in  1976  and  has  worked  in 
a  good  state  for  more  than  10  years. 


Fig.  1  Rock  formation  of  the  dam  site. 

MECHANICAL  PROPERTIES  OF  THE  ROCKMASS 

In  order  to  assess  the  stability  against  sliding  of  the 
dam  foundation,  the  deformability  of  the  rock  mass  a^d 
the  shear  strength  of  weak  intercalations  were  studied 
experimentally.  The  modulus  of  elasticity  of  the  rockmass 
was  measured  by  both  static  and  dynamic  methods.  Owing 


to  various  limilations  such  as  the  constructional  operation 
etc.,  studies  were  carried  out  more  by  static  methods  than 
by  dynamic  ones  and  more  on  the  surface  than  in  the  depth. 

The  static  modulus  of  elasticity  was  measured  in  an 
adit  with  a  jack  and  typical  stress-deformation  curves  for 
loading-unloading  cycles  are  shown  in  Fig.  2. 


Fig.  2  Stress-deformation  curves  for  rockmass 

With  the  requirement  for  analysing  the  stress  of  the 
foundation  in  mind,  deformations  were  measured  not  only 
in  the  vertical  but  also  in  the  horizontal  direction  in 
the  test. 

Test  results  showed  that  for  the  silicarenite  and 
striped  sandstone,  every  loading-unloading  cycle  caused 
an  obvious  incremental  residual  deformation.  The  modulus 
of  elasticity  was  calculated  for  each  loading-unloading 
cycle.  It  was  found  that  the  higher  the  loading  stress, 
the  smaller  the  value  of  E  was,  and  that  the  modulus  of 
deformation  was  much  lower  than  the  modulus  of  elasticity 
for  the  same  loading  level.  To  the  maximum,  they  may 
differ  by  a  factor  of  3.  This  was  more  conspicuous  in 
the  horizontal  than  in  the  vertical  direction.  The  values 
of  E  in  the  horizontal  direction  were  mostly  greater  chan 
ose  in  the  vertical, and  the  degree  of  anisotropy  de¬ 
gased  with  increasing  stress.  The  anisotropy  of  the 
rcckmass  was  mainly  brought  about  by  the  effects  of  the 
occurrence  of  various  discontinuities,  the  state  of 
fractured  zones  and  the  properties  of  fill-in  materials. 

Virgin  specimens  50x50cm  and  15X15cm  in  size  were 
used  in-situ  and  in  laboratory  respectively  to  determine 
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Che  shear  strengths  of  weak  intercalations.  Besides, 
some  disturbed  soil  was  collected  from  the  clayey  interca¬ 
lations  No.  Ill  to  VI  and  remoulded  specimens  with  con¬ 
trolled  water  content  were  prepared  and  tested  by  consoli¬ 
dated  quick  shear  tests  in  direct  shear  apparatus.  14, 

16  and  106  groups  of  tests  were  conducted  respectively 
for  che  three  kinds  of  tests  mentioned  above. 


Z  XI 1 


Fig.  3  Typical  stress-displacement  curves  for  clayey 
intercalation  NO.  I I— 5 . 

Typical  stress-deformation  curves  for  the  clayey  interca¬ 
lation  II-5  are  shown  in  Fig.  3.  It  was  found  from  the 
test  result  that  Che  clayey  intercalation  was  characterized 
by  large  deformation  and  low  strength.  Its  shear  strength 
depended  on  the  roughness  of  the  interface  and  the 
thickness  of  intercalation.  Four  different  cases  were 
identified.  First,  when  the  interface  was  smooth  and  the 
intercalation  thickness  was  greater  than  the  interface 
fluctuation,  the  shear  strength  was  very  low  since  shear 
fracture  took  place  along  the  weak  interface  between  the 
rock  and  intercalation.  Second,  when  the  intercalation 
thickness  was  smaller  than  the  interface  fluctuation,  the 
shear  strength  was  controlled  by  the  interlocking  between 
the  rock  surfaces  and  had  a  higher  value.  Third,  when 
the  intercalation  was  locally  lacking,  the  shear  strength 
was  Increased  significantly  by  the  friction  between  rock 
surfaces.  Finally,  when  the  rock  had  a  zigzag  surface,  a 
portion  of  it  was  sheared  off  and  thus  the  shear  strength 
was  greatly  increased. 

The  shear  strengths  of  intercalations  obtained  by 
laboratory  tests  on  15*15cm  specimens  and  by  in-situ 
tests  were  close  to  each  other,  while  those  by  geotechnical 
tests  were  generally  lower  than  both  of  them.  When  the 
rock  surfaces  above  and  below  the  intercalation  were 
Smooth  or  only  had  a  small  fluctuation,  the  laboratory 
data  were  close  to  or  slightly  greater  than  the  in-situ 
data. 

According  to  the  yield  limit  criterion,  the  peak 
strength  of  intercalations  II-5  and  Cn72  were  multiplied 
by  a  reduction  factor  of  0.7  and  f=0.29,  0.22  and  C=0 
were  taken  for  these  two  layers  respectively. 

APPLICATION  OF  THE  THEORY  OF  LIMIT  EQUILIBRIUM 

The  weak  intercalation  dipping  downstream  was  assumed  as 
a  sliding  plane  (BE)  when  using  the  theory  of  limiting 
equilibrium  to  analyze  the  stability  against  sliding  in 
design.  It  was  also  assumed  that  there  was  a  vertical 
shear  fracture  plane  CE  (Fig.  4)  in  the  dam  site.  Since 
the  most  developed  fracture  perpendicular  to  the  river 
bed  in  the  dam  site  has  a  high  dip  angle  of  80°,  this 
assumption  seems  to  be  a  reasonable  approximation  of  the 
reality.  By  assuming  that  the  rockmass  behind  the  dam 
fractures  along  plane  CD  when  the  sliding  plane  has 


reached  its  limiting  state  and  making  use  of  limit 
equilibrium  analysis,  the  force  R  transferred  to  the 
downstream  rockmass  can  be  obtained  as 
R  _  Z  Hcos9+(Z  V+G;  )sinQ-fi  f  (S  V+Gi  )  cosO-  ZHsinOl 
cos(y-0)-fi  sintP-Q) 

Then  by  assuming  that  the  fracture  plane  CD  in  the 
rockmass  behind  the  dam  makes  an  angle  with  the  hori¬ 
zontal,  K  can  be  obtained  from 
^  f2  [Rsinty+rO+Gj  cos  ] 

Rcos(<F+«C)-G2Sin 

A  series. of d  values  were  assumed  for  trial  calcu¬ 
lation  and  the  one  which  gives  the  least  value  of  K  was 
used  to  determine  the.plare  CD.  That  K  value  so  obtained 
was  considered  as  being  the  safety  factor  of  stability 
against  sliding.  In  the  above  expressions,  £V  is  the  sum 
of  the  vertical  forces  above  Che  calculation  plane  AE;  Gj 
the  dead  weight  of  rockmass  ABCE;  G2  the  dead  weight  of 
rockmass  CDE;  f  j ,  f2  and  Cj  the  coefficients  of  friction 
for  the  weak  intercalation,  the  first  and  second  fracture 
planes  respectively,  among  which  .fj  was  obtained  experi¬ 
mentally  while  f2  and  f3  were  assumed;  Q  and  c<  are  the 
angles  which  che  weak  intercalation  and  the  first 
fracture  plane  make  with  the  horizontal;  while  f  gives 
the  direction  of  R  (the  angle  it  makes  with  the  hori¬ 
zontal)  arid  is  taken  to  be  <f  =  arctan  fj  here. 

In  some  sections,  e.  g.,  che  overflow  dam  section, 
cut-off  were  excavated  on  the  upstream  side.  The  concrete 
of  che  dam  body  there  is  in  direct  contact  with  the 
sandstone  below  the  weak  intercalation.  For  those 
sections,  f=0.55  and  C=0  were  used  in  calculation.  Since 
the  coefficient  of  friction  for  the  sliding  plane  varies 
from  section  to  section,  the  total  load  was  distributed 
to  the  subsections  according  to  the  vertical  stresses 
calculated  by  the  mechanics  of  materials. 

Even  if  the  safety  factor  was  high  enough  to  fulfill 
che  requirement  of  design  specifications,  the  problem  was 
still  not  ultimately  solved  for  the  theory  of  limit  equi¬ 
librium  was  coo  simplified  to  reflect  the  mechanical 
behaviour  and  failure  mechanism  of  a  loaded  formation  so 
complex  as  in  Zhuzhuang  reservoir.  For  this  reason, 
model  tests  and  finite  element  computation  were  also  used 
in  design  to  assess  further  the  stability  against  sliding 
of  the  dam  foundation. 

APPLICATION  OF  STRUCTURAL  MODEL  TESTS 


This  item  was  mainly  carried  out  in  relation  to  the 
selection  of  dam  type.  Five  schemes  in  total  were  made 
for  comparison.  Only  the  two  intercalations  II-5  and 
Cn72  and  the  fault  F^  were  simulated  in  our  tests. 

There  are  two  independent  scale  factors  in  the  law  of 
similarity  for  static  model  tests. 

They  are: 

(1)  the  length  ratio 


and 

(2)  the  stress  ratio 


(3) 


(4) 


where  L  and  O'  represent  the  geometrical  dimension  and 
stress  while  the  subseripts  "P"  and  "M"  refer  to  proto¬ 
type  and  model  respectively.  The  volume  weight  of  solid 
and  liquid  materials  has  a  dimension  of  [yO]  =  [c][L-ll 
and  hence  its  scale  factor  is 


C.=  =  ?PLP.  =  -22. 

P  i°M  OmLm1  Cl 


(5) 


Since  the  problem  to  be  solved  in  this  test  was  that 
of  the  shear  failure  in  weak  intercalation  and  surroundirg 
rock,  the  condition  of  strength  similarity  should  be 
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Fig.  5  The  mechanism  of  failure  of  test  models 
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4  The  force  system  for  limit 
equilibrium  calculation 


Fig.  7  A  schematic  diagram  showing  the 
sections  for  computation 
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Fig.  8  Displacement  distribution  in  the  intercalation  along  sections  A-A,  B-B,  C-C,  D-D,  and  E-E, 
where  shaded  areas  show  the  position  of  intercalations  11-5  and  Cn  72 


satisfied.  The  strength  ratio  is  just  Cff,  i.  e.,  ail  the 
compressive,  tensile  and  shear  strengths  must  have  a  ratio 
of  Cc.  The  model  of  Zhuzhuang  dam  only  simulated  the 
shear  strength  of  weak  intercalations. 

The  values  of  C  for  intercalations  II-5  and  Cn72 
obtained  from  in-situ  tests  were  very  small  and  hence 
were  taken  to  be  zero  in  the  model.  Furthermore,  since 
f  is  dimension-less,  the  law  of  similarity  can  be 
satisfied  by  the  shear  strength  of  intercalations  provided 
fp  -  fM  . 

[t]  =  C  +  f  . 

The  strength  of  the  host  rock  and  the  deformability 
of  the  intercalation  were  not  simulated.  The  lower  and 
upper  limit  safety  factors  Ki  and  K2  were  obtained  from 
the  overload  capacities  for  the  initial  sliding  and 
limiting  state.  Among  them,  K;  had  a  higher  level  of 
approximation  than  K2. 

Five  models  were  made.  They  were  (see  Fig.  5): 

Model  I:  in  the  foundation  of  the  dam  type  originally 
designed  before  finding  II-5  and  Cn72,  cut-off  passing 
through  these  two  intercalations  was  excavated  in  front 
of  the  dam; 

Model  II:  the  same  as  model  I  except  that  the  dam  back 
was  thickened; 

Model  III:  underflow-overflow  scheme; 

Model  IV:  developed  from  model  III  with  fault  F^  stabi¬ 
lized  by  fault  plugs  and  shallow  cut-off  excavated  at  the 
heading  part  of  the  apron; 

Model  V:  it  differed  from  model  IV  in  that  a  deep  cut-off 
cutting  out  the  two  intercalations  was  excavated  at  the 
heading  part  of  the  apron. 

The  degrees  of  safety  for  the  five  schemes  mentioned 
above  are  listed  in  Table  1  where  the  safety  factor  is 
the  ratio  of  the  actual  to  the  design  load  and  the  lower 
and  upper  limit  safety  factors  refer  to  the  overload 
factors  when  the  intercalation  begins  to  slide  and  reaches 
its  limiting  state  respectively. 

Table  1  Safety  factors  for  the  five  models 


Test  scheme 

Lower  limit 
sdfocy  factor  Ki 

Upper  limit 
safety  factor  K2 

K2/Kj 

1 

0.8  A 

1.72 

2.25 

II 

0.96 

2.56 

2.69 

III 

1.49 

5.08 

3.41 

IV 

1.79 

5.97 

3.34 

V 

1.84 

10.01 

5.44 

Both  the  lower  limit  safety  factors  for  model  I  and 
II  were  less  than  1.  Cracks  appeared  at  the  dam  heel  of 
both  models.  The  crack  was  vertical  in  model  I  while 
slightly  inclined  downstraam  in  model  II.  Vertical  cracks 
developed  in  the  dam  body  at  the  cut-off,  i.  e.,  where 
the  host  rock  changes  its  shape  abruptly.  The  crack  in 
model  II  was  deeper.  The  downstream  rockmass  above  the 
weak  intercalation  ruptured  completely. 

Models  III  to  V  were  all  underflow  overflow  schemes. 
Model  III  did  not  simulate  the  fault  F^,  while  models  IV 
and  V  lowered  the  dam  height  by  10m.  The  lower  limit 
safety  factors  for  all  these  three  models  were  greater 
than  1  and  model  V  showed  the  highest  potential  safety. 

In  model  III,  a  vertical  upward  cr/.ck  first  developed 
in  the  dam  body  where  the  host  rock  changes  abruptly,  then 
cracking  took  place  at  the  dam  toe  and  finally  the  host 
rock  above  the  Intercalation  ruptured  at  the  end  of  the 
apron. 

The  modes  of  failure  of  models  IV  and  V  are  shown  in 
Fig.  5.  In  model  V,  obvious  overall  movement  of  the  host 
rock  between  the  middle  cut-off  and  fault  F^  was  observed 


when  ultimate  failure  took  place.  This  indicated  that 
by  excavating  a  deep  cut-off  at  the  middle  part  to  cut 
out  the  two  intercalations,  the  integrity  of  the  rockwass 
above  II-5  was  increased  and  hence  a  greater  portion  of 
horizortal  thrust  was  transmitted  downstream  by  the 
rockmass  below  Cn72.  It  was  found  from  the  model  defor¬ 
mation  measured  at  the  heel  (Tab.  2)  that  the  deformation 
of  model  V  was  less  than  that  of  model  IV.  In  Tab.  2,  Po 
denotes  the  design  load  and  P  the  load  actually  applied 
to  the  model  during  test.  In  the  elastic  range,  defor¬ 
mations  in  the  two  models  were  very  close  to  each  other. 
However,  after  the  primary  cracking,  the  difference 
between  the  deformations  in  two  models  was  not  pror 
portional  to  their  load  increments.  In  a  certain  extent, 
this  was  related  to  the  nonlinearity  of  materials,  but 
the  main  reason  was  that  the  fracture  surfaces  in  two 
models  propagated  in  different  manners  after  initiation. 

Table  2  Displacements  at  the  dam  heel  of  models  IV  and  V 


Model 

P/Po 

Heel  displacement  (mm) 

Remark 

IV 

1.00 

1.79 

0.034 

0.060 

Primary 

cracking 

2.42 

2.93 

3.79 

5.97 

0.123 

0.177 

0.802 

2.000 

Ultimate 

failure 

1.00 

1.84 

0.032 

0.054 

Primary 

cracking 

2.73 

3.52 

6.03 

10.01 

0.103 

0.175 

0.473 

5.000 

Ultimate 

failure 

APPLICATION  OF  FEM 


Triangular  elements  were  used  for  the  dam  foundation. 

The  weak  intercalations  I 1—5  and  Cn72  were  treated  as 
layered  media,  i.  e.,  in  the  normal  direction  of  the 
layer,  only  compressive  stress  can  be  transmitted  whilst 
tensile  stress  can  not  exist  and  the  shear  stress  trans¬ 
mitted  by  the  clayey  intercalations  can  not  exceed  |f(JJ,|. 

The  elastic  stress  field  { CT0 j  was  computed  first 

by  considering  the  layered  media  as  being  homogeneous  and 
elastic.  Then  the  result  was  compared  with  the  strength 
criterion  of  the  clayey  intercalation.  There  were  three 
possible  cases,  namely, 

(1)  (Toy1  >0,  the  intercalation  was  broken  by  tension 
and  thus  lost  its  ability  of  transmitting  shear  stress; 

(2) Coy><0  and  iTox'y'  I  <  -fOoy'  >  layered  medium 
was  in  its  elastic  range  and  the  result  of  first  com¬ 
putation  gave  the  solution  of  the  problem. 

(3) 0>oy'<0  and  iTox'y 1 1  >  -fOoy' ,  the  shear  stress 
was  higher  than  the  limit  value  and  was  actually  impossi¬ 
ble.  The  actual  state  of  stress  ought  to  be 


(Cox' 

Ooy  ’ 

|faoy.|, 


(6) 


In  this  case,  adjustment  of  the  difference  between  the 
computed  and  actual  stresses 

Me  =  {tfo}6  -{*•}*  <7> 

was  necessary. 

Using  the  initial  stress  method  for  solving  nonlinear 
problems,  linear  equations 

|<5i}  =  [K]'1  (RiJ  (1=0,  1,  2,...)  (8) 
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Fig.  6  Coordinate  systems  for  finite  element  analysis 

were  solved  first.  |C7 0 1  was  obtained  using  actual  applied 
load  [R0]  , 

(<fo)  =  t  K  I'1  K) 

and  the  elastic  stress  [<J0l  was  computed.  The  calculated 
[<j0j  was  compared  with  the  above-mentioned  judging 
standard  and  the  corresponding  stress  difference  {Co}  was 
obtained.  Then  the  unbalanced  equivalent  nodes  forces 
were  computed  by 

{Fo}  =  /  tB5T  {tfo)  tdxdy  (10) 

and  iteration  was  repeated  using  the  same  procedure  by 

=  t  k0  r1  {  r0  +  f0}  no 

until 

i<5n)  =  t  Ko  3'1  {  Rc  +  M  <12) 

resulted  in  a  diplacement  difference 

(<£n)  "  (<3n-lj 

less  than  the  permissible  deviation. 

In  computation,  11  materials  of  different  properties 
were  used  and  some  900  elements  were  divided  (Fig.  7) 
which  were  the  main  part  of  the  computed  region.  It  was 
known  from  the  result  of  computation  that  horizontal 
tensile  stress  occurred  in  most  elements  within  in  the 
dam  heel  zone.  Owing  to  the  low  tensile  strength  of  the 
rockmass,  cracks  with  high  dip  angles  developed  especially 
in  the  dam  foundation.  Therefore,  in  the  first  adjustment, 
cracking  along  a  certain  interface  between  elements  was 
assumed  (cracking  along  a  vertical  interface  at  the  dam 
heel  was  assumed  in  actual  computation).  Along  that 
interface,  original  nodes  were  replaced  by  twin-nodes 
while  the  interface  was  considered  as  a  free  boundary. 

By  using  the  above  two  methods  to  treat  the  interca¬ 
lations  and  the  dam  heel  zone  in  tension,  stress  distri¬ 
butions  in  the  dam  foundation  for  a  number  of  load  combi¬ 
nations  were  computed.  The  occurrence  of  tensile  stress 
at  the  dam  heel  was  consistent  with  the  cracking  in  test 
models.  As  for  the  slip  in  intercalations,  no  complete 
data  were  available  for  comparison.  In  computation,  the 
initial  slip  often  occurred  between  the  dam  hedl  and  toe. 
The  location  of  initial  slip  was  not  recorded  in  model 
tests.  According  to  the  modes  of  ultimate  failure,  it 
seemed  that  the  slip  in  Intercalations  was  greater  in  the 
upstream  side  than  in  the  downstream.  The  result  of  stress 
computation  showed  that  the  deformation  of  the  weak 
intercalation  was  greater  in  its  upper  part  than  in  the 
lower  part.  In  particular,  the  slip  between  the  upper 
and  lower  parts  in  section  C-C  was  the  greatest  (see 
Figs.  7  and  9).  On  the  curtain  (A-A  In  Fig.  8)  and  near 
the  fault  Fa,  the  deformation  in  the  upper  and  lower  parts 
of  the  weak  intercalation  varied  linearily.  This  fact 
implied  that  no  slip  took  place  there.  The  result  of 
computation  indicated  that  for  the  calculated  sections 
(corresponding  to  mokel  IV  in  Fig.  5),  the  dam  foundation 
was  in  a  stable  state  under  the  action  of  design  load. 

The  stress  field  computation  by  FEM  is  very  beneficial 
to  the  selection  of  dam  site  and  directive  for  the  dam 
foundation  treatment.  However,  when  using  it  to  analyze 


che  stability  of  against  sliding  of  dam  foundations,  there 
are  still  some  problems  need  to  be  studied  further..  At 
present,  the  criterion  for  judging  the  stability  against 
sliding  has  not  been  well  established  yet.  Some  ones  use 
the  ratio  of  the  total  sliding-resistance  capability 
( X  for  +LC)  and  total  sliding  force  (XZ)  to  determine  the 
safety  factor,  while  others  use  the  vertical  and  horizontal 
loads  regardless  whether  the  weak  intercalation  slide3  or 
not.  For  the  Zhuzhuang  reservoir,  its  stress  field  was 
computed  by  the  above-mentioned  nonlinear  FEM  while  its 
stability  against  sliding  was  still  assessed  by  the  ratio 
of  the  total  sliding-resistance  to  the  total  sliding  force. 

According  to  the  result  of  model  tests,  the  safety 
factor  of  the  stability  against  sliding  for  the  dam  typo 
of  model  III  was  high  enough  to  fulfill  the  design 
requirement.  However,  after  a  comprehensive  consideration 
based  upon  the  analyses  of  limit  equilibrium  and  FEM 
stress  computation,  the  dam  type  of  scheme  IV  was  decided 
with  its  dam  height  5m  lowered,  i.  e.s  the  actual  dam 
hight  for  the  finally  selected  scheme  was  95m. 

DISCUSSION  ON  THE  SAFETY  FACTOR  OF  AGAINST  SLIDING 
STABILITY 

The  overloading  factor  was  used  as  the  safety  factor  in 
model  tests.  Ki  is  an  overloading  factor  for  the  clayey 
intercalation  to  slide,  or  the  lower  limit  safety  factor; 
and  K2  is  an  overloading  factor  for  the  foundation  to 
lose  its  load-bearing  capacity  due  to  failure,  or  the 
upper  limit  safety  factor. 

In  principle,  according  to  the  theory  of  limit  equili¬ 
brium,  values  of  C  and  f  should  be  determined  from  the 
ultimate  strength  criterion.  The  safety  factor  estimated 
from  them  is  the  upper  limit  safety  factor  K2.  Though 
K=l. 1-1.0  (K=1.0  is  allowable  for  some  special  load  combi¬ 
nation)  has  been  specified  in  the  design  specifications 
of  China,  it  is  insufficient  to  insure  the  safe  operation 
of  the  dam  foundation  and  hence  the  strength  parameters 
have  to  be  modified.  In  our  design,  values  of  C  and  f 
were  determined  from  the  yield  criterion.  In  addition  to 
the  yield  criterion,  there  ure  also  many  other  prevailing 
criteria  for  evaluating  C  and  f,  such  as  these  of  the 
proportional  limit,  residual  strength,  test  body  uplift, 
maxinum  displacement,  rheological  strength,  etc..  So 
many  methods  of  evaluation  have  caused  serious  difficulty 
and  confusion  for  the  choice  of  strength  parameters. 

The  FEM  is  a  powerful  tool  for  stress  analysis. 
However,  it  has  not  yet  been  brought  into  full  play  in 
assessing  the  stability  against  sliding.  In  fact,  it  has 
become  possible  to  determine  the  lower  limit  safety  factor 
Ki  from  stress  distribution.  With  increasing  understanding 
about  the  process  of  sliding  failure  of  layered  rock 
formation  and  with  the  establishment  of  proper  mechanical 
models,  it  will  also  be  possible  to  calculate  the  upper 
limit  safety  factor  K2  which  can  reflect  the  actual 
status  better  than  limit  equilibrium  analysis. 

In  view  of  the  permissible  working  conditions  of  the 
foundation,  it  is  relatively  reasonable  to  control  the 
shear  stress  in  the  clayey  intercalation  so  that  slip  can 
not  take  place  in  it.  Meanwhile,  since  the  failure 
mechanism  of  the  dam  toe  is  still  not  very  clear,  to  use 
the  lower  limit  safety  factor  Kj  can  avoid  the  disadvan¬ 
tage  of  assuming  a  failure  mechanism  arbitrarily.  In  the 
future,  even  when  the  upper  limit  safety  factor  can  be 
computed  rather  accurately  and  reliably  by  simulating  the 
failure  process  step  by  step,  the  lower  limit  safety 
factor  will  still  be  one  of  the  basic  parameters  for 
assessing  the  safety  of  dam  foundation. 

Since  the  limit  equilibrium  method  is  the  recommended 
method  in  design  specifications  of  gravity  dam  in  China, 
its  reasonable  use  should  be  limited  to  the  determination 
of  the  upper  limit  safety  factor  K2.  A  question  arising 
here  is  that  when  a  certain  stress  leading  to  the  initial 
sliding  of  the  clayey  intercalation  is  used  to  calculate 
the  lower  limit  safety  factor  Kj, 
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(13) 


f(Oh  -  u)  +  C  _  ,  , 
K1  =  - % - 


1.0, 


whac  a  value  should  be  assigned  Co  K2  so  chac  ic  can  natch 
Kj  ?  In  eq.  (13),  <yn  and  't  denote  the  normal  and 
shear  stresses  in  the  claysy  intercalation  and  u  the 
water  pressure  in  cracks.  It  was  the  model  test  which 
gave  us  some  inspiration.  Table  1  gives  the  overloading 
factors  for  initial  sliding  and  ultimate  failure  of  the 
five  dam  types.  It  can  be  seen  that  Kj<  1  and  K2/kj>2 
in  dam  type  II  while  Ki  >  1  and  K2/Kl>3  in  dam  type  III. 
Inferring  from  these  limited  preliminary  results,  K2 
should  lie  around  3  when  Ki  is  taken  to  be  1.1  -  1.0. 

Therefore,  K2  can  be  considered  as  being  in  the  range 
of  4  -  2,  i.  e. , 


f  (W  -  U)  +  CA 
H 


=  4-2 


(14) 


where  W  and  H  are  the  vertical  and  horizontal  components 
of  the  total  load,  U  the  buoyant  force  and  A  the  area  of 
clayey  intercalation. 

Owing  to  the  limited  data  of  model  tests  and  to  the 
lack  of  systematic  data  concerning  the  strengths  for 
initial  fracture  and  ultimate  failure  in  direct  shear 
tests,  taking  K2  =  4  -  2  was  only  based  on  our  under¬ 
standing  at  that  time. 


CONCLUSIONS 


For  analyzing  the  stability  against  sliding  of  dam 
foundation,  the  limit  equilibrium  method  is  simple  and 
straightforward  but  too  simplified  to  take  many  compli¬ 
cated  geological  factors  into  consideration.  Model  tests 
can  provide  directly  visible  phenomena  and  are  convenient 
for  studying  the  possible  modes  of  failure  and  load- 
bearing  capacity  of  dam  foundations.  However,  because 
the  stress-strain  relationship  of  the  weak  intercalations 
was  not  simulated  in  our  models,  the  test  result  was  still 
an  approximation.  The  FEM  can  be  used  to  compute  the 
stress  field  and  to  examine  the  relative  shear  deformation 
In  weak  intercalation,  but  there  are  still  some  diffi¬ 
culties  when  using  ic  to  assess  the  stability  against 
sliding  of  dam  foundations.  For  the  dam  discussed  in  the 
present  paper,  various  schemes  of  the  dam  type  were 
compared  through  model  tests,  the  safety  factors  for 
stability  against  sliding  were  determined  by  limit  equili¬ 
brium  analyses  and  stress  and  deformation  of  the  dam 
foundation  were  computed  by  the  FEM.  On  these  bases,  the 
dam  type  and  height  were  decided  and  the  safety  of 
stability  -against  sliding  <f  the  dam  foundation  was 
insured.  The  dam' has  worked  in  a  good  state  for  10  years. 
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SYNOPSIS:  The  slurry  backfill  operation  for  the  Rock  Springs  subsidence  control  proiect  is  briefly 
described.  The  extent  of  ground  failure  and  building  damage  is  presented.  The  scope  of  the  ensuing 
geotechnical  investigation  to  indicate  any  possible  cause  and  effect  relationship  between  the  pumped 
slurry  backfill  operation  and  observed  damage  is  described.  The  general  and  specific  findings 
regarding  the  damaged  area  are  discussed.  Conclusions  from  the  investigation  are  presented. 

INTRODUCTION 


Development  of  the  City  of  Rock  Springs , 
Wyoming,  as  a  coal  mining  community  began  in  the 
1860's  with  the  westward  expansion  of  the  Union 
Pacific  Railroad  through  Southern  Wyoming.  What 
were  once  coal  mine  camps,  built  over  or  near 
abandoned  coal  mines,  is  the  community  of  Rock 
Springs.  Approximately  900  acres  within  the 
Rock  Springs  city  limits  were  undermined  by 
room-and-pillar  coal  mining,  between  1869  and 
1934,  to  meet  the  railroad's  demand  for  coal. 
This  method,  compounded  by  the  later  removal  or 
"robbing"  of  pillar?,  left  insufficient  support 
for  the  mine  roof  in  many  areas,  which  has 
resulted  in  the  collapse  and  upward  migration  of 
mine  voids  (Karfakis  et.al.,  1987).  Historical 
records  indicate  that  subsidence  has  occurred  in 
Rock  Springs  from  the  start  of  mining  to  the 
present  day  (Case,  1986).  Collapse  of  these 
abandoned  workings  has  caused  extensive  damage. 

Rock  Springs  mine  subsidence  problems  qualify 
for  the  highest  priority  of  funding  under  the 
Surface  Mine  Control  of  Reclamation  Act  of  1977, 
in  that  they  constitute  extreme  danger  to  public 
health,  safety  and  properties.  In  order  to 
stabilize  the  undermined  areas  and  reduce  the 
probablity  of  further  mine  subsidence,  a  large 
scale  backfill  project  was  undertaken.  The  Rock 
Springs  Subsidence  Control  Project  began  in 
March,  1985.  In  mid-September,  during  the 
slurry  injection,  ground  movement  and  building 
damage  was  reported.  A  geotechnical  investi¬ 
gation  was  undertaken  to  evaluate  and  establish 
the  potential  cause  or  causes  of  damage  to  the 
residences  and  indicate  any  possible  cause  and 
effect  relationship  between  the  pumped  slurry 
backfill  operation  and  observed  damage. 

PUMPED-SLURRY  BACKFILLING  OPERATION 

The  method  used  to  backfill  the  mine  voids  in 
the  Rock  Springs  Suboidence  Control  Project  was 
the  pumped-slurry  method  of  hydraulic 
backfilling  (Colaizzi  and  Bithell,  1986; 
Colaizzi,  et.al.,  1981).  In  this  process,  a 
homogeneous  mixture  (slurry)  of  water  and 
granular  material  is  pumped  from  a  remote  plant 
site  to  the  injection  hole.  The  free  falling 
slurry  moves  through  a  vertical  steel  casing  to 
be  deposited  in  subsurface  voids  (Fig.  1). 


MIXKC 


Fig.  1  Slurry  Pumping  System  (Colaizzi  et.al., 
1985). 


The  degree  of  void  filling  is  a  function  of  the 
velocity  of  the  slurry  flow  at  the  mine  level. 
As  the  slurry  first  enters  the  mine  void  from 
the  injection  borehole,  its  velocity  is  greatly 
reduced  due  to  the  increased  cross  sectional 
area  of  the  transporting  conduct  (Fig.  2) .  This 
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Fig. 


2 


Section  View  of  Slurry  Deposition 
(Colaizzi  and  Bithell,  1986). 
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rapid  drop  in  velocity  causes  the  solid 
particles  to  be  deposited  to  form  a  doughnut¬ 
shaped  mound  on  the  mine  floor.  As  the  height 
of  the  mound  approaches  the  mine  roof,  the 
velocity  of  the  slurry  increases  through  the 
narrowing  channels,  and  the  solid  particles  are 
transported  to  the  outer  limits  of  the  mound. 
At  the  boundary  of  the  mound,  the  velocity 
decreases  abruptly  and  the  solids  are  deposited 
on  the  advancing  face  of  the  pile.  The  process 
continues  until  the  energy  required  to  maintain 
the  flow  of  the  suspended  particles  becomes 
greater  than  the  energy  supplied  by  the  avail¬ 
able  gravity  head. 

The  Rock  Springs  Subsidence  Project  began  in 
March  1985,  with  exploratory  and  water  well 
drilling.  In  the  following  three  months,  the 
slurry  plant  was  erected,  pipelines  were  laid, 
and  injection  wells  were  drilled  and  cased.  In 
mid-June,  the  slurry  injection  began.  In  mid- 
September,  during  the  slurry  injection,  ground 
movement  and  damage  to  residential  buildings 
were  reported  in  the  Adams  Avenue  area. 

SURFACE  DAMAGE 

The  Adams  Avenue  residences  exhibited  architec¬ 
tural  damage  and  some  moderate  to  severe  struc¬ 
tural  damage.  The  architectural  damage  usually 
consisted  of  vertical  and  diagonal  cracking  at 
window  and  door  openings  and  at  sheetrock 
joints;  horizontal  stairwell  cracking  of  plaster 
covering  wood  sill  plates;  and  mis-aligned  doors 
and  cabinets. 

The  structural  damage  was  usually  concentrated 
at  basement  level.  The  most  common  problem 
being  vertical,  horizontal  and  diagonal  founda¬ 
tion  wall  cracking.  A  few  cracks  were  as  wide 
as  1  1/2  inches.  Most  of  the  observed  foundation 
wall  cracking  was  less  than  one-quarter  inch 
wide. 

The  damage  at  the  Adams  Avenue  area  was  evalu¬ 
ated  to  indicate  possible  causes.  Most  of  the 
damage  at  the  Adams  Avenue  residences  was 
consistent  with  a  downward  movement  of  the 
structure. 

Cracks  in  buildings  caused  by  settlement  are 
found  predominantly  at  the  basement  of  one  story 
homes.  This  is  because  floors,  roofs  and  walls 
interact  to  decrease  crack  widths  in  upper 
stories.  By  contrast,  cracks  due  to  construc¬ 
tion  practices  and  poor  materials  tend  to 
increase  with  the  structure  height.  More  and 
wider  cracks  were  observed  in  the  basements, 
also  supporting  the  conclusion  of  downward 
movement. 

GEOTECHNICAL  INVESTIGATION 

Rather  than  evaluating  pre-conceived  ideas  or 
thoughts  as  to  the  cause  of  surface  damage  at 
Adams  Avenue,  it  was  deemed  preferable  to 
evaluate  each  potential  cause  of  vertical 
movements . 

Vertical  ground  movements  can  be  the  result  of 
surface  erosion,  frost  action,  collapsible 
soils,  shrinking  and  swelling  soils,  fluid 
extraction  and  consolidation,  densif ication  by 
vibration,  bearing  capacity  failures,  settlement 
under  surface  loads  and  mining  subsidence  (GAI 
Consultants,  Inc.  1983). 


Positive  identification  of  the  mode  of  ground 
movement  could  be  helpful  in  identifying  its 
source.  Subsurface  exploration,  ground  surveys, 
instrumentation  and  testing  may  be  required. 
Also,  it  is  important  to  recognize  that  due  to 
the  complexities  of  soil  structure  interaction, 
the  building  movement  is  not  necessarily  the 
same  as  that  of  the  ground. 

An  investigation  was  undertaken  to  evaluate  and 
establish  the  potential  cause  or  causes  of 
damage  to  the  residences  and  indicate  any 
possible  relationship  to  the  pumped  slurry 
backfill  operation. 

The  extent  of  surface  damage  was  assessed. 
Crack  movements  were  monitored  and  measured. 
Surface  ground  cracks  were  surveyed  and  mapped 
(Fig.  3).  Rotary  and  core  drilling  was 
performed  around  the  affected  area  and  the 
residences  reporting  damage.  Boreholes  were 
inspected  with  a  video  camera.  Soil  and  rock 
samples  from  coring  were  tested. 


Fig.  3  Surface  Damage  Adams  Avenue  Area. 

In  light  of  all  the  information  gathered,  except 
for  mine  subsidence,  all  possible  sources  of 
ground  movement  were  eliminated  as  the  cause  of 
the  observed  surface  damage.  The  evidence 
obtained  from  the  investigation  indicate  that 
the  most  conceivable  cause  of  movement  at  Adams 
Avenue  was  mine  subsidence  (University  of 
Wyoming,  Suprenant,  1985). 

The  area  surrounding  the  Adams  Avenue  area  is 
undermined  at  a  depth  of  approximate* y  90  ft. 
This  mine  is  in  a  coal  seam  which  l<.  seven  to 
eight  feet  thick,  dipping  at  6°,  and  was  mined 
by  the  room-and-plllar  method.  The  mine  map  in 
this  area  is  ambiguous,  showing  only  that  the 
area  is  mined  out.  Nevertheless,  based  on  data 
colleted  through  drilling,  video  camera 
interpretation,  and  study  of  the  mine  map,  it  is 
believed  that  the  area  of  Adams  Avenue  overlies 
a  room-and-pillar  section.  The  extent  of  mining 
in  this  pillar  section  probably  varies  from  60X 
extraction  to  near  total  extraction. 

Subsidence  above  abandoned  room-and-pillar  mine 
workings  is  either  chimney  or  through  subsidence 
(Karfakis  1987).  In  the  Adams  Avenue  area,  it 


was  determined  that  subsidence  was  a  through 
subsidence  (University  of  Wyoming,  Abel,  1985). 

Through  subsidence  develops  when  several  pillars 
fail  in  the  underlying  workings.  Normally, 
pillars  of  sufficent  size  are  left  during  room- 
and-pillar  mining  to  prevent  their  failure. 
However,  pillar  failure  may  occur  as  the  result 
of  long-term  pillar  deterioration,  increased 
pillar  height  accompanying  roof  collapse,  or  as 
the  result  of  load  redistribution  due  to 
boundary  condition  changes. 

The  Adams  Avenue  subsidence  event  developed  a 
nearly  classic  mining  induced  subsidence  trough, 
i.e.  an  ovaloidal  surface  fracture  pattern  (Fig. 
3).  The  size  of  the  ovaloid  defined  by  tensile 
surface  cracking  indicates  a  pillar  failure  area 
in  the  mine  approximately  100  ft.  wide  and  260 
ft.  long. 

Using  the  NCB  (1975)  and  the  Abel  and  Lee  (1984) 
method,  room  and  pillar  subsidence  strain 
predictions  were  performed  (University  of 
Wyoming,  Abel,  1985).  The  predicted  maximum 
super  critical  vertical  surface  subsidence  was 
12.4%,  corresponding  to  1.0  ft.  vertical 
displacement,  and  the  maximum  predicted  tensile 
strain  was  7220  iiE. 

The  predictions  appear  reasonable  in  terms  of 
the  Adams  Avenue  observations  and  measurements. 

The  next  task  of  the  investigation  was  to 
determine  if  a  reasonable  interpretation  of  all 
factors  indicate  a  cause  and  effect  relationship 
between  the  slurry  backfill  operation  and  the 
subsidence  event. 

CAUSE  AND  EFFECT  RELATIONSHIP 

The  backfilling  operation  in  the  vicinity  of 
Adams  Avenue  stopped  on  September  17,  1985.  The 
first  damage  report  was  made  two  days  later  on 
September  19,  1985. 

The  first  step  in  assessing  a  cause  and  effect 
relationship  between  the  slurry  backfill 
operation  and  the  subsidence  event  is  to 
determine  first,  whether  the  slurry  was  present 
under  the  affected  area  and  second,  how  the 
slurry  may  have  triggered  the  subsidence. 

The  slurry  injection  hole  location  with  respect 
to  the  subsidence  site  is  critical  to  slurry 
backfill  reaching  that  location. 

The  nearest  injection  hole  to  the  Adams  Avenue 
site  is  SI-8A  (Fig.  4).  The  injection  hole  is 
located  over  a  NW-SE  entry  across  the  fault 
pillar.  The  south  side  of  the  fault  pillar  has 
about  40  ft.  of  upthrow.  The  mine  floor 
elevation  at  this  location  is  approxiamtely  at 
6320  ft.  This  injection  hole  received  32,439 
tons  of  slurry. 

As  the  slurry  is  released,  the  solid  particles 
will  be  deposited  equally  in  all  directions 
until  the  energy  required  to  maintain  the  flow 
of  the  suspended  particles  becomes  greater  than 
the  energy  supplied  by  the  available  gravity 
head  (Colaizzi  et.al.  1981). 

The  pressure  at  the  base  of  hole  SI-8A, 
approximately  90  ft.  below  the  surface,  was 
about  39  psi  during  active  slurry  injection. 


This  pressure  is  more  than  sufficient  to  push 
slurry  20  ft.  vertically,  which  corresponds  to 
140  ft.  horizontally  in  the  updip  direction. 

Reports  form  the  pilot  backfill  project 
conducted  by  the  Bureau  of  Mines  (Colaizzi 

et.al.  1981),  indicated  that  flow  can  occur  in  a 
single  channel  updip  over  long  distances  after 
fill  material  is  deposited  up  to  roof  level. 
Furthermore,  hydraulic  model  studies  support  the 
observations  made  in  the  field  (Carlson, 

1975).  In  the  model  studies,  as  deposited, 
backfill  material  reached  the  quantity  and 
pattern  to  build  up  back  pressure  in  the 

injection  system,  one  final  break  out  may 

occur.  A  channel  would  be  formed  along  on 
•-nobstructed  corridor  between  rows  of  pillar, 
'•'ill  material  is  carried  along  this  channel  in 
suspension  or  as  bedload  according  to  basic 
sediment  transport  principles.  With  the  full 
flow  of  the  injection  pipe  discharging  along  a 
channel,  an  equilibrium  condition  develops  for 
sediment  transport.  Fill  material  deposits  at 
intersections  to  essentially  block  side 
corridors  and  confine  the  flow  along  the  one 
channel.  Deposits  build  in  the  channel  until 
the  cross-sectional  area  reduces  and  the 
velocity  increases  to  cause  critical  transport 
conditions.  In  all  sloping  mine  floor  models, 
the  breakout  channels  formed  updip.  In  a  dipping 
mine  floor,  backfill  material  will  fill  up  to 
the  roof  more  rapidly  in  the  downdip  direction, 
presenting  greater  resistance  to  channel 
breakout. 

From  the  above  discussion,  it  is  evident  that 
slurry  and/or  water  from  the  slurry  can  reach 
the  Adams  Avenue  area.  The  next  step  is  to 
determine  the  path  the  slurry  and/or  water 
followed  to  reach  the  mine  workings  under  Adams 
Avenue. 

As  the  slurry  discharges,  in  the  NW-SE  entry, 
solids  would  be  deposited  equally  in  the  downdip 
and  updip  direction.  On  the  south  side  of  the 
fault  pillar,  the  slurry  can  easily  reach  the 
area  where  blocked  entries  are  shown  on  the  mine 
map.  Based  on  the  drilling  experience  in  the 
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region,  the  mine  maps  proved  to  be  inaccurate. 
It  is  possible  to  have  one  of  these  entries 
crossing  the  fault  pillar  to  the  north  side 
under  the  Adams  Avenue  area.  Mine  floor 
elevation  at  the  entry  on  the  south  side  would 
be  at  6330-6340  ft.  and  on  the  north  side  at 
6300  ft.  updip  from  the  Adams  Avenue  area. 
Following  this  path,  it  would  be  possible  to 
have  slurry  and/or  water  from  the  slurry  in  the 
mine  workings  under  the  area  reporting 
subsidence  damage.  The  inspection  hole  SMI-47 
at  the  intersection  of  Adams  Avenue  and  Wyoming 
Street,  which  was  dry  before  the  start  of 
backfilling,  had  six  feet  of  water  above  mine 
level  immediately  after  the  first  damage  report. 

The  next  question  is,  what  are  the  mechanisms  by 
which  the  presence  of  slurry  or  water  from  the 
slurry  could  induce  subsidence? 

The  most  probable  scenario  is  that  collapse 
chimneys  had  occured  and  stabilized  by  bulking 
prior  to  the  introduction  to  slurry  water.  When 
slurry  water  was  introduced,  the  bulked  rubble 
supporting  the  roof  was  softened.  Low 
durability  shales  and  other  argillaceous  rocks 
would,  under  stress,  tend  to  fall  apart  when 
water  was  added.  The  low  durability  rock 
fragment  would  weaken  in  water  and  be  crushed 
under  the  same  stress  they  were  able  to  carry 
before  water  was  introduced.  The  finer 
fragments  produced  would  tend  to  filter  down 
into  the  underlying  rubble  pile,  filling  voids 
between  more  durable  sandstones.  This  process 
would  shift  load  onto  the  coal  pillars, 
potentially  triggering  pillar  failure  and 
subsidence.  This  appears  to  be  a  possible 
scenario  for  the  Adams  Avenue  subsidence  event 
in  view  of  the  slake  durability  tests  run  on  the 
overburden  and  the  presence  of  rubblized  zone  in 
the  mine. 

Slake  durability  tests  were  run  on  12  different 
shale  samples  recoved  from  coreholes.  One 
sample  exhibited  very  low  durability,  five  low 
durability,  three  medium  durability,  two  medium 
high  durability,  and  one  high  durability. 

The  drill  logs  before  and  after  the  subsidence 
event  indicate  the  presence  of  rubble  in  tne 
Adams  Avenue  area. 

It  can  be  stated  that  some  of  the  rock  formation 
present  in  the  overburden  would  tend  to 
deteriorate  if  stressed  or  agitated  in  water  and 
that  collapsed  roof  rock  was  present.  The 
resulting  load  transfer  could  trigger  a  pillar 
failure  and  thereby  a  surface  subsidence  event. 

The  result  of  the  detailed  analysis  indicate  the 
posslblity  that  the  slurry  backfilling  operation 
caused  the  subsidence  event  at  the  Adams  Avenue 
site. 

CONCLUSION 

The  architectural  and  structural  damage 
exhibited  by  residences  in  the  Adams  Avenue  has 
been  caused  by  mine  subsidence.  It  is  possible 
that  the  mine  subsidence  has  been  triggered  by 


the  water  from  the  slurry.  Nevertheless,  there 
is  no  evidence  to  prove  or  disprove  the  chain  of 
events  hypothesised  above. 

During  the  investigation,  water  from  inspection 
hole  SMI-47  after  the  subsidence  event  should 
have  been  analyzed  to  determine  its  origin. 
Furthermore,  exploratory  drilling  should  have 
been  done  to  determine  if  additional  entry  ways 
across  the  fault  pillar  were  present.  These  two 
tasks  would  have  helped  in  the  assessment  of 
cause  and  effect  relationships  between  the 
slurry  backfill  operation  and  the  subsidence 
event  of  Adams  Avenue. 
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SWPSiS  :  A  3.55  la  long  circular  tunnel  of  4.73  n  diameter  has  been  constructed  under  Maneri  bydel 
project  on  tbe  river  Bhagirathi.  The  tonnel  passes  alternatively  tbroogb  quartzitic  and  metabasic 
rod  formations  of  tbe  young  Himalayan  terrain.  Tonnel  excavation  was  started  from  foor  faces,  one 
at  tbe  upstream  end  at  maneri,  two  from  an  intermediate  adit  at  Keena,  and  one  at  the  downstream  end 
near  Uttarkashi  where  a  80  XU  surface  powerhouse  is  located. 

In  excavating  tbe  tonnel  from  different  faces,  tbe  problems  of  tonnel  face  collapse  with  or  without 
heavy  ingress  of  water,  cavity  formations  and  large  tunnel  closures  leading  to  buckling  of  steel  ribs 
on  account  of  squeezing  ground  conditions  were  encountered.  In  the  paper  the  approach  of  combating 
these  problems  has  been  dealt  ic  detail. 

The  predicted  values  of  support  pressure  obtained  from  Terzaghi,  Barton  et  al  and  CHRS  approaches 
have  been  compared  with  the  observed  values  of  support  pressure.  The  CK1S  approach  shows  promise  for 
better  results  in  both  squeezing  and  the  elastic  ground  conditions. 


INTRODUCTION 

A  large  number  of  tunnels  have  been  located  to 
tap  the  vast  power  potential  of  rivers  flowing 
from  the  Himalayas.  The  Himalayan  mountain 
ranges  contain  rock  formations  of  different 
ages  and  represent  a  nixed  lithology  and  tec¬ 
tonic  activity.  This  bounty  of  nature  is 
therefore  associated  with  several  tunnelling 
problems  e.g.  sudden  inrush  of  water,  roof 
collapses,  occurrence  of  methane  gas,  squeezing 
and  swelling  ground  conditions  etc. 

A  8.56  km  long  circular  tunnel  of  4.75  m  fini¬ 
shed  diameter  has  been  constructed  through  such 
a  geological  set-up  under  Maneri-Bhali  Hydel 
Scheme  Stage-I  on  the  river  Bhagirathi,  a  trib¬ 
utary  of  the  mighty  Ganga  to  utilise  a  head  of 
184  m  for  generating  80  HH  of  power.  The 
tunnel  passes  alternatively  through  quartzitic 
and  metabasic  (chlorite-schist)  rock  formations 
of  the  young  Garhwal-Himalayan  terrain.  The 
tunnel  excavation  was  started  from  four  faces, 
one  at  the  upstream  end  at  Maneri,  two  from  an 
intermediate  adit  at  Heena,  and  one  at  the 
powerhouse  end  near  Uttarkashi,  a  place  of 
pilgrimage. 


REGIONAL  GEOLOGY,  TUNNELLING  PROBLEMS  AND 
REMEDIAL  MEASURES 

Regional  Geology 

The  regional  geology  of  the  area  has  been  des¬ 
cribed  by  Jain  et  al  (1976).  The  rocks  exposed 
in  the  area  are  quartzites,  quartzites  inter- 
bedded  with  thin  bands  of  slate,  chlorite 
schists,  phyllites,  metabasics  and  basic  intru- 
sives  belonging  to  the  Garhwal  group.  Towards 


the  north  and  north-east  of  the  project  area, 
the  formations  of  the  Garhwal  group  have  a 
thrusted  contact  (main  central  thrust).  Simi¬ 
larly  the  Srinagar  thrust  (north  Almora  thrust) 
separates  these  formations  from  the  Chandpur 
group  towards  the  south  and  south-west. 

The  general  strikes  of  the  rock  masses  in  dif¬ 
ferent  locations  are  variable.  However,  some 
generalisations  are  made  below  : 

Maneri  area  :  Strike  N15°  to  20°  -  S15°  to 
20°E;  dip  25°  to  35°  towards  S70°  to  75° 

H  directions 

Heena  area  :  Strike  N40°E  -  S40°H;  dip  30p 
to  45°  in  S  50°  H  direction 

Tiloth  end  :  Strike  N20°H  -  S20°E  to  N20°E  - 
S20°H  ;  dip  35°  to  45°  in  NE  to  SE  direction 

The  surface  geological  mapping  of  the  area 
between  Heena  and  Tiloth  has  been  done  by  Jain 
et  al  (1976).  The  individual  rock  units  as 
observed  in  the  area  from  north  to  south  are 
described  below  : 

Quartzites 

Metabasics  Garhwal  Groo- 

Quartzites  with  minor 
slate  bands 

These  lithounits  have  been  intensely  folded  and 
faulted  due  to  high  tectonic  disturbance.  The 
tectonic  activity  in  the  area  has  developed 
close  joints,  brecciation  and  shearing  even  in 
quartzites,  which  are  considered  competent. 

The  longitudinal  geological  cross-section  along 
the  original  straight  alignment  and  along  the 
alternative  alignment  No. 2  between  Heena  and 
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Tiloth  has  been  shown  in  Fig.l,  while  the 
longitudinal  section  along  the  final  alignment 
has  been  shown  in  Fig. 2. 

Tunnelling  Problems  and  P.enedial  Measures 

In  excavating  the  tunnel  froa  oifferent  faces, 
a  number  of  probless  were  encountered.  The 
□ajor  probleas  were  tunnel  face  collapses  with 
or  without  heavy  ingress  of  water,  cavity  for- 
aations  and  large  tunnel  closure  leading  to 
buckling  of  steel  ribs  on  account  if  squeezing 
ground  conditions. 

Mater  inrush,  ch.3549  a 

During  tunnel  driving  on  the  downstreas  side  of 
the  intermediate  adit  at  Heena,  the  tunnel  face 
collapsed  suddenly  at  ch  3549  a  on  October 
19th,  1974  with  a  fall  of  about  300  cua  of 
loose  rock  with  heavy  inrush  of  water  at  a  rate 
of  6  cusecs.  This  was  followed  by  sliding  of 
200  cua  of  suck  exactly  two  sonths  later  on 
18th  Deceaber.  The  ingress  of  water,  which 
started  at  a  rate  of  6  cusecs  in  October  1974, 
stabilised  at  a  rate  of  1.28  cusecs  in  tebruary 
1975. 

The  tunnel  passes  through  basic-metabasic- 
chlorite-schist  type  of  rocks  upto  ch  3530  a. 
Beyond  this  place  the  tunnel  passed  through 
jointed  and  blocky  quartzites  folded  in  a  syn¬ 
clinal  fora  Fig. 2.  The  quartzites  occurring  in 
the  core  of  the  synrline  were  bounded  by  rela¬ 
tively  iapervious  netabasic  chlorite-schist 
foraations  on  both  the  sides.  The  quartzites 
occurring  in  the  syncline  were,  thus,  heavily 
charged  with  water,  the  water  head  being  30  a. 
Two  cross  shear  zones  of  about  40  ca  width  were 
intersecting  close  to  the  crown  of  the  tunnel 
(Fig. 3).  The  presence  of  these  two  shear 
zones,  their  intersections  at  the  tunnel  grade 
and  the  presence  of  a  water  reservoir  inside 
the  hill  triggered  the  collapse  of  the  tunnel 
face  and  the  sliding  of  a  huge  quantity  of  muck 
with  heavy  inrush  of  water.  The  washings  of 
the  drill  holes  indicated  that  the  naterial  in 
the  shear  zones  was  not  groutable  with  ordinary 
Portland  cenent. 


Fig. 3  Detailed  Sketch  Showing  the  Causes  of 
Mater  Inrush 

It  was  decided  to  divert  the  tunnel  alignment 
slightly  to  the  right  side  at  a  distance  of 
about  50  m  behind  the  collapsed  face,  i.e.  ch 
3495  m,  with  an  objective  to  keep  the  tunnel 
alignment  through  the  raetabasic  chlorite 
schists  parallel  to  the  contact  plane  and  then 
to  investigate  by  deep  drilling  a  suitable 
place  to  enter  into  the  quartzite  zone  and 
follow  the  original  alignment.  It  was  ascer¬ 


tained  that  after  driving  parallel  to  the  con¬ 
tact  plane  for  a  distance  of  about  75  m  the 
quartzites  would  be  suitable  for  taking  grout. 
It  was  considered  that  the  tunnel  could  be 
driven  by  umbrella  grouting  in  the  crushed 
quartzite  charged  with  water.  The  tunnel  was, 
therefore,  turned  towards  the  original  align¬ 
ment  and  the  tunnel  excavation  was  continued 
cautiously  with  advance  probe  holes  ahead  of 
the  tunnel  face  (Fig  4).  When  the  face  reached 
5  □  from  the  contact  plane,  umbrella  grouting 
was  done  through  16  numbers  of  20  a  deep  and  75 
sa  diameter  drill  holes  along  the  periphery  of 
the  tunnel  face.  These  holes  were  inclined  at 
10°  upwards  to  the  tunnel  axis.  Perforated 
pipes  of  50  ca  dia  were  inserted  in  the  drill 
holes  and  the  20  a  deep  zones  around  the  tunnel 
was  grouted  with  cement  in  stages  using  pac¬ 
kers,  at  a  pressure  of  35  kg/cmz  (Fig  5).  The 
probe  holes  made  after  grouting  indicated  that 
the  grouted  zone  had  become  a  solid  mass  and 
there  was  no  in-rush  of  water  through  the 
holes.  The  tunnel  was  then  driven  without 
difficulty  leaving  a  bulkhead  of  5  a  in  front. 
While  grouting  the  first  group  of  16  holes,  it 
was  found  that  the  holes  in  the  bottom  half 


Fig. 4  Plan  at  EL  1266  m  Showing  the  Details  of 
Exploration  Work 
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C  7 

37 

C  8 

16 

C  9 

20 

C  10 

8 

C  11 

6 

C  12 

2 

C  13 

10 

C  14 

11 

C  15 

8 

C  IE 

3 

TEST HOLE 

3 

Fig. 5  Pattern  of  Grout  Holes 


section  did  not  take  any  grout.  Holes  only  in 
the  top  half  section  of  the  tunnel  were,  there¬ 
fore,  drilled  and  grouted  in  the  subsequent 
phases  of  the  umbrella  grouting  operations. 

Alternate  alignments 

The  tunnelling  operations  were  stopped  beyond 
ch.  3530  m  downstreams  of  Heena  because  of 
sudden  in-rush  of  water  and  loose  rock  fall. 
Despite  the  continuous  efforts  for  six  months, 
the  excavation  work  at  this  face  remains 
standstill.  It  was  decided  to  change  the 
tunnel  alignment  by  diverting  the  tunnel  to¬ 
wards  the  right  side  from  ch  3530  m. 

Three  alternate  alignments  (as  shown  in  Fig. 6) 
for  diverting  the  tunnel  towards  the  right  side 
were  proposed  with  the  objective  of  maximising 
the  rate  of  tunnelling  through  a  safe  and 
better  tunnelling  media,  i.e.  through  the  meta- 
basic  formations.  The  length  of  the  tunnel  in 
the  process  increased  by  0.47  to  1.85  km  but 
the  tunnel  length  through  the  highly  water 
charged  and  fractured  quartzites  could  be  re¬ 
duced  by  about  280  to  680  m  in  the  case  of 
alternatives  I  &  III  and  completely  avoided  in 
alternative  II. 

The  total  tunnel  length  and  the  length  through 
water  charged  quartzites  in  different  alternate 


proposal  are  given  in  Table-I. 

The  added  advantage  in  alternatives  I  &  II  was 
that  two  additional  working  faces  could  be 
obtained. 

Cavity  formation,  ch. 5038-5055  m 

A  number  of  small  and  big  cavities  were  formed 
during  the  excavation  of  the  tunnel.  A  major 
cavity  was  formed  during  excavation  between  ch. 
5038  -  5050  m.  The  tunnel  grade  at  ch  5050 
crossed  a  shear  zone  of  crushed  quartzites 
heavily  surcharged  with  water.  The  total 
volume  of  the  cavity  was  estimated  as  813  cum. 
Mucking  had  to  be  stopped  because  of  continuous 
inflow  of  the  muck  from  the  top  of  the  muck 
pile. 

The  face  was  sealed  after  fore-poling  with 
rolled  steel  joists.  Drainage  holes  were  pro¬ 
vided  on  both  sides  of  the  tunnel  to  drain  the 
seepage  water.  The  cavity  above  the  forepoles 
was  then  filled  with  concrete  and  grouting  was 
done  to  control  the  flow  of  water  and  to  conso¬ 
lidate  the  muck.  The  quantities  of  concrete 
and  grouting  were  about  67  cum  and  3295  cement 
bags  (each  of  50  kg.)  respectively.  This 
attempt  did  not  prove  effective  and,  therefore, 
a  side  drift  was  excavated  on  the  left  side  of 
the  tunnel  for  draining  the  seepage  water  to 
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Fig. 6  Plan  at  EL  1250  in  Between  Maneri  and  Tiloth  Showing  Alternative  Tunnel  Alignments 


Table  I 


SI. 

No. 

Proposed 

layout 

Total  Tunnel  length 
between  Heena  and 
Tiloth,  m 

Tunnel  length  through 
water  charged 
Quartizites,  m 

Increase 
in  tunnel 
length,  m 

1. 

Original 

5065 

1200 

- 

2. 

Alternative 

I 

5940 

920 

875 

3. 

Alternative 

II 

7170 

- 

2105 

4. 

Alternative 

III 

5535 

920 

470 

the  possible  extent.  This  drift  met  the  centre 
line  of  the  tunnel  at  ch  4036  m  beyond  the 
shear  zone  where  good  metabasic  rock  mass  was 
encountered.  The  bulkhead  at  the  face  was  then 
opened  and  excavation  started  in  the  heading. 
But,  this  attempt  did  not  succeed  due  to  inflow 
of  crushed  material  with  water.  The  face  was, 
therefore,  sealed  again  and  some  drainage  pipes 
were  provided  through  this  bulk  head.  The 
muckpile  was  then  grouted.  Tunnel  construction 
in  this  reach  was  now  accomplished  by  the  mul¬ 
tidrift  method  from  the  two  opposite  ends. 

Squeezing  problems,  ch. 5250-5550  m 

Tunnelling  activities  at  depths  varying  from 
700  to  900  m  between  ch  5550  m  and  5250  m 
through  partially  wet  and  thinly  foliated  meta¬ 
basics  were  beset  with  high  squeezing  ground 
conditions.  The  tunnel  was  supported  by  ISMB 
150  mm  x  150  mm  ribs  spaced  at  810  mm  to  965 
mm.  Blocking  concrete  was  done  upto  the  outer 
flange  of  these  ribs.  No  problem  was  faced 
during  the  excavation  or  the  supporting  of  this 
tunnel  section.  However,  after  a  period  of  5-6 
months,  it  was  observed  that  the  blocking  con¬ 
crete  started  cracking  and  the  ribs  started 
deforming  due  to  squeezing  pressure  as  shown  in 
Figs. 7(a)  and  7(b). 

For  solving  the  problem  of  cracking  of  blocking 


concrete  and  deformation  of  steel  ribs  in  the 
squeezing  ground  the  ribs  were  strengthened 
with  laggings  of  ISHB  150  mm  x  75  mm  and  bloc¬ 
king  concrete  was  done  upto  the  inner  flanges 
of  the  ribs.  The  treatment  proved  helpful  in 
controlling  further  deformations  of  the  ribs. 
Howeyer,  at  the  time  of  providing  the  final 
concrete  lining  in  this  reach  in  November- 
December  1982,  nearly  three  years  later,  it  was 
found  that  most  of  the  ribs  in  this  reach  had 
twisted  and  deformed  to  such  an  extent  that 
their  removal  was  considered  necessary  to 
obtain  the  required  finished  bore.  The  invert 
heave  was  as  much  as  80  cms.  The  twisted  ribs 
and  the  blocking  concrete  were  removed  and  the 
rock  mass  was  trimmed  and  resupported  by  150  mm 
x  150  mm  ribs  spaced  750  mm  apart  for  obtaining 
the  required  finished  diameter.  This  rectifi¬ 
cation  job  was  completed  in  the  most  of  the 
affected  length  but  while  removing  the  twisted 
ribs  between  ch  5509  m  and  5517  m,  there  was  a 
heavy  rock  fall  from  the  roof.  A  cavity  of  430 
cum  was  formed.  This  cavity  was  tackled  by 
putting  forepoles  of  40  mm  dia  bars,  13  to  15  m 
long  at  a  spacing  of  300  mm  centre  to  centre 
and  grouting  the  muck  above  the  forepoles  at  a 
pressure  of  5  kg/cm  ,  thus  forming  a  concrete 
ring  as  roof  support.  Thereafter  the  tunnel  in 
this  portion  was  reexcavated  and  supported  by 
ISHB  150  mm  x  150  mm  ribs  spaced  60  cm  centre 
to  centre. 
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(a)  ( b) 


Fig. 7  (z)  and  (b)  Buckling  o'  Steel  Ribs  and  Damage  to  the  Blocking  Concrete 


PREDICTION  OF  '.UNHEL  BEHAVIOUR 


Rock  nass  classification  systems  proposed  by 
Terzaghi  (1946)  and  Deere  (1969),  are  based 
upon  qualitative  assessment  of  rock  masses. 
These  are  at  best  applicable  to  hard  and  frac¬ 
tured  rock  masses  at  shallow  depths  only. 

In  recent  years,  efforts  have  been  made  to 
incljde  various  other  geomechanical  factors  and 
to  describe  the  rock  masses  in  quantitative 
terns.  Consequently,  a  few  quantitative  classi¬ 
fications  have  been  developed.  Notable  amongst 
these  classification  systems  are  those  of 
Bieniawski  (1973)  and  Barton  et  al  (1974). 


Some  modifications  in  the  Barton's  classifi¬ 
cation  have  been  made  by  incorporating  the 
effects  of  overburden  and  tunnel  closure,  the 
two  factors  important  in  squeezing  conditions. 
A  quantitative  classification  is  a  useful  tool 
in  assessing  the  quality  of  rockmass  in  quanti¬ 
tative  terms  and  hence  it  is  not  only  possible 
to  compare  the  probable  engineering  behaviour, 
but  also  to  predict  the  support  pressure.  How¬ 
ever,  the  reliability  of  the  predictions  will 
depend  on  the  reliability  of  the  geological 
information.  The  approaches  of  Terzaghi,  Deere 
et  al.  Barton  et  al  and  CHRS  (Jethwa,  1986) 
have  been  used  to  predict  the  support  pressures 
and  the  predictions  have  been  compared  with 
the  measured  values  in  Table  II. 


TABLE  II  :  PREDICTED  AND  MEASURED  SUPPORT  PRESSURE  (after  Jethwa  et  al ,  1981) 


Rock  Description 

Predicted 

Support  Pressure, 

kg/cm2 

Observed 

Support 

Pressure 

Kq/cm2 

Tenzaqhi s 

Barton 

et  al 

CMRS 

approach 

Pv 

Pv 

Ph 

Pv 

Pv 

1.  Moderately  fractured 

quartzi tes 

0.3 

1.3 

0.8 

to 

to 

to 

a=2.4  m,  h=225  m,  y=2.5gm/cc 

0.7 

1.5 

1.0 

QD=75S,  Q=3. 6,  Ua/a=0.06% 

(0.5) 

(1-4) 

(0.9) 

1.23 

2.  Foliated  metabasics 

0.3 

1.0 

0.8 

to 

to 

to 

a=2.4  m,  h=550  m,  Y=2.5  gm/cc 

0.7 

1.4 

1.0 

RQD=82S,  Q=3.4-6.8,  Ua/a=0.05S 

(0.5) 

(1.2) 

(0.9) 

1.56 

1.22 

Thinly  laminated  foliated  and 

5.02 

1.34 

0.99 

wet  metabasics(squeezing) 

to 

to 

to 

10.8 

1.69 

1.24 

a=2.4  m,  h=800  m,  Y=2.5  gm/cc 

(7.91) 

(1.51) 

( i .  1 1 : 

1  3.46 

4.36* 

RQD=60%,  Q=1.64-3.28,  Ua/a=17% 

3.  Sheared  metabasics 

0.8 

1.6 

1.0 

to 

to 

to 

a  =  2.4  m,  11=340  m,  Y  =  2.5  gm/cc 

2.6 

3.0 

2.4 

RQD=60«,  Q=0. 3-3. 3,  Ua/a=0.4% 

(1.7) 

(2.3) 

(1.7) 

2.37 

2.36 

a  =  radius  of  tunnel  opening;  h  =  thickness  of  cover, 
RQD  =  Rock  Quality  Designation,  Q  =  Barton's  rock  mass 
wall  displacement,  pv  =  roof  support  pressure,  ph  = 
estimated  from  support  capacity;  average  values  of 
shown  in  brackets. 


Y  =  unit  weight  of  rock  mass. 
Quality,  Ua  =  observed  tunnel 
wall  support  pressure,  *  = 
the  predicted  pressures  are 
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OBSERVED  TUNNEL  BEHAVIOUR 


A  tunnel  instrumentation  programme  was  adopted 
to  evaluate  the  predicted  support  pressures  and 
to  modify  the  support  as  per  actual  require¬ 
ments  during  construciton  of  the  tunnel.  The 
instrumentation  programme  consisted  of  measu¬ 
ring  hoop  load  on  the  steel  arches  fay  hydraulic 
-load  cells  and  "tunnel  closure”,  defined  as 
reduction  in  the  size  of  the  tunnel  opening,  by 
closure  meter  to  an  accuracy  of  +0.1  mm. 

The  instruments  installed  were  designed  and 
developed  at  the  Central  Mining  Research 
Station,  Dhanbad  (India).  The  closure  bolts  and 
load  cells  were  installed  at  a  few  locations  as 
shown  in  Fig. 2. 

The  data  analysis  shows  that  the  maximum 
closure  was  of  the  order  of  430  mm  (8.9  per¬ 
cent)  in  600  days  at  the  synclinorium  contact 
of  metabasics  and  quartzites  at  ch.  4180  m 
(Fig. 8).  At  other  locations,  the  closure 
varies  from  10  mm  to  20  mm  (0.2  to  0.4  percent) 
except  at  ch.  5510  cm,  where  the  total  closure 
observed  in  100  days  was  about  105  mm  (2.18 
percent)  at  a  depth  of  750  m  (Fig  9).  It  is 
clear  from  Fig. 9  that  the  wall  closure  in¬ 
creased  in  stages.  This  is  due  to  the  buckling 
of  the  steel  ribs.  Support  pressure  estimated 
from  the  load-cell  data  varies  from  1.22  kg/cnr 
at  ch.o760  to  3.05  kg/cur  at  ch.4140  rr.  (please 
see  Fig. 2). 


Fig. 8  Closure-Time  Relation  at  ch.4180  m 

The  support  pressure  of  3.05  kg/cm2  could  not 
be  predicted  because  of  the  complex  geological 
conditions  and  the  presence  of  an  inferior  rock 
mass  were  not  known  at  the  design  stage. 

The  comparison  of  predicted  and  observed  sup¬ 
port  pressure  (Table  II)  shows  that  the  predic¬ 
ted  values  by  Barton  et  al  and  CMRS  approach 
are  more  or  less  equal  to  the  observed  values 
for  non-squeezing  ground  conditons.  Unfortuna¬ 
tely,  no  instruments  were  installed  at  ch.  5500 
m,  where  the  squeezing  problems  were  encoun¬ 
tered.  However,  the  back  calculation  from  the 


Fig. 9  Closure-Time  Relation  at  ch.5510  m 


supports  shows  that  the  predicted  values  of 
support  pressure  from  CMRS  approach  is  nearer 
to  the  design  pressure  for  uniform  loading 
(Table  II)  while  Terzaghi's  approach  is  conser¬ 
vative.  Buckling  of  ribs  may  have  occurred  due 
to  a  possible  non-uniform  pressure  distribution 
around  the  ribs. 


CONCLUSIONS 

From  the  case-history  of  the  power  tunnel  of 
the  Maneri  Hyde!  Project,  Stage  I  and  its  in¬ 
strumentation,  the  following  conclusions  are 
drawn  : 

i)  Inadequate  surface  and  sub  surface  investi¬ 
gations  have  been  responsible  for  wrong  plan¬ 
ning  of  the  tunnel  alignment. 

ii)  The  classification  method  of  Barton  et  al 
leads  to  reliable  predictions  for  non-squeezing 
conditions  only.  On  the  other  hand,  the  CMRS 
approach  leads  to  more  reliable  predictions  for 
both  squeezing  and  non-squeezing  ground  con¬ 
ditions.  However,  the  data  is  limited  to  draw 
generalised  conclusions. 
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Foundation  Investigation  and  Treatment  for  the  Main  Dam,  Itaipu  Project 
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SYNOPSIS:  After  selection  of  the  site  for  this  major  hydroelectric  project  on  the  Upper  Parana 
River,  initial  borings  in  the  river  bed  revealed  an  extremely  fractured  zone  near  the  base  of  the 
dense  basalt  flow  on  which  the  main  dam  would  be  founded.  This  zone  was  later  seen  to  correspond  to 
intersecting  faults  beneath  the  river  bed,  therefore  upon  dewatering  the  river  channel  several  ex¬ 
ploratory  tunnels  were  driven  parallel  and  perpendicular  to  the  dam  axis,  foreseeing  their  incorpor¬ 
ation  into  an  elaborate  "shear  key"  system  to  prevent  renewed  movements  of  the  shear  zones.  The 
tunnel  grid  was  backfilled  with  concrete  through  holes  drilled  from  the  foundation  surface  and 
grouted  at  low  pressures. 


INTRODUCTION 

Itaipu,  the  world's  largest  hydroelectric  proj¬ 
ect,  is  situated  on  the  Parana  River,  between 
Brazil  and  Paraguay,  approximately  14  km  up¬ 
stream  from  the  bridge  joining  the  two  coun¬ 
tries  (Figs.  1  and  2)  and  consists  of  a  con¬ 
crete  dam  and'  spillway  2,610  m  long  flanked  by 
embankments  totaling  5,150  m  in  length  (Fig.  3). 
The  maximum  height  of  the  hollow  gravity  main 
dam  across  the  river  gorge  is  196  m,  and  over 
56  million  cubic  meters  of  earth  and  rock  were 
excavated  for  the  project.  The  total  cost  is 
presently  estimated  at  close  to  18.6  billion 
U.S.  dollars. 

The  Itaipu  project  is  a  binational  undertaking 
established  by  Brazil  and  Paraguay  in  accord¬ 
ance  with  a  treaty  signed  by  the  two  govern¬ 
ments  in  1973  and  the  statutes  of  an  entity 
created  a  year  later,  known  as  "Itaipu  Bina- 
cional",  which  determine  equal  sharing  of 
generated  power  (Cotrim  et  al,  1977) . 

The  engineering  consortium  selected  to  carry 
out  the  feasibility  studies,  a  joint  venture  of 
International  Engineering  Co.,  U.S. A.,  and 
Electroconsult  of  Italy,  began  the  study  of  the 
stretch  of  the  Parana'  River  between  Guaira 
Falls  and  the  mouth  of  the  Iguagu  River  with  a 
regional  geologic  appraisal  to  characterize  the 
basalt  flows  and  select  viable  dam  sites.  This 
work  was  aided  by  the  interpretation  of  satel¬ 
lite  imagery  and  aerial  photos  to  determine  the 
principal  structural  lineaments  and  to  differ¬ 
entiate  soil  and  rock  types. 

A  general  study  of  various  alternatives  for 
locating  the  dam  was  made  by  means  of  borings 
and  geophysical  profiling;  this  resulted  in  the 
selection  of  a  reach  of  the  Parana  in  which  the 
project  could  be  situated.  More  detailed  in¬ 
vestigations  followed  to  determine  the  best 
axis  within  the  reach,  considering  river  chan¬ 
nel  configuration,  proximity  of  abutments  and 
the  lithologic  and  structural  conditions  of  the 


basalt  sequence  at  the  various  sites.  There¬ 
after  an  axis  was  defined  by  closer-spaced  bor¬ 
ings  and  short  adits  in  which  rock  mechanics 
tests  were  made,  followed  by  the  sinking  of  a 
deep  shaft  and  more  detailed  in  situ  tests  of 
the  principal  discontinuities. 


During  the  construction  phase,  a  program  of  ex¬ 
ploratory  tunneling  was  followed  to  investigate 
shear  zones  encountered  beneath  the  river  bed. 


From  this  program  an  elaborace  treatment  plan  of 
shear  key  tunnels  was  developed  to  prevent  re¬ 
newed  movement  along  the  shear  zones. 


SELECTION  OF  DAM  AXIS 

Starting  at  first  with  eight  alternative  layout 
axes,  the  preliminary  borings  and  geophysical 
profiles  narrowed  down  the  choice  to  four, 
namely  Axis  A-l,  just  downstream  from  Itaipu 
Island,  Axis  A-2,  300  m  farther  downstream. 

Axis  C-la,  800  m  downstream  from  A-l  and  Axis  E, 
3,100  m  downstream  from  A-l  (Fig.  2) .  The  in¬ 
formation  obtained  from  pre-feasibility  inves¬ 
tigations  made  at  or  near  the  four  axes  in¬ 
dicated  that  Axis  E  had  the  best  geological  con¬ 
ditions  beneath  the  river  bed.  However,  that 
axis  had  the  disadvantage  of  requiring  that  the 
spillway  chutes  be  located  close  to  an  existing 
hydroelectric  plant  in  Paraguay,  which  could  be 
affected  by  high  discharges.  It  would  also  have 
adversely  affected  the  location  for  the  future 
river  navigation  facility. 

Of  the  three  upstream  axes.  Axis  A-2  was  shown 
to  be  preferable,  chiefly  because  of  a  much 
better  river  cross  section  and  spillway  location. 


SITE  INVESTIGATIONS 

Preliminary  Investigations  -  Phase  1 

Investigations  of  the  foundation  area  for  the 
high  dam  within  the  deep  channel  carved  by  the 
Parana  River  began  with  some  preliminary  con¬ 
ventional  borings  in  the  banks,  abutments  and 
on  the  shallow  Itaipu  Island  itself.  The  first 
stage  of  the  studies  called  for  only  a  few  bor¬ 
ings  and  seismic  refraction  traverses  to  define 
rock  types  at  several  alternative  dam  axes. 

Five  basalt  flows  with  interflows  of  sedimen¬ 
tary  breccia  were  identified  during  this  stage 
and  named,  from  the  bottom  up,  flows  A  through  E 
(Fig.  4) . 

Initially  borings  were  made  in  1973  using  only 
a  double  tube  core  barrel,  consequently,  recov¬ 
ery  of  core  in  zones  of  closely-jointed  or 
highly  fractured  rock  was  low.  It  soon  became 
apparent  that  more  accurate  drilling  methods 
had  to  be  employed,  specially  within  the  river 
channel  itself.  Most  of  the  initial  river  bor¬ 
ings  encountered  difficulties  such  as: 

-  Flow  velocities  of  2  to  3  meters/second, 
which  tended  to  shift  the  drilling  barge 
and  bend  or  break  casing. 

-  An  average  depth  of  water  of  50  m  (164  ft) 
and  10  m  to  15  m  of  relatively  loose  allu¬ 
vium  at  the  bottom. 

-  Sudden  variations  of  water  level,  which 
snapped  anchoring  and  guy  cables. 

-  Dense  morning  mist  during  the  winter  months 
(June-September)  which  would  last  until 

10  A.M. 

-  Extreme  fracturing  of  the  top  of  rock  in  the 
river  bed. 

-  Strong  winds  funneled  along  the  narrow  val¬ 
ley. 

All  of  the  above  contributed  to  slowing  down  and 
decreasing  the  efficiency  of  borings  made  in  the 
section  for  the  main  dam. 
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Fig.  4  Itaipu  Dam  Site.  Geologic  Section  across  the  River  Valley. 


Investigations  -  Phase  II 

Once  the  axis  was  selected,  a  more  intense  phase 
of  investigations  for  the  feasibility  report 
proceeded.  Small  adits  were  driven  into  inter¬ 
flow  sedimentary  breccia  B,  overlying  flow  B, 
and  determinations  of  elastic  moduli  and  direct 
shear  tests  were  made  to  characterize  this  hor¬ 
izon  of  relatively  weak  rock,  having  an  average 
thickness  of  10  m.  The  new  phase  of  core  bor¬ 
ings  consisted  of  wireline  N  diameter  holes 
drilled  using  double  tube  core  barrels  with  core 
lifter  sleeves  (M  series) .  This  improved  core 
recovery  somewhat,  but  not  enough  to  recover 
soft,  altered  rock. 


Investigations  -  Phase  III 

It  was  then  decided  to  drill  several  integral 
core  borings  at  both  banks  to  define  the  frac¬ 
tured  zone  at  the  base  of  flow  B  and  the  condi¬ 
tion  of  the  open  contact  with  flow  A.  These 
were  among  the  deepest  borings  (100  m)  made  up 
to  that  date  (1975)  using  that  technique  of  core 
reinforcing.  Nevertheless,  at  the  considerable 
depths  where  the  zone  of  fragmented  rock  occur¬ 
red,  binding  of  the  fragments  could  not  be  effi¬ 
ciently  achieved  with  cement  grout,  even  using 
quick  setting  additives.  It  was  only  by  using 
a  fast-setting  epoxy  resin  that  some  core  of  the 
weak  seams  was  recovered. 


Drilling  within  the  river  took  on  a  more  thor¬ 
ough  approach,  benefiting  from  the  earlier  at¬ 
tempts.  The  drilling  barge  had  more  anchoring 
points  and  an  8  inch  (20.3  cm)  outer  casing, 
well-guyed  to  the  barge's  hull,  protected  a 
5  inch  (12.7  cm)  casing  that  penetrated  the  al¬ 
luvium  and  in  which  H  and  N  casings  were  used 
during  wireline  core  drilling. 

Due  to  the  high  degree  of  fracturing  of  the  up¬ 
permost  dense  basalt  in  the  river  bed  (flow  B) 
pressure  tests  gave  inordinately  high  water 
loss  readings,  but  this  was  primarily  due  to 
difficulties  in  properly  seating  the  packers  as 
the  drill  string  rocked  to  and  fro  with  the 
oarge. 

The  river  borings  carried  out  to  below  flow  B 
revealed  a  continuous  zone  of  highly  fractured 
rock  near  or  at  the  base  of  that  flow.  It  was 
speculated  that  this  signified  the  presence  of 
a  zone  of  lamellar  jointing.  Although  core  re¬ 
covery  techniques  were  still  not  adequate  to 
retrieve  all  of  the  material  in  that  zone,  it 
became  possible  to  drill  some  borings  in  excess 
of  200  m  depth  and  determine  the  conditions  of 
five  additional  flows  below  flow  A. 


The  in  situ  or  residual  stresses  within  the  ba¬ 
salt  sequence  were  determined  near  the  location 
of  the  main  dam  by  several  borings  in  which 
overcoring  strain  measurements  were  made  using 
a  stress  tensor  gauge  (Rocha  et  al.,  1974).  It 
was  surprising  to  find  that  horizontal  stresses 
had  been  relieved  in  proximity  to  the  river 
channel,  whereas  normal  stresses  remained  mod¬ 
erately  high  (to  4.41  MPa). 

Investigations  -  Phase  IV 

A  fourth,  more  intensive  phase  of  investiga¬ 
tions  was  decided  upon.  This  included  a  deep 
shaft  in  the  right  bank,  with  short  tunnels 
radiating  from  it  to  investigate  and  test  the 
principal  adverse  features  in  situ.  The  shaft, 

4  meters  in  diameter,  was  excavated  from  El. 

120  m  to  El.  7m  and  tunnels  driven  at  El.  70 
m,  59  m  and  12  m.  From  the  latter  drift,  an  up- 
ward-sloping  tunnel  reached  the  contact  between 
flows  A  and  B,  approximately  at  El.  20  m. 

The  tunnel  at  El.  70  m  was  made  to  study  brec¬ 
cia  B  and  carry  out  plate  jacking  and  grouting 
tests.  The  results  indicated  an  average  modu¬ 
lus  of  elasticity  of  6,800  MPa.  A  part  of  this 
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breccia  had  been  grouted  from  holes  made  before 
initiating  the  shaft  and  the  results  could  be 
verified.  There  was  an  extremely  low  grout  ac¬ 
ceptance  in  the  compact  breccia,  classified  as 
type  I. 

The  drilling  program  had  revealed  the  existence 
of  a  zone  of  closely-spaced,  parallel  fractures 
in  basalt  flow  B,  between  elevations  55  and  62 
m.  The  gallery  at  El.  59  m  was  raised  somewhat 
and  a  test  niche  made  at  El.  62  m  to  carry  out 
a  series  of  direct  shear  tests  on  blocks  measur¬ 
ing  1  m  on  the  side.  The  discontinuity  (named 
"B")  consisted  of  parallel  joints,  well-cemented 
in  some  areas  by  calcite  or  silica,  and  the 
average  angle  of  shearing  resistance  was  found 
to  be  35°,  with  a  cohesion  of  0.5  MPa. 

The  most  important  feature  revealed  by  the  deep 
shaft  and  the  tunnel  at  El.  20  m  was  the  zone 
of  crushed  rock  at  the  base  of  flow  B.  This  was 
determined  to  be  a  shear  zone  filled  with  a  my- 
lonite  gouge.  The  zone  could  only  be  observed 
within  the  short  length  of  the  tunnel,  which 
was  not  continued  fearing  it  could  intercept  one 
of  the  borings  made  in  the  river  channel,  that 
was  not  plugged  with  cement.  Therefore,  it  was 
decided  that  a  crash  program  of  subsurface  in¬ 
vestigation  would  be  carried  out  by  tunneling 
after  unwatering  the  river  channel  in  the  foun¬ 
dation  area  for  the  main  dam. 


flow  B  in  the  river  channel.  While  various  so¬ 
lutions  were  being  sought,  an  accelerated  pro¬ 
gram  of  borings  was  initiated  to  determine  the 
distribution  and  extent  of  the  shear  zones.  In 
addition,  it  was  decided  to  follow  those  zones, 
to  permit  direct  observations  and  more  accurate 
appraisal  of  the  geomechanical  parameters  by 
tunneling  parallel  and  perpendicular  to  the  dam 
axis  whenever  possible  (Fig.  5) . 
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Fig.  5  Section  along  Axis  of  Main  Itaipu  Dam 
Showing  Principal  Shear  Zones  below 
Foundation  Level  Followed  and  Inter¬ 
cepted  by  Tunnels. 


DESCRIPTION  OF  THE  SHEAR  ZONES  BELOW  THE  RIVER 
CHANNEL 


Three  direct  shear  tests  were  made  at  the  base 
of  flow  B  where  the  sheared  basalt  could  be  cut 
into  blocks  with  a  diamond  saw  without  disinte¬ 
grating  it.  The  angles  of  shearing  resistance 
obtained  were  0  =  25.1°,  26.1°,  and  29.2°.  It 
should  be  emphasized  that  this  was  a  highly 
fractured,  blocky,  dense  basalt  with  some  clay 
filling  the  fractures,  not  the  basalt  entirely 
reduced  to  a  my  Ionite,  (Cabrera  and  Barbi,  1981). 

Final  Investigations  -  Phase  V 

After  unwatering  and  excavating  the  thick  allu¬ 
vium  in  the  foundation  area  for  the  main  blocks 
of  the  dam,  five  shafts  were  sunk  to  elevations 
8  m  to  10  m  above  sea  level,  that  is,  1  m  to  9  m 
below  the  contact  between  basalt  flows  A  and  B. 

A  sixth  shaft  was  made  in  the  downstream  part  of 
the  area  between  the  stems  of  double  block  F15/ 

16  to  investigate  and  treat  a  local  concentra¬ 
tion  of  highly  sheared  zones. 

In  all  of  the  shafts  one  or  two  zones  of  closely- 
spaced  open  fractures  filled  with  clay  were 
found.  In  shaft  13,  situated  just  downstream 
from  the  head  of  double  buttress  F-15/16,  a  very 
thick  zone  of  weathefced  and  highly  fractured 
dense  basalt,  with  oxidized,  open  fractures 
filled  with  clay,  was  found  between  elevations 
38  m  and  31  s». 

The  river  thalweg  was  being  excavated  in  the 
powerhouse  foundation  area  at  the  same  time  and 
a  zone  of  lamellar,  weathered  basalt  was  found 
dipping  approximately  20°  E-SE.  This  zone  was 
followed  upstream  along  its  nearly  N-S  strike, 
by  ripping  and  light  blasting,  and  the  suspicion 
that  it  coincided  with  the  zone  encountered  in 
shaft  13  was  confirmed.  Its  extent  was  further 
verified  by  two  short  tunnels  that  followed  the 
ascending  shear  zone  westward  from  shafts  9  and 
12.  It  soon  became  apparent  that  several  inter¬ 
secting  shear  zones  traversed  the  remnant  of 


The  borings  made  from  the  foundation  level  and 
the  exploratory  tunnels  eventually  permitted  a 
three  dimensional  visualization  of  the  relation¬ 
ship  among  the  shear  zones  within  the  foundation 
area  for  the  hijh  concrete  dam.  When  the  in¬ 
vestigations  were  completed  it  was  possible  to 
differentiate  the  zones  as  follows  (Fig.  6) : 


Fig.  6  Block  Diagram  Indicating  Relative 

Locations  of  Shear  Zones  below  River 
Channel. 
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fracture  pinches  out. 


,  Eastward -dipping  shear  zone,  this  is  the 
uppermost  shear  zone  and  the  first  to  be 
exposed  along  the  deepest  portion  of  the 
river,  following  the  stem  of  half  block 
F-17.  It  intercepts  the  originally  pro¬ 
posed  foundation  level  of  El.  40  m  at  the 
head  of  half-block  F-15,  dips  15°  -  20°  E- 
SE  and  varies  from  very  weathered,  with  a 
filling  consisting  mostly  of  clay  at  higher 
elevations,  to  almost  a  rock  to  rock  con¬ 
tact  of  lamellar  slabs  at  the  lower  levels, 
close  to  the  contact  betwejn  flows  A  and  B. 
Slickensides  on  the  surface  of  this  zone 
indicated  that  the  rock  mass  above  it  was 
thrust  westward,  towards  Paraguay. 

2.  Westward-dipping  zone.  This  'jone  ig  tangen- 
tial  to  contact  A/B  on  the  went  side  of  the 
river  channel,  as  seen  in  the  deep,  right 
bank  shaft  and  the  tunnel  at  El.  20  m.  It 
rises  at  a  low  angle  until  it  is  inter¬ 
cepted  by  the  eastward-dipping  zone.  Shear 
displacements  could  not  be  observed  on  the 
west  side,  probably  because  of  a  high  degree 
of  weathering  and  considerable  clay.  East¬ 
ward  updip  displacements  of  as  much  as  30  cm 
were  measured. 

3.  Upstream  southward-dippj  -  g  zone.  This  zone 
has  the  main  disadvantage  that  'it  dips 
downstream.  It  was  initially  located  in 
shaft  14  at  El.  29.5  m.  In  a  downstream 
direction  it  tends  to  become  tangential  to 
contact  A/B.  It  consists  iK.stly  of  crushed 
rock,  with  some  clay  filling  between  frag¬ 
ments.  Proper  j  nvest j' gation  of  this  shear 
zone  required  an  additional  shaft  (No.  17) 
froia  which  a  short  drift  followed  it  east¬ 
ward  to  a  N-S  tunnel  that  ramped  down  to 
the  A/B  contact. 

4.  Downstream  southward-dipping  zone.  This 
zone,  with  an  approximate  area  of  only  40  m 
by  50  m,  was  found  during  the  final  phase  of 
investigations  of  the  foundation  area.  Core 
drilling  in  an  area  nearly  46  m  south  of 
shaft  17  had  revealed  another  zone  of  lamel¬ 
lar  fragments  with  a  low  clay  content.  As 
it  progresses  downstream  from  El.  35  m  and 
El.  30  m  to  lower  levels,  it  tends  to  nar¬ 
row  down  and  disappear,  forming  a  fault 
slice  imbricated  upon  the  upstream  south¬ 
dipping  zone  described  above. 

5.  A  fifth,  less  important  shear  zone  was 
found  at  the  downstream  portion  of  the  high 
dam  foundation  area. 


GEOMECHANICAL  PROPERTIES  OF  THE  SHEAR  ZONES 

The  various  forms  in  which  the  shear  zones  be¬ 
neath  the  river  bed  occur  were  differentiated 
into  five  classes,  based  on  detailed  observa¬ 
tions,  measurements  on  the  tunnel  walls  and  the 
results  of  laboratory  direct  shear  tests  on  20 
cm  cubes.  The  principal  factors  considered  in 
the  following  classification  are  the  amount  and 
type  of  clay  filling. 

1.  Fracture  zone  with  rock-to-rock  contact;  the 
angle  of  shearing  resistance  0  =  35°.  This 
form  of  occurrence  is  generally  restricted 
to  greater  depths  or  close  to  where  the 


2.  Zone  of  subhorizontal  rock  fragments,  with 
clay  coating  or  partial  clay  filling  (0  be¬ 
tween  25°  and  30°) . 

3.  Zone  of  crushed  rock  (my Ionite)  with  small, 
angular  rock  fragments  and  a  small  per¬ 
centage  of  clay  (0  <  30°) . 

4.  Open  zone  with  well-defined  borders,  filled 
principally  with  clay  gouge  and  angular 
fragments  of  sound  or  slightly-weathered 
basalt  (0  as  25°) . 

5.  Zone  filled  principally  with  highly  plastic 
clay  (0  <  25°).  As  the  shear  zones  ap¬ 
proach  the  original  river  bottom  level  the 
clay  filling  is  mostly  an  orange-tan,  very 
plastic,  colloidal  clay  that  appears  to 
have  been  introduced  by  infiltrating  river 
water. 


PROPOSED  TREATMENT 

The  1974  cost  estimate  in  the  feasibility  re¬ 
port  included  a  sum  of  $20  million  for  special 
treatment  of  breccia  zones,  thought  at  the 
time  to  be  the  weakest  features  in  the  founda¬ 
tion.  This  treatment  was  described  as  "removal 
of  weaker  breccia  from  certain  strata  of  the 
foundation  and  replacement  by  concrete  to  im¬ 
prove  the  shear  strength  of  the  foundation  for 
the  dam" . 

Once  the  program  of  exploratory  tunnels  follow¬ 
ing  the  shear  zones  at  various  levels  was  well 
underway,  it  became  apparent  that  treatment  or 
elimination  of  the  fractured  seams  was  neces¬ 
sary  in  order  to  have  the  required  factor  of 
safety.  Initially,  several  alternatives  were 
considered,  including:  excavating  part  of  the 
foundation  area  to  below  contact  A/B;  hydraulic 
excavation  of  the  material  filling  the  shear 
zones  using  high  pressure  jets;  a  series  of 
trenches  filled  with  concrete;  concreted  tun¬ 
nels  acting  as  shear  keys.  Of  these,  lowering 
of  the  downstream  third  of  the  foundation  area 
and  concrete  shear  keys  along  the  fault  zones 
and  contact  A/B  were  analyzed  in  detail.  Al¬ 
though  both  of  these  solutions  would  yield 
equivalent  safety  factors,  an  open  excavation 
would  have  required  nearly  7  months  to  remove 
the  rock  by  controlled  blasting,  then  backfill 
with  concrete  from  El.  20  m  to  El.  40  m,  which 
would  have  seriously  delayed  the  construction 
schedule.  The  second  alternative  would  permit 
underground  treatment  while  the  high  blocks  of 
the  main  dam  were  poured  to  a  safe  limiting 
height  (El.  90  m)  and  would  be  20%  less  costly, 
in  view  of  the  smaller  amounts  of  excavation 
and  concrete  required,  (Caric  et  at.,  1982). 

Based  on  these  considerations,  the  alternative 
of  underground  treatment  by  shear  keys  was  se¬ 
lected.  Already  in  1978.  before  the  river 
channel  foundation  area  was  unwatered,  a  compar¬ 
ative  study  of  subsurface  treatment  methods 
carried  out  at  other  projects  (e.g.  Green  Peter 
Dam,  Oregon,  New  Bullards  Dam,  California)  had 
been  made.  Conventional  limiting  equilibrium 
stability  analyses  against  shear  failure,  utili¬ 
zing  very  conservative  assumptions,  showed  that 
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to  obtain  an  adequate  factor  of  safety  the  mini¬ 
mum  area  to  be  treated  by  concrete  keys  had  to 
be  approximately  25%  of  the  general  foundation 
area  under  the  four  main  double  blocks  of  the 
dam  (Itaipu  Binacional,  1981). 

Finite  element  analyses  were  used  to  determine 
the  proper  orientation  of  the  concreted  tunnels 
to  serve  as  shear  keys.  It  was  found  that  with 
keys  only  parallel  to  the  dam  axis  (transverse 
to  the  applied  load)  there  was  a  tendency  to 
concentrate  the  stresses  in  the  upstream  rows  of 
keys  in  a  manner  that  could  cause  progressive 
failure.  On  the  other  hand,  keys  aligned  in  an 
upstream-downstream  direction  and  located  di¬ 
rectly  under  each  stem  of  the  blocks  would  pro¬ 
vide  a  continuous,  effective  shearing  resistance 
over  the  whole  foundation  width,  even  bridging 
over  unexcavated  areas  of  the  foundation. 

In  order  to  include  the  best  elements  of  both 
orientations  and  increase  the  area  of  treatment, 
it  was  decided  to  have  a  grid  of  8  tunnels  par¬ 
allel  to  and  12  perpendicular  to  the  dam  axis, 
surrounded  by  peripheral  drainage  tunnels.  Such 
a  grid  would  have  the  advantage  of  a  more  uni¬ 


form  stress  distribution,  reducing  the  concen¬ 
tration  in  the  shear  keys  across  the  river 
(Fig.  7). 

The  grid  beneath  the  high  central  blocks  in  the 
river  channel  consisted  of  tunnels  3.5  m  wide 
and  2.5  m  high,  totaling  2,600  m  in  extent, 

which  were  filled  with  approximately  30,000  m^ 
of  concrete  and  then  grouted. 

The  shear  keys  are  not  at  a  uniform  elevation. 
Practically  all  the  keys  parallel  to  the  dam's 
axis  rise  from  either  extreme  towards  the  area 
beneath  the  stems  of  double  block  F-17/18,  where 
two  of  the  shear  zones  intersect.  The  upstream- 
downstream  key  tunnels  are  somewhat  more  regular 
in  elevation.  A  separate  grid  was  designed  a- 
round  shaft  17  in  order  to  cope  wi.h  the  south¬ 
dipping  shear  zones  at  approximately  El.  30  m. 

In  addition,  short  stub  tunnels  were  driven  up¬ 
stream  under  the  heads  of  half  blocks  F-16,  F-17 
and  F-18  and  westward  in  the  area  beneath  the 
stems  of  F-17  and  F-18,  where  the  existence  of 
very  soft  mylonitic  gouge  was  a  source  of  con¬ 
cern  with  respect  to  settlement. 


DOUBLE  BLOCKS 


F 13/14  F  15/16  F 17/18  F 19/20 
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SHEAR  KEY  TUNNEL  GRID  CONSTRUCTION 

Excavation  of  the  tunnels  for  the  shear  keys 
was  carried  out  with  extreme  care  to  prevent 
damage  to  the  sound  foundation  rock,  always 
controlling  the  blasts  so  that  the  concrete 
rising  above  the  area  would  not  be  affected. 
3lasting  vibrations  were  very  carefully  noni- 
tored.  The  maximum  advance  for  each  round  of 
blasting  was  1  to  6  m,  after  which  scaling  was 
done  with  special  lances  and  the  muck  removed 
with  a  miniloader.  Where  two  or  more  shear 
zones  occurred  close  above  one  another  it  was 
necessary  to  heighten  the  tunnel,  excavating 
it  by  benches  to  a  vault  8  to  10  m  high.  These 
chambers  were  concreted  as  soon  as  possible  to 
reduce  stand  up  time,  in  spite  of  the  use  of 
tensioned  rock  bolts  and  wire  mesh.  The  use  of 
gunite  together  with  rock  bolts  and  wire  mesh 
was  very  effective  in  some  areas  where  shear 
zones  overlapped  and  a  larger  excavation  was 
required. 

Prior  to  concrete  placement,  the  tunnel  surfaces 
were  thoroughly  washed  with  air/water  jets  to 
remove  all  loose  material  and  all  surface  clay 
was  removed  from  the  shear  zones  to  guarantee 
good  concrete  adhesion.  Detailed  geologic  map¬ 
ping  of  the  tunnel  walls  and  roof  was  carried 
out,  indicating  all  the  important  lithologic 
and  structural  features.  This  was  done  with 
reference  to  station  and  elevation  marks  placed 
by  the  surveyors. 

The  concrete  used  to  backfill  the  tunnels  was 
generally  of  a  specified  compressive  strength 
of  27.4  MPa  (3,973  psi)  after  one  year,  with  a 
maximum  aggregate  size  of  3.8  cm  (1.5  inch). 
However,  for  the  stub  tunnels  beneath  the  heads 
of  the  blocks,  34.3  MPa  (4,973  psi)  strength 
was  specified.  In  order  to  distribute  the  con¬ 
crete  thoroughly  within  the  tunnels  it  was  fed 
through  6  inch  holes  bored  from  the  foundation 
surface  with  "down  the  hole"  percussion  drills 
on  4  m  to  6  m  centers. 

Up  to  a  certain  height  within  the  tunnels,  con¬ 
crete  was  vibrated  by  a  crew  positioned  upon  a 
platform  made  of  rebars.  This  was  followed  by 
some  vibration  from  the  ends  of  the  section  be¬ 
ing  concreted  and  by  lowering  vibrators  down  the 
placement  holes.  The  last  50  cm  of  tunnel 
height  were  filled  with  concrete  containing  an 
expansion  agent. 

Grouting  of  the  concreted  shear  key  tunnels  was 
carried  out  from  the  surface  through  holes 
drilled  at  2  m  centers  to  fill  any  voids  left 
due  to  concrete  shrinkage,  insufficient  filling 
of  the  irregularities  of  the  rock  surface  or  to 
opening  of  joints  by  blasting  at  nearby  continu¬ 
ations  of  the  grid  system. 

Grout  pressures  were  limited  to  0.6  times  the 
height  of  the  overlying  rock  and  the  slurry  gen¬ 
erally  consisted  of  a  1:1  water-cement  ratio. 
When  grouting  was  completed,  core  borings  were 
made  to  verify  grout  penetration  and  pressure 
tests  carried  out  to  determine  if  the  fractures 
had  been  filled. 


FOUNDATION  INSTRUMENTATION 

To  monitor  the  behavior  of  the  rock  mass  in  the 


foundation  area  of  the  high  blocks,  instruments 
were  installed  even  before  backfilling  the 
shear  key  tunnels.  The  most  successful  type  of 
instrument  has  been  the  multiple-position  bore¬ 
hole  extensometer.  The  behavior  of  these  in¬ 
struments  showed  that  the  beginning  of  excava¬ 
tion  was  characterized  by  continuous  deforma¬ 
tions,  specially  at  the  heads  of  double  blocks 
F-15/16  and  F-17/18,  which  reached  1  mm/month 
during  the  opening  of  the  stub  tunnels  under 
those  blocks.  After  the  tunnels  were  back¬ 
filled  with  concrete  and  grouted,  the  rate  of 
settlement  decreased  to  0.7  -  0.4  mm/month, 
then  stabilized.  Tangential  movements  were  de¬ 
termined  by  triort'nogonal  gages  installed  along 
contact  A/B  in  the  peripheral  drainage  gallery 
and  the  water  pressures  developed  during  reser¬ 
voir  filling  measured  by  a  series  of  Casagrande 
type  piezometers  and  open  wells  that  permitted 
piezometric  measurements  at  any  point  along  the 
hole.  Permission  to  continue  pouring  concrete 
above  El.  90  m  on  the  high  blocks  depended  on 
the  settlement  rates  measured  by  the  extenso- 
meters.  As  tunneling  progressed  while  the  main 
blocks  rose  from  the  foundation,  the  behavior 
of  the  rock  mass  subjected  to  increased  loading 
became  critical,  specially  in  areas  where  cham¬ 
bers  had  to  be  excavated  and  the  overlying  rock 
burden  was  decreased.  The  instruments  monitor¬ 
ing  these  areas  indicated  higher  deformations 
and  thus  they  were  the  first  tunnel  sections  to 
be  concreted. 


REMEDIAL  MEASURES  IN  OTHER  AREAS  WITH  FOUNDATION 
STRUCTURAL  DEFECTS 

Following  is  a  brief  account  of  the  principal 
problems  encountered  in  basalt  flows  at  pro¬ 
gressively  higher  elevations  due  to  the  presence 
of  discontinuities,  and  the  measures  taken  to 
remedy  them  within  the  area  of  the  main  dam. 

Discontinuity  B 

This  is  the  imbricate  series  of  fractures  that 
was  tested  at  El.  61.5  m  in  a  niche  excavated 
beside  the  gallery  leading  from  the  deep  shaft 
at  El.  59  m,  within  the  upper  portion  of  the 
dense  basalt  of  flow  B. 

Shortly  after  the  river  was  diverted  in  October 
1978,  this  discontinuity  was  investigated  by 
tunnels  into  both  abutments.  It  soon  became  ev¬ 
ident  that  on  both  sides  its  shear  strength  is 
high,  for  it  consists  principally  of  a  zone  of 
closely-spaced,  subhorizontal  joints  cemented 
by  calcite  and/or  silica.  It  was,  however, 
found  that  some  seepage  along  it  could  cause  up¬ 
lift  pressure  once  the  reservoir  was  filled, 
therefore  the  exploratory  adits  were  converted 
into  drainage  tunnels  extending  165  m  at  El.  60 
m  in  the  right  abutment  and  210  m  at  El.  55  m 
within  the  left  flank. 

Contact  C/D 

A  shear  key  tunnel  grid  similar  to  that  beneath 
the  river  bed,  but  of  much  smaller  dimensions, 
was  required  to  treat  the  foundation  of  blocks 
F-l,  E-6,  E-5  and  E-4,  the  E  blocks  being  simple 
buttresses  on  top  of  the  right  abutment.  In 
that  area  the  contact  between  flows  C  and  D,  ap¬ 
proximately  at  El.  112,  was  found  to  be  filled 
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with  a  highly  plastic  orange-tan  clay  derived 
iron  the  river  when  it  flowed  at  such  higher 
levels  in  the  past.  In  the  left  abutsent  con¬ 
tact  C/D  is  tightly  cemented,  with  no  clay  fil¬ 
ling.  In  comparison  to  the  sain  grid,  this 
smaller  one  consists  only  of  four  upstream -down¬ 
stream  tunnels  and  three  tunnels  parallel  to  the 
das  axis,  having  the  sane  cross  section  as  the 
river  tunnels.  The  upstreaa-downstreas  tunnel 
coincident  with  block  2-6  turns  sharply  east 
under  the  head  of  block  2-6  and  passes  under  the 
heads  of  half  blocks  F-l  and  2-2.  Access  to  the 
grid  was  through  a  shaft  downstream  from  the 
a'oa  of  block  2-6.  The  three  tunnels  parallel 
to  the  Yarn's  axis  were  extended  westward  to  be¬ 
low  the  s*-em  or  buttress  2-2  in  order  to  make 
certain  fn&~  the  contact  had  progressively 
greater  rock  to  ick  contact  in  that  direction. 
The  total  length  of  tunnels  is  nearly  600  n  and 

filling  them  required  approximately  6,000  m2  of 
concrete . 

Discontinuity  D 

This  is  one  of  the  most  extensive  discontinui¬ 
ties  present  at  the  Itaipu  site.  It  became  ap¬ 
parent  not  only  in  borings  made  on  the  left  side 
of  the  river  but  in  road  cuts  and  the  sides  of 
the  Diversion  Canal  excavation.  In  that  area  it 
developed  within  a  band  of  expansive  clay  min¬ 
erals  concentrated  in  the  upper  third  of  flow  D 
and  is  filled  with  colloidal  clay  derived  from 
the  river  and  even  some  small  pockets  of  fine, 
uniform  sand. 

The  concrete  dam  foundation  on  the  east  (left) 
side  of  the  Diversion  Canal  was  20  m  to  34  m  a- 
bove  Discontinuity  D,  with  sound,  dense  basalt 
in  the  intervening  thickness.  The  first  two 
concrete  blocks  adjacent  to  the  Diversion  Struc¬ 
ture  on  the  east  side  of  the  canal  were  changed 
from  single  buttresses  to  massive  gravity  blocks 
for  greater  stability.  With  the  dam  founded  at 
higher  elevations  to  the  east,  the  load  imposed 
upon  the  rock  would  be  distributed  over  a  con¬ 
siderable  area  at  the  depth  of  the  fracture. 

Originally  it  was  intended  to  found  the  upper¬ 
most  double  buttress  blocks  of  the  main  dam  at 
El.  125  m  on  the  left  abutment,  but  in  that  area 
Discontinuity  D,  which  had  evidence  of  shear 
displacement,  bifurcated  into  two  branches  ap¬ 
proximately  at  elevations  117  m  and  115.5  m. 

In  addition  to  being  open  and  clay-filled,  it 
was  affected  by  blasting  vibrations  during  canal 
excavation,  so  that  the  rock  mass  above  it  un¬ 
derwent  stress  relief  and  some  movement.  Con¬ 
sequently,  the  foundation  level  had  to  be  lo¬ 
wered  below  the  fracture  to  El.  115  m. 

In  the  right  abutment,  Discontinuity  D  was  fol¬ 
lowed  for  over  120  m  by  a  tunnel  excavated  at 
El.  125  m  and  was  found  to  have  enough  areas 
with  rock  to  rock  contact  to  yield  an  estimated 
friction  angle  0  of  35°.  Only  the  foundation 
of  half-block  F-l  had  to  be  lowered  from  El. 

125  m  to  El.  123  m  due  to  the  occurrence  of  a 
branch  of  the  discontinuity  observed  exposed  on 
the  cut  slope  between  the  foundation  berms  of 
buttresses  F-l  and  F-2.  This  exploratory  tun¬ 
nel  was  left  as  a  drainage  tunnel  after  ade¬ 
quate  roof  supporting  treatment. 


FOUNDATION  GROUTING  AND  DRAINAGE  OF  THE  MAIN  DAM 

Prior  to  curtain  grouting,  consolidation  grout¬ 
ing  was  carried  out  under  the  heads  of  the 
double  buttress  blocks  in  vertical  holes  3  n 
deep  and  on  6  m  centers,  just  after  the  first 
lift  of  concrete  was  poured.  The  main  purpose 
of  this  grouting  was  to  seal  any  fractures  that 
could  open  near  the  foundation  surface  due  to 
excavation  blasting. 

Contact  grouting  was  carried  out  from  the  up¬ 
stream  berm  of  the  blocks  in  two  rows  of  in¬ 
clined  holes  extending  about  6  n  below  the  block 
foundation  level  and  with  a  spacing  of  3  m. 

The  main  grout  curtain  is  situated  upstream  of 
the  dam  blocks  and  is  connected  by  means  of 
lateral  curtains  in  the  abutments  with  the  down¬ 
stream  grout  curtain  of  the  powerhouse.  Thus 
the  entire  foundation  area  of  the  main  dam  in 
the  river  channel  is  surrounded  by  a  grout  cur¬ 
tain  to  reduce  seepage  to  a  minimum  and  the 
shear  key  grid  within  this  area  is  encircled  by 
a  drainage  tunnel  system  with  drains  and  weirs 
to  collect  and  measure  what  little  infiltration 
passes  through  the  encircling  curtain. 

The  upstream  grout  curtain  consists  of  3  rows  of 
vertical  holes  drilled  from  the  upstream  plat¬ 
form  of  the  blocks.  It  would  have  been  prefer¬ 
able  to  initiate  the  curtain  directly  under  the 
buttress  heads  but,  by  doing  so,  concreting 
would  have  been  delayed.  Moreover,  calculations 
showed  that  a  grouting  gallery  across  the  blocks 
would  have  weakened  them. 

The  grouting  sequence  consisted  of  primary  holes 
on  6  m  centers,  secondary  ones  at  half-spacing 
and  tertiary  and  quaternary  holes  at  split¬ 
spacing,  depending  on  grout  absorption.  The 
first  line  to  be  grouted  was  the  one  nearest 
the  drainage  curtain.  Grout  absorptions  great¬ 
er  than  12.5  kg/meter  would  dictate  the  need  to 
grout  tertiary  or  higher  orders  of  grout  holes. 
The  depths  of  grout  holes  reached  40  m  below 
the  foundation  rock  surface  in  the  river  channel 
area. 

All  the  grout  holes  were  drilled  with  percussion 
equipment.  It  was  found  that  the  "down  the 
hole"  type  of  air  drill  produced  faster, 
straighter  holes  than  those  drilled  with  a 
rotary  rig  and  cuttings  could  be  readily 
flushed  out.  Rotary  borings  drilled  with  dia¬ 
mond  drill  bits  tended  to  produce  much  fine¬ 
grained  "rock  flour"  slurry  that  could  be 
forced  into  the  very  fractures  that  had  to  be 
sealed  with  cement  grout.  Furthermore,  the 
cost  of  percussion  drilling  was  considerably 
less  than  diamond  drilling. 

Pressure  increase  during  grouting  observed  the 
following  specifications: 


Depth 

Maximum  Effective 

Pressure  (pressure 

at  level  being  grouted) 

0  to  5 

m 

not  greater  than 

1  kgf/cnr 

(98  KPa) 

6  m-20 

m 

0.3  x  depth 

kgf/cm2 

(98  KPa) 

20 

m 

6  +  0.75 (depth-20) 

kgf/cm2 

(98  KPa) 

to  a  maximum 
surface  gauge 

o 

pressure  of 

50  kgf/cm 

(4.9  MPa) 
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SALIENT  FEATURES  OF  THE  INVESTIGATION  AND 

SELECTION  OF  THE  ITAIPU  DAM  SITS 

1.  Core  drilling  in  the  river  channel  had  to  be 
done  in  nearly  50  n  of  water. 

2.  The  dam  axis  was  chosen  by  giving  point  rat¬ 
ings  to  essential  features,  for  example, 
width  of  site,  geological  conditions  in  the 
river  bed,  necessary  height  of  embankments, 
etc. 

3.  Although  downstream  site  E  was  found  to  have 
a  relatively  unfractured  thick  basalt  (flow 
A)  as  a  foundation  for  the  main  dam,  it  was 
not  selected  primarily  because  spillway  dis¬ 
charges  from  it,  and  probably  the  power¬ 
house  discharge  as  well,  would  affect  the 
small  Acaray  project  which  develops  a  stream 
of  the  same  name  a  short  distance  down¬ 
stream  from  that  site,  on  the  right  side  of 
the  river  (Fig.  2) .  It  also  received  a  low 
rating  for  the  location  of  future  naviga¬ 
tion  facilities. 

4.  After  the  five  basalt  flows  that  influence 
the  selected  site  were  investigated  by  core 
borings  and  defined  as  flows  A  through  E 
from  the  bottom  up,  deeper  borings  were  made 
and  five  additional  underlying  flows  were 
characterized. 

5.  A  sum  of  20  million  dollars  was  included  in 
the  construction  estimate  to  cover  the  cost 
of  any  radical  foundation  treatment  program. 

6.  The  core  borings  made  before  the  foundation 
area  of  the  main  dam  was  unwatered  did  not 
reveal  the  true  character  of  the  shear  zones 
in  the  lower  part  of  flow  B.  The  first  con¬ 
firmation  of  the  nature  of  these  zones  was 
obtained  in  a  tunnel  advanced  from  the  bot¬ 
tom  of  the  deep  shaft  on  the  right  bank. 

7.  All  the  basalt  flows  in  the  area  have  a  sub¬ 
horizontal  discontinuity,  generally  in  the 
upper  third  of  the  flow's  thickness.  Some 
of  these  discontinuities  developed  in  hori¬ 
zons  of  expansive  clay  mineral  concentra¬ 
tion.  The  clays  in  turn  appear  to  have 
formed  due  to  deuteric  alteration  of  vol¬ 
canic  glass  along  a  horizon  controlled  by 
the  cooling  rate  of  the  flow  (Cabrera,  1985) . 

8.  The  results  of  the  detailed  investigations 
of  the  shear  zones  below  the  river  bed 
near  the  base  of  flow  B,  indicate  that  they 
occurred  due  to  unloading  by  rapid  downcut¬ 
ting  of  the  river  and  consequent  high  hori¬ 
zontal  stresses,  which  buckled  and  over¬ 
thrust  the  remaining  thickness  of  flow  B 
(Cabrera,  1986) . 


CONCLUSIONS 

The  foregoing  account  of  the  selection  and  in¬ 
vestigation  of  the  Itaipu  dam  site  can  illus¬ 
trate  the  fact  that  the  input  from  the  engineer¬ 
ing  geologist  is  often  not  sufficient  to  prevail 
over  other  factors  that  influence  the  location 
of  a  dam's  axis.  At  site  E,  farther  downstream, 
the  river  eroded  down  to  flow  A,  which  inves¬ 
tigations  showed  did  not  have  zones  of  frag¬ 


mented  and  comminuted  rock  corresponding  to 
shear  zones. 

In  the  area  of  the  axis  finally  selected  for 
the  dam  (Axis  A-2)  it  appears  likely  that  as 
basalt  flow  B  was  eroded  by  rapid  river  down¬ 
cutting  to  nearly  20  m  from  its  base,  the  de¬ 
crease  of  norma?,  load  in  the  valley  allowed  the 
high  residual  horizontal  stresses  to  cause 
buckling  and  shearing  of  the  remainder  of  the 
flow. 

No  evidence  of  shear  displacement  was  found  on 
the  surfaces  of  contact  A/B,  only  filling  by 
colloidal  clay,  probably  transported  by  water 
infiltrating  from  the  river.  Directly  under 
the  river  thalweg  the  contact  is  more  open, 
probably  separated  by  an  arching  effect. 
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SYNOPSIS 


Grouting  the  cavities  in  cavernous  carbonate  formations  is  one  of  the  techniques  employed 
to  achieve  reliable  bearing  support  for  structures  founded  in  and  on  such  rock  units.  For  this 
purpose,  conventional  exploration  methods,  such  as  test  borings  and  geophysical  measurements,  can 
be  employed  to  obtain  the  necessary  subsurface  data;  but,  they  are  usually  limited  in  extent, 
expensive,  time  consuming,  and  can  be  misleading.  These  limitations  can  be  overcome  by  employing 
percussion  probing  techniques.  A  case  history  is  cited  wherein  percussion  probing  was 
successfully  employed. 

INTRODUCTION 


Carbonate  formations  are  rock  units  that 
contain  limestones  and  dolomites.  These  units 
possess  varying  degrees  of  solubility  in 
water,  depending  upon  its  acidity.  Due  to 
this,  cavities  form  resulting  in  structural 
weakness  of  the  rock  formation.  Sound  rock 
above  these  openings  tend  to  bridge  or  arch. 

If  these  bridges  are  not  strong  enough  to  span 
these  openings  and/or  if  they  are  weakened  by 
natural  phenomenon,  such  as  jointing  or 
weathering,  or  other  causes,  they  can 
collapse. 

Foundation  Support  in  Cavernous  Carbonates 

The  ability  of  the  foundation  material  to 
support  foundations  in,  on,  and  within  the 
soil  above  these  formations  is  affected  by  the 
location  and  extent  of  cavities  within  these 
rocks  and  the  thickness  and  quality  of  rock 
between  the  cavities  and  the  foundation.  In 
some  cases,  it  may  be  necessary  to  improve  the 
quality  of  the  rock  mass  to  obtain  the 
required  strength.  Several  methods  of 
improving  foundation  reponse  and  reliability 
within  these  formations  have  been  reported  in 
the  literature  (Wagener,  1984,  Depman  and 
Backe,  1976).  A  case  history  where  grouting 
was  performed  to  improve  the  foundation 
support  will  be  presented  in  this  paper. 

Geology  of  Case  History  Cited 

The  project  cited  in  this  paper  is 
located  in  central  New  Jersey  and  comprised  a 
portion  of  a  major  corporate  headquarters 
building  complex.  A  literature  review 
pertaining  to  the  geology  of  the  site  was 
conducted.  The  site  is  located  on  the 
southeastern  edge  of  the  Highlands 
physiographic  province  and  extends  west  into 
the  adjacent  Triassic  Lowlands  (Widmer,  1964). 
Regional  bedrock  mapping  (New  Jersey 
Department  of  Environmental  Protection,  1974) 


indicated  that  four  formations  occurred  at 
the  site  region,  exhibiting  evidence  of 
Cambrian  through  Mesozoic  Tectonic  events 
which  controlled  the  region's  geologic 
development.  From  the  oldest  to  the 
youngest,  the  formations  found  were: 
Hardycton  Formation,  Leithsville  and 
Allentown  Formations  (all  Cambrian),  and  the 
Border  Conglomerate  of  the  Brunswick 
Formation  (Triassic).  Basement  rock  is 
Precambrian  Byram  Gneiss. 

The  Leithsville  Formation,  which 
underlies  the  immediate  vicinity  of  the 
project,  is  a  dolomite  rock.  At  least  two 
members  of  this  formation  are  believed  to  be 
present  at  the  site  (Markiewicz,  et.  al., 
1981).  The  major  member  present  is  fine 
grained  and  thinly  bedded  with  interbedded 
residual  clay  layers  (the  Hamburg  member). 

A  coarse  grained  and  massively  bedded, 
crystalline  dolomitic  limestone,  which 
weathered  in  a  pinnacled  configuration,  is 
the  other  member  (the  Califon  member).  The 
site  is  intensely  folded  and  faulted.  In 
addition,  the  literature  indicated  the 
bedrock  contains  cavities  of  varying  sizes, 
some  of  which  were  found  to  have  been  filled 
with  soil  (Wheeler  and  Myers,  1976). 

Subsurface  Explorations  Performed  Prior 
to  Grouting 

Conventional  subsur f ace _ explorations 
performed  revealed  the  presence  of  a  cavity 
under  the  proposed  structure.  In  order  to 
determine  the  exact  location,  extent,  and 
configuration  of  this  cavity,  several 
conventional  subsurface  exploration 
techniques  can  be  employed.  Borings  with 
rock  coring  tend  to  be  slow  and  expensive, 
especially  when  performed  at  each  proposed 
foundation  location.  Interpretation  of 
subsurface  conditions  from  more  widely 


spaced,  less  frequent  borings  tend  to  be 
extremely  misleading.  Geophysical  methods 
do  not  yield  absolute  subsurface  information 
and  frequently  detect  at  best  only  the 
largest  cavities.  It  Is  thus  desirable  to 
employ  a  technique,  that  would  be  more 
reliable  than  the  geophysics,  and  more  rapid 
and  less  expensive  than  the  borings  for 
performing ‘ the  additional  investigations 
necessary  for  grouting.  This  was  accomplished 
by  utilizing  a  clos&ly  spaced  grid  of 
percussion  probes  cor-elattd  to  s'te 
conditions. 

Percussion  Probes 


Percussion  probes,  commonly  known  as  "Air 
Track  Probes"  were  utilized  to  conduct 
detailed  investigations  of  the  location 
and  the  extent  of  the  cavity  below  the 
proposed  water  tower.  In  this  country,  such 
probes  have  been  used  to  verify  the  adequacy 
of  the  bearing  stratum  of  caissons  in  carbonate 
formations.  These  probes  have  also  been 
successfully  utilized  in  South  Africa  in 
cavernous  regions  (Wagener,  1984).  But  at 
the  time  the  authors  employed  this  technique, 
they  were  not  aware  of  the  use  of  percussion 
probes  for  determining  the  extent  of  cavities. 

The  air  track  probe  rig  utilized  for 
•n*se  investigations  was  a  Crawalair  ECM-350, 
equipped  with  VL-140  valveless  drifter.  Of 
the  various  drill  bits  tested,  the  3-inch  bit 
size  was  selected  for  use  since  it  provided 
penetration  rates  that  were  easier  to  record 
but  rapid  enough  to  Be  economical.  To  provide 
the  necessary  compressed  air,  an  Ingersoll 
Rand  Spiro  Flo  DXL  750P  compressor, 
delivering  750  cubic  feet  of  air  per  minute  at 
125  psi  was  used.  This  equipment  does  not 
yield  representative  samples;  but,  it  is 
possible  to  record  the  rates  of  penetration 
through  different  subsurface  materials,  as  the 
probes  penetrate  through  them.  More  details 
of  the  equipment  used  for  percussion  probing 
can  be  obtained  from  literature  (lifrieri  and 
Raghu,  1982). 

Basis  for  Interpreting  the  Probe  Data 

A  site  specific  correlation  was  developed 
between  percussion  probe  penetration  rates  and 
the  type  of  material  encountered  for  this 
project  site.  For  this  purpose,  a  test  area 
was  selected  where  borings  were  previously 
drilled.  Probes  were  advanced  adjacent  to 
borings.  Penetration  data  obtained  from  these 
probes  were  compared  with  the  materials 
recovered  from  the  borings.  Based  on  this,  a 
preliminary  correlation  could  be  established 
between  the  observed  probe  penetration  rates 
and  the  quality  of  the  subsurface  materials, 
especially  the  rock.  Utilizing  these  results, 
a  judgement  regarding  the  bearing  strength  of 
the  material  could  be  made. 

As  explorations  progressed  further  for 
the  complex,  it  became  evident  that  these 
preliminary  correlations  had  to  be  modified 
based  on  a  visual  inspection  of  the  material 
penetrated  in  order  to  obtain  quantitative 
data  regarding  the  quality  of  the  subsurface 
materials.  To  accomplish  this,  a  probe  rig 
was  set  up  at  the  top  of  a  slope  of  a  near 


vertical  excavation  exposing  rock  and  soil 
of  various  quality.  Probes  were  advanced 
immediately  behind  the  face  of  the  slope. 
The  quality  of  the  rock  exposed  in  the 
excavation  could  then  be  visually  inspected 
and  compared  to  the  corresponding 
penetration  rates  observed  during  probing 
operations.  Thus,  a  final  and  more 
realistic  correlation  was  established 
between  the  penetration  rates  and  the 
strength  of  the  subsurface  materials 
penetrated.  This  correlation  is ^presented 
in  Table  1.  More  details  of  these 
correlations,  the  limitations  and 
interpretation  of  data  based  on  a  term 
called  “Foundation  Quality  Index"  are 
reported  elsewhere  (Lifrieri  and  Raghu, 
1982). 


Table  1 


Penetration  Rate 
of  the  Percussion 
Probe 

(Seconds  per  Foot) 

Type  of 
Material 

Symbol 

0-2 

Void/Soil 

Filled  Cavity 

V 

2-5 

Loose  Soil 

S 

5-15 

Residual  Soil 

RS 

15  -  30 

Decomposed  Rock 

DR 

Above  30 

Sound  Rock 

R 

Probinq  Program 

Forty-five  percussion  probes  were  drilled 
at  several  locations  around  the  perimeter 
of  this  structure  which  measured  only  25 
feet  square  (see  Figure  1).  Also  shown  in 
Figure  1  is  the  layout  of  the  original 
proposed  foundation  for  the  structure.  The 
penetration  rates  were  recorded  for  each 
foot  of  each  probe.  The  percussion  probes 
were  generally  terminated  upon  penetrating 
at  least  15  feet  into  competent  bedrock  free 
of  cavities.  A  typical  probe  log  is 
presented  in  Figure  2. 

It  should  be  noted  that  all  45  probes 
were  drilled  in  only  four  days  at  a  total 
cost,  including  inspection,  of  approximately 
$4,500.  Since  the  overburden  soil  cover  is 
relatively  thin,  detailed  subsurface 
exploration  by  borings  would  involve  a 
significant  footage  of  rock  coring.  It  was 
estimated  that  the  cost  to  obtain,  by  means 
of  test  borings,  similar  information 
regarding  the  extent  of  the  cavity  beneath 
the  structure  would  have  been  about  fifteen 
times  greater  and  would  have  required  fifty 
to  eighty  rig  days  to  complete. 
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FIGURE  1  -  LAYOUT  PLAN  OF  STRUCTURE 
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The  percussion  probes  indicated  that 
the  overburden  soils  were  relatively  thin 
and  that  the  bedrock  contained  a  large, 
continuous  cavity  beneath  the  entire  plan 
area  of  the  proposed  structure.  A  typical 
subsurface  cross  section  depicting  the 
subsurface  stratigraphy  before  grouting,  as 
inferred  from  probing,  is  shown  in  Figure  3. 
For  these  conditions,  several  foundation 
design  alternatives  were  considered. 


FIGURE  3  -  SUBSURFACE  STRATIGRAPHY  AS  INFERRED 
FROM  PROBING 
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FIGURE  2  -  TYPICAL  PROBE  LOG 


Foundation  Design  Scheme 


It  was  determined  that  construction  of  a 
spread  footing  foundation  system  or  a  large 
mat  foundation  on  the  upper  bedrock  layer  over 
the  cavity  could  eventually  lead  to  a 
potential  settlement  .problem  of  the  proposed 
structure.  Economic  analyses  indicated  that 
there  would  be  a  significant  cost  savings 
(over  $50,000)  if,  rather  than  pre-drilling 
holes  through  the  upper  bedrock  layer  and 
driving  steel  H-piles  to  competent  bedrock 
beneath  the  cavity,  the  cavity  was  to  be 
filled  with  a  cement  grout  and  a  mat 
foundation  then  constructed  on  the  surface  of 
the  upper  bedrock  after  the  overburden  soils 
were  removed.  Accordingly,  it  was  decided  to 
proceed  with  a  grouting  program. 


Details  of  the  Grouting  Program 


The  grouting  program  required  the  use  of 
3i  inch  diameter  grout  holes  placed  in  a  grid 
pattern.  The  locations  of  the  grout  holes  are 
shown  in  Figure  1.  To  reduce  costs,  many  of 
the  original  percussion  probe  holes,  which  had 
been  drilled  with  a  3-inch  diameter  bit,  were 
over-reamed  to  the  required  diameter  for 
grouting.  Three  inch  diameter  perforated 
grout  pipes  were  inserted  in  the  grout  holes 
that  extended  through  the  cavities  into  the 
competent  bedrock  below.  Cement-bulk  filler 
grout  was  pumped  into  each  hole  under  varying 
pressures  until  there  was  no  more  grout  take 
(refusal).  Provisions  were  made  to  perform 
secondary  and  tertiary  grouting  operations,  if 
deemed  necessary. 


Rock  Mass  Quality  After  Groutinc 


After  grouting,  probes  were  advanced 
adjacent  to  the  grout  holes  to  determine  rock 
mass  quality  and  the  extent  of  any  remaining 
cavities.  A  comparison  of  the  results  of 
probes  showing  the  rock  mass  qualities  and 
extent  of  cavities  before  and  after  grouting 
is  presented  in  Figure  4.  It  can  be  seen  from 
this  comparison  that  there  was  only  a  slight 
improvement  in  rock  quality  due  to  grouting. 
This  was  attributed  to  the  fact  that  the  grout 
was  not  able  to  displace  the  soil  present  in 
the  cavities.  It  was  decided  to  abandon  plans 
tc  proceed  with  additional  grouting.  The 
grout  pipes  which  had  been  in  place  were 
relied  on  to  act  as  "needle  piles"  to  help 
transfer  the  foundation  load  below  the 
cavities  into  the  competent  bedrock  below. 

The  structure  has  not  experienced  any 
settlement  since  it  was  constructed  several 
years  ago.  Hence,  it  may  be  concluded  the 
limited  benefit  of  the  grouting  program 
together  with  the  beneficial  support  of  the 
"needle  piles"  was  effective  in  solving  the 
problem  presented  by  the  cavities  at  this 
site.  However,  without  the  additional  data 
obtained  by  post-grouting  percussion  probes, 
the  need  to  incorporate  the  "needle  piles" 
into  the  foundation  would  not  have  been  known 
and  the  structure  would  probably  have  been 
subjected  to  unacceptable  and  perhaps 
objectionable  movements. 


FIGURE  4  -  ROCK  MASS  QUALITY  BEFORE  AND  AFTER 
GROUTING 


Conclusions 

Some  of  the  limitations  and  drawbacks 
involved  in  grouting  cavernous  carbonate 
formations  have  been  presented  in  this 
paper.  The  need  for  determining  the 
improvement  of  rock  mass  quality  after 
grouting  is  also  clearly  demonstrated.  A 
new  technique  based  on  percussion  probe 
penetration  rates  to  obtain  the  required 
subsurface  information  for  grouting  was 
developed.  Also  it  was  shown  that  this 
technique  can  be  also  employed  to  verify  the 
effectiveness  of  grouting.  This  technique 
is  shown  to  be  superior  to  the  conventional 
subsurface  investigation  in  terms  of 
accuracy,  cost  and  speed. 
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SYNOPSIS:  At  the  Rocky  Mountain  Pumped  Storage  Project  a  12  meter  diameter  power  tunnel  was 
excavated  through  sedimentary  rock  for  760  meters.  Approximately  10%  of  this  tunnel  was  through 
Pennington  shale  that  is  described  as  a  dark  gray  massive  organic  shale.  This  paper  will  describe 
the  methods  of  testing  and  rock  characterization,  the  results  of  instrumentation  and  monitoring, 
and  the  post-construction  testing  program  for  the  excavation,  and  conclude  with  a  discussion  of  the 
observed  rock  response  in  relation  to  the  measured  strength  and  deformation  properties.  This 
particular  zone  of  the  tunnel  required  the  addition  of  longer  rockbolts,  and  a  discussion  of  that 
supplemental  rock  reinforcement  will  be  included. 


INTRODUCTION 

The  Rocky  Mountain  Project  is  a  pumped  storage 
facility  rated  at  approximately  800  megawatts 
of  peaking  energy.  The  project  is  located 
approximately  16  km  (10  m)  northwest  of  Rome, 
Georgia,  in  the  Valley  and  Ridge  Physio¬ 
graphic  Province. 

Construction  of  the  project  required  the 
excavation  of  a  12-m  (39.5-ft)  tunnel,  640-m 
(2,100-ft)  long.  Construction  also  included 
the  placement  of  a  10.7-m  (35-ft)  diameter 
reinforced  concrete  liner  in  the  tunnel.  The 
construction  of  the  water  tunnel  has  been 
completed. 

The  zone  of  anticipated  low  strength  occured 
along  a  111.3-m  (365-ft)  stretch  of  the  tunnel 
starting  approximately  193. 5-m  (635-ft)  up¬ 
stream  from  the  portals. 

The  investigative  program  included  geological 
mapping,  rock  borings,  geophysical  testing, 
laboratory  and  field  testing  of  core  samples, 
construction  of  an  exploratory  adit  and  test 
chamber. 

Design  of  the  excavation  and  rock  reinforce¬ 
ment  will  be  discussed.  During  the  excavation 
representatives  from  engineering  mapped  the 
geological  conditions,  observed  the  rocks 
response  to  excavatiop,  and  monitored  rock 
movements  with  instrumentation  of  the  excavat¬ 
ed  surfaces. 

Field  tests  of  in-situ  rock  properties  were 
made  during  the  excavation  of  the  tunnel. 


INVESTIGATION  PROGRAM 

From  1977  through  1979,  a  series  of  borings 
were  drilled  along  the  tunnel  alignment  to 
determine  the  geological  conditions.  Geo¬ 
physical  data  were  acquired  using  crosshole 
velocity  measurements,  uphole  velocity 
surveys  and  downhole  measurements  (sonic 


velocity,  gamma  radiation  and  borehole 
verticality) .  Water  pressure  testing  was 
conducted  in  selected  borings. 

An  exploratory  adit  was  excavated  during 
1978-1979  above  the  centerline  of  Penstock 
no.  2.  A  test  chamber,  the  same  diameter  as 
the  upper  half  of  the  planned  tunnel,  was 
constructed  at  the  end  of  the  exploratory  adit 
to  provide  information  on  the  behavior  of  the 
rock  during  and  after  excavation.  Thi6  test 
chamber  also  revealed  additional  rock 
exposure  for  the  measurement  of  structural 
features  and  geological  conditions. 

During  the  fall  of  1980,  a  detailed  field  and 
laboratory  program  was  undertaken  to  define 
the  rock  mass  properties  for  use  in  the 
design  of  the  tunnel  and  shaft.  Two 
additional  core  holes  were  located  off  the 
tunnel  centerline  and  carefully  oriented  and 
angle-drilled  to:  1)  obtain  rock  conditions 
in  the  bifurcation  area,  2)  intersect  steeply- 
dipping  joints  at  an  angle  that  was 
appropriate  for  lab  testing,  and  3)  assess 
the  frequency  and  spacing  of  steeply-dipping 
joint  sets.  Detail  line  surveys  were 
conducted  to  determine  fracture  extent, 
spacing,  opening,  and  orientation.  Seismic 
refraction  surveys  were  conducted  along  the 
walls  of  the  exploratory-drainage  adit  to 
determine  the  in  situ  velocity,  elastic 
modulus,  and  thickness  of  loosened  zones. 

During  the  excavation  of  the  tunnel,  plate 
jacking  tests  and  cross-hole  and  downhole 
geophysical  tests  were  conducted  in  shale  and 
siltstone  units  from  the  upper  bench  excava¬ 
tion  to  determine  in-situ  rock  properties. 

LOCAL  GEOLOGY 

Stratigraphy 

Paleozoic  rocks  of  Pennsylvanian  and  Missis- 
sippian  age  occurred  along  the  shaft  and 
tunnel  alignment  and  were  identified  as  17 
distinct  units.  The  zone  of  interest  is  a 


25.9-m  (85-ft)  thick  layer  of 
moderately-hard,  massive-bedded,  organic 
shale  with  very  thin  sandstone  laminae  and 
siderite  layers  (unit  16).  Below  the  zone  is 
a  100-m  (330-ft)  thick  very-hard,  massive 
bedded,  medium-  to  course-grained, 
fossiliferous  crystalline  limestone  (unit 
17).  Above  the  zone  is  a  19.8-m  thick 
(65-ft)  moderately-hard,  thin-  to  medium- 
bedded,  clayey  siltstone  (unit  15). 

Structure 

The  strength  and  stability  of  a  rock  mass  is 
highly  affected  by  the  discontinuties: 
bedding,  joints,  faults,  and  shear  zones. 
Measurements  indicated  that  bedding  in  unit 
16  at  tunnel  grade  would  strike  N72°E  and  dip 
13°  to  the  northeast  (perpendicular  to  the 
tunnel  axis).  Jointing  occured  in  two  sets: 
1)  a  predominant  set  with  a  strike  of  N 
60-70°E  and  dipping  70-75°NE  and  2)  an 
infrequent  set  with  a  strike  of  N  30-40°E  and 
dipping  30°NE.  The  investigation  program  did 
not  indicate  possible  faults  or  shear  zones. 

Ground  Water 

The  ground-water  conditions  for  the  tunnel 
are  topographically,  lithologically,  and 
structurally  controlled.  Water  pressure 
testing  of  the  shale,  unit  16,  indicated  very 
low  permeabilities  with  no  measurable  water 
take.  The  overlying  siltstone,  unit  15,  had 
a  permeablity  of  approximately  5.0  x  10-5 
cm/sec. 


ROCK  PROPERTIES 

Rock  properties  from  field  and  laboratory 
testing  are  presented  in  Table  1. 

DESIGN 

The  design  criteria  for  the  tunnel  excavation 
was  to  provide  a  stable  opening  during  and 
after  construction  for  the  placement  of  the 
concrete  lining.  The  design  was  also 
intended  to  minimize  the  disturbance  of  the 
surrounding  rock  mass  so  that  it  would  be 
able  to  resist  excessive  deformation  of  the 
tunnel  lining  upon  internal  pressuriza¬ 
tion.  The  excavation  was  stabilized 
for  loadings  due  to  gravity,  blasting  vibra¬ 
tions,  hydrostatic  forces  due  to  ground  water 
in  joints  and  bedding  planes,  and  additional 
loads  caused  by  destressing  the  rock  as  the 
excavation  proceeded.  The  rock  stabilization 
designs  take  these  conditions  into  account, 
while  retaining  the  flexibility  required  to 
handle  unexpected  rock  conditions. 

Excavation  of  the  tunnel  was  divided  into  a 
top  heading  and  bench  operations  to  limit 
raveling  of  the  excavation  face  along  the 
N60-70°E  joint  set.  The  philosophy  of  design 
was  that  by  using  rock  reinforcement  the  rock 
became  self  supporting.  Rock  stabilization 
design  was  based  on  average  conditions  for 
two  groups  of  rock,  classified  simply  as  soft 
rocks  and  hard  rocks.  A  primary  bolt  pattern 
was  designed  for  each  group.  Bolt  length  and 
spacings  were  chosen  using  standard  rules  of 


TABLE  1 


Desian  Values 

Excavated 

Values  ii 

Property 

Unit  16-Shale 

Unit  15-Silt8tone 

Unit  16-Shale  Unit  15-Siltstone  ] 

Point  load-diam. 

8.89  MPa 

7.72 

MPa 

i 

Point  load-axial 

Brazilian  tensile 

30.06  MPa 

62.1 

MPa 

>i 

strength 

Unaxial  compressive 

5.14  MPa 

5.16 

MPa 

j 

| 

strength 

52.54  MPa 

57.02 

MPa 

i 

Triaxial  compressive 
strength  9  300psi 

Direct  shear 

46.45  MPa 

66.97 

MPa 

1 

strength  9  300psi 

1.56  MPa 

1.97 

MPa 

,] 

Density 

2.67  Mg/ra3 

2.67 

Mg/m3 

Dilation 

0.15  cm 

0.26 

cm 

J 

Cohesion 

5.51  MPa 

9.31 

MPa 

Angle  of  friction 

38.5° 

51* 

1 

Youngs  modulus-lab 

14.06  GPa 

17.65 

GPa 

"P"  velocity-field 

5,212  m/s 

4,840 

m/s 

4,460  m/s 

4,175  m/s  1 

cross-hole 
"S"  velocity-field 

2,150  m/s 

2,360 

ra/s 

1,900  m/s 

2,209  m/s  1 

cross-hole 
"P"  velocity-uphole 

3,800  m/s 

4,200 

m/s 

3,505  m/s 

4,511  m/s 

Youngs  modulus-dynamic 

30.68  GPa 

37.16 

GPa 

23.96  GPa 

34.06  GPa  1 

from  cross-hole 

Youngs  modulus  of  intact 

7.67  GPa 

9.29 

GPa 

5.99  GPa 

8.51  GPa  1 

rock-seismic 

Youngs  modulus  of 

1.92  GPa 

2.32 

GPa 

1.50  GPa 

2.13  GPa  ■ 

loosened  zone-seismic 
Youngs  modulus  of  loosened 

2.76  GPa 

4 . 14  GPa  1 

zone-jacking  test 

Blast  loosened  zone 

0.91-1.52  m 

0.30-0.60  m 

1 

0.0-0.30  m 

Rock  mass  rating 

47 

43 

55-67 

54-68 

Rock  mass  strength 

— 

— 

180-500 

500-580 

determination 
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thumb.  Checks  were  then  made  to  acsure  that 
the  design  would  reinforce  joints  against 
shear  movement,  prevent  wedge  failure  in  the 
roof,  and  restrain  the  loosened  zone  around 
the  opening.  A  supplemental  bolt  pattern  was 
designed  for  both  support  systems  for  use  in 
problem  areas. 

For  the  section  of  tunnel  discussed,  the 
primary  bolt  pattern  was  installed  on  a  1.7-m 
(5. 5-ft)  spacing  radially  through  the  upper 
300°.  However,  in  the  crown  the  bolts  were 
installed  into  the  walls  45°  above  the 
horizontal.  The  bolts  were  3.7-m  (12-ft), 

No.  11,  Grade  60  reinforcing  bars  that  were 
fully-resin-grouted.  Shotcrete  and  mesh  was 
placed  to  30°  below  the  springline.  When 
necessary,  the  bolts  in  the  supplemental 
pattern  were  placed  between  the  primary 
pattern  reinforcing.  In  addition  spot  bolts 
were  placed  as  necessary.  During  construc¬ 
tion  the  reinforcing  pattern  was  modified  to 
decrease  the  reinforcing  cycle. 

RESPONSE  TO  EXCAVATION 

Initial  inspections  of  the  low  strength  shale 
zone  indicated  low  permeabilities,  thus  only 
minor  water  flow  was  anticipated  into  the 
excavation.  However,  as  the  excavation 
progressed,  wet  conditions  were  noted  along 
the  shale  bedding.  The  wet  conditions 
generally  reduced  the  efficiency  of  shotcrete 
application  to  the  rock  surface  and  increased 
the  frequency  of  air  slaking  along  bedding. 

Excavation  confirmed  that  bedding  and  the 
N60-70°E  joint  set  were  the  dominant 
structural  discontinuities  in  the  low 
strength  shale  zone.  Fractures  present 
within  the  zone  were  commonly  masked  due  to 
blast  shattering  along  bedding  of  the  fissile 
shale.  The  separations  along  bedding  and  the 
N60°-70°E  joint  set  locally  resulted  in  flat 
breakage  in  the  crown  and  quarter  arches, 
reducing  the  natural  stability  offered  by  an 
arch  geometry.  In  several  areas  continued 
unravelling  of  the  rock  yeilded  steeple¬ 
shaped  overbreaks  which  ranged  up  to  1.5-ra 
(5-ft)  beyond  the  designed  excavation  limits. 

The  contractor  had  difficulty  installing  the 
specified  rockbolts,  wireraesh  and  shotcrete 
in  the  required  eight  hours.  The  excavation 
blast  rounds  were  shortened  by  the  contractor 
to  2.4  meter  (8.0-ft)  rounds  in  lieu  of  3.0 
meter  (10.0-ft)  rounds.  Continued  slaking 
and  spalling  of  the  low  strength  shale  zone 
eventually  required  the  shortening  of  blast 
rounds  to  1.5  meters  (5.0-ft).  In  order  to 
increase  the  efficiency  of  the  tunnel  advance 
and  the  need  for  immediate  sealing  of  the 
rock  surface  a  phased  shotcrete  application 
was  recommended  with  3.0  meter  blast  rounds. 
The  phased  shotcreting  required  the  immediate 
application  of  two  inches  of  shotcrete  after 
excavation  and  rock  bolting.  Then,  following 
rockbolt  and  wireraesh  installation,  a  final 
two  inch  coat  of  shotcrete  was  added.  To 
facilitate  continued  excavation,  lagging  of 
the  wire  mesh  and  second  shotcrete  applica¬ 
tion  was  allowed  in  areas  of  the  shale  zone 
where  more  stable  ground  was  encountered. 


Cracking  and  sagging  of  the  shotcrete  was 
common  throughout  the  low  strength  shale 
zone.  One  major  problem  with  the  shotcrete 
was  its  failure  to  obtain  a  quick  initial 
set,  resulting  in  inadequate' bonding  to  the 
rock  surfaces.  It  was  also  difficult  to 
achieve  the  application  of  a  wet-shotcrete 
mix  on  to  an  already  wet  rock  surface. 

Shooting  the  wet  shotcrete  to  the  crown  and 
quarter  arches  often  resulted  in  a  20-40  per¬ 
cent  rebound  of  the  mix.  Slaking  of  the  rock 
after  shotcrete  application  commonly  resulted 
in  cracking  of  the  shotcrete.  To  provide  a 
method  of  measuring  continued  cracking  and 
sagging  spackling  compound  was  applied  to 
shotcrete  cracks  and  periodically  inspected 
to  evaluate  the  extent  and  rate  of  movement. 

To  alleviate  overbreak,  pre-blast  support 
spiling-bolts  were  installed  at  low  angles  to 
the  crown  and  quarter  arch  surfaces.  In 
general  the  spiling  bolts  were  only  partially 
effective  in  the  shale  zone  and  some  were 
shot  out  with  the  next  blast  round.  Finally, 
in  two  locations,  continued  unravelling  of 
rock  and  shotcrete  spalling  required  the 
installation  of  channel-iron  mine  straps  for 
support  along  the  crown. 

INSTRUMENTATION 

For  safety  and  to  verify  the  design 
assumptions,  the  tunnel  was  instrumented 
during  construction  to  monitor  the  behavior 
of  the  rock  mass.  The  instrumentation  needed 
to  be  simple  to  install,  durable,  and  allow 
rapid  data  collection  and  interpretation. 

The  instrumentation  also  had  to  be 
sophisticated  enough  to  allow  differentation 
between  various  types  of  deformation. 

The  instrumentation  system  originally  planned 
utilized  two  types  of  instruments;  convergence 
points  and  extensometers.  Due  to  problems 
with  loss  of  convergence  points  their  use  was 
discontinued. 

The  second  type  of  instrument  used  was  the 
borehole  extensometer .  The  single  point 
borehole  extensometers  installed  in  the 
tunnel  consisted  of  a  No.  8,  Grade  60 
reinforcing  bar,  with  a  grouted  anchor  up  to 
0.6  m  (2-ft)  long  installed  in  a  0.04  m  (1 
1/2  in)  diameter  hole,  with  a  collar  grouted 
to  the  rock  at  the  wall  of  the  tunnel. 
Measurements  of  the  relative  movement  between 
the  collar  and  the  bar  were  taken  using  a 
depth  micrometer.  Borehole  extensometers 
were  originally  intended  to  be  installed  in 
the  crown  and  quarterarches  at  approximately 
61  m  (200-ft)  intervals  along  the  main  tunnel 
axis.  Each  location  was  to  have  2  borehole 
extensometers  installed,  one  1.5  m  (5-ft) 
deep  and  one  4.6  m  (15-ft)  deep.  However,  in 
order  to  allow  the  phased  shotcrete  applica¬ 
tion  to  lag  behind  the  advancing  face, 
additional  instrumentation  was  required  to 
more  closely  monitor  ground  behavior.  To 
achieve  this  requirement,  borehole  extenso¬ 
meters  were  installed  4.6  m  (15-ft)  deep  in 
the  crown  and  arches  at  15.2  m  (50-ft) 
intervals  along  the  tunnel,  in  addition  to 
the  originally  designed  dual  installations 
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every  63  ra  (200-ft).  Before  the  bench  was 
excavated.  4.6  m  (15-ft)  long  borehole 
extensometers  were  installed  in  the  spring¬ 
lines,  at  the  same  stations  as  the  crown  and 
arch  instruments. 

The  schedule  for  reading  the  extensometers 
was  daily  until  the  face  had  advanced  a 
distance  of  2  tunnel  diameters  past  the 
instrument  locations,  weekly  until  the 
movements  appeared  to  have  ceased,  and 
monthly  after  apparent  stabilization,  or  as 
often  as  necessary  to  confirm  the  stability 
of  the  rock  mass.  This  monitoring  program 
was  continued  until  the  lining  was  placed. 
After  each  reading  was  taken,  it  was  compared 
to  previous  readings.  If  a  large  difference 
was  noted,  the  reading  was  immediately 
checked.  In  some  extensometers  blast-induced 
disturbances  of  the  reference  collars  indicat¬ 
ed  false  movement.  If  a  discrepancy 
persisted,  readings  were  taken  every  shift 
until  the  problem  was  resolved  or  explained. 
Plots  of  deformation  versus  time  were  primari¬ 
ly  used  to  evaluate  the  instrument  data. 

Other  plots,  such  as  deformation  versus  depth 
and  deformation  versus  distance  from  the  work¬ 
ing  face,  were  used  as  necessary  to  complete 
the  picture. 

Based  on  calculations  as  well  as  professional 
judgement,  it  was  decided  that  wall  movements 
(relative  to  the  4.6  m  (15-ft)  deep  extenso- 
meter  anchor)  of  up  to  5.1  mm  (0.2  in)  would 
be  considered  allowable,  and  those  over  7.6 
mm  (0.3  in)  would  be  considered  a  sign  of 
possible  instability  and  excessive  loosening. 
In  areas  where  the  movements  exceeded  7.6  mm 
(0.3  in),  treatment  was  based  on  a  thorough 
analysis  of  the  cause  of  the  movements. 

As  shown  in  the  figures,  the  movements  record¬ 
ed  at  instrumented  stations  in  the  shale  were 
some  of  the  largest  observed  anywhere  along 
the  tunnel  .  At  station  16+00  the  total 
movement  in  the  crown  was  slightly  over  25  ram 
(1.0-in).  Approximately  one  half  of  this 
movement  occurred  during  the  excavation  of 
the  top  heading.  As  the  bench  was  excavated 
past  station  16+00,  the  movements  were  again 
triggered  and  convergence  proceeded  at  an 
undesirable  rate.  Station  16+00  was  located 
at  the  interface  between  the  shale  and  silt- 
stone.  When  excavated,  this  area  was  very 
blocky  and  wet.  The  data  indicated  that 
significant  movements  took  place  at  depths 
greater  than  1.5  m  (5-ft)  from  the  excavated 
surface  and  possibly  deeper  than  4.6  m 
(15-ft).  These  movements  were  probably  the 
result  of  loosening  and  moving  of  rock  blocks, 
especially  in  the  crown  area.  This  movement 
may  have  been  partially  driven  by  water 
pressure  in  the  rock.  Nine  meter  (30-ft.) 
long  tensioned  rock  bolts  were  installed  iu 
the  converging  area,  and  were  successful  in 
stabilizing  it. 

In  general,  the  springline  instruments  showed 
that  very  little  movement  took  place  as  the 
bench  was  excavated.  Measurements  of  conver¬ 
gence  that  were  recorded  were  determined  to  be 
the  result  of  .loosening  of  very  near  surface 
rock  slabs  or  shotcrete. 
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TOTAL  DEFORMATIONS  MEASURED  AT  15  FOOT  DEEP 
EXTENSOMETERS 


DEFORMATIONS  MEASURED  AT  15  FOOT  DEEP 
EXTENSOMETERS  AFTER  BENCH  EXCAVATION 
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DISCUSSION 

The  results  of  the  pre-construction  explora¬ 
tion  indicated  that  the  shale  would  bo  the 
weakest  material  encountered  in  driving  the 
tunnel.  It  was  felt,  based  on  the  test 
chamber  in  the  adit  and  the  measured  rock 
properties  that  if  the  top  heading  could  be 
reinforced  with  the  specified  rockbolts, 
wiremesh,  and  10  cm  (4-in)  of  shotcrete  in 
the  required  8  hours  there  would  not  be  a 
problem  in  excavating  through  the  shale.  If 
problem  areas  were  encountered  the  supplemen¬ 
tal  pattern  of  bolts  and  spot  bolts  could  be 
used. 

The  contractor  had  difficulty  installing  the 
rock  reinforcing  within  the  specified  8  hours 
after  blasting.  This  resulted  in  a  loosening 
of  the  crown  and  slabbing  of  the  shale.  The 
contractor  elected  to  shorten  the  advance 
rounds  to  meet  the  8  hour  requirement  for 
installation  of  reinforcement. 

The  shortened  round  impacted  the  schedule  and 
the  design  was  modified  to  allow  installation 
of  rockbolts  and  5  cm  (2-in)  of  shotcrete 
within  8  hours  of  blasting.  The  application 
of  wiremesh  and  the  remaining  5  cm  (2-in)  of 
shotcrete  would  lag  behind  the  advance.  This 
modification  in  design  was  allowed  only  with 
an  increase  in  instrumentation  to  monitor  rock 
movement.  If  movement  occurred  the  wiremesh 
and  remaining  shotcrete  was  to  be  applied 
immediately. 

In  general,  the  shale  behaved  as 
anticipated.  The  problems  encountered,  rock 
covergence  and  additional  tensioned  bolt 
support,  may  have  been  avoided  if  quality 
shotcrete,  controlled  blasting  and  timely 
reinforcement  could  have  been  achieved.  It 
was  unfortunate  that  the  weakest  material  of 
the  tunnel  was  one  of  the  first  encounter¬ 
ed.  The  designer,  contractor,  and  owner  were 
still  learning  to  work  together. 

As  a  result  of  the  movements  that  occurred, 
post-excavation  testing  was  performed.  The 
two  main  parameters  of  concern  were  the 
deformation  modulus  of  the  rock  and  the  depth 
of  the  loosened  zone.  The  results  of  this 
testing  is  presented  in  Table  1  and  was  within 
the  required  limits  used  in  the  tunnel  lining 
design.  The  tunnel  was  lined  in  1984  and  no 
distress  has  been  observed  since  that  time. 
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SYNOPSIS:  The  valve  house  of  the  Tons  Hydel  Project,  Madhya  Pradesh,  India  is  located  just  adjacent 
to  a  steep  escarpment.  The  stability  analysis  of  scarp  near  the  valve  house  was  made  by  the  Central 
Water  and  Power  Research  Station,  using  finite  element  method.  The  problem  was  treated  as  a  plain 
strain  case.  The  analysis  under  self  weight  and  with  seepage  forces  indicated  tensile  stresses  less 
than  4  kg/cm2  in  the  scarp.  A  proposal  by  the  project  authorities  namely  removing  rock  in  the  area 

above  R.L.230  m  at  74  degrees  and  filling  lean  concrete  below  the  overhang  was  found  to  provide  a 
stable  condition.  The  state  of  stress  in  the  scarp  near  the  valve  house  was  obtained  under  different 
conditions.  The  finite  element  method  thus  proved  to  be  a  very  useful  tool  in  analysisng  problem 

INTRODUCTION 


Bansagar-Tons  hydel  project  is  located  at  a  dist¬ 
ance  of  about  45km,  from  Rewa  town,  in  Madhya 
Pradesh,  India,  shown  in  fig.  1.  The  rivers 
Tops  and  Beebar,  after  their  confluence,  flow 
into  Che  Gangetic  plains.  Downstream  of  the 
confluence  there  are  a  series  of  Cascade  falls 
within  a  short  reach  of  8  kms.  Use  is  made  of 
this  natural  topography  which  provides  a  gross 


head  of  180  m  for  the  generation  of  power.  How¬ 
ever,  there  are  no  suitable  sites  on  rivers 
Beehar  and  Tons  for  storage  reservoirs  and  dur¬ 
ing  postmonsoon  periods  sufficient  water  is  not 
available  for  power  generation.  To  overcome 
this  difficulty  water  from  Bansagar  multipurpose 
project  (on  Sone  river)  is  diverted  into  the 
Tons-Beehar  valley.  This  accumulated  water  at 


Fig 


1 


Index  Map  of  Tons  Hydel  Project,  Madhya  Pradesh,  India 


Beehar  barrage  and  water  from  Tons  river  is 
taken  thr cru§B:>9.4  km  long  power  channel  to 
Forebay  dam  and  from  here  regulated  discharge  is 
released  through  a  310  m  long  power  tunnel  tri¬ 
furcating  into  three  steel  lined  penstocks  lead¬ 
ing  to  valve  house  located  at  the  foot  of  the 
Rewa  scarp.  In  order  to  ensure  the  safety  of  the 
valve  house  against  any  rock  fall,  the  stabi¬ 
lity  of  the  escarpment  was  investigated. 


Geology  of  Rewa  Scarp  (Ref.l) 

Rewa  scarp  lying  on  the  northern  gentle  limb  of 
Rewa  syncline,  exposing  Rewa  formation  of  the 
Upper  Vindhyan  group,  overlooking  Tons  valley  at 
valve  house  consists  of  unusual  'Concave  slope' 
segment  at  crown  and  pronounced  overhang  with 
'acute  convex  segment  association'  of  magnitude 
of  about  15  m.  The  scarp  is  composed  of  blocky 
rock  mass  of  sandstone  belonging  to  Rewa  forma¬ 
tion  of  Upper  Vindhyan  group.  This  sandstone  at 
places  rests  on  shale  formation. 


The  unusual  morphology  of  the  scarp  with  concave 
slope  close  to  crown,  is  attributed  to  the  occu¬ 
rrence  of  swallow/absorption  points  along 
joints.  The  scarp  is  under  process  of  active 
erosion,  the  factors  causing  this-  process  are 
fractures,  phenomenon  of  valley  relief,  run¬ 
off,  infiltration  and  seepage,  chemical  weather¬ 
ing  of  heterogenous  cross  beds,  etc.  There  were 
broadly  three  rock  zones  in  the  scarp  vide  fig. 

2  which  could  be  assigned  values  of  modulus  of 
elasticity  (E)  based  on  the  strength  rating 
(Ref.l) 

a)  Massive  coarse  grained  sandstone  with  large 
scale  cross  stratifications  having  through 
spatulate  confining  beds  and  heterogenous  fine 
grained  lithology  with  open  joints, 

E=  0.1  x  106  kg/cffl2 


b)  Moderately  bedded,  medium  grained  sandstone 
with  flat  beddings  and  lenticular  intercalations 


7ig.2  Geological  Section  of  Escarpment 


of  shale 

E=0.8  x  10^  kg/cm2 

c)  Thinly  bedded,  reddish  brown,  chocolate  and 
greenish  grey  coloured  micaceous  shales  with 
massive  silt  stone  units  and  lenticular  bands  of 
sand  stone. 

E=  0.4  x  lO^kg/cffl2 
ANALYSIS  OF  THE  PROBLEM 

The  problem  was  studied  by  finite  element  method 
(Ref  3)  treating  it  as  plain  strain  case,  using 
eight  noded  isoparametric  elements.  The  escarp¬ 
ment  structure  was  discretized  into  160  ele¬ 
ments  incorporating  533  nodes.  The  detailed  ide¬ 
alised  model  incorporating  the  extent  of  scarp 
near  the  valve  house  is  shown  in  fig. 3. 

While  the  Young's  Modulus  values  for  the  three 
zones  were  adopted  as  indicated  earlier,  densi¬ 
ty  of  rock  for  all  the  layers  was  assumed  to 
be  0.0025  kg/cn?and  Poisson's  ratio  was  taken 
to  be  0.2.  The  studies  were  carried  out  for 
the  following  loading  conditions 

i)  Scarp  under  self  weight 

ii)  Scarp  under  self  weight  with  seepage  forces 

From  results  of  the  above  cases  it  is  seen  that 
the  maximum  tension  is  of  the  order  of 

O 

4  kg/cm  .It  was  also  observed  that  the  effect 
of  seepage  was  insignificant.  However,  since 
valve  house  is  an  important  component  in  power 
generation  system  where  discharge  is  contro¬ 
lled,  its  failure  would  seriously  affect  the 
power  generation.  As  such  an  alternative  propo¬ 
sal  was  suggested  by  the  project  authorities. 
This  proposal  envisaged  removal  of  some  over¬ 
hanging  rock  at  74  degrees  above  R.L.230  m  and 
concrete  filling  below  overhang  as  shown  in  fig 
4.  This  modified  proposal  was  also  investigated. 
The  variation  of  tensile  stresses  on  the  outer 
face  of  the  scarp  near  overhang,  under  existing 
condition  and  with  the  proposal  by  project 
authorities  is  shown  in  fig. 5.  The  idealised 
model  of  this  proposal  is  shown  in  fig. 6.  The 
results  obtained  for  all  these  cases  are  shown 
in  table  below. 


Deitails  of  MaxiTensile 

iases  studied  Stress  kg/c2 

Max. shear 

2 

Stress  kg/cm 

1. Escarpment 

3.97 

8.59 

under  self 

(Element 

71) 

( Element 

61) 

weight 

Fig-3 

Fig-3 

2. Escarpment 

1.95 

4.18 

with  concrete 

(Element 

62) 

(Element 

10) 

filling  below 

Fig-5 

Fig-5 

overhang  and 

removal  of  some 

of  the  portion 

of  the  overhang 

at  74  degree 

Sliding  Stability  Check 

The  above  check  (Ref. 3)  for  the  escarpment  was 
made  from  the  principal  stresses  obtained  by 
finite  element  analysis  and  assuming  plane  of 
failure  45,60  and  74  degrees  with  the 
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Fig. 6  Finite  Element  Idealisation  For  Escarpment  (Near  Valve  House)  with  Concrete  Filling 

below  Overhang 


horizontal.  The  ratio  of  shear  strength/shear 
stress  obtained  for  all  the  cases  was  more 
than  one  indicating  that  there  will  not  be  any 
sliding  failure. 

DISCUSSION  OF  RESULTS 

The  results  are  presented  in  table.  Studies 
indicate  that  the  values  of  tensile  stresses 
under  different  conditions  are  small.  The 
effect  o5  seepage  on  the  state  of  stress  in 
the  scarp  is  also  insignificant.  Stability  of 
the  es-arpment  was  examined  from  the  point  .of 
sliding  stability  along  the  different  assumed 
planes  of  failure  i.e.45,60  and  74  degrees- 
For  all  these  conditions  factor  of  safety 
obtained  was  more  than  1.5  for  the  assumed 
value  of  angle  of  friction  equal  to  45  degree 

and  cohesion  5  kg/cnw  The  shear  and  tensile 
stresses  are  further  reduced  for  the  case 
where  some  of  the  overhanging  portion  of  the 
rock  is  removed  and  concrete  filled  under  the 
overhang. 

REMEDIAL  MEASURES 

In  order  to  ensure  the  stability  of  the  scarp, 
the  proposal  as  suggested  by  the  project 


authorities,  of  removing  the  rock  above  R.L.230 
m  at  74  degrees  was  found  to  provide  quite  a 
stable  condition  for  the  scarp.  It  was  also  rec¬ 
ommended  that  shallow  anchoring  by  few  rock 
bolts  above  R.L.230  m  would  be  effective  to  pre¬ 
vent  any  local  rock  fall  on  the  valve  house. 
Further  to  reduce  the  effects  of  seepage  forces 
suitable  drainage  system  for  diverting  the  sur¬ 
face  runoff  through  the  stream  draining  the  sca¬ 
rp  area  was  suggested.  It  was  also  advised  to 
make  ample  provision  for  draining  the  interface 
of  concrete  and  rock  for  releasing  water  press¬ 
ure  behind  the  concrete. 

CONCLUSION 

The  two  dimensional  analysis  using  finite  ele¬ 
ment  method  helped  in  understanding  stability  of 
the  scarp  and  suggesting  strengthening  measures. 
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SYNOPSIS:  A  large  power  house  cavern  (22mx50mx250m)  is  proposed  to  be  excavated  for  installing 
a  1000  MW  hydroelectric  power  plant  for  Tehri  Dam  Project.  The  gorge  chosen  for  the  dam  is  very 
narrow  and  the  topography  is  rugged  and  inhospitable.  This  dampened  the  process  of  preconstruction 
investigations.  A  number  of  tunnels  were  constructed  for  various  project  structures  in  the  vicinity 
of  the  cavern.  This  provided  an  excellent  opportunity  to  study  the  rock  mass  behaviour.  Tunnel 
closure  and  rock  loads  were  monitored  with  the  help  of  instruments.  Deformation  moduluii  were 
also  determined  for  different  rock  grades  with  the  help  of  various  techniques.  A  volumenous  data 
had  been  obtained.  This  data  had  been  analysed  thoroughly  and  values  of  various  parameters  had 
been  suggested  for  the  final  design  of  underground  cavern  and  the  supporting  structures. 


INTRODUCTION 

Tehri  Dam  Project  (TDP)  is  a  major  multipurpose 
river  valley  project  presently  under 
construction.  Figure  1  gives  general  layout 
of  the  project.  So  far,  four  diversion  tunnels 
(11m  dia)  four  head  race  tunnels  (8m  dia) 
and  a  number  of  approach  adits  had  been 
constructed.  Not  much  of  investigations  could 
be  conducted  to  ascertain  the  subsurface 
geology  due  to  adverse  topography  and 
inaccessability.  The  construction  of  various 
underground  structures  mentioned  above  provided 
an  excellent  opportunity  to  generate  additional 
informations  about  the  rock  mass  behaviour 
and  to  use  it  for  refining  the  criteria  for 
the  design  of  tunnel  supports.  Experiments 
were  conducted  in  various  tunnels  to  determine 
the  deformation  modulus,  rock  pressure  on 
supports  and  closure.  The  experiment  locations 
were  so  dispersed  as  to  cover  statistically 
all  grades  of  rocks  and  their  variations. 
Besides  the  above  experimental  studies,  modern 
rock  mass  classifications  have  also  been 
used  to  assess  the  rock  mass  behaviour. 

GENERAL  GEOLOGY 

The  Geological  Survey  of  India  (GSI)  conducted 
extensive  geological  studies  in  the  area 
and  identified  the  main  geological  features 
found  in  and  around  the  Tehri  Gorge.  These 
phyllites  are  banded  in  appearance.  The  bands 
are  constituted  of  argillaceous  and  arenaceous 
materials.  The  degree  of  the  presence  of 
these  materials  and  the  magnitude  of  the 
tectonic  deformation  suffered  by  the  rocks 
constituted  the  basis  for  grouping  the  rocks 
in  three  main  grades  i.e.  I,  II  and  III. 
Grade  I  rocks  are  predominent  and  constitute 
45%  of  the  gorge  however,  Grade  II  and  III 
account  for  25%  and  35%  respectively.  Grade 
I  rocks  are  predominantly  arenaceous,  massive 
in  character  and  distinctly  jointed.  The 
band  width  varies  between  a  few  millimetres 
to  about  a  metre.  Grade  II  phyllites  are 
thinly  banded  and  are  considerably  impregnated 


with  quartz  veins,  both  along  and  across 
the  foliation  planes.  The  thickness  of 
individual  bands  varies  from  a  few  to  100 
millimetres.  Grade  III  rocks  are  characterised 
by  thin  foliations  impregnated  by  quartz 
veins.  Closely  spaced  foliation  planes, 
cleavages  and  joints  transverse  the  rock 
mass  and  minor  folds  had  also  been  seen. 

EXPERIMENTAL  STUDIES 

As  already  mentioned,  the  various  tunnels 
while  construction  provided  excellent 
opportunities  for  instrumentation.  Many  tests 
had  been  done  and  additional  data  was  generated 
which  helped  in  understanding  the  rock  mass 
behaviour.  Closure  bolts  had  been  installed 
in  all  the  tunnels  randomly  and  regular 
observations  were  taken.  At  a  few  selected 
locations  test  sections  were  made  where  closure 
bolts  and  loadcells  were  installed 
simultaneously.  Deformation  moduluii  were 
also  determined  at  various  locations  in  the 
tunnels  and  exploration  drifts  with  the  help 
of  various  techniques. 

Periodic  monitoring  of  these  instrument  as 
per  a  well  defined  scheme  was  done.  Figure 
2  gives  a  typical  closure-time  relation  and 
figure  3  depicts  rock  pressure-time  graph. 

The  deformation  modulus  of  the  rockmass  at 
various  places  was  determined  With  the  help 
of  flat  jack  and  Goodman  Jack.  It  had  also 
bec.n  back  worked  out  from  the  observed  closure 
for  various  rocks.  Rock  pressures  were  also 
estimated  with  the  help  of  Barton's  approach 
and  were  compared  with  those  observed  with 
the  help  of  loadcells. 

DATA  ANALYSIS 

The  data  analysis  had  been  done  on  the  basis 
of  prevailing  theories  and  practices.  These 
theories  are  dependent  upon  various 
idealisations  and  assumptions.  Such 
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Fig. 2  Closure-Time  Relation  for  Rock  and  Rib 
Closure 


idealisations  are  not  always  true  in  the  field 
conditions.  The  data  so  obtained  is  never 
the  most  true  value,  however,  it  approaches 
the  reality.  The  rock  is  a  heterogenous  material 
and  various  structural  defects  make  it  more 
varied  in  nature.  The  test  results  conducted 
on  such  a  material  may  have  a  very  high  degree 
of  scatter.  The  degree  of  scatter  depends 
upon  the  intensity  of  various  rock  defects, 
such  as  joints,  joint  conditions  and  the  water 
content  of  rock  mass.  It  is  not  possible  to 
prescribe  a  limit  for  the  scatter.  Reviewing 


Fig.  3  Load-Time  Relation  for  Mechanical  Type 
Load  Cells  in  Grade  II  Phyllites 

the  results  we  may  observe  that  the  ratio 
between  the  lowest  and  the  highest  value  of 
deformation  modulus  is  ll:30  (scatter  ratio) 
in  case  of  values  derived  by  Bieniawaski 1 s 
(1973)  geomechanical  approach,  however,  it 
reduces  to  1:2  in  case  of  values  back  worked 
from  closure  observations  (see  Table  I).  The 
deformation  modulus  had  been  determined  at 
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Table  x  Comparison  of  Deformation  Modulus  Determined  by  various  Techniques 
in  kg/cm2xlo5 


Rock 

Flat  Jack 

Goodman 

Jack 

Geomechanical 

- y - 

Assessed 

from  tunnel 

Approach 

Closure 

Range  Average 

Range 

Average 

Range 

Average 

Range 

Average 

Phyllites 

0.68 

0.06-0.57 

0.18 

0.10-3.05 

1.57 

1.98-4.01 

2.99 

Grade  I 

Phyllites 

0.02-0.50  0.29 

0.04  -0.38 

0.17 

0.10-0.35 

0.22 

0.21-2.04 

1.12 

Grade  II 

Phyllites 

0.08-0.39  0.23 

0.02  -0.34 

0.16 

0.10-0.35 

0.22 

0.21-2.12 

1.16 

Crade  III 

a  number  of  locations  by  Goodman  Jack  test 
method  also.  The  scatter  ratio  for  Grade 
I,  Grade  IX  and  III  phyllites  was  found  to 
be  1:9.5,  1:8.3  and  1:13.8  respectively  at 
the  testing  stress  level  of  40  kg/cm2  (the 
average  expected  stress  level  during  operation 
as  well  as  at  present). 


During  the  investigation  period,  some  flat 
jack  tests  were  also  done  in  the  drifts. 
These  drifts  may  not  be  close  to  the  tunnels 
presently  under  construction  but  had  been 
driven  in  similar  rock  formations.  Very  scanty 
data  is  available.  Only  one  test  was  done 
in  Grade  I  phyllites  and  the  deformation 
modulus  was  found  to  be  0.68xl05  kg/cm2. 
Grade  II  had  a  range  of  0.02-0.05  xlO^  kg/cm2' 
and  the  range  for  Grade  III  was  0.08-0.395 
kg/cm2*  The  scatter  ratio  for  Grade  II  and 
II  is  thus  1:27  and  1:5. 


The  values  obtained  by  various  techniques 
are  compared  in  Table  I.  The  scatter  is  large 
and  it  is  possible  to  narrow  it  down  by 
statistical  treatment. 


Estimation  of  rock  pressure  had  been  done 
with  the  help  of  Barton's  approach.  About 
30  sets  of  estimates  were  done  at  various 
locations  for  different  grades  of  rocks. 
The  observed  pressures  are  different  for 
different  grades  of  rocks.  The  ratio  between 
the  lowest  and  the  highest  observed  rock 
pressure  is  1:8.4.  This  ratio  in  case  of 
estimated  pressures  is  as  high  as  1:17.5. 
Table  II  gives  these  results. 

DISCUSSION  OF  RESULTS 


It  is  a  difficult  task  to  formulate  and 
implement  investigation  scheme  for  a  major 
project  lying  within  inhospitable  terrain, 
fragile  and  tectonically  active  rock 
formations.  The  investigation  process  was 
therefore  not  a  continuous  one  as  it  had 
to  be  undertaken  whenever  an  opportunity 
was  available.  The  preliminary  investigations 
were  done  through  drifts  and  some  deformation 
modulus  tests  with  the  help  of  flat  jack 
were  conducted.  With  the  start  of  the 
construction  phase,  the  diversion  tunnels 
were  made  first  and  with  that  started  the 


Table  II.  Comparison  of  Observed  and  Estimated 
Vertical  Rock  Pressure  in  kg/cm2 


SI  Observed  Pressure  Estimated 

No.  KOCK  Pressure 


Range 

Av. 

Range 

Av. 

1.  Phyllites 
Grade  I 

0.25-0.56 

0.40 

0.05-0.45 

0.25 

2.  Phyllites 
Grade  II 

0.16 

0.16 

0.08-0.81 

0.45 

3.  Phyllites 
Grade  III 

0.32-0.42 

0.37 

0.99-2.51 

1.75 

process  of  detailed  investigations  which 
concluded  with  the  construction  of  head  race 
tunnels. 

The  above  tunnels  were  excavated  through 
Grade  I,  II  and  III  rocks.  As  already 
mentioned,  these  tunnels  were  instrumented 
at  a  few  selected  locations  to  determine 
rock  loads  and  deformation  modulus.  The 
locations  of  these  tunnels  were  different, 
the  different  grades  of  rocks  were  exposed 
in  the  tunnels  at  different  locations.  Such 
a  situation  helped  in  increasing  the  scatter 
of  the  data  obtained  for  various  grades  of 
rock  masses.  This  scatter  may  be  attributed 
to  the  variations  within  the  rock  mass,  the 
errors  in  conducting  the  experiments  and 
not  very  correct  assessment  of  rock  mass 
parameters.  It  is  difficult  to  eliminate 
these  sources  of  errors  and  there  is  no  process 
available  to  separate  them.  The  occurrance 
of  scatter  is  thus  a  reality  of  geotechnical 
instrumentation . 

Statistical  treatment  of  large  data  may  help 
in  reducing  the  scatter  to  some  extent.  An 
attempt  had  been  made  in  this  case  also  and 
Table  III  and  IV  give  narrowed  down  ranges 
with  respective  confidence  limits. 

After  the  above  analysis  a  range  is  suggested 
which  may  be  considered  for  design  purposes. 
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Table  III.  Range  of  Deformation  Modulus  after 
Statistical  Treatment 


SI 

No 

Rock  Type 

Range  in  lO^kg/cm^ 

Percent 

Confi¬ 

dence 

1. 

Phyllites 
Grade  I 

2.004  -  3.246 

83.85 

2. 

Phyllites 
Grade  II 

0.711  -  1.391 

84.42 

3. 

Phyllites 
Grade  III 

0.568  -  1.444 

84.20 

Table  IV.  Range 
After 

of  Rock  Pressure  in  kg/cm^ 
Statistical  Treatment 

SI 

No 

Rock  Type 

Range 

Percent 

Confi¬ 

dence 

1. 

Phyllites 
Grade  I 

0.21  -  0.50 

52.05 

2. 

Phyllites 
Grade  II 

0.63  -  0.94 

52.05 

3. 

Phyllites 
Grade  III 

0.80  -  1.93 

52.05 

be  appropriate  for  an  opening  as  large  as 
22m  is  a  wide  open  question.  It  is  reassuring 
to  note  that  Barton's  criteria  suggests  that 
rock  pressures  do  not  increase  with  the 
increase  in  the  size  of  opening. 

CONCLUSIONS 

Preliminary  design  of  supports  and  lining 
may  be  based  on  the  suggested  data,  however, 
additional  data  may  be  generated  during  the 
construction-  phase  to  optimise  the  support 
requirements.  The  closures  are  low  and  the 
surrounding  rocks  are  intact  and  this  has 
resulted  in  low  rock  pressures.  The  stability 
of  the  large  cavern  can  be  improved  further 
by  employing  smooth  blasting  technique. 
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It  is  suggested  that  the  upper  bound  value 
may  be  taken  for  design  purpose  with  factor 
of  safety  as  unity. 

The  study  and  its  results  have  helped  in 
arriving  at  a  sound  engineering  judgement 
in  selecting  the  design  values.  Some  thoughts 
having  practical  overtones,  have  also  emerged 
through  this  process  of  data  analysis  and 
discussions.  It  had  been  seen  that  the 
surrounding  rocks  were  largely  intact  and 
the  stresses  induced  due  to  tunnelling  were 
low  and  well  within  the  competence  of  rock 
mass.  There  had  been  less  shattering  and 
joint  opening  within  the  surrounding  rock 
mass.  This  had  been  inferred  from  the  nature 
of  closure-time  curves  and  the  magnitudes 
of  the  observed  closures.  The  pressures  were 
thus  largely  due  to  relexation  of  surrounding 
rock  mass  and  marginal  loosening.  There  had 
been  no  indications  of  squeezing  ground 
conditions  any  where  in  the  tunnels  studied 
so  far.  Such  rocks  may  not  need  any  type 
of  consolidation  grouting.  The  lining 
reinforcement  may  also  be  eliminated  whenever 
sufficient  rock  cover  is  available  to 
counteract  the  internal  water  pressure. 

The  tunnels  are  fairly  stable  and  the  presently 
installed  supports  are  more  than  adequate 
in  most  of  the  situations. 

The  suggested  rock  pressures  have  been 
generated  through  instrumentation  of  tunnels 
as  large  as  11m  dia.  Whether  this  value  would 
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SYNOPSIS:  Rock  excavation  for  a  7,200-square-meter  building  site  In  Saudi  Arabia  Intercepted  a 
large  cavity  underlying  approximately  half  the  site.  Relocation  was  impossible;  therefore,  a 
grouting  program  was  selected  to  modify  the  site  to  accept  the  allowable  design  load  of  2.1 
mega  pascals.  Due  to  the  extreme  depth  of  the  cavity,  the  modification  was  limited  to  a  depth 
of  25  meters  under  the  building. 


INTRODUCTION 

A  new  facility  for  the  Royal  Saudi  Air  Force 
(RSAF)  required  a  building  area  of  7,200 
square  meters  (8,600  square  yards)  to  be 
excavated  to  a  depth  of  22  meters  (72  feet). 
The  subsurface  data  obtained  from  borings 
for  site  selection  Indicated  that  the  excava¬ 
tion  In  limestone  bedrock  contained  very 
small  cavities,  tubes  and  vugs  of  Inslgnl- 
cant  size.  These  would  not  create  problems 
or  difficulties  during  excavation. 

Excavation,  however,  was  Interrupted  at 
13  meters  (43  feet)  depth  when  a  collapse  in 
the  2.5-meter  (8-foot)  thick  rock  roof  over  a 
cavity  partially  swallowed  a  D9  dozer. 

During  this  pause  In  excavation,  a  probe  hole 
Investigation  was  Initiated  to  determine  how 
extensive  this  cavity  or  a  system  of  cavities 
may  be.  Problems  during  drilling  limited  the 
hole  depth  to  final  excavation  grade.  These 
220  holes  did  not  reveal  any  Indication  of 
significant  voids.  A  ground  probing  radar 
survey  followed  the  borehole  Investigation, 
but  It  was  Ineffective.  The  collapsed  hole 
was  filled  with  rock  to  provide  support  of 
the  roof  rock  and  a  safer  condition  In  the 
area  of  collapse. 

Cautiously,  the  excavation  continued  over  the 
entire  site  until  final  grade  was  reached. 

The  final  excavation  depth  defined  the  col¬ 
lapse  as  a  vertical  annulus  which  was  dubbed 
"the  doughnut." 

Another  boring  program  was  planned  along  load 
bearing  walls  with  15  borings  to  be  advanced 
to  15  meters  (49  feet)  depth  and  101  borings 
to  8  meters  (26  feet)  depth.  Around  one  of 
the  deeper  borings,  which  revealed  a  cavity 
south  of  the  collapse,  a  group  of  13  borings 
were  drilled  to  determine  the  cavity  extent. 
All  penetrated  Into  the  cavity. 

The  annulus  was  cleaned  of  rubble  fill  which 
ermltted  visual  observation.  The  collapse 
ad  occurred  directly  above  the  apex  of  a 
large  dome  of  rubble  rock.  The  vertical 
space  over  the  dome  was  relatively  uniform  at 
about  1  meter  In  the  east,  north  and  west 
directions.  The  height  of  vertical  space  to 
the  south  was  about  0.5  meter  (1.6  feet)  or 
less.  A  trench  was  dug  from  the  annulus 
southward  to  where  the  rubble  pile  steepened 


and  It  opened  into  a  large  chamber  up  to  7 
meters  (23  feet)  In  vertical  space.  Its 
main  axis  started  at  the  east  end  and  ex¬ 
tended  to  mid-point  of  the  south  excavation 
limit.  Normal  to  this  were  two  more  long 
chambers  extending  soutnward  beyond  the  ex¬ 
cavation.  All  three  chambers  had  long  flat 
ceilings  and  near  vertical  sides. 

After  visual  examinations,  it  was  established 
that  one  continuous  cavity  extended  under¬ 
neath  approximately  half  the  area  of  excava¬ 
tion. 


BACKGROUND 

In  recent  years,  cav1lU»  have  often  been 
encountered  In  eastern  Saudi  Arabia  but  have 
not  been  documented  In  literature.  Lack  of 
documentation  has  failed  to  forewarn  design¬ 
ers  and  contractors  of  the  widespread  and 
frequent  problem.  Recent  articles  Indicate 
that  progress  Is  belnq  made  to  alert  engi¬ 
neers  of  cavities  and  their  relationship  to 
regional  and  structural  geology. 

Prior  to  the  design  and  construction  of  the 
RSAF  facility,  other  organizations  had  been 
asslqned  the  task  of  finding  a  location  for 
the  building.  With  known  loading  conditions, 
they  selected  a  site  on  the  King  Abdulazlz 
Air  Base  In  Dhahran.  They  planned  and  admin¬ 
istered  the  initial  subsurface  Investigation 
program  of  borings  which  Indicated  limestone 
bedrock  to  full  excavation  depth  In  the  Rus 
formation  without  any  significant  cavities. 

The  building  would  exert  an  average  dead  load 
of  2.1  mega  pascals  (MPa)  (22  tons  per  square 
foot,  TSF)  under  Interior  and  perimeter 
continuous  bearing  walls.  Half  of  this  load 
Is  a  true  dead  load,  the  remainder  could 
possibly  come  from  a  dynamic  type  load  which 
may  come  In  the  life  of  the  facility.  The 
full  allowable  load  would  approach  uniformity 
at  about  13  to  17  meters  (45  to  56  feet)  Into 
the  underlying  materials. 

Following  several  boring  programs  and  the 
completion  of  excavation,  the  project  was  at 
a  new  threshold  where  we  started  our  study. 
Direct  contact  and  visual  observations  were 
used  to  evaluate  the  cavity.  Until  these 
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were  made,  It  was  difficult  to  visualize  a 
cavity  of  the  magnitude  that  was  observed. 

Time  constraints  did  not  permit  relocation  of 
the  facility  to  another  site.  The  problem 
was  to  adapt  this  site  to  support  the  very 
high  loading  conditions  to  be  placed  over 
this  cavity. 


SITE  GEOLOGY 

The  King  Abdulazlz  Air  Base  Is  located  In  the 
Interior  Platform  Section  of  the  eastern 
Arabian  Shelf.  This  structural  division 
consists  of  sedimentary  rocks  ranging  from 
Precambrlan  to  Quaternary  In  age,  with  the 
area  surrounding  the  site  consisting  of 
Paleocer.e  and  early  Eocene  marl,  chalky 
limestone,  dolomite,  shale  and  geodal  quartz. 
The  site  Is  located  near  the  southern  end  of 
the  Damman  Dome,  a  broad  14  km  by  10  km  (8.5 
by  6  mile)  elllptlcally-shaped  structure 
oriented  N30°W  and  which  rises  to  an  eleva¬ 
tion  of  approximately  150  meters  (492  feet) 
above  sea  level.  It  Is  generally  thought 
that  the  Damman  Dome  Is  the  result  of  a 
deep-seated  salt  dome  Intruding  the  overlying 
sedimentary  rocks  (J.  J.  Grosch,  F.  T.  Touma, 
and  D.  P.  Richards). 

The  RSAF  site  Is  underlain  by  calcarenlte  and 
calcarenltlc  limestones  of  the  Rus  and  Damman 
Formation.  Logs  of  exploratory  borings 
drilled  at  the  site  Indicate  an  upper  unit  of 
light  gray-brown  fine  calcarenltlc  limestone 
exhibiting  abundant  solution  pitting.  The 
limestone  units  contain  numerous  small  solu¬ 
tion  cavities  and  vugs  which  are  generally 
filled  with  calclte  near  the  surface  and 
Iron-stained  with  greater  depth. 

The  carbonate  rocks  of  the  entire  Damman  Dome 
region  are  characterized  by  solution  cavities 
and  karstlc  features.  In  general,  solution 
channels  have  developed  along  the  major  joint 
system  oriented  tangential  or  radially  to  the 
dome  structure.  Case  histories  of  cavity 
sites  In  the  Dhahran  area  by  Grosch,  Touma 
and  Richards  Indicate  a  reasonable  agreement 
of  cavity  orientations  with  respect  to  the 
rock  structure  of  the  dome  and  location  to 
each  other. 


GROUND  WATER 

Ground  water  was  encountered  at  the  base  of 
the  cavity  chamber  underlying  the  excavation 
and  was  recorded  In  borings.  The  water 
surface  elevation  Is  In  agreement  with  the 
elevation  recorded  In  surrounding  wells. 
Samples  of  the  water  were  obtained  and  ana¬ 
lyzed  In  a  laboratory  to  determine  Its  com- 
pablllty  or  limitations  with  the  grout  to  be 
used.  The  temperature  of  water  and  cavity 
were  determined  to  be  uniformly  85°F. 

All  exposed  surfaces  In  the  cavity,  excepting 
those  covered  with  dust  and  rock  from  the 
collapse,  were  an  Intense  black.  Slight 


variations  In  the  color  Intensity  continued 
at  the  same  elevation  throughout  the  cavity. 
Ground  water  was  lowered  ’through  the  cavity 
In  the  early  1950's.  The  hydrocarbons  are 
believed  to  have  been  deposited  on  the  sur¬ 
faces  at  that  time.  Using  this  phenomenon  as 
a  guide,  there  was  no  evidence  of  disturbance 
since  the  deposition. 


PROBABILITY  OF  CAVITY  DETECTION 

Detection  and  evaluation  of  cavities  by  means 
of  a  standard  boring  program  Is  very  diffi¬ 
cult  and  usually  Impossible.  Because  the 
borings  are  limited  In  coverage,  the  number 
needed  would  depend  on  the  size,  depth  and 
location  of  cavities  that  would  be  critical 
for  the  project.  Once  a  cavity  Is  detected, 
the  best  assessment  Is  by  visual  observation 
In  person  or  by  means  of  downhole  cameras  or 
horoscopes. 

Considering  the  site  and  cavity  size  on  this 
project,  the  Initial  and  subsequent  boring 
programs  could  have  revealed  cavity  Informa¬ 
tion;  however,  the  borings  were  not  deep 
enough.  Drilling  problems  limited  depths  In 
some  borings  and  greater  depths  were  not 
deemed  feasible  or  cost-effective.  A  ground 
penetrating  radar  survey  also  proved  Inef¬ 
fective. 

Previous  experience  In  Riyadh,  Saudi  Arabia 
using  electrical  resistivity  and  seismic 
geophysical  methods  demonstrated  that  espec¬ 
ially  the  seismic  method  had  potential  of 
locating  possible  cavities.  The  boring 
program  that  followed  Investigated  the  loca¬ 
tions  Indicated  by  seismic  to  be  cavities  and 
proved  there  were  some  cavities  at  shallow 
depth.  More  experience  Is  needed  to  substan¬ 
tiate  the  effectiveness  of  the  method. 


DESCRIPTION  OF  TREATMENT 

Before  entry  Into  and  having  direct  contact 
within  the  cavity,  It  was  apparent  that  the 
cavity  should  be  filled.  Inside  observations 
revealed  a  flat  celling  spanning  a  space  on 
the  order  of  26  meters  (84  feet)  under  the 
south  edge  of  the  excavation.  The  celling 
warped  Into  a  dome  In  a  northerly  direction 
going  from  a  relatively  flat  dome  to  a  rather 
abrupt  dome  In  the  area  of  the  collapse. 
Computations  proved  the  cavity  roof  needed 
support.  Filling  of  the  cavity  would  trans¬ 
fer  load  to  the  rock  fall  material  In  the 
floor  of  the  cavity.  Since  none  of  the 
boring  programs  had  provided  Information  on 
material  and  conditions  underlying  the 
cavity,  21  additional  borings  were  advanced 
to  a  depth  of  50  meters  (164  feet)  below 
final  excavation  grade  using  rock  coring 
methods. 

Core  boring  was  difficult.  A  mud-rotary 
drilling  method  was  used  to  stabilize  the 
hole,  remove  cuttings,  and  cool  and  lubricate 
the  drill  bit.  There  was  no  return  of  drill- 
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ing  fluid  below  about  12-meter  depth.  At 
different  depths  in  each  hole,  the  rock  con¬ 
ditions  required  use  of  a  casing  fitted  with 
a  cutting  shoe  to  advance  the  boring.  To 
facilitate  recovery  of  rock  cores,  various 
types  of  core  barrels  were  used. 

Loose  fine-grained  material  was  encountered 
in  some  of  the  various  sized  cavities. 

Adequate  quantities  were  obtained  in  seven 
samples  for  sieve  analysis  which  revealed  a 
gradation  of  silty  sand  and  limestone  frag¬ 
ments.  Comparable  materials  were  observed  In 
the  space  between  rubble  rock  pieces  in  the 
south  end  of  the  cavity  floor  as  well  as  in 
the  area  of  the  original  collapse  and  a  par¬ 
tial  roof  fall  nearby. 

Unconfined  compression  tests  on  twenty-four 
representative  rock  cores  yielded  results 
between  6.8  and  100.5  MPa  (71  and  1,045  TSF) 
which  averaged  50  MPa  (520  TSF).  These 
strength  test  results  suggest  the  rock  be 
classified  as  relatively  weak  to  strong.  The 
complex  stratigraphy  based  on  poor  rock  re¬ 
covery  and  quality  of  rock  made  it  difficult 
to  correlate  between  the  deep  boreholes. 

Cavities  were  detected  by  observing  the 
rate  of  penetration,  drop  of  the  rods  and 
pressure  exerted  during  the  drilling  ope¬ 
rations.  This  procedure  allowed  detection 
of  vertical  cavity  size  from  50  mm  (2  Inches) 
and  larger. 

Treatment  necessary  to  adapt  this  site  for 
support  of  the  facility  had  to  consider  the 
following: 

o  The  roof  rock  over  the  cavity  needed 
support. 

o  Filling  the  cavity  would  provide  roof 
support  and  apply  load  to  cavity  floor. 

o  Conditions  in  the  cavity  indicated  that 
large  masses  of  rock  had  dropped  many 
meters,  some  only  a  matter  of  a  few  cm. 

o  There  was  no  sign  of  rock  fall  in  the 
cavity  since  deposition  of  the  hydrocar¬ 
bons. 

o  Large  rubble  rock  in  the  chamber  area 
had  been  bonded  at  contact  points  by 
calclte.  The  bonding  suggests  long-term 
inactivity  In  rock  fall . 

o  The  cause  or  origin  of  the  cavity  was 

very  deep  seated.  If  originating  in  the 
edge  of  the  salt  dome,  it  could  be 
hundreds  of  meters  deep. 

o  The  nature  of  the  rock  falls  observed 
in  the  cavity  led  to  the  belief  that 
large  rock  masses  had  dropped. 

o  All  voids  below  15-meter  depth  would  be 
water-filled. 

o  The  true  void  space  In  material  underly¬ 
ing  the  major  cavity  was  not  known. 


It  was  hypothesized  that  the  originating 
cause  of  the  cavity  was  very  deep-seated  and 
that  a  remedial  program  to  provide  needed 
support  would  be  limited  to  a  relatively 
shallow  depth.  It  was  decided  that  the  most 
effective  solution  for  stabilizing  the  ground 
support  for  the  facility  was  to  fill  the  ori¬ 
ginal  cavity  (the  doughnut)  with  concrete  and 
to  grout  the  cavities  and  fragmented  rock. 

For  safety  reasons,  the  "doughnut"  was  filled 
with  concrete  under  a  separate- existing  con¬ 
tract,  prior  to  development  of  recommenda¬ 
tions  for  the  grouting  program. 

The  purpose  of  the  grouting  program  was  to 
fill  openings,  though  not  all  the  small  in¬ 
terstices,  in  the  rock  down  to  a  25-meter 
depth  and  out  to  a  boundary  extending  from 
the  edge  of  the  excavation  at  45  degrees. 

This  grouted  mat  would  distribute  the  load 
and  prevent  the  possible  loss  of  material 
into  underlying  cavities.  The  primary  acti¬ 
vities  Included  in  the  grouting  program  were 
as  follows: 

1.  Drilling  southern  perimeter  barrier 
grout  holes. 

2.  Placement  of  southern  perimeter  barrier 
grout. 

3.  Drilling  mass  cavity  fill  holes. 

4.  Placement  of  mass  cavity  fill. 

5.  Drilling  primary  grout  holes. 

6.  Placement  of  primary  grout. 

7.  Drilling  secondary  (verification)  grout 
holes. 

8.  Placement  of  secondary  (verification) 
grout. 

The  initial  phase  of  the  subsurface  stabili¬ 
zation  program  consisted  of  placement  of 
perimeter  barrier  grout  at  the  southern  end 
of  the  excavation  in  the  large  horizontal 
chamber.  Following  completion  of  the  peri¬ 
meter  barrier  grout  placement,  mass  cavity 
filling  began.  Shortly  thereafter,  vertical 
placement  hole  drilling  was  Initiated  In  the 
northern  portion  of  the  site.  This  drilling 
was  performed  concurrently  with  the  mass 
cavity  filling  operation.  These  holes  pro¬ 
vided  additional  Information  on  rock  condi¬ 
tions  to  25-meter  depth. 

Exploratory  borings  and  observations  Inside 
the  cavity  indicated  that  the  southern  and 
eastern  portions  of  the  site  contained  the 
most  extensive  voids;  therefore,  the  primary 
grouting  work  was  initially  concentrated  in 
the  southeastern  corner  of  the  site.  A  test 
area  was  located  in  this  corner.  A  first 
pass  grout  Injection  pattern  was  developed  as 
shown  on  Figure  No.  1.  Approximately  301!  of 
the  total  number  of  primary  holes  were  grout¬ 
ed  in  the  first  pass.  Injection  in  the  re¬ 
maining  70S!  of  the  primary  holes  (second 
pass)  indicated  that  the  30X  pattern  was 
insufficient  to  insure  adequate  ground  stabi- 


Legend: 

•  Primary  Holes  on  3.2m  centers 
(5)  Injection  Holes  In  the  first  pass  (30? 
of  the  Pattern) 

Pattern  shown  typical  of  Contractor's 
Grid  Pattern 

Figure  1  Plan  of  First  Pass  Injection  Holes 


llzatlon.  Therefore,  a  modified  first  pass 
grout  Injection  pattern  was  developed  and 
used  thereafter.  This  pattern  Is  shown  in 
Figure  No.  2  and  utilizes  50?  of  the  full 
primary  pattern  In  each  pass. 

The  data  obtained  In  the  test  area  was  ex¬ 
tremely  useful  In  assessing  grouting  results 
throughout  the  remainder  of  the  site.  Table 
No.  1  contains  tabulation  of  partial  grouting 
data  from  the  test  area.  The  quantities  In 
this  table  are  the  recorded  grout  quantities 
placed  In  the  test  area,  broken  down  by  stage 
(pass)  of  grouting. 

Significant  grout  takes  were  realized  during 
first  pass  grouting  In  the  12.5  meters  of 
depth  Immediately  below  the  facility  founda¬ 
tion  and  In  the  12.5  to  25-meter  depth  zone. 
Second  pass  grout  takes  were  considerably 
less  for  the  upper  12.5  meters  than  the  lower 
12.5  meters. 


GROUTING  WITHIN  THE  BUILDING  LIMITS 

The  program  emphasized  grouting  In  the  vicin¬ 
ity  of  the  known  large  cavity  In  the  south¬ 
eastern  portion  of  the  site  to  gain  experi¬ 
ence  and  to  establish  grouting  guidelines. 

As  grouting  progressed  toward  the  northwes¬ 
tern  portion  of  the  site,  It  was  possible  to 
Identify  two  separate  areas  with  differing 
ground  conditions  and  differing  grout  takes. 
The  line  of  demarcation  between  these  two 
areas  was  quite  distinct  and  was  as  shown  on 
Figure  No.  3.  Segment  No.  1  contained  the 
large  horizontal  void  and  a  system  of  smaller 
cavities;  Segment  No.  2  contained  In  general 
only  small  cavities  and  fractured  rock. 

Grout  takes  In  Segment  No.  1  were  relatively 
large  and  erratic  while  In  Segment  No.  2  they 
were  relatively  small  and  consistent. 

In  general,  five  conditions  were  utilized  in 
the  evaluation  of  the  effectiveness  of  the 
ground  stabilization  and  the  determination  of 
the  extent  of  grouting  required:  grout  quan¬ 
tity,  location  of  grout  quantity,  grout  take 
correlation  between  nearby  grout  holes,  time 
required  for  grouting  each  hole,  and  logs  of 
Investigative  borings  and  grout  holes. 

Conditions  encountered  In  Segment  No.  1  re¬ 
quired  the  full  verification  grouting  pro¬ 
gram.  Several  grout  mixes,  covering  a  wide 
range  of  viscosity,  were  evaluated  for  use  In 
verification  grouting  and  were  tested  In 
Segment  No.  1.  The  primary  grout  mix  was 
concluded  to  be  appropriate  for  all  primary 
and  verification  grouting. 


Legend: 

•  Primary  Holes  on  3.2m  centers 
(5)  Injection  Holes  In  the  first  pass  (50? 
of  the  Pattern) 

Pattern  shown  typical  of  Contractor's 
Grid  Pattern 

Figure  2  Plan  of  Modified  First  Pass 
Injection  Holes 


In  one  portion  of  Segment  No.  1  (lines  52  to 
62,  Lines  A  to  I),  a  number  of  vervflcatlon 
grout  takes  were  high.  Careful  evaluation  of 
the  data  Indicated  that  ground  stabilization 
was  accomplished  In  the  upper  12.5  meters 
during  the  primary  grouting.  Some  minor 
voids  remained  to  be  filled  by  the  verifica¬ 
tion  grouting  below  the  12.5-meter  depth. 

Use  of  the  full  primary  grouting  pattern  In 
the  northeastern  corner  of  Segment  No.  2  per- 
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TABLE  1 


TEST  SECTION  GROUTING  DATA 


No.  of 

Grout 

Borings 

Total 

Grout 

Quantity 

Average 

Grout 

Ouantlty 

Per  Borlnq 

Percent  of 
Total  Grout 
Injected  in 
Test  Area 

First  Pass 

Top  12.5  meters 

30 

529.49m3 

17.65m3 

31.8% 

First  Pass 

Bottom  12.5  meters 

30 

426 . 19m3 

14.21m3 

25.6% 

Second  Pass 

Top  12.5  meters 

69 

119.12m3 

1.73m3 

7.2% 

Second  Pass 

69 

588.09m3 

8.52m3 

35.4% 

Bottom  12.5  meters 

1662.89m3 

100.0% 

NOTE:  Numbers  and  Letters  Indicate  Contrac¬ 
tor's  Grid  Pattern  on  3.2m  spacing. 

Test  Section  Was  Inside  Grid  Lines  52 
to  72  and  A  to  I. 

Figure  3  Plan  of  Segments  1  and  2 


mltted  evaluation  of  the  effectiveness  of 
first  pass  Injection.  First  pass  grouting 
was  sufficient  throughout  Segment  No.  2  and 
was  verified  by  selected  verification  grout 
holes. 


GROUTING  OUTSIDE  THE  BUILDING  LIMITS 

Grout  take  data  for  the  Inclined  borings  was 
evaluated  In  the  same  manner  as  Indicated 
above  for  the  Interior  of  the  site,  taking 
Into  consideration  the  difference  In  spacing 
at  25-meter  depth.  The  inclined  borings  were 
at  the  ends  of  the  grouting  grid  lines  and 
the  cluster  of  borings  were  drilled  at  pre¬ 
determined  angles.  At  various  locations, 
verification  borings  were  directed  in  order 
to  substantiate  ground  stabilization. 

An  area  of  high  grout  take  was  encountered 
along  the  southern  boundary  of  the  site 
during  placement  of  grout  In  the  Inclined 
holes.  Full  verification  grouting  was  di¬ 
rected  In  this  area  and  ground  stabilization 
was  Indicated  by  the  verification  grouting. 


COMPLETION  OF  PROGRAM 


The  subsurface  grouting  stabilization  program 
began  In  early  August  of  1986  and  was  com¬ 
pleted  In  a  timely  manner  on  February  2, 

1987.  The  following  quantities  of  grout  had 
been  placed: 


Perimeter  Barrier  Grout 

Mass  Cavity  Fill  (Concrete 
Not  Included) 

Primary  Grout 

Secondary  Grout 

TOTAL  Grout  Quantity 


65.20  m3 

3,322.44  m3 
7,009.62  m3 
618.39  m3 
11,015.65  m3 


The  grouting  program  was  completed  according 
to  the  design  plan  and  procedure. 


CONCLUSION 

The  grouting  work  has  bonded  together  a  rock 
mass  21  meters  thick.  This  very  stiff  mat 
bridges  the  unstable  area  and  provides  for  a 
relatively  uniform  load  distribution  Into 
underlying  rock  fall  and  the  the  more  stable 
surrounding  bedrock.  Drilling  and  observa¬ 
tion  data  indicates  that  the  conditions 
causing  the  cavity  and  displaced  bedrock  has 
been  Inactive  and  stable  for  a  long  period  of 
time. 

This  project  demonstrates  the  need  for  an 
awareness  of  possible  cavities  in  eastern 
Saudi  Arabia,  especially  those  not  encoun¬ 
tered  during  excavation.  After  assessing 
the  size  and  depth  of  a  cavity  that  would  be 
critical  to  a  project,  one  must  select  an 
exploratory  method(s)  to  detect  critical 
cavities  under  a  building  site. 
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SYNOPSIS:  The  excavation  of  the  21r300  foot  long,  32.33  foot  diameter  Crosstown  Phase  I  Tunnel  was 
completed  by  tunnel  boring  machine  at  an  average  rate  of  108  feet  per  3  shift  day.  No  geologic 
conditions  were  encountered  which  were  sufficiently  adverse  to  impede  the  work.  The  geotechnical 
report  combined  with  contract  provisions  prevented  the  unusual  conditions  encountered  from  becoming 
issues  that  delayed  the  work.  It  is  probable  that  the  monetary  aspects  related  to  these  unusual 
conditions  can  be  equitably  resolved  using  the  geotechnical  data  "base  line"  portrayed  in  the 
geotechnical  report. 


INTRODUCTION 

The  21,300  foot  long,  32.33  foot  bored  diameter 
Crosstown  Phase  I  Interceptor  is  reguired  for 
sewage  storage  and  transport  as  part  of  the 
?2.2  billion  Milwaukee  Water  Pollution  Abate¬ 
ment  Program  (MWPAP).  The  tunnel  with  two  25 
foot  diameter  construction  shafts  is  located  in 
Silurian  Age  dolomites  of  the  Niagara  Group. 
The  tunnel  was  excavated  down  a  0.1  percent 
gradient  with  a  Robbins  tunnel  boring  machine. 
The  excavation  began  in  October  1985  and  was 
completed  in  September  1986,  the  only  signifi¬ 
cant  delay  being  a  4  week  period  when  a  main 
bearing  was  replaced  (Santacroce  1987).  The 
work  was  done  on  a  3  shift  5  days  a  week  basis. 

The  tunnel  alignment  is  primarily  beneath  the 
Menomonee  River  Valley  (Figure  1),  which  is 
also  a  pre-glacial  valley,  thereby  resulting  in 
up  to  220  feet  of  glacial  and  post-glacial 
sediments  with  the  water  table  level  at  about  5 
feet  below  the  existing  ground  surface,  except 
at  the  west  end  of  the  alignment.  Here  the 
alignment  moves  out  of  the  pre-glacial  valley 
with  correspondingly  thinner  soil  cover 
resulting.  The  depth  of  the  tunnel  ranges 
between  275  and  345  feet.  The  bedrock  cover 
over  the  tunnel  crown  is  typically  about  100 
feet,  but  ranges  from  a  minimum  thickness  of  18 
feet  to  about  200  feet.  The  minimum  thickness 
occurs  in  a  oepression  of  the  bedrock  surface 
within  the  pre-glacial  valley  as  described 
above.  The  depressed  area  has  been  termed  the 
"bedrock  valley  area".  A  series  of  15  foot 
long  probe  holes  into  the  tunnel  crown  in  this 
area  during  construction  did  not  encounter  the 
bedrock  surface. 

EXPLORATION  PLAN 

The  exploration  was  done  in  three  phases. 
These  phases  may  be  broadly  described  as  the 
study  area  exploration,  corridor  exploration 
and  the  potential  problem  or  geological  hazard 
exploration.  Borehole  spacing  ranged  from  200 
feet  centers  in  the  potential  problem  areas  to 
a  maximum  of  2,500  feet  along  the  alignment. 


The  geotechnical  report  relied  upon  the 
vertical  boreholes  to  recover  core  for  logging, 
water  pressure  testing  and  for  placement  of 
piezometers.  In  addition,  local  tunnels 
(within  10  miles)  and  quarries  were  mapped  and 
three  pump  tests  performed.  A  laboratory  test 
program  to  characterize  rock  material 
properties,  including  direct  shear  tests  of 
discontinuities  was  performed.  This 
information  was  combined  to  describe  the  rock 
mass  characteristics.  Angled  boreholes  were 
considered  but  given  the  perceived  technical 
difficulties  were  not  used.  Also,  the  use  of 
geophysical  methods  for  fault  location  was  not 
used  because  the  potential  offsets  in  formation 
boundaries  were  considered  insignificant. 

ROCK  CONDITIONS 

Lithology 

The  tunnel  is  in  dolomite  and  is  located 
primarily  within  the  upper  part  of  the  Mayville 
Formation  and  the  Waukesha  Formation,  mostly 
the  latter  (Figure  2).  Along  its  length  the 
tunnel  penetrates  almost  the  full  thickness  of 
the  Waukesha  Formation.  The  principal  features 
used  to  subdivided  the  formations  were:  the 
presence  of  chert;  zones  of  shale  partings;  and 
the  presence  and  size  of  vugs.  The  lithologic 
descriptions  of  the  formations  developed  from 
the  geologic  mapping  of  the  excavated  tunnel 
are  consistent  with  the  descriptions  provided 
in  the  geotechnical  report  included  with  the 
contract  documents.  There  are  no  differences 
of  note.  In  addition,  the  location  of  the 
formation  contacts  encountered  in  the  tunnel 
conformed  closely  to  those  predicted  in  the 
geotechnical  report. 

Rock  Structure 

Bedding  -  The  bedding  is  defined  by  horizontal 
shale  layers  that  range  from  very  thin  partings 
to  layers  about  2  inches  in  thickness.  The 
thickness  is  generally  variable  along  a  single 
bedding  plane.  Ninety  eight  percent  of  the 
bedding  planes  logged  from  the  core  indicated 
shale  fillings  with  an  average  thickness  of 
approximately  0.05  inches  and  clay  typically 
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Figure  1.  Vicinity  Map:  Crosstown  Interceptor  and  Shafts. 


0.25  inches.  The  gradient  of  the  tunnel  with 
respect  to  the  dip  of  the  beds  was  such  that  it 
cut  downwards  through  the  bedding  planes  at  a 
very  slight  angle.  Because  of  the  circular 
tunnel  shape,  the  limited  slaking  effects  on 
the  bedding  plane  fillings  and  the  placement  of 
rock  reinforcement  behind  the  TBM  cutter  head, 
no  significant  failure  of  thin  bedding  slabs 
was  experienced,  either  short  or  long  term. 

Joints  -  For  the  site  investigation,  mapping  of 
area  tunnels  and  quarries  during  the  explora¬ 
tion  phase  provided  the  orientation  data  for 
the  joints  (Ilsley  ’83).  Logging  of  rock  core 
provided  the  joint  characteristics  on  a  site 
specific  basis.  The  principal  part  of  the 
mapping  effort  was  the  detailed  engineering 
geological  mapping  of  an  8  foot  diameter  tunnel 
(excavated  by  TBM)  in  the  Waukesha  Formation, 
located  about  10  m^les  from  the  project  site. 
Determination  of  the  preferred  joint  orienta¬ 
tions  in  the  Milwaukee  area  were  made  by 
plotting  this  data  on  stereograms.  Joint 
spacing  data  were  compiled  from  the  tunnel  maps 
and  presented  in  tabular  form  in  the 
geotechnical  reports  (Ilsley  '84). 

The  geologic  conditions  in  the  excavated  Cross¬ 
town  Phase  I  tunnel  were  recorded  on  graphic 
and  descriptive  logging  forms  by  engineering 
geologists. 

The  following  general  conclusions  are  based 
upon  a  comparison  of  the  geotechnical  report 
data  and  that  from  the  geological  mapping. 


.  The  majority  of  joints  are  steeply  dipping 
and  belong  to  two  major  sets,  one  striking 
NW-SE  and  one  striking  NE-SW  as  predicted 
by  the  geotechnical  report. 

.  The  predominant  joint  set  is  the  NW  set; 
the  table  of  joint  spacings  included  in  the 
geotechnical  report  inferred  this  was  the 
case  but  not  to  the  degree  actually  found. 

.  About  70  percent  of  the  joints  logged  are 
either  clay  or  shale  filled.  This  is  about 
three  times  more  than  indicated  in  the  geo¬ 
technical  report. 

The  most  probable  reason  that  the  indicated 
percentage  of  clay  or  shale  filled  joints  was 
greater  was  because  the  average  joint  aperture 
logged  in  the  core  was  very  small  (in  the  range 
of  0.01  inch  to  0.25  inch),  whereas  in  the 
tunnel  the  significant  joints  logged  had  an 
average  thickness  of  1.25  inch.  We  would 
therefore  recommend  that  when  logging  core  for 
such  facilities  only  discontinuities  with  an 
aperture  greater  than  0.10  inch  be  logged. 

True  spacings  (measured  perpendicular  to  joint 
strike)  of  tha  joints  are  tabulated  for  each 
joint  set  below  for  the  whole  length  of  tunnel. 

TRUE  JOINT  SPACINGS 

Joint  Minimum  Maximum  Median  No.  of 

Sett  ft)  (ft.)  (ft.)  (ft,)  Joints 

NW  1  (6)  370  (>100)  34  (24)  198 

NE  1  (9)  3,200  (>100)  50  (75)  105 
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Figure  2.  Plan  and  Geologic  Profile 


The  values  in  parentheses  in  the  above  table 
are  those  presented  in  the  geotechnical  report. 
The  data  presented  in  the  table  indicate  that 
the  observed  joint  spacings  compare  favorably 
with  the  values  presented  in  the  geotechnical 
report. 

However,  in  the  section  of  tunnel  beneath  the 
"bedrock  valley"  (station  108+00  to  121+00)  the 
joint  spacings  were  less  than  those  presented 
in  the  geotechnical  report. 

Faults  -  The  geotechnical  report  describes  the 
type  of  fault  that  may  be  intersected  as  having 
a  true  width  of  5  feet  or  less  and  having  gouge 
or  crushed  rock  zones.  Also  indicated  is  a 
possibility  of  encountering  one  or  more  faults 
of  this  size  per  mile  of  tunnel. 

Most  of  the  126  faults  mapped  are  features  with 
relatively  narrow  width  that  are  similar  in 
character  to  the  observed  joints  in  the  tunnel. 
About  80  percent  of  the  observed  faults  have 
widths  less  than  0.1  foot;  only  about  5  percent 
have  widths  greater  than  0.5  foot.  In  most 
cases  the  rock  adjacent  to  the  fault  is 
undisturbed.  About  8C  percent  of  the  observed 
faults  have  clay  and/or  shale  fillings, 
occasionally  with  crushed  rock  (breccia)  or 
secondary  mineral  deposition.  The  remaining 
faults  typically  have  fillings  of  crushed  or 
sheared  rock,  or  mineral  deposits. 

All  of  the  wider  faults  occur  in  the  "bedrock 
valley"  area  between  station  117+50  and  120+50. 


Five  (5)  faults  occur  in  this  section.  They 
have  maximum  widths  of  1  to  4  feet,  but  in  all 
cases  they  narrow  to  about  1  inch  or  less  in 
the  tunnel  crown.  These  features  have  apparent 
vertical  displacements  of  1  to  3  feet,  but  the 
total  apparent  vertical  displacement  across  the 
zone  is  only  about  2  feet.  As  the  rock  was 
continuous  in  the  crown,  no  delays  were 
experienced  by  the  TBM. 

Steel  ribs  and  lagging  were  used  to  construct 
forms  at  the  tunnel  surface  and  across  the 
faults  which  were  then  filled  with  grout. 

Rock  Strength 

The  average  unconfined  compressive  strength  for 
the  Waukesha  Formation,  was  26,640  psi  with  a 
range  of  6,750  to  45,100  psi;  Unconfined 
compression  tests  on  samples  of  weathered  rock 
from  boreholes  within  the  "bedrock  valley"  area 
(station  108+00  to  121+00)  gave  values  of  5,429 
and  6,709  psi.  The  tunnel  maps  contain  general 
qualitative  descriptions  of  the  rock  fabric, 
including  references  to  solutioning  and 
weathering  from  station  110+50  to  119+50.  This 
was  the  only  tunnel  section  where  the  rock  was 
weaker,  however,  the  rate  of  TBM  advance  was 
somewhat  greater  than  the  average.  It  appears 
that  the  presence  of  chert  did  not  affect  the 
rate  of  TBM  penetration  or  the  disc-cutter 
replacement  rate. 
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Initial  Support 

A  5  by  5  foot  pattern  of  dowels  with  9  dowels 
per  station  was  required  and  paid  for  in  the 
contract.  This  pattern  of  dowels  functioned  as 
both  the  minimum  initial  support  and  minimum 
final  support.  The  dowels  are  1.125  inch 
diameter  rebar,  encapsulated  with  polyester 
resin.  The  top  five  bolts  are  10  feet  long  and 
the  remainder  12  feet.  The  dowels  were  closed 
up  to  a  3  feet  longitudinal  spacing  in  the 
"bedrock  valley"  area  where  the  rock  cover  was 
known  to  be  thin.  Other  occasional  spot 
reinforcement  with  dowels  was  used,  sometimes 
with  steel  straps  or  wire  mesh.  These 
additional  dowels  were  also  paid  for  under  the 
contract  and  numbered  some  45,000  lineal  feet 
(about  10  percent  more  than  required  for  the  5 
by  5  foot  pattern) .  Steel  straps  and  wire  mesh 
were  not  paid  for. 

The  top  5  dowels  were  placed  directly  behind 
the  cutter  head  through  slots  cut  in  the 
trailing  partial  steel  shield.  The  remaining  4 
dowels  were  placed  at  a  point  some  75  feet 
behind  the  cutter  head. 

Final  Support 

The  contract  required  about  700  feet  of 
reinforced  concrete  lining  at  junctions  with 
shafts  and  connecting  tunnels.  There  was  also 
a  provision  for  3,500  feet  of  lining  to  be 
placed  at  the  engineer's  direction.  The 
evaluation  of  data  collected  during  the  tunnel 
mapping  was  the  basis  of  determination  of  which 
parts  of  the  tunnel  should  be  lined.  The 
general  criteria  used  were: 

.  Greater  than  normal  frequency  of  jointing. 

.  Increased  number  and/or  thickness  of  clay, 
shale  and/or  gypsum  fillings  in  joints  and 
bedding  planes. 

.  Juxtaposition  of  joints  from  different  sets 
that  may  delineate  wedges,  blocks  or  slabs 
with  potential  for  fall  out. 

.  The  presence  of  weathered  zones  which  could 
be  eroded  or  deteriorate  with  time. 

In  general,  lining  was  recommended  for  tunnel 
sections  in  which  joint  and  bedding 
characteristics,  in  terms  of  the  criteria 
listed  above,  combine  in  a  manner  that  gives 
potential  for  deterioration  of  the  rock  mass 
over  time.  Such  deterioration  is  expected  to 
be  limited  to  minor  spalling  or  raveling  of  the 
rock  surface  and  to  washout  or  solutioning  of 
thicker  joint  fillings  which  could  lead  to  new 
sources  of  groundwater  inflow.  The  potential 
for  washout  and/or  solutioning  of  isolated 
joints  is  recognized  by  specifying  "dental 
treatment"  for  such  features.  This  involves 
removing  the  joint  filling  to  a  depth 
proportional  to  the  width  and  backfilling  with 
shotcrete.  A  total  of  about  5,500  feet  of 
engineer  directed  lining  has  been  specified, 
some  25  percent  of  the  total  tunnel  length. 


GROUNDWATER  CONDITIONS 
Introduction 

The  dolomite  bedrock  through  which  the  tunnel 
was  excavated  is  a  semi-confined  aquifer.  The 
underlying  Maquoketa  Group  is  a  leaky  aquitard 
and  the  overlying  glacial  soils  provide 
recharge.  Recharge  also  occurs  to  the  west  of 
Milwaukee  where  the  dolomite  outcrops  or  is 
close  to  the  surface.  The  aquifer  character¬ 
istics  were  estimated  during  the  exploration 
phase  by  water  pressure  testing  in  the 
boreholes  and  three  pump  tests  at  different 
locations.  The  pump  tests  yielded  flows  of  34, 
150,  and  508  gpm  and  transmissivities  of  470, 
1300  and  5000  gpd/ft.  The  permeability  coeffi 

cients  measured  ranged  from  >1  x  10**^  cm/sec  to 
<  1  x  10-7  cm/sec  with  most  values  less  than  1 

x  10~5  cm/sec.  Piezometric  levels  of  the 
dolomite  are  generally  within  10  to  20  feet  of 
the  ground  surface.  However,  there  is  a  2  mile 
diameter  cone  of  depression  centered  on  the  Red 
Star  Yeast  high  capacity  well  which  is  offset 
about  600  feet  to  the  north  of  station  165+00. 

The  soils  aquifer  along  the  tunnel  alignment 
within  the  Menomonee  River  Valley,  ranges  from 
150  to  220  feet  thick.  The  soil  stratigraphy 
is  generally  as  follows;  glacial  soils  (usually 
till)  on  bedrock,  overlain  by  glacial 
lacustrine  clays,  outwash,  alluvial  soils, 
estuarine  (marsh)  deposits  and  fill. 
Observation  weils  open  in  the  upper  30  feet  or 
so  show  a  water  table  generally  about  5  feet 
below  ground  level.  Piezometers  placed  in  the 
alluvial  zone  indicate  a  semi-confined  aquifer 
with  piezoraetric  levels  a  few  feet  higher  than 
those  placed  at  the  soil/rock  interface  or 
within  the  bedrock. 

It  was  recognized  that  dewatering  of  the 
alluvial  layer  might  induce  significant 
consolidation  related  settlements  of  the 
overlying  estuarine  deposits.  Hence  no 
dewatering  at  the  Reed  Street  Access  construc¬ 
tion  shaft  was  permitted.  The  possibility  of 
connection  between  the  dolomite  bedrock  and  the 
upper  alluvial  aquifer  was  judged  to  be  minimal 
and  probably  balanced  by  recharge  from  the 
river.  However,  provision  was  made  in  the 
contract  to  place  a  series  of  piezometers 
directly  over  the  tunnel  alignment,  sensing  the 
alluvial  soil  layer. 

Water  Inflows  to  the  Tunnel 

Sources  of  Inflow  -  The  geologic  mapping 
indicates  that  most  .inflows  to  the  tunnel  are 
from  joints.  Bedding  planes  are  a  minor  inflow 
source.  Also,  some  inflows  are  from  zones  of 
interconnected  vugs. 

Roughly  one  half  of  the  northwest  joints  and 
one  third  of  the  northeast  joints  produced 
flowing  water.  Another  approximate  15  percent 
of  the  joints  in  each  set  produced  small 
amounts  of  water  inflow  that  were  described  as 
dripping.  Significant  groundwater  inflows  into 
the  tunnel  did  not  begin  until  mid-March  1986 
(Figure  3)  at  which  time  the  TBM  entered  the 
"bedrock  valley"  area  at  about  station  121+00. 
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Figure  3;  Estimated  Inflows  to  Tunnel. 

The  next  1300  feet  yielded  total  inflows  of 
about  700  gpm  and  further  tunnel  excavation, 
raised  this  to  a  maximum  of  about  1,800  gpm. 
The  geotechnical  report  indicated  a  total  flow 
of  about  1,500  gpm  for  the  tunnel  whereas  the 
actual  ungrouted  flow  (estimated  from  tunnel 
maps)  was  2,300  gpm. 

The  "bedrock  valley"  area  initially  was,  and 
remains,  one  of  the  wettest  tunnel  sections 
(Figure  4).  The  zone  of  wider  faults  (see 
"Joints  and  Faults")  between  station  117+50  and 
120+50,  the  western  end  of  the  "bedrock  valley" 
area,  combined  with  the  section  from  station 
115+00  to  117+50,  which  includes  four  narrower 
faults,  account  for  somewhat  more  than  one 
third  of  the  groundwater  inflow  estimated  for 
the  "bedrock  valley"  area. 

Measurement  of  Inflow  -  Groundwater  inflows 
have  been  indirectly  measured  using  the  amount 
of  water  being  discharged  by  the  contractor's 
pumping  system  (corrected  for  the  amount  of 
service  water  introduced)  as  an  estimate  of  the 
amount  of  groundwater  flowing  into  the  tunnel. 
A  plot  of  metered  tunnel  discharge  with  time  is 
provided  in  Figure  3.  The  plot  represents  a 
7-day  term  moving  average  through  the  data; 
i.e.,  the  data  point  plotted  for  each  day  is 
the  average  of  the  discharge  for  that  day  plus 
the  three  preceding  and  three  subsequent  days. 

Figure  3  contains  a  number  of  annotations  of 
events  in  the  tunnel  which  have  likely  affected 
the  amount  of  water  being  discharged  from  the 
tunnel  at  specific  points  in  time. 

A  review  of  Figure  3  indicates  that  the  overall 
trend  of  the  water  inflows  to  the  tunnel  has 
been,  and  continues  to  be,  downward  from  the 
peak  inflows  of  June  1986.  The  current  (late 
August  1987)  water  inflow  rate  of  just  less 
than.  1,000  gpm  is  slightly  more  than  half  of 
the  peak  inflow  rate  of  June  1986,  and  is  less 
than  half  (about  45  percent)  of  the  estimated 
initial  ungrouted  inflow  rate  for  the  whole 
tunnel  of  approximately  2,300  gpm. 

Inflow  monitoring  within  the  tunnel  has  been 
conducted  over  nearly  80  percent  of  the  tunnel 
length.  Measurements  were  made  between  20 
January  1987  and  10  April  1987.  The  results 


are  summarized  in  Table  1,  and  are  compared 
graphically  to  the  estimated  initial  inflows 
(based  on  the  geologic  mapping)  in  Figure  4. 

A  review  of  Figure  4  indicates  that  for  a 
number  of  tunnel  sections  the  groundwater 
inflows  to  the  tunnel  have  been  reduced 
significantly  as  a  result  of  cementitious 
grouting.  In  a  number  of  tunnel  sections, 
significant  inflow  reductions  have  been 
achieved  with  one  pass  of  grouting.  However, 
for  a  number  of  sections  in  the  west  half  of 
the  tunnel,  one  pass  of  grouting  has  produced 
marginal  results.  An  as  yet  unknown  amount  of 
grouting  remains  to  be  done  in  the  invert  in 
the  western  half  of  the  tunnel  (see 
"Grouting"),  and  it  is  expected  that  this 
additional  grouting  will  result  in  further 
inflow  reductions. 

For  a  few  sections,  however,  the  dye  dilution 
measurements  appear  to  indicate  that  inflows 
have  increased  from  the  initial  rates  (Figure 
4).  The  probable  reason  for  these  apparent 
increases  is  that  the  initial  estimates  were 
visual  and  were  probably  low.  In  general, 
these  sections  have  relatively  small  inflows. 

Contractual  Provisions 

Pumping  of  Inflows  -  Items  in  the  contract  bid 
provided  graduated  payments  for  pumping  of  the 
groundwater  inflows  beginning  when  flows 
exceeded  1,500,000  gpd.  Measurement  of  these 
pumped  flows  by  meters  must  take  into  account 
the  water  added  by  the  contractor's  operations. 
Also,  the  meters  should  be  calibrated  using  a 
method  such  as  the  dye  dilution  method  of  flow 
measurement. 

Grouting  -  Because  the  design  aimed  at 
minimizing  the  amount  of  tunnel  to  be  lined, 
the  control  of  groundwater  by  grouting  was 
specified  to  be  at  the  direction  of  the 
engineer.  Bid  items  were  provided  for  drilling 
grout  holes,  water  pressure  testing  the  grout 
hole  and  connecting  the  grout  pump  to  the  drill 
hole  (connections),  sacks  of  cement  and  cubic 
feet  of  grout  placed.  At  the  end  of  August, 
1987  essentially  two  tunnel  passes  of  cement 
grouting  have  been  done.  The  quantities  used 
are  shown  in  Table  2.  Although  the  contract 
has  provision  for  chemical  grouting  (silica), 
none  has  been  done  at  this  time.  The  grouting 
plan  was  essentially  feature  grouting  beginning 
with  mixes  based  upon  initial  single  water 
pressure  test  takes  of  the  grout  hole. 
Increases  in  grouting  pressures  signaled  the 
use  of  progressively  thicker  mixes.  The 
starting  grout  mix  ratio  was  usually  10  to  1, 
water  to  cement  by  weight  (Coon  1987)  with  2 
percent  by  weight  of  bentonite. 

Piezometric  Levels 

Piezometric  levels  in  soil  and  rock  aquifers 
were  drawn  down  as  a  result  of  groundwater 
inflows  into  the  Crosstown  Phase  I  tunnel  and 
into  Crosstown  dropshaft  excavations.  The 
significant  drawdowns  occurred  as  the  tunnel 
excavation  passed  into  and  through  the  "bedrock 
valley"  area. 

Numberous  piezometers  are  located  along  the 
tunnel  alignment.  These  piezometers  have 
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Figure  4.  Water  Inflows  by  Tunnel  Section. 


sensing  zones  in  the  alluvial,  lacustrine  and 
dolomite  aquifers-  which  underlie  the  estuarine 
deposits  in  the  lower  Menomonee  River  Valley. 
Piezometers  with  sensing  zones  within  or  above 
the  estuarine  deposits  generally  sense  the 
water  table  aquifer;  which  was  not  drawn  down. 
The  measured  piezometric  levels  in  the  alluvial 
soil  aquifer  are  recovering  from  the  low  levels 
recorded  in  1986.  The  recoveries  as  a 
percentage  of  the  maximum  drawdown  are  in  the 
range  of  20  to  40  percent.  The  measured 
piezometric  levels  in  the  dolomite  aquifer  are 
also  recovering  from  the  low  levels  recorded  in 
1986.  Recoveries  as  a  percentage  of  the 
maximum  drawdown  are  in  the  range  of  50  to  60 
percent. 


Table  1.  Measured  Water  Inflows. 

Note:  W  and  D  denote  measurement  by 
weir  and  dye  dilution. 


Stations 

Test 

Method 

Inflow 

(GPM) 

Test  Date 

219+85  to  174+00 

1 

D 

239 

4-10-87 

174+00  to  153+25 

D 

64 

4-9-87 

157+25  to  148+00 

W 

65 

3-2-87 

146+50  to  129+00 

D 

193 

4-2-87 

123+00  to  110+00 

W 

300 

3-6-87 

120+50  to  97+75 

D 

214 

4-8-87 

98+75  to  94+00 

D 

62 

2-20-87 

88+00  to  78+00 

D 

25 

2-20-87 

67+75  to  27+75 

D 

110 

1-20-87 

Table  2.  Grout  Quantities. 

Notes:  (l)Grouting  suspended  by  contractor. 
(2)Not  a  bid  quantity. 


Month 

Station 

No.  of 
Holes 

Lineal  Ft 

Of  Drilling 

Begs  of 
Cement 

Cu.  Ft 
Grout 

February,  198$ 

211*45  to  201*04 

74 

778 

206 

814 

March 

200*50  to  180+55 

85 

1,002 

278 

1,168 

April 

121*00  to  117*40 

117 

2557 

972 

2558 

May 

121  *00  to  106*00 

202 

8502 

5557 

17,711 

June 

119*00  to  93*00 

122 

4.407 

4.424 

24,437 

July 

99*35  to  73*55 

190 

5.501 

3,666 

17,268 

August 

70*00  to  58*50 

185 

6.645 

6534 

19.651 

September 

66*00  to  24*50 

169 

5,743 

2,932 

11.750 

October 

93*57  to  58*50 

170 

6,867 

5.148 

24,186 

November 

89+95  to  98*34 

155 

7,094 

2560 

15.392 

December 

98*00  to  108*85 
10*85  to  18*50 

122 

4.251 

2.042 

9,961 

January,  1987 

125*00  to  174*00 
18*65  to  25*50 

155 

5542 

4.191 

17,430 

FtbnwyO 

- 

- 

- 

- 

March 

149*00  to  157*50 
108*00  to  111*00 

189 

7,877 

3,963 

14.840 

April 

111*00  to  120*00 
173*00  to  180*00 

279 

10524 

3,183 

10592 

May 

10*30  to  17*00 

57 

2506 

2.410 

7.445 

June 

17*00  to  24*00 

180 

8,093 

5,551 

21,019 

July 

24*00  to  29*00 
45+00  to  60*00 

163 

7554 

3,131 

12.768 

August 

60*00  to  70+00 

205 

9,177 

2510 

13,464 

Totals  through 

28  August  1967 

2,819 

103520 

58558 

242,454 

Bid  Quantities 

2) 

200.000 

20,000 

250,000 
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SUMMARY 

A  most  successful  aspect  of  the  geotechnical 
exploration  was  the  planned  phasing  of  the  work 
into  the  study  area,  corridor  and  problem  or 
geological  hazard  exploration.  This  allowed 
the  investigation  to  focus  on  the  areas 
requiring  further  study  and  provided  current 
geotechnical  information  for  the  facilities 
planning  and  design. 

The  spacing  of  exploratory  boreholes  along  the 
alignment  (maximum  of  about  2,500  feet)  was 
adequate.  The  recognition  of  the  potential  for 
a  "bedrock  valley"  came  from  topographic 
bedrock  surface  maps  drawn  using  data  from  the 
first  two  phases.  This  prompted  a  final  phase 
(problem  area  borings)  of  exploration  which 
defined  the  extent  of  the  depression,  the 
increased  joint  frequency  and  the  presence  of 
weathering.  However,  no  faults  were 
intersected  and  none  specifically  inferred  in 
this  area  because  there  were  no  apparent 
displacements  across  well  defined  formation 
contacts.  The  depression  in  the  top  of  rock  in 
itself  indicated  the  probability  of  preferred 
erosion  but  without  other  corroborating  factors 
it  was  judged  that  speculation  on  the  presence 
of  faults  in  this  section  was  not  appropriate. 
As  it  turned  out,  the  thinning  of  the  faults  to 
joint  dimensions  through  the  crown  enabled  the 
TBM  to  continue  excavation  without  delay.  The 
volumes  of  water  encountered  in  the  "bedrock 
valley"  were  not  predicted  specifically  in  the 
geotechnical  report.  However,  the  contract 
provisions  for  pumping  of  this  water  and  for 
grouting  it  off  have  prevented  the  inflows  from 
being  an  issue. 

The  significant  drawdown  in  the  piezometric 
surface  of  the  dolomite  was  related  to  the 
large  inflows  from  the  "bedrock  valley"  which 
in  turn  induced  large  drawdowns  in  the  alluvial 
layer.  This  connection  was  unexpected  as  was 
the  areal  extent  of  the  effect  (about  2  miles 
in  total  length).  Four  recharge  wells  were 
setup  and  operated  with  some  success  in 
equalizing  the  levels.  At  the  same  time 
grouting  efforts  were  doubled  in  the  "bedrock 
valley"  area.  Recovery  is  underway  in  both  the 
alluvial  and  dolomite  aquifers.  An  optical 
survey  of  settlement  points  set  up  on  sensitive 
structures  within  the  affected  area  show 
settlements  thus  far  to  be  generally  less  than 
0.30  inch. 

In  hindsight,  it  would  appear  that  having  a 
shotcrete  option  for  final  lining  support  of 
the  tunnel  arch  would  have  given  more 
flexibility  in  choice  of  permanent  support 
types.  This  would  have  been  an  intermediate 
choice  between  the  pattern  of  dowels  and  a  full 
circle,  unreinforced  concrete  liner.  Also,  the 
specified  nine  bolt  pattern  could  have  safely 
been  reduced  to  five,  with  the  remaining  four 
as  optional  depending  upon  the  encountered  rock 
conditions. 


In  conclusion  it  may  be  said  that  the 
geotechnical  report  was  generally  accurate  when 
predicted  and  encountered  conditions  are 
compared.  The  phased  approach  to  the 
exploration  worked  well.  The  important  areas 
of  initial  support  and  groundwater  inflows  did 
not  become  issues  because  of  provisions  made 
elsewhere  in  the  contract  documents  as 
previously  described. 
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SYNOPSIS:  An  increased  level  of  horizontal  stress  related  to  tectonic  forces  is  often  held  respon¬ 
sible  for  unexpectedly  strong  mining  induced  seismicity.  The  authors  use  the  Belchatow  open  pit 
lignite  mine  in  central  Poland  to  show  that  this  seismicity  can  be  explained  without  tectonic  forces 
as  well.  The  presented  approach  should  offer  affordable  ways  of  detecting  the  problem  before  it 
occurs,  and  either  preventing  it  or  controlling  its  scale. 


INTRODUCTION 

Mining  induced  seismicity  is  common  in  many 
coal  and  hard  rock  mines.  Mining  induced 
seismicity  associated  with  open  pit  mining  is 
rarely  observed. 

Development  of  the  opening  cut  for  the 
Belchatow  open  pit  lignite  mine  in  central 
Poland  started  in  1976.  The  depth  of  the 
opening  cut  reached  approximately  90  m 
(meters)  when  the  first  tremor  of  magnitude 
3.6  occurred  in  August  1979.  It  was  sensed 
by  the  crew  on  the  dispatcher  tower  (Fig.  1), 
which  experienced  a  series  of  swinging  move¬ 
ments.  Ground  movements  were  also  strong  in 
a  small  building  occupied  by  the  mine  hydro- 
geological  team  (Fig.  1).  The  spilling  of  a 
tea  on  the  table  marked  the  direction  of 


Fig.  1.  Mining  Situation  and  Elements 

Related  to  the  Study  on  Seismic 
Activity.  T-tower,  M-monitoring 
station,  P-piezometer,  H-building, 
C-crack  in  slope,  1,2,3-geophones. 


the  horizontal  displacement  (generally  to  the 
southwest).  In  addition,  cracks  showed  up  in 
the  walls  inside  the  southern  portion  of  the 
building.  Ground  motion  also  was  sensed  in 
the  management  building  (Fig.  2),  and  by  the 
residents  of  the  nearby  villages. 


Fig.  2.  Lignite  Deposit  in  the  Belchatow 
Trench. 

The  shock  triggered  concern  about  the  nature 
of  the  activity,  and  a  possible  threat  to  the 
turbines  of  the  power  plant  being  constructed 
near  the  perimeter  of  the  mine  (Fig.  2). 

The  interpretation  of  the  Belchatow  case  was 
published  by  Gibowicz  et  al.  (1981,  1982), 
and  Kijko  (1983).  This  interpretation  con¬ 
sidered  mining  as  responsible  for  disturbing 
an  equilibrium  in  a  "tectonically  unstable, 
pre-stressed"  horizontal  stress  system  in  the 
mine  area.  The  interpretation  was  based  on 
data  from  seismological  observatories  in 
Poland,  Czechoslovakia,  and  a  few  central  and 
northern  European  countries.  These  observa¬ 
tories  were  located  more  than  100  kilometers 
from  the  mine.  Their  ground  movement  record¬ 
ing  instruments  were  designed  for  monitoring 
earthquakes  in  a  frequency  range  below  singu¬ 
lar  hertz. 

Microseismic  equipment  was  installed  at  the 
Belchatow  mine  site  and  the  monitoring  of 
microseismic  activity  began  in  the  Fall  of 
1979.  Location  of  the  geophone  array  (Fig. 

1)  was  selected  based  on: 


•  information  collected  from  the 
witnesses  of  the  first  tremor, 

•  location  of  the  opening  pit  and  the 
waste  (overburden)  dump  with  respect 
to  the  local  geological  conditions, 

•  anomalies  in  the  water  table  and 
vertical  displacements  of  the  ground 
adjacent  to  the  pit  contour. 

Part-time  monitoring  and  a  number  of  break¬ 
downs  of  the  system  resulted  in  incomplete 
recording  or  missing  11  out  of  12  seismic 
events  (magnitudes  2  and  above)  which 
occurred  in  1980-81  (Gibowicz  et  al. ,  1981, 
1982).  All  the  weaker  events  often  recorded 
by  the  system  were  not  of  seismic  origin 
(sonic  booms  from  jets).  The  epicentral 
location  of  the  event  of  April  1980  (Fig.  1, 
magnitude  3.5)  confirmed  that  the  selection 
of  the  site  for  the  geophone  array  was 
correct.  It  also  was  consistent  with  the 
model  of  the  mining  induced  deformation 
process  held  responsible  for  the  seismic 
events.  Discussion  of  this  model  was 
presented  to  the  Annual  International 
Symposium  on  Geophysical  Investigations  in 
Hines  held  in  Poland  in  September  1980. 

The  content  of  this  paper  relies  on  the 
author's  recollection  of  his  presentation  and 
the  experience  at  the  Belchatow  seismicity 
investigation.  Study  of  published  materials 
related  to  the  subject  also  was  helpful.  The 
intention  of  this  paper  is  to  present  another 
point  of  view  as  to  the  cause  of  the  seismi¬ 
city  in  the  Belchatow  case.  It  also  empha¬ 
sizes  the  importance  of  running  an  extensive 
dynamic  analysis  of  the  deformation  and 
stress  concentration  process  (induced  by 
mining,  in  particular,  geological  conditions) 
for  providing  a  reliable  explanation  of  the 
observed  seismic  activity.  This  type  of 
analysis  is  superior  to  considering  seismic 
activity  alone,  with  geological  and  mining 
situations  as  a  static  background.  In  each 
case,  the  choices  of  the  monitoring  equipment 
and  array  are  fundamental  for  comprehensive 
study  and  reliable  interpretation  of  data 
from  mining  induced  seismicity. 


GEOLOGICAL  CONDITIONS 

The  Belchatow  lignite  deposit  is  located  in 
the  Belchatow  tectonic  trench  approximately 
15  km  (kilometers)  south  of  the  town  of 
Belchatow.  The  trench,  1.5  to  2  km  wide  and 
approximately  0.5  km  deep,  stretches  east- 
west  for  over  40  km  (Fig.  2).  Southern  walls 
of  the  trench  are  nearly  vertical,  and  formed 
of  limestone  with  karst  (Upper  Jurassic  for¬ 
mation,  Fig.  3).  Cretaceous  rocks,  mostly 
sandstones  and  marls,  border  the  trench  from 
the  north.  Parallel  faults  shape  these  rocks 
into  a  series  of  steps  gently  dipping  to  the 
south.  The  bottom  of  the  trench  is  lined 
with  siltstones  and  claystones  sometimes 
clayey  sandstones  of  Lower  Jurassic  cut  by  a 
few  parallel  faults.  The  lignite  deposit  up 
to  150  m  thick  is  covered  by  100  to  200  m  of 
overburden,  mostly  fine  sands  and  argils  with 


lenses  of  boulder  clays  and  silts  (Fig.  3). 
Similar  materials  form  the  bedding  sediments 


Fig.  3.  Cross-section  of  the  Belchatow 

Trench  near  the  Area  of  Mining. 

J-Jurassic  rock,  Cr-Cretaceous  rock. 

down  to  the  bottom  of  the  trench.  The  depos¬ 
it,  1.5  km  wide  in  the  area  where  the  mining 
started,  comes  close  to  the  southern  wall  of 
the  trench.  The  northern  edge  of  the  deposit 
is  separated  from  the  northern  side  of  the 
trench  by  a  0.5  to  1  km  wide  strip  of  Quar¬ 
ternary  sands  (Fig.  3).  A  map  showing  con¬ 
tours  of  the  trench  in  the  area  of  mining 
(reconstruction)  is  presented  in  Figure  4. 


Fig.  4.  Mining  Situation  with  Respect  to  the 
Trench  Morphology  and  Deposits. 


Note  the  dislocation  of  the  southern  wall  of 
the  trench  toward  the  north  in  front  of  the 
southeastern  corner  of  the  opening  pit.  Part 
of  this  wall  adjacent  to  the  pit  contour  is 
probably  separated  by  a  fault.  It  forms  an 
uplifted  limestone  pillar  with  the  top  close 
(30-50  m)  to  the  ground  surface. 

Permeability  of  the  sandy  sediments  provides 
good  hydraulic  connections  between  all  water 
reservoirs. 


SEISMICITY  AND  INDICATIONS  OF  TECTONIC  FORCES 

Poland  is  situated  far  away  from  the  tectonic 
hot  spots  of  the  globe.  This  does  not  ex¬ 
clude  the  presence  of  slowly  varying  weak  or 
very  uniform  horizontal  stress  fields  re¬ 
ferred  to  as  tectonic  forces.  The  country 
sits  over  the  transition  zone  between  the 
Eastern  European  Precambrian  platform  to  the 
northeast,  and  the  Paleozoic  platform  to  the 
southwest.  Mountains  along  the  southern  bor¬ 
der  belong  to  two  different  orogenic  forma¬ 
tions.  Local  (in  the  scale  of  the  globe) 
concentrations  of  tectonic  forces  are  held 
responsible  for  rare  and  weak  natural  earth¬ 
quakes  in  some  locations  along  the  southern 
border,  and  (much  less)  in  central  and  north¬ 
eastern  parts  of  the  country  (Olczak,  1962; 
Pagaczewski,  1972). 

No  earthquakes  were  reported  in  the  Belchatow 
area  in  historic  times.  Based  on  the  study 
of  the  vertical  movements  of  the  ground  in 
Poland  prior  to  1975,  the  ground  in  the 
Belchatow  area  was  sinking  at  1  mm  per  year 
(Kielbasiewicz  et  al.,  1982).  Besides  this 
information,  the  authors  have  no  knowledge  of 
any  experimental  data  allowing  assessment  of 
the  true  level  of  the  horizontal  stress 
underground  in  Poland. 


MINING  SITUATION 

The  perimeter  of  the  future  mining  (Fig.  2) 
follows  the  shape  of  the  deposit.  Dewatering 
in  the  mine  area  down  to  the  lignite  seam 
level  started  in  1975.  The  fine  sands  of  the 
bedding  deposits  were  left  saturated  with 
water.  Figure  4  illustrates  the  contours  of 
the  opening  pit  and  a  part  of  the  base  of  the 
waste  (overburden)  dump  in  1979-80.  Of  the 
four  slopes  of  the  pit,  the  two  parallel  to 
the  trench  and  the  eastern  slope  were  cut  to 
the  final  angle  of  approximately  30  de¬ 
grees.  The  slopes  f*ere  formed  mostly  of 
sandy  material.  Only  the  bottom  part  of  the 
southern  slope  was  in  the  Jurassic  lime¬ 
stone.  There  were  no  plants  or  grass  cover 
which  would  provide  any  stabilizing  action  to 
the  slopes.  This  also  prevented  masking  sur¬ 
face  failures  as  they  occurred.  The  western 
slope  was  cut  in  wide  steps  as  part  of  the 
advancing  process  of  overburden  removal.  The 
bottom  of  the  pit  nearing  the  top  of  the  lig¬ 
nite  deposit  in  1979-80  was  from  90  to  110  m 
deep,  approximately  1.5  km  wide  and  0.8  km 


long  (with  respect  to  the  trench  orienta¬ 
tion).  Anomalous  characteristics  of  slower 
subsidence  next  to  the  southern  part  of  the 
eastern  slope  of  the  pit  was  related  to  the 
local  bedrock  structure  (limestone  pillar; 
Fig.  4).  As  remembered,  the  water  table 
indicated  a  similar  anomaly.  There  were  no 
measurements  of  horizontal  displacements  at 
that  time. 

Dewatering  of  overburden  probably  resulted  in 
removing  water  from  many  karst  caves  and  tun¬ 
nels  in  the  limestone  walls  of  the  trench. 

In  some  cases,  it  could  turn  a  hydraulic 
pressure  into  a  depression.  In  each  case,  it 
should  disturb  the  balance  in  a  local  stress 
system. 


MICROSEISMIC  MONITORING  SYSTEM 

A  geophone  array  of  six  accelerometers  was 
installed  on  the  ground  in  front  of  the 
eastern  slope  of  the  pit  (Fig.  1).  A  short 
period  seismometer  was  installed  side  by  side 
with  the  accelerometer  (No.  3)  for  covering 
lower  frequencies  of  the  wave  spectrum  rou¬ 
tinely  recorded  by  seismological  instru¬ 
ments.  All  transducers  were  oriented  to 
respond  to  vertical  components  of  the  ground 
motion. 

Accelerometers  were  installed  in  shallow 
holes;  each  was  mounted  on  the  top  of  a  1  m 
long  fiberglass  rod  driven  vertically  to  the 
full  length  into  the  ground  for  coupling. 

The  seismometer  was  partially  buried  in  the 
ground.  Each  hole  was  covered  with  a  steel 
bucket,  its  bottom  flush  with  the  ground  and 
capped  with  turf  to  reduce  the  noise  from  the 
strong  winds.  Signals  from  accelerometers 
were  conditioned  by  preamplifiers  and  trans¬ 
mitted  through  shielded  cables  to  the  central 
multichannel  FM  magnetic  tape  recorder.  Sig¬ 
nals  from  the  seismometer  were  transmitted 
directly  to  the  recorder.  Power  for  preamp¬ 
lifiers  was  provided  from  a  car  battery 
through  an  additional  wire  in  each  transmis¬ 
sion  cable.  A  loudspeaker  allowed  continuous 
audible  monitoring  of  recorded  signals. 
Magnetic  tapes  were  replayed  audibly  and 
selected  fragments  of  the  record  were  repro¬ 
duced  with  a  stripchart  oscillograph  for  the 
final  data  analysis. 

Recording  and  reproducing  equipment  was 
adjusted  for  the  frequency  range  from  0.5  to 
375  hertz,  with  accelerometers  covering  from 
10  to  3,000  hertz  and  the  seismometer  cover¬ 
ing  0.5  to  30  hertz.  An  average  sensitivity 
of  the  transducers  was  0.015  V/m/s2  for 
accelerometers  and  400  V/m/s  (volt  per  meter 
per  second)  for  the  seismometer.  Dynamic 
range  of  recorded  waves  was  limited  by  the 
tape  recorder  to  46  dB.  The  standard  pre¬ 
cision  of  the  time  reading  was  0.5  ms  (mili- 
second) . 


MICROSEISMIC  EVENTS  AND  RELATED  OBSERVATIONS 


A  number  of  weak  events  were  recorded  by  the 
system.  They  were  generated  by  sonic  booms 
from  jets.  Double  impulse  character  of  their 
waveforms  and  uniform  frequency  were  detected 
by  accelerometers.  These  features  were  fil¬ 
tered  to  singular,  low  frequency,  weak  sig¬ 
nals  on  records  from  the  seismometer.  Lack 
of  small  natural  seismic  events  between 
strong  tremors  suggested  a  simple  'stress 
system  and  a  uniform  stress  concentration 
process. 

The  epicentrum  of  the  event  of  April  1980 
(magnitude  3.5)  was  located  over  the  uplifted 
limestone  pillar  (Fig.  4).  The  dominant  wave 
frequency  detected  by  accelerometers  was 
approximately  60  hertz.  The  dominant  fre¬ 
quency  recorded  by  the  seismometer  was 
approximately  12  hertz.  The  event  was  accom¬ 
panied  by  a  crack  in  the  eastern  slope  of  the 
pit  almost  matching  to  the  source  location. 

In  addition,  the  bottom  of  the  piezometer 
well  near  the  epicenter  (Fig.  1)  was  damaged. 

Moreover,  the  ground  deformation  associated 
with  tremors  was  of  concern  in  our  study  of 
the  Belchatow  case.  Based  on  published 
materials  (Kielbasiewicz,  1982),  the  deforma¬ 
tion  of  the  ground  which  accompanied  the 
first  tremor  was  interpreted  as  a  super¬ 
position  of  two  types  of  deformation  (Fig. 

5a,  b): 

•  Loose  material  flow  toward  the  pit 
as  a  result  of  a  stress  relief  both 
in  vertical  and  horizontal  direc¬ 
tion.  This  flow  was  controlled  by 
the  trapezoidal  shape  of  the  pit  and 
the  shape  of  the  trench. 

•  A  powerful  displacement  of  loose 
material  below  the  lignite  seam 
directed  to  the  northwest.  This 
displacement  resulted  in  relative 
sinking  of  the  ground  adjacent  to 
the  southeastern  corner  of  the  pit, 
and  strong  upheaval  around  the 
northwestern  corner. 


DISCUSSION 

The  common  product  of  an  investigation  of 
mining  induced  seismicity  is  a  retrospective 
model  of  the  deformation  process  which  has 
led  to  structural  failures  accompanied  by 
seismic  phenomena.  While  developing  the 
model,  all  available  data  and  observations 
allowing  reconstruction  of  significant  steps 
in  the  deformation  process  should  be  consid¬ 
ered.  The  model  should  allow  reliable  pre¬ 
diction  of  the  trend  in  the  development  of 
seismic  activity,  and  should  give  clues  as  to 
how  the  problem  can  be  corrected  if  neces¬ 
sary. 


a. 


LEGEND 

Centers  of  relative 
anomalies  in  ground 


Fig.  5.  Idealized  Anomalies  in  Increments  of 
Ground  Vertical  Movements: 
a.  forced  by  stress  relief  in  the 
trench;  b.  after  a  tremor. 


The  Nature  of  Mining  Induced  Seismicity  -  A 
Model 

Dewatering  of  overburden  around  the  pit 
resulted  in  a  thicker  layer  of  drained  but 
still  wet  sands  above  the  water  table,  and  a 
drop  in  hydrostatic  pressure  in  the  remaining 
water  saturated  sands  down  to  the  bottom  of 
the  trench  (Fig.  6).  The  subsequent  shift 
from  plastic  toward  elastic  behavior  improved 
the  stability  of  loose  material  in  the  trench 
as  a  result  of  higher  c.ohesion,  and  an  in¬ 
crease  of  effective  stress.  A  reduction  of 
the  load  caused  by  dewatering  upon  the  trench 
bottom  and  walls  was  considered  insignifi¬ 
cant. 

Removing  large  amounts  of  overburden  from  the 
opening  pit  and  storing  them  on  the  waste 
dump  resulted  in  a  substantial  change  in  the 
distribution  of  vertical  load. 

An  increase  of  load  from  the  waste  dump  out¬ 
side  the  trench  (Figs.  2,4)  should  not  affect 
deposits  in  the  trench  directly.  However, 
some  concentration  of  horizontal  stress  in 
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properties  of  the  material,  the  large  portion 
of  this  zone  also  should  fail,  resulting  in  a 
sudden  massive  load  upon  the  liquefaction 
prone  area.  A  hydraulic  impact  developing 
horizontally  off  the  pillar  area  should  force 
large  amounts  of  loose  materials  to  make  a 
short  (few  centimeters)  but  powerful  move 
toward  the  stress  relief  zone  under  the  pit 
and  up  the  slope  of  the  northern  wall  of  the 
trench.  This  should  result  in  a  strong 
secondary  seismic  effect  (a  phenomenon  simi¬ 
lar  to  the  gas  outbursts  in  coal  mines).  The 
ground  surface  around  the  pillar  should  drop 
while  the  upheaval  of  the  ground  surface 
adjacent  to  the  northwestern  corner  of  the 
pit  should  be  expected  (Fig.  5b). 

Effects  of  this  kind,  with  ground  displace¬ 
ments  on  the  order  of  a  centimeter,  were 
observed  after  the  shock  of  August  1979 
(Kielbasiewicz  et  al.,  1982).  Macroseismic 
effect  from  the  strongest  tremor  which 
occurred  in  September  1980  (Gibowicz  et  al., 
1982)  also  was  directed  to  the  northwest.  In 
addition,  the  location  of  the  crack  in  the 
eastern  slope  after  the  event  of  April  1980 
(Fig.  4)  was  consistent  with  the  surface 
effects  expected  to  follow  a  failure  in  the 
pillar  and  a  deformation  which  triggered  a 
liquefaction. 

Evaluation  of  the  Total  Energy  as  Dependent 
on  Monitoring  Equipment 

According  to  the  presented  model,  the  stress 
system  developed  in  response  to  the  stress 
relief  should  be  shallow  and  simple.  A  local 
stress  concentration  within  the  limestone 
pillar  was  directly  attributed  to  the  poten¬ 
tial  primary  failure.  When  a  failure 
occurred,  the  local  stress  structure  absorbed 
part  of  the  released  energy.  This  resulted 
in  seismic  waves  of  proportional  energy,  and 
of  frequency  inversely  proportional  to  the 
size  of  the  stress  structure  and  the  wave 
velocity  in  the  limestone  (Brune,  1970).  The 
size  of  the  stress  structure  in  the  limestone 
during  the  event  of  April  1980  was  estimated 
between  10  and  20  m  (based  on  records  from 
accelerometers).  The  frequency  of  60  hertz 
was  well  above  the  range  covered  by  seismo- 
logical  instruments. 

A  portion  of  energy  released  during  a  failure 
in  the  limestone  pillar  should  be  absorbed  by 
the  stress  zone  in  loose  materials  next  to 
the  failure  area.  The  large  portion  of  the 
energy  released  when  the  loose  material 
failed  should  contribute  to  the  development 
of  liquefaction.  The  liquefaction  phenomenon 
should  convert  most  of  its  energy  into  a 
powerful  secondary  seismic  event.  Large 
amounts  of  this  energy  should  be  radiated  in 
the  frequency  range  covered  by  seismological 
instruments.  Consequently,  proportions 
between  the  total  energy  involved  during 
seismic  event  and  the  energy  carried  by 
seismic  waves  (frequencies  below  singular 
hertz)  should  be  reduced  from  100:1  (McGarr 
et  al.,  1979)  to  less  than  10:1  (Duvall  et 
al.,  1967).  This  approach  should  result  in  a 


considerable  reduction  of  the  estimated  total 
energy  released  during  each  seismic  event. 
Consequently,  the  energy  disturbance  cavsed 
by  mining  should  be  sufficient  to  justify  the 
level  of  seismicity  in  the  Belchatow  mine. 


CONCLUSIONS 

The  model  presented  in  this  paper  gives 
another  explanation  of  the  nature  of  mining 
induced  seismicity  in  the  Belchatow  mine. 

The  explanation  takes  under  consideration  all 
available  information  regarding  local  condi¬ 
tions.  This  approach  dictates  largely  quali¬ 
tative  character  of  the  analysis  in  which 
relative  increments  are  predominantly  used. 

The  model  does  not  require  any  high  and 
unstable  tectonic  stress  as  a  condition  for 
seismic  events  of  the  observed  magnitude  to 
occur.  This  is  consistent  with  the  fact  of 
no  seismic  activity  in  this  area  before  the 
mining  started. 

According  to  this  model,  the  conditions  which 
contributed  to  the  mining  induced  seismicity 
in  the  Belchatow  case  were: 

•  Fine  and  uniform  sands  of  overburden 
as  well  as  bedding  deposits. 

•  Saturation  of  bedding  deposits  with 
water  along  with  a  partial  sealing 
effect  provided  by  the  lignite 
deposit  from  the  top  and  along  the 
southern  wall  of  the  trench. 

•  Location  of  the  lignite  deposit  in 
the  tectonic  trench  formed  of  strong 
rock  formations. 

•  Lowering  the  triggering  level  of 
liquefaction  in  bedding  deposits  as 
a  result  of  an  effective  stress 
relief  below  the  pit  and  within  the 
limits  of  the  protective  stress  con¬ 
centration  zone  formed  around  the 
pit. 

•  Presence  of  the  limestone  pillar 
(possibly  karstif icated)  in  front  of 
the  eastern  slope  of  the  opening 
pit. 

All  these  factors  formed  a  unique  environment 
in  which: 

•  the  mining  induced  loading  and 
unloading  system  destabilized  the 
stress  in  the  bedding  sand  deposits, 

•  stress  concentration  in  the  pillar 
resulted  in  local  failures, 

•  waves  generated  by  each  failure 
triggered  a  massive  failure  in  loose 
materials  adjacent  to  the  pillar, 

•  subsequent  rapid  increase  of  load 
triggered  liquefaction  below  the 
lignite  deposit, 

•  developing  liquefaction  resulted  in 
a  hydraulic  impact  polarized  predom¬ 
inantly  northwest  toward  the  opening 
pit. 

The  scale  and  horizontal  orientation  of  the 
hydraulic  impact  and  its  shallow  location 


were  held  responsible  for  very  strong 
macroseismic  intensity  and  its  northwest 
orientation. 

Seismic  activity  in  the  Belchatow  area  was 
interpreted  as  a  temporary  phenomenon  related 
to  mining  in  contact  with  the  eastern  slope 
of  the  pit.  This  activity  should  cease  after 
the  mining  reaches  the  bottom  of  the  lignite 
seam  and  moves  to  the  west.  In  the  meantime, 
a  periodic  blasting  in  the  limestone  pillar 
at  the  location  where  seismic  events  origi¬ 
nated  should  force  more  uniform  flow  of  loose 
material  from  the  east  toward  the  pit.  The 
blasting  should  eliminate  subsequent  major 
seismic  events,  or  lessen  their  magnitude. 

Testing  the  stress  and  pressure  in  which 
sands  become  liquefaction-prone  should  pro¬ 
vide  information  confirming  the  presented 
model. 

Regarding  the  instrumentation  part  of  this 
study,  the  selection  of  microseismic  monitor¬ 
ing  equipment  (widened  frequency  range)  is 
considered  fundamental  for  the  comprehensive 
study  on  any  mining  induced  seismicity.  This 
is  particularly  true  for  shallow  and  open  pit 
mining  operations,  and  other  engineering  pro¬ 
jects  dealing  with  slopes. 
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SYNOPSIS:  A  detailed  investigtion  has  been  conducted  to  study  the  causes  of  severe  and  widespread 
damages  in  a  town  situated  on  a  salt  dome.  The  study  includes  a  thorough  assesssent  of  ground  con¬ 
ditions  in  the  coastal  plain  surrounding  the  salt  dome  for  possible  utilization  of  the  plain  as 
redevelopsent  areas.  Major  geological  features  in  the  study  area  comprised  of  collapsible 
windblown  sands  which  are  underlain  by  salt  rock  in  the  old  town  ana  soft/loose  sabkha  deposits  in 
the  proposed  redevelopsent  zones.  It  has  been  found  that  the  extensive  daaages  in  the  buildings 
and  roads  are  primarily  due  to  subsidence  phenomenon  associated  with  the  dissolution  of  salt  rock. 
The  properties  of  the  sabkha  sediments  and  anticipated  geotechnical  problems  have  teen  described. 


INTRODUCTION 

A  detailed  investigation  has  teen  conducted 
to  study  the  causes  of  the  severe  and 
widespread  structural  damages  in  the  city  of 
Jazan,  situated  in  a  coastal  plain  on  south¬ 
west  of  Saudi  Arabia.  In  the  city  stare  than 
120  buildings  are  daiaaged  beyond  repair. 
The  problem  would  have  teen  core  apparent  if 
large  tracts  of  severely  damaged  or 
collapsed  buildings  had  not  teen  demolished. 
Tne  investigation  program  consisted  of  an 
extensive  drilling  program,  laboratory 
testing,  field  lead  tests,  survey  of  damaged 
buildings  and,  geological  and  geophysical 
studies.  It  has  been  found  that  the  drama¬ 
tic  damages  in  the  town  is  primarily  asso¬ 
ciated  with  the  unusual  ground  conditions 
prevailing  in  the  region,.  This  paper  pre¬ 
sents  an  assessment  of  ground  conditions, 
with  reference  to  typical  engineering  geolo¬ 
gical  features  of  the  region  and  their 
implications  in  identifying  the  major 
geotechnical  factors  which  have  contributed 
to  the  failures  of  the  structures. 


GEOLOGICAL  FEATURES 

The  town  of  Janan  is  situated  on  an  elevated 
terrain  underlain  by  <,  salt  dome  measuring  4 
sg.  kms  in  area  and  reaching  about  50n. 
above  the  sea  level.  The  salt  dome  is 
surrounded  by  a  coastal  grain  in  the  south¬ 
west  corner  of  Saudi  Arabia.  The  coastal 
plain  which  is  plannee  ao  the  redevelopment 
area  in  the  region,  stretches  north  and 
south  for  approximately  190  kms.  A  schema¬ 
tic  geological  cross  section  of  the  region 
is  shown  in  Fig.  1. 

The  salt  dome  is  the  predominant  structural 
feature  in  the  coastal  plain.  It  protrudes 
about  50m  above  the  surrounding  sabkha 
flats.  Throughout  the  geologic  time  since 
the  formation  of  salt  deposits  and  its 
burial,  the  salt  dome  gradually  pierced 
through  the  overlying  country  rocks.  This 


Fig.  1  Representative  cross  section  of 
Jazan  region 

movement  is  probably  due  to  the  lower  den¬ 
sity  of  the  salt  as  compared  to  the 
surrounding  country  rocks.  As  the  salt  done 
reaches  to  the  surface,  most  of  the 
overlying  country  rock  and  caprock  are  sub¬ 
sequently  removed  by  erosional  processes. 
There  are  few  outcrops  of  the  salt  body  and 
the  thickness  of  the  soil  underlain  by  salt 
rock  varies  over  a  range  6m  to  15m  in  the 
town.  The  topography  of  the  rock  surface 
exhibits  considerable  variations  within 
short  distances.  i.'ighly  irregular  surface 
of  the  salt  dome  is  an  evidence  of  active 
erosion  of  the  salt  through  dissolution  pro¬ 
cesses. 

An  aeolian  sand  mantle  overlies  the  salt 
dome.  The  sand  has  uniform  grain  sized 
distribution,  typical  for  windblown  deposits 
and  its  relative  density  varies  from  medium 
dense  to  very  dense  depending  on  the  depth, 
water  content  and  degree  of  cementation. 

The  caprocks  which  are  formed  upon  the 
rising  salt  dome  come  in  contact  with  ground 
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water,  appear  as  high  ridjes,  as  sicua  sa 
Fig.  1.  The  gypsum  and  tr^'drite  bills 
eaclsse  tie  lew  lying  area  which  is  covered 
by  sazd  dune  deposits-  This  topographic 
feature  can  he  attributed  to  a  long  term 
collapse  mechanism  associated  with  the 
dissolution  of  salt  reck  by  groundwater 
(Al-Kuhesdis,  19351- 

The  area  surrocoding  the  elevated  terrain 
(salt  dome}  is  essentially  flat,  and  is 
covered  by  thick  sediments  of  soft/loose 
organic  saline  soils  which  are  referred  to 
as  sabkha  deposits  in  published  literature 
(Akili  et  al,  19S1J-  In  the  sabkha  terrain 
three  zones  comprise  the  soil  profile:  i. 
sabkha  crust;  ii.  compressible  sabkha 
complex  and;  iii.  sabkha  base.  The  sabkha 
crust  has  an  average  thickness  of  1.5m  and 
is  a  mixture  of  fine  sand  and  silt  size  par¬ 
ticles  encrusted  by  precipitations  of 
soluble  salts  resulting  from  evaporation  of 
saline  ground-rater.  The  middle  zone  is  com¬ 
posed  of  soils  varying  from  non-plastic  fine 
sands  to  highly  plastic  organic  clays. 
Variety  of  materials,  mutually  imterlayered 
at  random,  occur  in  sabkha  complexes  witho¬ 
ut  exhibiting  any  real  stratification.  The 
distinct  feature  of  sabkha  deposits  is  their 
poor  mechanical  properties  and  heterogeneous 
nature-  Their  highly  variable  compressibili¬ 
ties  coupled  with  significantly  low  hearing 
resistances  often  give  rise  to  serious 
geotechnical  problems  (Jullie  et  al,  1933; 
Shan  et  al,  1931;  Akili,  1981).  The  plasti¬ 
city  characteristics  of  the  sabkhas  from 
Jazan  region,  shown  in  Fi^.  2.,  reflect  the 
variable  nature  of  the  sediments. 
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Fig.  2  Consistency  limits  of  sabkha 
sediments 


GEOTECHNICAL  PROBLEMS 

Subsidence  in  the  Salt  Ooze  Reaion: 


The  most  populated  part  of  the  city  is 
situated  on  the  elevated  terrain  which  is 
underlain  by  the  salt  dome.  In  this  section 
of  the  city  numerous  buildings  have  been 
damaged  beyond  repair.  The  distribution  of 
existing  damaged  structures  are  shown  in 
Fig. 3.  Typical  extent  of  damages  observed 
in  the  distressed  buildings  are  illustrated 
in  Fig.  4.  In  some  heavily  damaged 

buildings  the  ground  movements  caused 
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Fig.  3  The  distribution  of  damaged 
structures  in  the  old  town 
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Fig.  4  Damaged  school  building  and  ice 
factory  in  the  salt  dome  region 


displacements  of  facndatioas  in  the  order  of 
asters-  Excessive  differential  movements 
have  been  observed  even  under  fence  vails 
a-ii*  pavements,  as  shown  ia  Fig-  5,  where  the 
foundation  loading  is  cot  significant.  Such 
magnitude  of  ground  movements  can  not  be 
attributed  to  compressibility  of  foundation 
soils.  Evidently  the  case  is  a  typical  sub¬ 
sidence  problem  arising  from  the  dissolution 
of  tbe  salt  rock- 


rainfall  confirms  that  tbe  salt  dissolution 
and  subset-rent  ground  subsidence  is  the 
principal  contributor  to  tbe  damages. 

ELAPSED  TIME.  MEEKS 
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Figt-6  Ground  movements  observed  in  the 
inundated  site 


Fig.  5  Damages  in  tbe  fence  vail  and 
pavement 

Halite  or  salt  rock  is  kncvn  as  highly 
soluble  in  vater  and  numerous  case  histories 
associted  with  the  failure  of  structures  due 
to  dissolution  and  subsequent  subsidence  of 
salt  rock  has  been  reported  in  published 
literature  (James  et  al.,  1930;  Durie  et 
al.,  1964;  Drescher,  1984).  The  ground  sub¬ 
sidence  observed  in  the  location  of  damaged 
structures  appeared  as  local  sinkhole  type 
depressions  as  veil  as  linear  depressions 
associated  vith  solution  channels.  It  is 
noted  that  the  occurrar.ce  of  damaged  zones 
in  the  city  is  erratic.  Occasionally  stable 
or  slightly  distressed  zones  can  be  found 
nearby  the  heavily  damaged  buildings. 

Other  field  evidences  reflecting  the 
occurrence  of  subsidence  phenomenon  were 
the  followings:  i.  highly  irregular  surface 
of  the  salt  body  which  is  an  indication  of 
solution  features;  ii.  loss  of  drilling 
fluid  near  the  top  of  the  salt  rock  in 
boring  operations. 

In  order  to  ascertain  that  the  dissolution 
of  salt  rock  is  the  primary  cause  of  the 
damages,  some  field  measurements  were  taken 
in  the  site  of  an  deserted  factory 
buildings.  The  movements  at  the  ground 
level  were  monitored  while  the  site  was 
artificially  inundated.  The  displacements 
measured  upon  wetting  of  the  site  are  shown 
in  Fig.  6.  It  is  interesting  to  note  that 
the  elapsed  time  of  4  weeks  which 
corresponds  to  noticeable  acceleration  of 
settlements  in  Fig.  6,  coincides  with  a 
heavy  rainfall  which  lasted  few  hours  in  the 
city.  Almost  immediate  response  of  the 
ground  to  the  artificial  wetting  and  the 


Collapsible  Mature  of  Windblown  Sands: 


The  study  revealed  that  the  second  major 
geotechnical  problem  in  the  salt  dome  region 
arises  from  collapse  potential  of  the 
windblown  sand  mantle.  In  the  study  area, 
the  ground  water  table  is  at  the  boundary  of 
rock  surface  vith  the  overlying  soils.  It 
has  been  found  that  the  groundwater  has 
significantly  high  salt  concentration 
because  of  dissolution  of  the  salt  rock. 
Capillary  rise  of  salty  groundwater  and  its 
rapid  evaporation  due  to  hot  and  arid  clima¬ 
tic  conditions  prevailing  in  the  region, 
lead  to  precipitation  of  water  soluble  salts 
at  shallow  depths.  The  evaporite  contents 
of  the  sand  deposit  at  shallow  depths  is 
given  in  Fig.  7.  The  data  shown  in  Fig.  7 
indicate  that  the  soluble  choloride  and 
sulfate  contents  are  in  the  range  of 
(1.0-2. 5)  and  (0.25-0.75)  percent,  respec¬ 
tively.  Evidently  these  salts  together  with 
the  capillary  stresses  provide  a  temporary 
bonding  among  the  soil  grains.  The  tem¬ 
porary  cementation  looses  its  effectiveness 
on  soaking  and  consequently  the  soil  is 
weakened  and  is  susceptible  to  collapse 
(Dudley,  1970). 
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Fig. 7  Evaporite  contents  in  windblown  sand 


The  results  sf  &sb!e  oedooater  tests  on 
cemented  sand  specimens  indicated  that 
collapse  severity  cf  the  sand  fall  into 
"moderate  trouble"  to  “trouble"  categories 
acccrdirg  to  the  collapse  classification 
criteria  proposed  by  Knight  (1963).  The 
studies  on  collapse  behaviour  of  the 
windblown  sands  included  in-situ  plate  load 
tests  which  are  performed  in  natural  and 
inundated  state.  The  load-displacement  cur¬ 
ves  obtained  frsa  plate  load  tests,  in  Fig. 
8,  confirm  the  relatively  high  collapse 
potential  of  the  soils  predicted  by  the 
double  oedocneter  tests.  Thus  it  is  believed 
that  seme  of  the  damages  in  the  region  nay 
be  attributed  to  the  collapse  of  the 
windblown  sands  due  to  vetting  cf  the  ground 
following  the  occupation  of  the  land. 
However,  collapse  phenomenon  can  not  solely 
account  for  the  unprecedented  magnitude  of 
the  ground  movements  experienced  in  the 
region.  The  subsidence  phenomenon  is  to  be 
considered  as  the  major  contributor  to 
ground  displacements. 
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Fig.  8  Typical  plate  load  test  data 

reflecting  the  collapsing  nature 
of  windblown  sands. 

Problems  with  Sabkha  Sediments: 

Due  to  untolerabl^  property  losses  and  high 
risks  involved  in  building  on  salt  dome 
terrains,  utilization  of  the  sabkha  plains 
as  residential  areas  have  been  considered. 
The  site  investigation  program  was  extended 
into  sabkha  plains  to  determine  the  subsoil 
conditions  in  the  proposed  development 
areas.  The  study  revealed  that  sabkha  soils 
present  series  of  engineering  problems  asso¬ 
ciated  with  their  variable  nature,  poor 
mechanical  properties  and  high  evaporite  and 
organic  contents.  Although  development  of 
sabkha  deposits  and  their  material  proper¬ 
ties  are  well  documented  in  the  published 
literature,  limited  information  is  available 
concerning  the  nature  and  range  of  construc¬ 


tional  problems  that  may  be  encountered  on 
sabkha  plains  (Ellis.-  1973;  Kinsman  at  al. 
1971;  Johnson  et  al.  1978). 

From  geotechnical  engineering  point  of  view, 
sabkha  sediments  are  highly  variable  in 
lateral  and  vertical  extent.  Variations 
have  been  noted  in  terms  of  layering,  soil 
composition,  cementation,  organic  content 
and  mineral  constituent.  Lateral  variation 
appears  to  depend  on  proximity  with  respect 
to  shore  line,  whereas  vertical  variation 
arises  from  development  sequence  of  sabkha 
sediments,  prevailing  de positional  environ¬ 
ment,  and  subsequent  diagenesis  (Akili  et 
al.  1981).  The  borehole  profiles  given  in 
Fig.  9  from  an  area  measuring  40x40  sqm  in 
the  sabkha  terrain  reflect  the  heterogenity 
of  the  sabkha  profiles.  The  heterogeneous 
character  of  the  deposits  lead  to  dif¬ 
ficulties  and  uncertainties  in  the  analysis 
of  sabkha  behaviour. 
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Fig.  9  Variations  in  sabkha  subsurface 
profiles 

Another  distinguishing  feature  of  sabkha 
flats  is  the  presence  of  highly  saline 
ground  water  table  which  lies  within  two 
meters  from  the  surface.  The  salts  precipi¬ 
tate  at  or  near  the  surface  as  a  result  of 
evaporation  and  dessication  and  form  a  rela¬ 
tively  hard  crusty  surfaces.  The  salt 
encrusted  surfaces  are  sufficiently  strong 
and  durable.  However  they  become  impassible 
upon  wetting  due  to  rainfall  or  storm  tides. 
The  salt  encrustations  are  readily  visible 
with  their  puffy  appearance  as  shown  in  Fig. 
10.  Unstable  nature  of  sabkha  crusts  and 
their  corrosive  attack  on  foundation 
materials  create  serious  constructional 
problems. 

The  range  of  undrained  shear  strengths 
measured  on  sabkha  deposits  are  shown  in 
Fig.  11.  The  undrained  shear  strengths 
obtained  from  field  vane  tests,  which  are 
referred  to  as  peak  and  remolded  strengths 
in  Fig.  11,  and  various  laboratory  tests 
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vary  .over  a  range  frosa  5  to  40  3CPa  at 
shallow  depths.  This  magnitude  of  soil 
strength  is  not  adequate  to  support  cost  of 
the  cosaon  engineering  structures  through 
conventional  shallow  foundation  systems. 
Thus  either  special  foundation  systeas 
and/or  ground  ioproveaent  techniques  are  to 
be  considered  to  avoid  possible  failures  of 
foundations.  Presently  the  phase  of  the 
study  which  concerns  with  selection  of  the 
most  appropriate  foundation  methodology  for 
the  particular  ground  conditions  is  under 
consideration . 


Pig.  10  Appearance  of  sabicha  crust 
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Fig.  11  Shear  strength  characteristics 
of  sabkha  sediments 

Laboratory  and  field  investigations  were 
carried  out  to  study  the  compressibility 
characteristics  of  the  sabkhas  in  the 
region.  Laboratory  studies  included 
numerous  oedometer  tests  on  undisturbed 
samples.  An  instrumented  test  embankment 
was  constructed  to  investigate  the  in-situ 
compressibility  behaviour  of  sabkha  profi¬ 
les.  The  range  of  compression  indices  of 
different  soil  types  obtained  from  oedometer 
tests  are  shown  in  Fig.  12.  Compression 


indices,  Cc  vary  over  a  wide  range  (i.e. 
from  0.1  to  1.0)  depending  on-  predominant 
soil  type  in  the  stratum,  and  correlates 
well  with  the  reciprocal  of  dry  density. 
Relatively  high  magnitudes  of  Cc  clearly 
reflects  the  compressible  nature  of  the 
sabkhas.  This  observation  is  confirmed  by 
the  settlements  monitored  in  the  instru¬ 
mented  test  section  where  a  total  settle¬ 
ment  of  about  200  mm  were  Measured  under  an 
embankment  loading  of  48.6  K?a.  This  magni¬ 
tude  of  settlements  under  moderate  loading 
conditions  is  beyond  the  permissible  range 
for  most  engineering  structures.  Moreover, 
potential  variation  of  compressibility 
characteristics  of  sabkha  sediments  may  lead 
to  excessive  differential  settlements  and 
subsequent  failures. 

Additional  settlement  problems  are  to  be 
anticipated  due  to  potential  secondary 
compression  associated  with  the  relatively 
high  organic  content  of  sabkha  sediments. 
The  sabkhas  encountered  in  the  region,  con¬ 
tain  appreciable  organic  matter  (i.e.  from 
3k  to  91). 
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Fig.  12  Compressibility  characteristics 
of  sabkha  sediments 

The  in-situ  measurements  indicated  that 
field  settlements  extend  out  on  to  a  secon¬ 
dary  consolidation  phase  within  a  relatively 
short  period  of  time.  The  settlement  leg- 
time  plots  given  in  Fig.  13  are  represented 
by  two  straight  lines  which  are  typical  for 
organic  soils  and  taken  to  indicate  primary 
and  secondary  compression  ranges  (Long  et 
al.  1984).  The  secondary  consolidation 
problem  which  is  usually  overlooked  in 
routine  geotechnical  investigations  appears 
to  be  a  serious  problem  in  sabkha  sediments 
since  secondary  compression  may  reach  to 
significant  magnitudes  as  evidenced  by  the 
field  data. 

The  comparison  coefficient  of  consolidation, 
Cv»  obtained  from  laboratory  tests  with 
those  determined  from  in-situ  time- 
settlement  behaviour  of  the  test  embankment 
revealed  that  the  average  ratio  of  field  to 
laboratory  Cv  is  in  the  order  of  55.  This 


discrepancy  can  be  attributed  to  a  more 
efficient  than  anticipated  subsurface 
drainage  system  due  to  presence  of  thin  per¬ 
meable  sublayers.  It  is  conceivable  that 
the  inclusion  of  permeable  sublayers  into 
the  sabkha  complex  serve  to  accelerate  the 
consolidation  processes.  The  comparison  of 


Fig.  13  In-situ  settlements  versus  log¬ 
time  plots  showing  the  secondary 
consolidation  effects 

the  observed  and  predicted  settlements  given 
in  Fig.  14  indicate  that  despite  the  primary 
consolidation  settlements  can  be  predicted 
from  laboratory  determined  parameters  within 
acceptable  limits,  time-settlement  predic¬ 
tions  are  far  from  being  realistic.  This 
observation  stresses  the  fact  that  the 
routine  sampling  and  laboratory  testing 
methods  are  not  adequate  for  heterogeneous 
and  complex  subsoil  profiles  to  represent 
the  in-situ  conditions.  Large  scale  loading 
tests  with  the  measurement  of  in-situ  para- 


Fig.  14  Comparison  of  measured  and  pre¬ 
dicted  time  settlement  behaviour 


meters  are  essential  to  achieve  reliable 
predictions  of  time-settlement  behaviour 
particularly  if  preloading  schemes  are 
employed  to  improve  the  ground  conditions. 


CONCLUSIONS 

A  comprehensive  subsurface  exploration 
program  has  been  undertaken  to  investigate 
the  causes  of  severe  and  widespread  damages 
in  a  town  situated  on  the  southwest  coast  of 
Saudi  Arabia.  The  scope  of  the  investiga¬ 
tion  was  to  identify  the  factors  contri¬ 
buting  to  the  structural  damages,  and  tc 
propose  an  urban  development  scheme  for  new 
residential  areas.  The  existing  town  is 
situated  on  a  salt  dome  which  is  covered  by 
an  aeolian  mantle.  The  salt  dome  is 
surrounded  by  salt  bearing  recent  sediments, 
known  as  sabkha.  The  study  has  revealed 
that  the  ground  conditions  present  the 
following  geotechnical  and  constructional 
problems. 

1.  The  structural  damages  are  primarily  due 
to  subsidence  phenomenon  associated  with 
the  dissolution  of  rock  salt. 

2.  Evaporative  pumping  processes  in  desert 
environment  are  responsible  for  the 
accumulation  of  evaporite  minerals  at 
shallow  depths.  The  collapse  potential 
of  the  aeolian  mantle  is  attributed  to 
the  weak  cementation  of  soil  grains  by 
the  evaporites;  and  to  be  considered  as 
a  major  geotechnical  problem  in  the 
region. 

3.  Sabkha  sediments  are  highly  compressible 
materials  with  low  bearing  resistances 
and  serious  foundation  instability 
problems  are  to  be  expected  upon  the 
utilization  of  sabkha  plains  for  urban 
development. 

4.  Analysis  of  sabkha  behaviour  is  compli¬ 
cated  by  the  composite  and  heterogeneous 
nature  of  sabkha  profiles  with  respect 
to  soil  composition  and  stratification. 
Relatively  high  organic  content  of 
sabkhas  and  existances  of  salt  encrusted 
surfaces  present  potential  enginering 
problems. 

5.  Measures  must  be  taken  to  protect  the 
construction  materials  from  highly 
corrosive  effect  of  the  salts  present  in 
sabkhas,  as  well  as  wind  blown  sands 
overlying  the  salt  dome. 
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SYNOPSIS 

For  over  six  decades  Kaliasaur  landslide  (Lar.  30°  14’  30"  N,  Long.  78°  55’  50”  E)is  a  nightmare  on 
che  Hardwar-3adrinath  road  in  che  Garhwal  Himalaya.  Located  on  a  sharp  bend  on  Che  left  bank  of 
river  Alaknanda,  ic  has  eaerged  as  a  sulti-tier  repetitive  aajor  landslide,  retrogressive  in  nature. 
Both  surficial  and  deep  seated  ooveaents  have  been  aonitored.  The  sliding  in  the  upper  layers  have 
been  predoainantly  in  the  colluviua  but  where  interfaces  of  quartzite  and  shale  participates,  the 
sliding  surfaces  have  been  better  defined  and  discrete. 

In  the  present  paper,  the  authors  have  highlighted  the  geological,  geoaorphological  and  morphometric 
paraaecers  to  diagnose  the  factors  responsible  for  instability  of  slope  and  the  aagnitude  of  the 
probleas  involved.  A  scheae  of  remedial  measures  which  include  modification  of  existing  drainage 
pattern,  timber  piling  for  stitching  of  debris  cover  on  to  che  slope,  construction  of  retaining  walls 
and  putting  back  che  vegetation  on  the  slope  are  recommended  for  control  of  the  landslide. 


INTRODUCTION 

The  Kaliasaur  landslide  located  at  km  147  in  Che 
Garhwal  Hinalaya  has  been  a  aajor  p.oblta  to  the 
communication  and  safety  of  road  users  for  over 
six  decades  (Fig.1). 


FIG.1  -  KALIASAUR  LANDSLIDE  ON  HARDWAR-BADRINATH 
ROAD 


The  slope  forcing  material  consists  of  weather¬ 
ed,  loose,  crushed  and  pulverised  rockmass  main¬ 
ly  of  quartzites  snd  shales.  The  slide  is  cons¬ 
tantly  on  the  move  particularly  during  the  mon¬ 
soon  season  (June-September)  when  the  debris 
flow  and  rock  fall  are  quite  severe.  These 
mass-movements  are  caused  mainly  by  heavy  preci¬ 
pitation  and  consequent  development  of  hydrosta¬ 
tic  pressure  build  up  in  the  colluvium  in  highly 
fractured  and  jointed  rock  mass.  In  addition, 
extensive  toe  erosion  by  meandering  Alaknanda 
river  also  cause  progressive  failure  of  the 
overlying  materials  (Fig.  2). 


FIG.  2  -  CONTOUR  MAP  SHOWING  THE  LOCATION  OF 
KALIASAUR  LANDSLIDE 


The  uphill  slope  of  the  slide  area  is  steep 
being  around  45°  to  70°.  The  slide  has  advanced 
over  165n  above  the  road  and  it  is  still  advanc¬ 
ing  during  the  period  of  monsoon  each  year.  The 
paper  highlights  the  mechanism  responsible  for 
occurrence  of  aulti-tier  slides  and  a  scheae  for 
control  aeasures  based  on  the  findings  of  inves¬ 
tigation.  It  also  reports  on  the  experiences 
with  tiaber  piling  and  low  cost  retaining  wall 
construction. 

HISTORY  OF  THE  LANDSLIDE 

The  Geological  Survey  of  India  records  declare 
location  ka  147  on  Hardwar-Badrinath  road  as  the 
landslide  area  since  1920.  Further  occurrences 
of  aoderate  to  heavy  landslides  in  1952,  1963, 
1964  and  1965  are  reported.  A  najor  landslide 
at  this  location,  however,  occurred  on  19th 
Septenber,  1969  blocking  nearly  three  fourth  of 
the  river  about  100  a  below  the  road  level.  A 
300  a  stretch  of  the  road  was  badly  daaaged  and 
got  dislocated  both  vertically  and  laterally  by 
about  2.5  -  3.0  a.  The  slide  is  reported  to 
have  reaained  active  till  23rd  Septeaber,  1969. 
During  1970,  1971  and  1972  repeat  of  aoderate  to 
heavy  landslides  occurred  disrupting  the  commu- 
nication  systea  and  each  tiae,  a  new  foraation 
width  had  to  be  cut.  During  Septeaber,  1984, 
following  heavy  rainfall,  a  aajor  landslide 
occurred  and  daaaged  the  road  considerbly,  ex¬ 
tending  the  rear  scar  of  the  slide  retrogres- 
sively.  The  aost  recent  slide  was  in  August, 
1986.  The  total  area  of  the  slide  above  and 
below  the  road  level  together  measure  86000  m  . 
Nearly  one  lac  cu.m  of  landslide  produced  rock 
debris  have  gone  into  the  river  since  the  origin 
of  the  landslide. 
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FIG.  3  -  GEOLOGICAL  MAP  OF  KALIASAUR  LANDSLIDE 
ON  HARDWAR-BADRINATH  ROAD 

The  geological  succession  in  this  area  appears 
to  be  as  follows  : 


GEOLOGY  OF  THE  AREA 

The  rock  formation  in  the  landslide  area  belongs 
to  the  Garhwal  Group  of  rocks  namely  white  and 
light  green  quartzites  interbedded  with  maroor. 
shales. 

Geological  mapping  of  the  area  was  carried  out 
on  a  1:2500  scale  and  the  area  included  the 
surroundings  of  the  landslide  zone.  Three 
traverses  were  taken  i.e.  along  the  main  road, 
along  the  river  and  along  the  Khankra-Chhanti- 
khal  road  (Fig.  3). 

Observations  along  the  road  and  along  the  river 
suggest  the  presence  of  two  types  of  quartzites. 
One  is  of  light  green  colour  with  thin  beds  of 
maroon  shales,  and  the  other  is  massive  and  well 
jointed  yellowish  white  quartzite.  On  the 
western  side  of  the  slide  zone  the  quartzite  are 
light  green  with  shale  bands  having  a  general 
southward  dip  with  amounts  ranging  from  25°  to 
60°.  These  quartzites  end  up  abruptly  along  a 
scree  zone  beyond  which  massive  yellowish  quart¬ 
zites  dipping  southeast  with  amounts  30°  to  40° , 
are  exposed.  It  appears  that  the  scree  zone 
conceals  a  fault  zone  trending  NE-SW  and  extend¬ 
ing  across  the  river.  The  massive  quartzites 
continue  upto  the  western  flank  of  the  slide 
zone  where  they  end  up  against  the  slide  debris. 
On  the  eastern  side  of  the  slide  zone  the  quart¬ 
zites  exposed  have  maroon  shales  with  a  south 
eastern  dip  and  amounts  varying  from  30°  to 
60°.  These  quartzites  continue  along  the  river 
bed.  It  appears  that  another  fault  zone  trend¬ 
ing  NW-SE  may  be  present  somewhere  within  the 
slide  zone. 


Massive  yellowish  white  quartzites 

Greenish  quartzites  interbedded  with 
maroon  shales  and  Metabasics 

Greenish  grey  phyllites  and  shales 
Dolomitic  limestone 

The  rocks  appear  to  have  been  folded  into  a 
plunging  overturned  anticline  on  the  western 
side  of  the  slide  zone  with  a  plunge  towards 
north-east.  Another  anticline  appears  to  be  on 
the  eastern  side  of  the  slide  zone  with  plunge 
towards  south.  There  appears  to  be  a  number  of 
fault  zones  in  this  area.  A  major  fault  appears 
to  be  along  roughly  East-West  trend.  This  fault 
zone  passes  through  the  crest  of  the  slide  zone 
and  separate  the  metabasics  from  the  quartzites. 
Two  other  faults  with  trends  roughly  NE-SW  exist 
in  this  area.  They  all  appear  to  be  high  angled 
and  one  of  these  passes  through  the  main  slide 
zone.  All  these  faults  merge  into  Chhantikhal 
fault. 

GEOMORPHOLOGY 

The  geomorphological  mapping  was  carried  out  on 
scale  1:3125.  In  this  area  Alaknanda  occupies  a 
deep  sinuous  gorge  with  the  crest  of  sinousity 
located  near  the  slide  zone. 

The  slopes  on  the  left  side  of  the  river  are 
steep  whereas  they  are  rather  gentle  on  the 
right  side.  Slide  zone  is  located  on  the  left 
side  of  the  river,  where  the  main  road  is  pass¬ 
ing  through.  This  area  contains  a  number  of 
smaller  scree  zones,  along  with  exposures  of 
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quartzites.  There  appears  to  be  a  significant 
escarpment  running  east-west  below  the  Chhanti- 
khal  village.  This  escarpment  continues  upto 
the  river  bed.  The  lower  part  of  this  escarp¬ 
ment  is  occupied  by  colluvium  resting  nearly  at 
its  angle  of  repose.  The  middle  part  exposes 
quartzites  and  on  the  top  there  are  cultivated 
fields.  Above  this  escarpment,  there  is  a  dense 
forest. 

There  are  a  number  of  small  streamlets  flowing 
over  the  escarpment  and  meeting  the  river  at 
high  angles.  Two  such  streamlets  are  reported 
to  pass  through  the  landslide  zone. 

The  profile  of  first  streamlet  towards  the 
eastern  part  of  slide  zone  is  very  smooth  and  is 
concave  upward  characterising  the  profile  of 
stabilised  repose  slope.  The  profile  of  second 
streamlet  m  the  slide  zone  indicated  the  upper 
part  of  the  slope  to  be  gentle  and  slightly 
convex  possibly  due  to  the  accumulation  of 
talus.  In  the  middle  part,  the  slopes  become 
highly  convex  with  exposed  free  faces  of  quart¬ 
zites.  The  tension  cracks  varying  in  length 
from  1  m  to  more  than  50  m  were  present  at 
several  locations  above  the  crown  of  the  slide. 
The  lower  part  of  this  profile  is  slightly 
concave  having  accumulation  of  talus  material. 
It  appears  that  the  slopes  are  generally  un¬ 
stable  above  th~  road  and  are  currently  under 
the  process  of  severe  mass  wasting. 

MORPHMETRIC  PARAMETERS 

The  morphometric  parameters  studied  in  this  area 
can  be  classified  (a)  Drainage  Basin  Morphometry 
and  (b)  Landslip  Morphometry  Parameters. 

Drainage  Basin  Morphometry  : 

Seventeen  second  order  basins  present  in  this 
area  were  analysed  and  studied  in  details.  The 
mean  values  of  various  parameters  studied  are 
given  in  Table  I. 

TABLE  1.  Stream  Morphometry  Parameters  (Mean 
Values) 


Basins  ! Area ! Shape ! Str- ! Drai- ! Relief ! Dral- 


KSq.! 
!km)  ! 
!  ! 
i  ! 

learn  Inage  ! 
!Fre-!Den-  1 
!que-!sity  ! 

!  cy  !  ! 

Inage 
!Tex- 
I  ture 

1 

Eastern 

Part 

2.58 

0.41 

2.45  0.42 

1 .95 

1.10 

Slide  Zone 

0.74 

0.22 

5.86  0.60 

2.72 

3.62 

Western 

Part 

1 .62 

0.38 

2.46  0.36 

1 .91 

1  .05 

The  data  clearly  indicate  that  the  longer  and 
larger  basins  are  located  in  the  eastern  part  of 
the  slide  zone  whereas  shorter  and  smaller 
basins  are  present  in  the  slide  area.  The  para¬ 
meters  like  stream  frequency,  drainage  density, 
relief  and  drainage  texture  etc.  have  maximum 
values  for  slide  zone.  All  these  facts  suggest 
that  the  slide  zone  is  full  of  newly  emergent 
streams  and  is  highly  dissected  with  an  active 
process  of  erosion.  Due  to  the  presence  of 
porous  scree  material  in  slide  zone  only  few 
streams  can  be  seen.  This,  however,  shows  that 
there  must  be  many  concealed  underground  screams 
active  in  the  slide  zone. 


Landslip  Morphometry  Parameters  : 

The  landslip  parameters  were  analysed  on  the 
basis  of  stream  profiles,  classification  index, 
and  dilation  index  values. 

The  distribution  of  these  parameters  are  given 
in  Table  II. 


TABLE  II.  Landslip  Morphometry  Parameters  (Mean 
Values) 


Area 

IClassi- 
! f ica- 
!  tion 
! Index 

!Dila-!Type  of  Mass  Wasting 
Ition  ! 

! Index! 

!  i 

Eastern  Part 

9.5 

14.8 

Debris  Avalanche/ 
Rotational  Slides 

Slide  Zone 

7.5 

9.8 

Planar  Slides 

Western  Part 

4.5 

4.7 

Flow  and  Creep 

The  values  of  classification  index  for  the  slide 
zone  and  eastern  parts  of  the  area  suggest 
failure  mainly  by  planar  slides  by  the  process 
of  debris  avalanche  whereas  in  the  western  side 
of  slide  zone  the  classification  index  values 
depict  failure  by  erosion  only.  The  values  of 
dilation  index  show  the  possibility  of  rota¬ 
tional  slides  involving  the  movement  of  bed 
rocks  alongwith  planar  slides  in  the  eastern 
part  of  the  slide  zone.  In  slide  zone  only 
planar  slides  are  possible  through  debris  ava¬ 
lanche.  All  chese  data  clearly  indicate  that 
the  eastern  part  of  the  slide  area  may  be  poten¬ 
tial  slide  zone  and  the  present  slide  zone  may 
get  extended  eastwards  by  future  landslides  and 
mass  movements. 

INSTRUMENTATION  AND  MONITORING 

The  landslide  was  monitored  for  its  surface  as 
well  as  crustal  movement  behaviour. 

For  measurements  of  slope  movement  a  scheme  was 
drawn  for  locating  markers  for  tape  extensometer 
and  geodetic  triangulation  observations.  Grid 
map  of  the  slide  area  was  used  for  locating  the 
positions  of  monuments  and  pedestals  (Fig.  4). 
To  facilitate  measurements  of  relative  surface 
displacements  between  points,  65  pedestals 
(markers)  were  installed.  Measurements  were 
made  through  tape  extensometer  and  clinometer. 
Additionally  50  RCC  pi liar /monuments  (markers) 
anchored  up  to  2  -  3  m  depth  were  monitored 
through  triangulation  and  high  precision 
methods . 

Monitoring  of  surface  movements  were  started 
before  the  onset  of  the  monsoon  in  1986.  During 
rainy  season  fortnightly  observations  were 
taken.  About  1000  observations  have  been  taken 
so  far.  Some  of  the  typical  time  displacement 
observations  are  shown  in  Fig.  5.  The  analysis 
of  the  data  clearly  indicated  two  directional 
movements  -  north  eastern  and  north  western  -  in 
the  eastern  and  western  sides  of  the  slide  zone 
(Fig.  6).  The  extent  of  the  lateral  movement  of 
pedestals  towards  the  eastern  side  varied  from  0 
-  117.8  cm  whereas  the  pedestals  on  western 
side  showed  movement  0  -  76.1  cms  indicating 
thereby  that  the  eastern  part  of  the  slide  area 
is  more  unstable. 


FIG.  4 


SCHEME  FOR  MONITORING  OF  SURFACE  MOVE¬ 
MENTS  OF  SLOPES  AT  KALIASAUL  LANDSLIDE 


The  crustal  movement  studies  pertaining  to  move¬ 
ment  of  the  underlying  slope  material  were 
carried  out  with  the  help  of  Electronic  Distance 
Meter  (EDM) .  The  observations  were  taken  before 
monsoon,  during  rainy  season  and  thereafter  till 
April  1987.  The  analysis  of  the  data  have  shown 
significant  lateral  movement  towards  north  east 
direction  ranging  from  0-22. 5cm.  The  lateral 
movement  towards  north-west  direction  varied 

Pedestals  No 

_  10.  S4 

.  11.  S3 

_  13.  S3 

_  IS.  SI 


from  0-17.6  cm. (Fig.  7).  The  results  further 
indicated  movement  in  vertical  direction  ranging 
from  0-6.9  cm. 

The  study  has  thus  clearly  indicated  that  the 
eastern  side  of  the  slide  area  is  a  zone  of 
intensive  landslide  movements  involving  both 
deep  seated  and  surface  movements.  In  the 
central  and  western  sides  of  the  slide  area,  the 
movement  is  confered  predominantly  to  surface 
debris . 

MECHANISM  OF  KALIASAUR  LANDSLIDE 


Kaliasaur  landslide  is  essentially  a  multi-tier, 
retrogressive  landslide  in  a  complex  rock  for¬ 
mation  with  clear  evidences  of  fault  planes 
revealing  intense  tectonic  activity  in  the  geo¬ 
logical  past.  Evidences  of  sliding  at  the  inter¬ 
face  of  quartzites  and  maroon  shales  must 
presumably  have  been  the  starting  point.  Road 
construction  activity  in  general  and  repeated 
back  cutting  required  for  restoring  the  road 
width,  year  after  year,  poor  drainage,  recurring 
debris  slides  in  the  colluvium  cover  on  the 
slope  robbing  it  of  the  vegetative  cover  and 
river  action  at  the  slope  toe  have  all  been 
responsible  to  develop  the  landslide  to  it's 
formidable  size  obtaining  today.  A  typical 
slide  cross-section  is  shown  in  Fig.  8. 


A  very  large  number  of  point  load  tests  on 
quartzite  specimens  reveal  uniaxial  compressive 
strength  of  the  order  of  1800  kg/cm  .  The 
samples  of  maroon  shale  were  however  found  to  be 
so  soft  that  even  undisturbed  sampling  was  dif¬ 
ficult  to  achieve.  During  dry  weather,  samples 
were  found  to  readily  crumble  into  powder. 
Large  displacements  have,  however,  been  inferred 
due  to  presence  of  polished  surfaces.  The 
characteristics  of  polished  surfaces  and  genesis 
of  their  formation  were  therefore  important 
factors.  The  condition  of  particle  breakdown  at 


Month  —»>  Month  —»> 

FIG.  5  -  LATERAL  MOVEMENT  OF  PEDESTALS  BY  TAPE  EXTENS0METER 
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FIG.  6  -  SURFACE  MOVEMENT  PATTERN  OF  KALIASAUR 
LAND  SLIDE 

the  shale  surface  was  simulated  in  the  labora¬ 
tory  by  subjecting  the  surface  to  artificially 
created  abrasion  effect  for  different  intervals 
of  time  and  determining  particle  size  in  laser 
particle  Analyser.  The  results,  clearly 
indicate  that  initially  because  of  break  down  of 
bigger  particles  proportion  of  the  clay  size 
fraction  at  the  boundary  tends  to  decrease  but 
later  on  clay  fraction  records  marked  increase, 
as  could  be  expected  corresponding  to  large 
movements.  Well  graded  character  of  material  at 
slide  boundary  is  seen  to  turn  into  very  nearly 
a  single  size  fraction.  The  angle  of  shearing 
resistance  is  of  the  order  of  28°  but  it's 
residual  value  corresponding  to  very  large 
strains  is  yet  to  be  studied  in  the  light  of  the 
above  <.bservation  though  post  peak  values  of 
shearing  resistance  may  lie  in  the  range  18°- 
22°,  Bhandari  (1987). 

Debris  accumulation  on  the  slope  is  excessive. 
Plentiful  supply  of  water  during  the  monsoon 
season  combines  with  it  to  cause  debris  flow. 
Rockfalls  are  also  very  frequent. 

Field  studies  have  also  shown  that  outlet  of 
some  concealed  flow  channels  below  the  existing 
road  level  are  responsible  for  undercutting  of 
road  resulting  into  its  subsidence. 

CONTROL  MEASURES 

As  a  result  of  detailed  investigation,  the  fol¬ 
lowing  measures  were  recommended  and  are  under 
various  stages  of  implementation  : 

1.  Grading  of  the  slope  uphill  of  the  road. 

2.  All  tension  cracks  and  fissures  in  the  rocks 
to  be  sealed. 

3.  Timber  piling  for  stitching  of  the  slope. 

4.  Construction  of  anchored  drum  diaphragm  re¬ 
taining  wall  along  the  road  to  control  the 
slide  mass  overlooking  the  road. 

5.  Construction  of  anchored  stone  masonry  wall 
towards  other  side  of  road  to  check  the  under 
cutting  of  road  due  to  palaeo  channels. 


LAND  SLIDE 


6.  Vegetating  the  slope. 

7.  A  toe  wall  in  masonry  at  the  junction  of  the 
slope  down  hill  of  the  road  with  the  river. 
This  wall  is  to  be  designed  to  withstand  the 
scour  of  the  river. 


FIG.  8  -  CRCSS  SECTION  OF  KALIASAUR  LANDSLIDE 

Of  the  above  recommendations,  the  drum  retaining 
wall  as  a  concept  is  described  by  Bhandari 
(1987).  The  stitching  of  debris  on  slope  and 
vegetative  turfing  are  briefly  described  below. 

Stitching  of  Debris  on  Slopes 

Timber  piling  or  bally  cribbing  is  sometimes 
being  used  for  arresting  turficial  movements  in 
the  slope  cover  so  that  vegetation  and  drainage 
facilities  are  not  harmed  and  hazards  due  to 
debris  flow  could  be  minimised.  Driving  of 
timber  piles  result  in  densif ication  of  loose 
and  shallow  granular  slide  prone  carpet  on  the 
slope  and  provide  'stitch  action'  that  helps  to 
hold  the  earth  mass.  Such  piles  are  usually 
stiffened  laterally  by  horizontal  runners  of 
timber.  For  example  some  60,000  bailies  of  12.5 
-  15  cm  diameter,  3  m  long  were  driven  to  depths 
ranging  from  1.5  to  2.0  m  to  stabilise  Padamchen 
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FIG.  9  -  STITCHING  OF  COLLUVIUM  ON  THE  SLOPE  AT 
KALIASAUR  BY  A  SIMPLE  PILING  MACHINE 


Slide  in  Sikkim.  After  stiffening  the  bailies 
laterally,  the  space  (in  between)  was  filled  up 
and  the  vertical  parts  were  tied  with  each  other 
by  8  SWG  binding  wire.  The  bally  cribbing  and 
terracing  were  also  used  to  stabilise  a  shallow 
landslip  at  the  rear  slopes  of  Idgah  sub  station 
building  in  Simla,  Bhandari  (1973).  After 
intensive  field  trials,  20  cm  diameter,  3  ra  long 
bailies  were  driven  to  a  depth  of  about  2  m 
using  a  30  kg  hammer,  about  a  metre  apart. 
These  bailies  were  braced  on  the  uphill  side  by 
means  of  15  cm  diameter,  3  m  long  bailies  in 
three  tiers  using  dogs,  nails  and  8  SWG  wire. 

Difficulties  of  timber  piling  have  now  been 
largely  overcome  bv  a  new,  lowcost  portable 
timber  piling  machine  developed  at  the  Central 
Building  Research  Institute,  (Fig.  9).  Timber 
piles  10  cm  square  from  Deodar,  Sheesham  and 
Eucalyptus  wood  were  driven  in  lengths  of  1.5  m 
each  suitably  spliced,  at  six  locations  on  the 
Kaliasaur  slide  using  the  portable  machine  re¬ 
quiring  only  one  man  to  operate.  The  30  kg 
hammer  used  earlier  is  now  being  replaced  by  50 
kg  hammer  to  achieve  higher  orders  of  driving 
energy. 

Vegetative  Turfing  on  the  Slope 

The  corrective  measure  appropriate  for  stabilis¬ 
ing  this  slide  after  stiching  the  slope  with 
timber  piles  comprise  erosion  control  by  estab¬ 
lishing  vegetation  on  the  slopes.  The  resulting 
dense  network  of  root  system,  penetrating  about 
one  metre  into  the  slope  anchors  the  soil  ade¬ 
quately  so  as  to  render  it  resistant  to  erosio- 
nal  control.  Slope  treatment  by  vegetation  is 
considered  an  important  a  maor  corrective 


measure  in  surficial  slides  whereas  in  multi¬ 
tier  slide  like  Kaliasaur  the  vegetation  by 
itself  will  not  be  meaningful  unless  used  in 
conjunction  with  other  remedial  measures. 

CONCLUDING  REMARKS 

The  slide  at  km  147  on  Hardwar-Badrinath  road 
has  been  a  major  problem  to  the  road  users.  The 
past  treatments  given  to  this  slide  area  have 
met  with  little  success.  The  slide  is  constant¬ 
ly  on  the  move  during  the  monsoon  each  year. 
The  present  detailed  investigation  has  led  co 
better  understanding  of  the  nature  and  cause  of 
the  slide. 

Based  on  the  study  corrective  measures  have  been 
suggested  with  a  view  to  stabilise  the  slide 
ma*s.  The  corrective  measures  include  construc¬ 
tion  of  retaining  walls  to  check  the  under  cut¬ 
ting  of  the  road,  a  masonry  toe  wall  to  with¬ 
stand  the  scour  of  the  river,  grading  of  slope, 
timber  piling, ,  vegetation  turfing  and  a  system 
of  surface  and  trench  drains. 

As  a  part  of  the  landslide  control  programme,  a 
drum  diaphragm  wall  100  ra  in  length  and  2.15  m 
high  has  already  been  constructed.  Stabilisa¬ 
tion  of  surface  colluvium  by  timber  piling  has 
been  partially  accomplished.  The  total  success 
could  however  be  expected  only  after  all  other 
control  measures  are  completed.  The  stage  has 
already  been  set  for  the  total  completion  of  the 
programme  in  early  1988. 
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SYNOPSIS:  An  area  in  southwestern  Illinois  has  been  experiencing  surface  and  subsurface  movements 
with  associated  damage  to  surface  structures.  The  area  is  underlain  by  an  abandoned,  partially 
extracted  roora-and-pillar  underground  coal  mine.  Instrumentation  included  TDR  (Time  Domain  Reflecto- 
metrv).  Inclinometers,  Sondex,  Tiltplates,  and  precision  land  surveys.  This  paper  presents  the 
results  of  a  16-r.onth  cooperative  study  between  the  Department  of  Mining  Engineering  at  SIUC  and  a 
local  coal  company. 


INTRODUCTION 

Surface  subsidence  movements  related  to 
underground  coal  mining  in  southwest  Illinois 
have  been  known  to  cause  property  damage  ever 
since  mining  was  begun  in  the  region  in  the  late 
19th  century.  Records  of  mapping  areas  of 
subsidence  date  back  as  early  as  1931*.  Under¬ 
ground  mining  of  coal,  with  associated  surface 
subsidence  movements,  is  continuing  in  the 
region.  Partial  extraction  room-and-pillar 
raining  method  has  been  the  primary  mining  system 
in  the  region,  and  most  mining  has  been  done  at 
less  than  60  m  (2C0  ft.)  depth.  Until  about  mid 
1940's,  mining  layout  and  geometry  was  generally 
irregular  (Figure  1)  because  of  manual  loading 
techniques.  Rooms  were  generally  12  m  (40  ft.) 
or  more  wide  and  60  m  (200  ft.)  or  more  long 
with  local  extraction  ratios  exceeding  65?. 


Over  the  last  30  years  or  so,  continuous  mining 
machines  have  been  utilized  for  coal  extraction 
and  the  mining  layout  is  more  regular 
(Figure  2).  Entry  widths  are  generally 
restricted  to  less  than  6  m  (20  ft.)  and  roof 
bolting  is  used  as  the  primary  artificial 
support. 

In  spite  of  a  long  history  of  subsidence  in  the 
region,  very  few  engineering  studies  of  mine 
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Figure  1.  Ir.-egular  Mine  Workings1  Prior  to  1940, 
(flora  DuMontelle,  1978) 


Figure  2.  Mine  Workings  and  Surface  Structures 
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subsidence  have  beers  conducted  in  the  area.  To 
the  best  of  the  authors'  knowledge  the  study 
conducted  by  the  Illinois  State  Geological 
Survey  (DuKontelle,  1973)  in  cooperation  with 
the  3ureau  of  Hines  of  the  U-S.  Departsent  of 
the  Interior,  is  the  only  study  which  provides 
details  on  geology  and  hydrogeology  of  the  area, 
engineering  properties  of  surficial  as  well  as 
bedrock  materials ,  anc  progressive  subsidence 
aoveaents.  Due  to  irregular  layout  of  nine 
workings  in  the  area  and  liaited  instrucenta- 
tion,  very  few  specific  conclusions  were  drawn 
in  this  study. 

In  August  1983,  the  Departaent  of  Mining 
Engineering  signed  a  16-aonth  cooperative 
agreeaent  with  a  coal  conpany  to  undertake  a 
detailed  study  of  the  causes,  nechanisns,  and 
characteristics  of  surface  and  subsurface 
subsidence  aoveaents  and  associated  possible 

2 

damage  to  surface  structures  in  a  30,000  n 
(75  acre)  area  overlying  workings  ained  in  late 
1970's  using  continuous  mining  equipment. 
Subsidence  aoveaents,  with  associated  damage  to 
surface  structures,  have  been  experienced  in  the 
area  since  1977.  A  detailed  discussion  of  the 
history  of  subsidence  in  the  area  is  provided 
elsewhere  (Chugh  et  al,  1985).  This  study  area 
is  located  about  25  km  (15  miles)  south  of  the 
above  mentioned  study  area. 


SPECIFIC  OBJECTIVES  OF  THE  STUDY 

1)  Determine  the  extent  to  which  surface  i.  <d 
subsurface  movements  are  complete  in  the 
area, 

2)  Determine  the  influence  of  geology  and 
hydrology  of  the  area  on  subsidence 
movements, 

3)  Identify  the  mechanism(s)  of  subsidence  in 
the  area, 

4)  Characterize  the  extent  of  damage  and 
monitor  possible  progressive  damage  to 
selected  surface  structures,  and 

5)  Develop  recommendations  to  (a)  minimize 
further  damage  to  surface  structures  in  the 
area,  (b)  identify  future  areas  that  may  be 
affected  by  these  movements  and  (c)  modify 
mining  systems  to  minimize  these  movements. 


MINE  AND  AREA  DESCRIPTION 

2 

The  area  covers  approximately  30,000  m 
(75  acres)  with  a  relief  of  less  than  6  m 
(20  ft.)  in  surface  topography  and  has  30 
residential  houses.  The  area  overlies  a  540  m  x 
280  m  (1800  ft.  x  8h0  ft.)  panel  (Figure  2)  at  a 
depth  ranging  from  30-45  m  (100-150  ft.). 

Mining  thickness  ranged  1. 8-2.1)  m  (6-8  ft.)  with 
pillars  at  18  m  (60  ft.)  centers  and  6  m 
(20  ft.)  wide  entries  and  an  extraction  ratio  of 
about  60?. 

Surficial  overburden  thickness  in  the  area 
varies  from  17-27  m  (50  to  80  ft.)  and  primarily 
consists  of  glacial  silts  and  clays  (Figure  3). 
The  rocks  overlying  the  coal  seam  consist  of 
lnterbedded  limestones,  sandstones  and  shales 
and  vary  in  thickness  from  11.7-13.3  m 
(35-110  ft.).  Claystone  forms  the  immediate 
floor  of  the  coal  seam  and  its  thickness  varies 
from  0.3-1. 7  m  (1-5  ft.).  It  is  underlain  by 


lnterbedded  shales  and  iisestones  of  varying 
thickness. 

Previous  regional  hydrological  studies  (3uchler, 
1971)  have  categorized  the  study  area  in  the  low 
probability  region  for  large  volume  water  wells. 
The  Mississippian  formation  lying  well  below  the 
coal  seas,  is  the  best  source  for  bedrock 
groundwater  supplies.  Sand  and  gravel  lenses 
have  been  found  locally  but  prediction  of  their 
presence  or  extent  is  difficult. 


DESCRIPTION  OF  THE  RESEARCH  STUDY 

Twenty  two  (22)  boreholes  were  drilled  in  and 
around  the  study  area  to  study  geology  and 
hydrology  of  the  area.  Data  were  collected  on 
surficial  as  well  as  bedrock  overburden  thick¬ 
ness,  sequence  and  thickness  of  different  beds 
in  consolidated  overburden,  claystone  thickness 
below  the  coal  seam,  change  in  lithology,  charge 
and  recharge  zones,  thickness  of  impermeable 
strata  and  other  variables  which  may  influence 
surface  and  subsurface  movements  in  the  area. 

Four  (*1)  boreholes  were  sampled  for  surficial 
overburden  and  five  (5)  boreholes  for  bedrock 
overburden  to  characterize  overburden  geo¬ 
technical  properties.  Soil  samples  were 
obtained  with  shelby  tubes  and  were  studied  for 
natural  moisture  content,  Atterberg  limits, 
unconfined  compressive  strength  and  shear 
strength.  Rock  sampling  consisted  of  core 
drilling,  over  mine  openings  and  coal  pillars, 

54  mm  (2  1/8  in.)  diameter  boreholes  below  the 
bedrock  surface  to  about  3  m  (10  ft.)  below  the 
coal  seam.  The  objective  of  the  boreholes  over 
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Eine  openings  was  to  study  the  extent  of 
fracturing  in  rock  strata  above  the  coal  seas 
due  to  subsidence  “overrents  and  also  to  deter¬ 
mine  the  height  of  remaining  open  cavities  and 
extent  to  which  aine  openings  had  been  filled  by 
roof  falls.  Several  boreholes  were  drilled  over 
coal  pillars  to  obtain  relatively  undisturbed 

cores  of  roof  strata,  ccal  seam,  and  claystone 
below  the  coal  sean.  Unconfined  compressive 
strength,  indirect  tensile  strength,  slake 
durability,  swelling  strain  index,  water 
content,  Atterberg  limits,  and  clay  ainerai 
cosposition  tests  were  conducted  on  cores 
(Chandrashek'nar,  1985). 

Surface  subsidence  aoveaents  were  monitored 
along  six  (6)  lines  consisting  of  152  monuments 
(Figure  5)  located  at  about  18  m  (60  ft.) 
intervals.  Subsidence  monuaents  were  designed 
to  ainimize  freeze-thaw  associated  aovemerts. 

The  conuaents  were  surveyed  for  vertical  and 
horizontal  aoveaents  with  standards  for  Second 
order  class  II  accuracy. 


Figure  4.  Survey  Monuments  Along  the  Subsidence 
Monitoring  Grid  Lines 


Subsurface  vertical  and  horizontal  subsidence 
movements  were  monitored  using  an  inclinometer 
and  time  domain  reflectometry  (TDR)  instrumenta¬ 
tion.  Three  (3)  incllnometer-sondex  holes,  two 
through  coal  pillars  and  one  at  an  intersection, 
were  Instrumented.  The  casing  was  installed 
from  the  surface  to  about  6  m  (20  ft.)  below  the 
coal  seam.  Five  (5)  TDR  boreholes  were  located 
at  the  center  of  mine  openings. 

A  total  of  thirteen  (13)  tiltplates  on  foun¬ 
dation  walls  were  installed  In  four  (4)  houses 
critically  located  with  respect  to  underground 


mine  workings.  In  addition,  carpenter  levels 
(±  0.5  deg)  were  also  installed  In  houses  to 
determine  large  movements  in  the  upper  structure 
of  the  houses. 

Ground  water  levels  and  flows  in  surficial 
(soil)  and  bedrock  (rock)  overburden  were 
monitored  in  six  (6)  surficial  wells  and  four 
(4)  bedrock  wells  including  the  one  eonitoring 
the  mine  pool  level.  Details  on  instrumentation 
and  test  procedures  for  these  wells  are  given 
elsewhere  (Chugh  et  al,  1985).  All  Instru¬ 
mentation  was  monitored  at  Intervals  of 
2-5  weeks. 

Selected  boreholes  in  the  study  area  were 
observed  with  a  borehole  TV  camera.  The 
borehole  walls  in  bedrock  overburden  and 
underground  mine  workings  were  carefully 
inspected  with  the  camera.  Tnis  was  done  to 
determine  the  1 )  amount  of  overburden  fracturing 
above  the  coal  seam,  2)  condition  of  coal 
pillars,  (intact,  sloughing)  and  nine  openings 
(floor  heave,  roof  falls,  presence  or  absence  of 
water  etc.)  and  3)  height  of  remaining  cavities 
above  roof  falls. 


STATE  OF  SURFACE  AND  SUBSURFACE  MOVEMENTS  IH  THE 
STUDY  AREA 

Typical  crossection  and  contour  plots  of 
vertical  surface  subsidence  movements  over  the 
study  area  are  shown  in  Figures  5  and  6.  Based 
on  an  estimated  precision  of  7  mm  (0.3  in.)  in 
elevation  surveys,  two  types  of  subsidence 
movements  are  identified:  (1)  gradual  rela¬ 
tively  uniform  subsidence  of  the  entire  study 
area,  and  (2)  localized  areas  (A,  B,  C,  in  above 
figures)  of  large  movements  in  the  form  of  a 
trough  over  a  60-60  m  (200-250  ft)  area. 
Movements  appear  to  occur  very  rapidly  in  some 
cases  for  latter  type  of  subsidence  events. 

Most  of  the  localized  subsidence  events  appear 
to  occur  in  areas  of  a  bedrock  valley 
(Figure  7)  where  the  proportions  of  the 
surficial  to  bedrock  overburden  are  very  large 
(100:30,  110:20,  120:10  etc.). 


MECHANISMS  OF  SUBSIDENCE 

Two  mechanisms  are  hypothesized  in  the  study: 

1)  slow  compressional  settlement  of  coal  pillars 
in  the  panel  over  weak  claystone  floor  leading 
to  development  of  relatively  uniform  sag  sub¬ 
sidence,  and  2)  localized  subsidence  events 
initiated  by  roof  failure  over  one  or  more 
entries  or  intersections.  A  brief  description 
of  each  with  evidence  from  geotechnical  studies 
justifying  the  hypothesis  is  given  below. 

1 .  Vertical  surface  subsidence  movement  data 
(Figure  5)  show  gradual  downward  movement  with 
time  over  the  entire  area.  Surface  movements 
over  mine  openings  and  coal  pillars  are 
approximately  the  same  except  near  the  barrier 
pillars  where  movements  are  somewhat  smaller. 
Subsurface  vertical  movement  data  from  Sondex 
instrumentation  in  boreholes  over  the  coal 
pillars  (Figure  8)  also  show  downward  movement 
in  lower  portions  of  the  pillar  near  the 
claystone  floor.  Over  the  16-month  study 
period,  approximately  12  mm  (0.5  in.)  of 
compressional  settlement  is  noted  in  the  area. 
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Figure  8.  Subsurface  Vertical  Movements  Sondex 
Hole  IS2 


The  settlement  is  continuing  even  after  a  decade 
of  mining  although  its  rate  seems  to  be 
decreasing  (Figure  9).  The  expected  vertical 
settlements  due  to  this  mechanism  will  depend 
upon  claystone  thickness,  overburden  pressure, 
percent  extraction,  and  deformability  of 
claystone.  Over  a  long  period  of  time,  these 
movements  nay  be  large  enough  to  cause 
differential  coal  pillar  settlements  and  roof 
falls  leading  to  surface  subsidence.  Consoli¬ 
dation  and  compression  of  claystone  floor  may  be 
enhanced  by  the  presence  of  water.  In  this 
mechanism,  surficial  overburden  which  is  at  or 
above  its  plastic  limit  (Figure  10)  moves 
downward  slowly  as  pillars  settle.  No  extension 
strains  are  expected  in  the  overburden  since 
settlement  rates  are  very  small. 


Figure  9.  Subsidence  Rate  of  Selected  Stations 
on  J  Grid  Line 


Figure  10.  Comparison  of  Moisture  Content, 
Liquid  Limit,  and  Plastic  Limit 


2.  Fracturing  of  immediate  roof  strata  due  to 
wide  intersections,  discontinuities  in  the 
immediate  roof,  and/or  prolonged  excessive 
loading  of  thinly  layered  and  weak  overburden 
may  cause  the  soil  overburden  to  flow  into  mine 
voids  causing  surface  subsidence  (Figure  11). 
Differential  settlements  of  pillars  on  weak 
claystone  floor  may  also  cause  initiation  or 
development  of  such  subsidence  movements.  At 
least  three  or  four  such  events  (A,  B,  C,  D) 
with  vertical  movements  ranging  from  25-90  mm 
(1.0-3. 5  in.)  were  observed  during  the  study 
period.  At  one  such  site  where  access  was 
possible  after  the  subsidence  event  occurred, 
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Figure  11.  Schematic  of  Subsidence  Mechanism  1 

underground  mine  observations  by  the  Coal 
Company  staff  showed  flow  of  surficial 
overburden  into  mine  voids.  No  cracks  are 
expected  on  the  surface  or  subsurface  in  the 
surficial  overburden  ir.  this  mechanism  also 
since  its  moisture  content  is  at  or  above  its 
plastic  limit. 

Settlement  rate  due  to  sag  subsidence  appears  to 
vary  5-7  mm  (0.2-0. 3  in.)  per  month  and  shows 
slightly  decreasing  trends  (Figure  9)  over  the 
last  six  months  of  the  study  period.  Borehole 
T.V.  camera  observations  in  several  of  these 
areas  showed  relatively  intact  roof,  floor,  and 
coal  pillars.  It  is  difficult  to  predict  the 
maximum  possible  amount  of  settlement  and  the 
rate  at  which  it  will  occur.  Both  will  be 
enhanced  in  the  presence  of  water.  Since  there 
are  no  indications  of  floor  heave  or  otherwise 
filling  up  of  void  areas  underground,  additional 
subsidence  movements  are  possible.  These  may  or 
may  not,  however,  result  in  damage  to  structures 
on  the  surface  since  movements  are  small  and 
should  occur  very  slowly  in  the  absence  of 
water.  If  the  area  was  to  get  flooded,  the 
magnitude  and  rates  of  these  movements  may 
result  in  damage  to  surface  structures. 

Borehole  TV  camera  observations  in  the  area  of 
localized  subsidence  events  showed  roof  falls  in 
entries  with  dripping  water,  partially  or 
completely  flooded  mine  workings  and  highly 
fractured  immediate  roof  strata.  The  open 
cavities  above  roof  falls  are  common  indicating 
that  additional  movements  in  the  area  are  likely 
to  occur.  Based  on  association  developed 
between  the  presence  of  the  bedrock  valley  and 
localized  subsidence  events  observed  in  this 
study,  it  is  expected  that  additional  movements 
of  this  nature  may  occur  in  future  and  may  cause 
damage  to  surface  and  subsurface  structures. 


EFFECT  OF  GEOLOGY  AND  HYDROLOGY 

Contours  of  surface  topography,  unconsolidated 
overburden  thickness  and  structural  elevation  on 
the  top  of  the  bedrock  surface  (Figure  7)  were 
prepared  based  on  all  available  data  (boreholes 
drilled  during  this  study  and  those  drilled 
prior  to  this  study).  Pertinent  observations 
are : 


1.  A  bedrock  valley  approximately  9  o  (30  ft) 
deep  is  observed  in  the  area  (Figure  7).  The 
thickness  of  the  bedrock  overburden  in  this 
valley  is  only  3-1 1  m  thick  (10-35  ft)  while  the 
thickness  of  the  surficial  overburden  varies  24- 
311  m  (80-110  ft).  A  cross-sectional  map  of  the 
boreholes  revealed  the  absence  of  the  Bankston 
Fork  Limestone  in  the  bedrock  valley.  Thinly 
bedded  immediate  roof  strata  and  the  absence  of 
the  competent  limestone  bed  in  the  roof  together 
form  favorable  conditions  for  roof  falls  and 
localized  rapidly  occuring  subsidence  events 
such  as  A,  B,  C,  and  D. 

Roof  instability  may  also  be  induced  by 
differential  pillar  settlements,  prolonged  dead 
load  of  soil  overburden  on  roof  rock  and 
weakening  of  immediate  roof  shales  due  to  high 
swelling  strain  potential  (5-15$). 

2.  A  1.2-1. 8  m  (4-6  ft)  thick  sand  bed/sand 
lens  was  found  at  a  depth  varying  from  4. 5-7. 5  m 
(15-25  ft)  below  the  ground  surface  in  several 
soil  exploration  holes.  No  trends  as  to  the 
presence  of  these  confined  sand  beds  were 
discernible  based  on  available  data.  Consider¬ 
able  amount  of  water  under  low  pressure 

20-28  kPa  (3-4  psi)  was  observed.  Based  on 
available  data  on  water  levels  in  surficial 
wells  and  the  nearby  lake  was  the  east  side  of 
the  study  area  it  was  concluded  that  the  lake 
was  not  a  water  source  for  the  sand  bed. 
Underground  roof  falls  and  associated  movements 
in  soil  overburden  may  eventually  intercept 
these  sand  beds.  Water  from  these  beds  may 
significantly  affect  the  weak  claystone  floor 
because  its  swelling  potential  is  high.  Flow  of 
water  from  sand  lenses  sometimes  prevented 
borehole  TV  camera  observations  in  the  bedrock 
overburden. 

3)  About  1.8  m  (6  ft)  of  rock  below  the  bedrock 
surface  was  highly  fractured  (RQD  <  50$)  with  a 
rating  of  poor  to  very  poor.  There  is  not  enough 
data  to  verify  whether  this  condition  existed 
prior  to  mining  due  to  movement  of  glaciers  or 
resulted  from  subsidence  movements. 

4)  The  immediate  roof  strata  generally  had  low 
RQD  values  (<30$)  and  high  moisture  content 
(8$).  The  presence  of  weak  thinly  layered  roof 
strata  would  favor  localized  subsidence  events. 

5)  Immediate  claystone  floor  stratum  has  high 
moisture  content  (10-15$)  and  contains 
considerable  amount  of  expandable  clay  minerals 
(Table  I).  Wetting  of  immediate  floor  strata 
may  considerably  reduce  its  strength  and 
deformation  modulus  which  may  increase  total  and 
differential  pillar  settlements,  and  may  lead  to 
roof  falls. 

6)  Surfical  overburden  is  above  its  plastic 
limit,  it  has  an  average  moisture  content  of 
about  20$  and  it  is  relatively  independent  of 
the  depth  below  the  surface  (Figure  10). 
Unconfined  compressive  strength  of  soil 
overburden  varies  from  75-925  kPa  (11-134  psi) 
and  it  generally  increases  with  depth  below  the 
surface.  An  elastic-perfectly  plastic  material 
behavior  is  indicated  by  stress-strain  curves. 


HYDROLOGICAL  STUDIES 

Data  from  monitoring  of  surficial  and  deep  water 
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wells  were  coopered  with  the  local  water  table, 
surface  drainage  and  the  water  level  in  the 
nearby  pool. 

1)  There  is  no  evidence  of  a  hydraulic 
connection  among  the  surficial  wells,  bedrock 
wells  and  the  mine  water  pool.  The  water  levels 
appear  to  follow  the  local  ground  elevation  and 
the  water  table  levels  follow  the  local  surface 
drainage  pattern. 

2)  The  pressures  due  to  observed  water  levels 
ir.  surficial  wells  are  small  to  be  significantly 
contributing  to  ground  movements  in  the  study 
area. 

3)  There  is  no  evidence  that  a)  hydrology  in 
the  area  has  affected  mine  subsidence  and  2) 
subsidence  has  had  any  long-term  effects  on 
hydrology. 


EXTENT  OF  DAMAGE  TO  SURFACE  STRUCTURES 


The  first  report  of  subsidence  occurred  in  late 
December  of  1977.  A  circular  depression  formed 
on  the  surface  bisecting  house  (Figure  12)  in 
the  study  area.  Even  though  mining  was 
terminated  and  supports  were  installed  under¬ 
ground,  subsequent  surface  settlements  continued 
to  occur  and  house  9  had  to  be  moved  due  to 
damage  to  the  foundation.  Houses  7  and  10  also 
showed  tension  cracks  in  the  foundations  which 
were  repaired  in  1983.  To  monitor  progressive 
movements  of  both  these  houses,  tiltplates  were 
installed  in  the  Fall  of  1983.  In  house  7,  3 
tiltplates  were  installed  cn  the  foundation 
walls  to  monitor  the  movement  on  both  sides  of 
the  major  cracks  in  the  foundation  and  floor. 
Based  on  the  tiltplate  data  with  a  precision  of 


-  4  seconds,  the  southern  portion  of  the  house 
is  tilting  most  to  the  southeast,  toward  the 
center  of  tha  first  depression,  while  the  north 
side  of  the  house  is  tilting  toward  the  east  but 
its  magnitude  is  less  than  that  of  the  southern 
portion  of  the  house.  A  typical  plot  of  the 
tilt  is  shown  in  Figure  13.  A  maximum 
horizontal  displacement  2  mm  (0.08  in.)  is 
observed  in  the  foundation  since  the  tiltplates 
were  installed.  In  house  10,  3  tiltplates  were 
installed;  one  on  the  west  side  and  two  on  the 
east  side.  The  largest  movement  occurred  on  the 
west  side  of  the  house,  with  a  tilt  of  46 
seconds  to  the  west.  This  corresponds  to  a 
horizontal  displacement  of  about  8  mm 
(0.32  in.). 


Figure  13.  Angular  Displacement  of  Tiltplate 
H20TP4. 


TABLE  I.  Clay  Mineral  Analyses 
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Figure  12.  Limits  of  Surface  Cracking  from  First 
Report  of  Subsidence,  Dec.  1979 


*  Percentage  of  mixed-layer  illite/amectite  preaent 
**Ratio  of  amectite  to  illite  within  the  mixed-layer  fraction 
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In  addition  to  the  tiltplates,  an  inclinometer/ 
sondex  instrumented  hole  was  located  to  the 
south  of  house  7  to  measure  the  subsurface 
movements.  The  maximum  horizontal  movement 
6.8  mm  (0.27  in.)  in  the  N  77°  E  correlates  well 
with  the  horizontal  movement  measured  from  the 
tiltplates  for  house  7  since  the  inclinometer 
was  much  closer  to  the  center  of  the  depression 
than  house  7. 

Movement  in  and  around  houses  7  and  10  are  also 
consistent  with  the  surface  subsidence  data  for 
survey  lines  J  and  L.  Since  the  movements  are 
continuing  and  decrease  only  gradually  with 
distance  from  the  center  of  the  depression,  it 
is  expected  that  the  tension  cracks  in  both 
houses  will  continue  to  occur  for  some  time  in 
the  future. 

House  20  had  5  tiltplates  installed  on  the 
basement  walls.  Two  tiltplates  were  on  opposite 
sides  of  a  major  crack  in  the  north  wall.  A 
comparison  of  the  movements  in  the  two  tilt¬ 
plates  indicate  a  twisting  of  the  house  along  an 
E-W  axis.  The  movement  in  this  house  is  complex 
and  indicates  probable  roof  falls  to  both  the 
north  and  east  causing  an  overlapping  movement. 


SUMMARY  OF  RESEARCH  FINDINGS 

1 )  A  bedrock  valley  is  located  in  the  study 
area.  At  the  base  of  this  valley,  the  thickness 
of  surficial  overburden  increases  to  about  34  m 
(110  ft)  and  the  thickness  of  bedrock  overburden 
decreases  to  about  3  m  (10  ft). 

2)  A  large  number  of  subsidence  events  in  the 
past  seem  to  be  associated  with  this  bedrock 
valley.  Additional  events  in  the  future  may 
also  be  associated  with  it. 

3)  Hydrology  of  the  area  does  not  appear  to 
have  either  significantly  affected  or  been 
affected  by  surface  and  subsurface  movements  in 
the  area. 

4)  The  surficial  overburden  behaves  like 
modeling  clay  based  on  its  moisture  content  and 
plastic  limit.  Most  of  the  weight  of  the  so*l 
overburden  has  to  be  supported  by  relatively 
weak  and  thin  rock  overburden  overlying  the  coal 
seam. 

5)  The  immediate  floor  claystone,  0.3-1. 2  m 
(1-4  ft)  thick,  is  weak  and  highly  moisture 
sensitive.  The  mineralogy  of  the  claystone 
shows  high  percentage  of  expandable  clay 
minerals  and  high  clay  size  content. 

6)  Strength  of  the  coal  is  adequate  for  the 
mining  depth  and  percentage  extraction  practiced 
at  the  mine. 

7)  Localized  areas  on  the  surface  are 
continually  undergoing  subsidence  (Figure  14). 
Most  subsidence  is  observed  adjacent  to  House  7 
with  a  total  vertical  movement  of  about  89  mm 
(3.5  in). 

8)  Inclinometer-Sondex  data  show  subsurface 
movements  in  the  surficial  and  bedrock  over¬ 
burden  which  correlate  quite  well  with  those 
measure  by  precise  land  surveys. 


9)  Borehole  TV  camera  observations  in  10 
boreholes  show  a)  the  northwest  corner  of  the 
panel  partially  filled  with  water,  b)  roof  falls 
in  two  areas  around  boreholes  with  open  cavities 
1.2-1. 5  m  (4-5  ft)  high,  c)  relatively  intact 
immediate  roof,  roof  bolts  and  cap  blocks, 

d)  little  or  no  pillar  sloughing  and  floor 
heave,  and  e)  highly  fractured  rock  overburden 
overlying  the  coal  seam. 

10)  The  major  subsidence  mechanism  causing 
damage  in  the  area  appears  to  localize  roof 
falls  with  soil  overburden  flowing  into  mine 
workings.  The  differential  settlement  of 
pillars  on  weak  claystone  floor  may  only  be  a 
small  contributory  factor  in  causing  roof  falls 
and  associated  surface  movements. 

11)  Residential  structures  in  the  study  area 
are  undergoing  progressive  movements  and  may 
suffer  additional  damage.  The  structures  of 
concern  are  houses  7,  20,  14,  and  10.  Over  a 
long  period  of  time,  houses  19,  1 8 ,  17,  and  12 
may  also  be  affected. 

12)  Subsidence  in  the  area  is  not  complete. 

Slow  settlement  of  the  entire  study  area  and 
localized  subsidence  events  may  be  anticipated 
In  the  future. 

13)  An  angle  of  draw  of  55°  in  surficial 
overburden  is  noted.  Based  on  the  angle  of 
draw,  a  55  m  (180  ft)  barrier  pillar  between  two 
panels  is  not  adequate  to  eliminate  surface 
subsidence  movements  on  the  surface. 
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I1!)  Maximum  tension  in  a  structure  appears  to 
occur  at  about  18-28  m  (60-90  ft)  away  fore  the 
edge  of  mine  workings.  Major  cracks  may  be 
anticipated  in  these  areas  observed  in  garages 
of  house  20,  house  1*1,  and  house  7. 

15)  Tiltmeters  appear  to  correctly  predict 
direction  of  vertical  movements  in  relationship 
to  the  position  of  mine  structural  workings. 

16)  Slow  settlement  of  pillars  on  weak  clay- 
stone  floor  has  been  continuing  since  mining  was 
started  in  the  area  almost  ten  (10)  years  ago. 
The  authors  think  that  most  of  the  future 
subsidence  events  will  be  related  to  localized 
roof  falls  rather  than  slow  "compressive 
settlement. 

17)  The  influx  of  water  into  abandoned  mine 
workings  through  any  source  could  significantly 
increase  compressive  settlement  rate,  incidence 
of  roof  falls  and  associated  surface  subsidence. 


RECOMMENDATIONS 

1)  Active  mine  workings  should  consider 
reducing  width  of  mine  openings  and  developing 
three  way  intersections  wherever  possible.  The 
size  of  the  coal  pillars  may  also  be  reduced. 

2)  The  minimum  safe  distance  to  locate  a 
surface  structure  is  45-60  ra  (150-200  ft)  from 
the  edge  of  mine  workings  where  similar  geology 
and  mining  conditions  are  found. 

3)  Surface  and  subsurface  movements  are  not 
complete.  Analysis  of  current  data  indicates 
that  houses  7,  10,  14  and  20  may  have  to  be 
relocated  or  structurally  modified  if  they  are 
to  substain  additional  subsidence  movements. 

4)  Areas  that  may  be  affected  by  subsidence 
movements  in  the  future  have  been  outlined  in 
Figure  14.  Monitoring  of  these  and  other  areas 
should  continue  at  regular  intervals  to  develop 
a  stronger  database  for  future  subsidence 
studies. 

5)  Future  design  of  mine  workings  should 
consider  geological  and  geotechnical  data  for 
overburden  and  immediate  floor  strata. 

6)  To  minimize  damage  to  surface  structures,  a 
study  of  different  methods  of  stabilization 
against  planned  subsidence  with  high  extraction 
ratios  Is  also  recommended. 
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SYNOPSIS:  Data  regarding  the  performance  of  three  tunnelling  projects  in  the  Himalayan  region  has 
been  collected.  It  is  seen  that  rock  loads  or  deformations  calculated  on  the  basis  of  Barton, 
Bieniawski  or  RMR  approach  do  not  match  the  field  data.  A  mathematical  model  has  been  developed 
incorporating  modifications  in  the  approach  of  Brown  et.al  of  rock-support  interaction,  using 
elastic-strain  softening-plastic  ground  characteristics.  A  non-linear  relationship  between  radial 
and  tangential  strains  around  the  tunnel  has  been  considered  and  the  method  of  calculation  of 
stresses  and  deformations  altered  to  incorporate  exact  integration  of  the  governing  differential 
equation  for  a  thin  cylindrical  annulus  replacing  finite  difference  approximation.  It  is  seen  that 
a  closer  match  and  a  more  rational  explanation  of  the  observed  data  from  the  tunnelling  project 
is  provided  by  the  mathematical  model. 


INTRODUCTION 

There  are  two  main  approaches  for  estimation  of 
rock  loads  and  deformations  of  underground 
openings.  The  first  approach  is  analytical  and 
mostly  utilises  continuum  mechanics  principles 
making  certain  simplifying  assumptions  regard¬ 
ing  ground  behaviour,  yield  criterion  and 
volume  changes,  etc.  The  second  approach  is 
empirical  in  nature  and  is  based  on  statistical 
analyses  of  observed  behaviour  of  underground 
openings  in  different  geologic  environments. 
Both  the  methods  have  their  own  relative  advan¬ 
tages  and  are  applicable  with  varying  degrees 
of  reliability  for  several  different  categories 
of  rock  masses  ranging  from  massive  to  heavily 
jointed.  However,  none  of  the  approaches  seem 
to  work  for  tunnels  through  squeezing  grounds. 

In  an  attempt  to  predict  rock  loads  and  defor¬ 
mations  of  tunnels  through  squeezing  grounds, 
the  approach  of  Brown  et  al(1983)  of  rock 
support  Interaction  has  been  modified  using 
elastic-strain  softening-plastic  ground  charac¬ 
teristics.  A  non-linear  relationship  between 
radial  and  tangential  strains  around  the  tunnel 
has  been  considered  and  the  method  of  calcula¬ 
tion  of  stresses  and  deformations  has  been 
altered  to  incorporate  exact  integration  of  the 
governing  differential  equation  for  a  thin 
cylindrical  annulus  replacing  finite  difference 
approximation. 

The  model  developed  has  been  tried  for  the 
calculation  of  rock  loads  and  deformations  of 
three  tunnelling  projects  in  the  Himalayan 
region. 

THE  MATHEMATICAL  MODEL 

Literature  survey  reveals  that  there  are  three 
main  considerations  which  distinguish  one 
mathematical  model  from  the  other.  The  first 
consideration  concerns  the  yield  criterion  for 
the  strength  of  the  rock  mass.  Most  of  the 
earlier  researchers  have  used  Coulomb's  or 


Mohr-Coulomb's  criterion.  Some  others  have  used 
the  second  order  parabolic  criterion  of 
Fairhurst.  in  the  more  recent  past,  the  non¬ 
linear  criterion  of  Hoek  and  Brown  has  gained 
popularity,  and  the  same  has  been  used  in  the 
present  work.  The  second  consideration  is 
regarding  the  stress-strain  behaviour  of  the 
ground.  Whereas  closed  form  solutions  are 
available  for  elasto-plastic  and  elastic-brittle 
plastic  materials  a  step  by  step  procedure  can 
be  used  for  elastic-strain  softening-plastic 
material.  The  third  consideration  that  matters 
is  concerning  the  change  in  volume  of  rock  as 
it  yields.  Here  again,  different  researchers 
have  used  different  assumptions  starting  from  no 
volume  change  to  the  ones  following  flow  rules. 

use  of  Non-linear  Relationship  between  Strains 

It  is  seen  from  the  results  of  experiments 
described  above  that  the  relationship  between 
axial  and  radial  strains  of  rock  samples  after 
failure  is  non-linear.  The  rate  of  increase  of 
radial  strain  is  large  Initially  as  the  material 
yields  but  it  decreases  as  the  axial  strain 
further  increases. 

A  similar  relationship  between  the  radial  and 
tangential  strains  of  yielding  rock  around  the 
circular  tunnel  can  be  anticipated.  If  the 
initial  slope  of  &e-£r  curve  be  h,  and  if  h2 
be  the  amount  by  which  the  secant  slope  of 
curve  reduces  as  the  major  principal  strain 
Increases  from  an  initial  value  to 

Infinity,  the  secant  slope  h  of  the  curve 
corresponding  to  any  intermediate  value  of  €.& 
is  given  by 

h  *  h,  -  ha  O'  -VJO  (1) 

where  h  is  ratio  of  radial  strain  Cr  to  axial 
strain  €9  at  any  stage,  such  that  h, 

is  the  initial  tangent  of  €»-6r  curve,  ana 
(h,  -  h2)  is  the  corresponding  secant  slope  as 


£*  goes  to  infinity. 


C  er,  —  £re  )  =  -  hi  (fi@,  -  €ee)  (5) 


€#e  is  the  major  principal  elastic  strain  at 
which  the  rock  yields  and  goes  from  elastic  to 
a  plastic  behaviour.  The  assumed  relationship 
between  the  two  strains  is  shown  in  the  Fig.l. 


and  fire)  =  -hz(eoz-Gee)  (6) 

where  fir,,  6rz  and  h, ,  h2  are  the  radial  strains 
and  the  value  of  parameter  h  at  the  two  surfaces 
of  the  annulus  respectively.  Combining  these 
equations  we  have 


i!L  s  -hi  -  Oi-O  (7) 

dr  r 

where  h  is  the  average  value  of  h,  and  h2. 
Integrating  the  equation  yields 


U.  = 


Ch-Q 
Ch+  i) 


-h 


r  ce  +  c,  r 


(8) 


The  constant  Ci  can  be  evaluated  by  using  the 
condition  u=-ra  e9*  when  r  =  r  . 


6® 


-  ~  [ch~n  +  z(y  ) 


h*H 


Applying  this  equation  to  the  annulus  with  radii 
r,  and  r2  and  on  re-arranging 


Fig.l  Assumed  Material  Behaviour  Model 
Use  of  Integration 

The  entire  rock  mass  surrounding  the  tunnel  is 
divided  into  a  number  of  thin  concentric  annular 
rings.  The  radius,  stresses  and  strains  at  one 
surface  of  any  ring  are  known.  For  the  calcu¬ 
lation  of  corresponding  radii,  stresses  and 
strains  at  the  other  surface  of  the  ring,  Brown 
et.al(1983)  have  used  a  finite  difference 
method.  It  Is,  however,  possible  to  replace 
the  finite  difference  approximation  by  actual 
integration  of  the  differential  equation  for  the 
thin  annulus  and  thus  use  an  approach  which  is 
part  integration  and  part  finite-difference. 


rz  =  - - - T  (10> 

$  0+0  e®a  _  ch-o7cir;o 

1  26©,  2  J 

This  equation  can  be  used  to  get  the  radius  of 
the  second  surface  r2. 

COMPLETE  STEPWISE  PROCEDURE 

To  summarise,  the  complete  procedure  for  calcu¬ 
lation  of  radial  convergence  is  enumerated  in 
the  following  steps, 

1.  The  following  data  are  required 

E  =  Modulus  of  deformation  of  rock  mass 


From  the  conditions  of 

axial  symmetry, 

we  know 

P' 

that 

po 

£  o  s 

u. 

~  r 

(2) 

m,s 

€r  s  . 

cfu 

(3) 

dr 

Vsr 

where  and  6 r  are  the  tangential  and  radial 

strains,  0.  Is  the  radial  displacement  at  a  h,  ,h2  = 

radius  r. 


Poisson's  ratio, 

In-situ  hydrostatic  stress 

Uniaxial  compressive  strength  of  rock 
materi  al 

Constants  describing  the  peak 
strength  of  rock  mass, 

Constants  describing  the  residual 
strength  of  failed  rock  mass. 

Constants  relating  radial  strain  to 
the  tangential  strain, 


As  the  €«-€,•  relationship  is  non-linear,  an 
average  value  of  h  is  assumed  for  the  thin 
annulus  between  radius  n  and  r2,  such  that 

fir  =  -  h  fi®  (4) 

If  the  radial  and  tangential  strain:,  at  the 
elastic-plastic  boundary  (r  =  re)  are  given  by 
and  €««  respect! vely 


r^  =  Radius  of  the  tunnel. 

2.  Three  different  zones  are  assumed  to 

exist  around  the  tunnel (Fi g,2 ) . 

a)  an  elastic  zone  remote  from  the  tunnel 

b)  an  intermediate  plastic  zone  in  which 
the  stresses  and  strains  are  assoc¬ 
iated  with  the  strain  softening  port¬ 
ion  of  Fig. 2. 

c)  an  inner  plastic  zone  in  which  the 
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3. 


stresses  are  limited  by  the 
residual  strength  of  the  rock  mass. 


The  yield  criterion  of  Hoek  and  Brown 
(1980)  has  been  used,  which  gives  the 
peak  strength  as 

07  =  <r3  +  (  m  o;  o-3  +  s  oz  *  ( 1 1 ) 

where  <TT  =  major  principal  stress 
Oj  =  minor  principal  stress 

<yt  =  uniaxial  compressive  strength 
of  the  rock  material 

m,s  =  constants  which  depend  upon  the 

naturee  of  rock  mass  and  the  extent 
to  which  it  is  broken  before  it  is 
subjected  to  stresses  or  and  05  . 

4.  It  is  assumed  that  in  the  broken  zone  the 
parameters  m  and  s  will  be  reduced  to  mr 
and  sr,  and  the  residual  strength  of  the 
rock  mass  will  be  given  by 

07  =  <TJ  +  (mr  <37:  <JJ  +  Sr  <57* (12) 

5.  The  rock  mass  is  assumed  -to  be  linearly 
elastic  with  Young's  modulus  E  and 
Poisson's  ratio/*,  until  the  initial 
strength  for  the  appropriate  value  of  O3 
is  reached.  Thereafter  the  strength 
gradually  drops  with  increasing  strain  as 
shown  in  Fiq.  3.  Strength  reduction  from 
the  peak  and  continued  deformation  at 
residual  strength  are  accompanied  by 
plastic  dilation.  Some  elastic  volume 
increase  may  also  occur  when  the  stresses 
are  reduced.  These  aspects  are 

covered  in  the  appropriateness  of 
constants  <*  ,  h,  and  h2. 


Fig. 3  Interpolat  on  for  the  Values  of  m  and  s 
in  the  Strain-Softening  Region. 

where  N=  2—  (."V  £  +  Sr  <rca- M  mr  ^'>Va  (14) 

. i i )  Strains 


€ees  ^  -iff 

where  e,e  =  major  principal  strain  corresponding 
to  yielding  stress 

6r«  =  minor  principal  strain  corresponding 
to  yielding  stress  and 


2O  +  /0 


Fig. 2  Assumed  Zones  Around  the  Tunnel 

6.  To  start  with,  the  initial  value  of  the 

radius  of  the  plastic  zone  i.e.  the  boun¬ 
dary  of  elastic-plastic  region  is  calcu¬ 
lated  using  the  closed-form  solution.  The 
radial  and  tangential  strains  and  the 
stresses  at  the  boundary  are  also  calcu¬ 
lated  using  the  closed-form  solution  for 
elastic  brittle  plastic  case.  The 
relevant  equations  are  reproduced, 

i)  radius  of  broken  zone 

Ye  =  (i  ex}?  {n  (  mr  ct  ft  -r sf  rea )V,j  ( 13) 


iii)  Stresses 

The  radial  stress  at  the  boundary  of  the 
broken  zone  is  given  by 

07e  n  fj  -  M<Jc  U?) 

7.  The  entire  plastic  zone  including  the 

strain-softening  portion  Is  divided  into 
a  number  of  thin  concentric  annular  rings 
The  tangential  strain  is  Increased  by  an 
amount  de«  as  we  move  from  one  ring  to 
the  next  adjoining  one.  The  new  values 
of  the  tangential  and  radial  strains  are 
calculated  with  the  help  of  material 
behaviour  model  as  shown  in  Fig.  3.  If 


the  values  corresponding  to  two-surface  of 
annular  ring  are  subscriptea  by  1  and  2 
respectively,  we  know  6e(,  e,-*  ,  <=«., 
and  r,  .  The  corresponding  radius  r2 
can  be  calculated  from  the  equation 


where  h 


r,  = 


Ch'*  h") 
2 


r, 

tt»+o 

2  *«, 


0-0 

z 


jch+O 


h-,  h-  i* 

h"  =  h .  -  hz  £  l  -  i££  ? 


(18) 


8.  Once  the  radius  of  the  annular  ring  is 

known,  the  radial  stresses  may  be  calcula¬ 
ted  from  the  equation 


=  b  -  i  (19) 

where  a  =  <ru  2  _  4  *  {  ^  mi  07,  +  si  01 2 j 

b  =  fir,  +  k  liu  ^ 

and  k  =  i 

L  r,  +  J 

9.  The  above  mentioned  procedure  is  continued 
till  we  reach  the  strain  exceeding  which 
implies  that  we  are  in  the  plastic  region. 
The  value  of  constants  m  and  s  in  the 
strain  softening  region  ma,  sa  which  are 
calculated  by  linear  interpolation,  are 
taken  as  mr  and  s_  in  the  plastic  region. 
The  process  of  calculation  is  further 
continued  till  we  reach  a  value  of  radius 
r2  f'r  which  <r>  equals  the  internal 
pressure  p.j . 

10.  This  value  of  r2  is  made  equal  to  the 
given  radius  of  tunnel  ^  and  all  the 
other  values  of  r2  and r  are  reduced  in  the 
the  same  proportion. 

11.  The  axial  strain  at  the  tunnel  boundary 

when  multiplied  with  the  radius  r.  gives 
the  convergence  u^ .  1 

It  is  seen  that  by  making  these  changes,  the 
iterative  procedure  converges  faster  and  the 
results  for  a  particular  case  of  elastic- 
brittle-plastic  rock  are  closer  to  those 
obtained  from  closed-form  solutions  (Sharma  1985, 
Sharma  and  Ramamurthy,  1986  ,  Ramamurthy  1986). 

FIELD  STUDIES 

The  response. of  the  rock  mass  during  and  after 
tunnelling  was  observed  on  three  tunnelling 
projects  in  the  Himalayan  region.  The  salient 
features  of  the  projects  along  with  response 
data  are  briefly  described  below  : 

Giri  Hydro-Electric  Project 

The  first  stage  of  the  Giri  hydro-electric 
project  (Himachal  Praoesh,  India)  has  an  instal¬ 
led  capacity  of  2  units  of  3C  MW  each.  Besides 
a  160m  long  barrage  and  an  intake  regulator,  the 


water  conductor  system  of  the  project  comprises 
a  concrete-lined  tunnel  of  7.4  km.  length, 

(3.66  m,  diameter  finished)  through  the  ridge 
separating  the  valleys  of  the  Giri  and  the  Bata. 
In  addition,  it  has  access  adits  of  about  0.8km, 
length,  bringing  the  total  tunnelling  work  in 
the  project  to  over  8  kms. 

Geology  of  the  Tunnel  Areas 

The  tunnel  passes  through  an  area  which  is 
geologically  very  complex.  The  most  important 
feature  from  engineering  geology  view  point  is 
the  occurrence  of  three  major  thrusts  lying  in 
close  proximity  of  one  another.  Rocks  of 
different  ages  have  come  together  as  a  result 
of  large  scale  movements  resulting  in  folding, 
faulting  and  cutting  up  by  numerous  joints  and 
occasional  crushing.  The  alignment  crosses  two 
major  regional  thrusts  viz,  Krcl  and  Nahan, 

From  the  inlet  heading,  the  tunnel  initially 
traverses  rock  formations  of  Bailani  series  of 
carboniferous  age  for  a  length  of  about  1500m. 
The  bailanis  are  dark  grey  black  quartzitic 
slates  containing  angular  to  round  pebbles  and 
boulders  firmly  embedded  in  a  clay-silt  matrix. 
The  boulders  vary  in  size  and  show  great  vari¬ 
ation  in  the  density  of  their  distribution  and 
very  often  the  matrix  is  without  any  boulders. 
The  rock  formations  show  extensive  jointing  and 
shearing  at  places  and  tunnel  alignment 
generally  follows  the  strike. 

In  between,  along  tie  tunnel  alignment,  the 
strata  changes  to  claystones  and  siltstoes 
which  are  highly  jointed  and  deteriorate 
on  saturation.  The  material  in  the  vicinity 
of  the  faults  is  highly  saturated,  soft  and 
plastic.  Towards  the  outlet  of  the  tunnel,  the 
strata  generally  comprises  sandstones  with 
occasional  thin  bands  of  claystone  and  silt- 
stones.  The  rock  is  jointed  but  generally 
competent,  except  when  moisture  is  present  and 
claystone  bands  are  present. 

Rock  Behaviour  during  Construction 

The  initial  support  system  was  part  circular 
section  of  rolled  steel  joints  150  mm  x  79  mm  x 
19  kgs.,  placed  at  a  spacing  of  1  metre  centre 
to  centre,  and  back-filled  with  lean  concrete 
laid  over  reinforced  concrete  laggings.  The 
initial  collapse  in  the  inlet  tunnel  Indicated 
the  possibility  of  the  section  being  inadequate. 
The  support  system  in  these  reaches  was  then 
modified  to  150  mm  x  150  mm  x  37.5  kg.  steel 
section  at  the  spacing  of  one  metre  centre  to 
centre.  After  some  time  it  was  noticed  that 
even  these  ribs  began  exhibiting  signs  of 
distress  by  opening  joints  and  twisting.  These 
supports  were  strengthened  by  additional  steel. 
As  the  movements  became  more  pronounced,  the 
spacing  was  reduced  to  }  metres  centre  to  centre. 
The  following  observations  were  made  at  the 
site. 

i)  The  supporting  system  comprising  heavy 
steel  sections  of  150  mm  x  150  mm  x  37.5kg, 

@  i  m.  c/c  showed  evidence  of  twisting 
and  buckling  even  where  the  space  between 
the  rock  and  the  ribs  had  been  completely 
back-filled  with  lean  concrete.  The 
phenomenon  was  observed  a  few  weeks  after 
the  erection  of  the  support  system. 
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ii)  Wherever  the  reck  mass  was  exposed  the 
rock  had  intruded  into  the  space  between 
the  supports.  This  intrusion  has  been 
cons iaerabia ,  even  as  much  as  15-20  centi¬ 
metres.  The  intrusion  was  observed  all 
around  the  diameter  and  the  flowing  rock 
was  good  even  after  two  years  and  had  not 
detached  from  the  parent  rock  mass. 

ill)  The  full  circular  steel  rings,  though 
considered  better  in  resisting  the  rock 
pressure,  showed  evidence  of  much  worse 
twisting  and  buckling  as  compared  to  the 
deformation  noticed  in  the  adjacent 
0-type  ribs.  In  botn  the  cases,  the  ribs 
were  of  the  same  size  and  placed  at  the 
same  spacing.  In  the  case  of  D-tvpe 
ribs,  some  deformation  was  absorbed  in 
the  inward  movement  of  the  sides,  which 
were  free  to  move  at  the  bottom,  causing 
relaxation  In  loads. 

iv)  In  an  experimental  roach,  the  ribs  were 
completely  embedded  in  pneumatically 
placed  concrete  of  10  MPa  compressive 
strength.  The  distortion  of  ribs  was 
much  worse  in  this  zone.  The  concrete 
showed  evidence  of  cracxs  at  numerous 
places  and  had  bulged  out  by  as  much  as 
15-20  centimetres,  without  showing  any 
signs  of  detachment  from  the  parent 
rock  mass  with  which  it  had  developed  a 
bond. 

v)  The  phenomenon  of  the  opening  up  of  the 
ribs  was  observed  at  a  number  of  locat¬ 
ions.  In  some  cases,  the  bottom  segment 
had  absolutely  detached  from  +he  rib  but 
the  arch  was  still  in  position.  In  case, 
the  loads  were  due  to  loosening,  the  ribs 
should  have  failed  or  collapsed  due  to 
sustained  load  over  it.  It  shows  that 
the  load  manifested  only  when  the  defor¬ 
mation  was  resisted.  Once  the  rock 
created  room  for  deformation,  by  the 
failure  of  the  joints  and  the  twisting  of 
the  ribs,  the  loads  were  'shed1  to  the 
surrounding  strata  and  hence  even  the 
ribs  without  significant  bottom  support 
were  standing. 

In  the  back-ground  of  the  above,  it  was  decided 
to  use  compressible  back-fill  in  the  space 
available  between  tne  rock  face  and  the  rib. 

This  gave  some  relief  to  the  support  system, 
but  It  was  only  a  matter  of  time,  when  the 
closure  caught  up  with  the  empty  space,  and 
thereafter,  even  the  back-filled  sections  were 
equally  affected. 

Time  Closure  Observations 

The  horizontal  closure  of  the  ribs  was  obser¬ 
ved  daily  with  respect  to  the  day  of  the 
Installation.  The  average  closure  was  found 
in  the  range  of  25-30  centimetres,  the  maximum 
talng  of  the  oroer  of  50  centimetres.  The 
tunnel  showed  appreciable  closures  in  all 
reaches,  Irrespective  of  the  type  of  the 
support  and  the  type  of  backfill. 

The  rate  of  closure  was  very  high  in  the  first 
20-30  days  of  the  installation  of  the  ribs. 
Typically,  the  closure  was  26  centimetres  at 
the  end  of  20  days  In  tne  case  of  the  concrete 
back-filled  ribs,  which  rose  to  28  centimetres 
at  the  end  of  7b'days . 


In  the  case  of  reaches  with  loose  back-fill, 
the  closures  took  place  more  gradually,  in  a 
more  uniform  manner,  though  the  ultimate 
magnitudes  were  of  the  same  order. 

some  reaches,  the  closures  continued  even 
after  300  days,  though  at  a  much  reduced  rate. 
Figs. 4  shows  typical  closure  observations  with 
resDect  to  time,  for  reaches  with  loose  packing. 


Fig. 4  Giri  Project  -  Closure  vs.  Time 
for  a  Zone  with  Loose  Packing 

Analysis  of  Data 

Using  the  Rock  Mass  Classification  Systems  and 
the  correlations  that  go  with  them,  the  follow¬ 
ing  magnitudes  of  rock  loads  are  calculated: 

i)  Terzaghi's  Theory,  rock  load  = 

2.31  to  4.41  kg. /cm2. 

ii)  Bieniawski's  RMR  System,  RMR  =  34, 
rock  load  =0.71  kg. /cm2 

iii)  Barton's  System,  Q  =  0.6875,  rock  load  = 
4.5  kg. /cm2. 

iv)  Using  the  mathematical  model  described 
ahove,  the  rock  load  corresponding  to 
a  radial  deformation  of  28.55  ems ;  = 

1.9  kg. /cm2. 

v)  Actually  observed  lead  =  2.0  -  2.4  kg./ 
cm2 . 

YAMUNA  HYORO-ELECTRIC  PROJECT 
General  Features 

Yamjna  Hydro-electric  Project  located  in  the 
foot-hills  of  the  Himalayas  in  Uttar  Pradesh 
is  being  constructed  in  four  stages.  The 
Stage  II,  Part  II  of  this  scheme  envisages  the 
utilisation  of  64m.  drop  available  between 
tail  race  of  Chhibro  underground  powerhouse 
and  Khodri  Powerhouse.  A  7.5m.  dia  (finished) 
and  5.6  km.  long  tunnel  has  been  constructed 


for  carrying  water  from  Chhibro  to  Khodri 
Powerhouse.  The  excavation  of  the  tunnel 
has  been  done  through  i)  a  shaft  at  Chhibro 
which  goes  down  to  about  40m.  below  the  river 
bed.  ii)  an  approach  ad’t  at  khodri  and 
iii'  through  an  inclined  adit  at  Kalawar  which 
was  initially  excavated  for  the  purpose  of 
investigation  of  iotra  thrust  zone  material 
characterise  cs . 

Geology  of  the  Head-race  Tunnel 

According  to  earlier  geological  investigations, 
the  tunnel  was  to  pass  through  bands  of  sand¬ 
stones,  siltstones  and  claystones  on  the  down¬ 
stream  side,  and  quartzites  and  slates  on  the 
upstream  side.  In  between,  these  two  forma¬ 
tions,  an  intra-thrust  zcne  of  about  300  metre 
'width,  bounded  by  Krol  and  Nahan  thrusts, 
comprising  sheared  red  shales  and  'sabathu' 
c’ays  was  to  be  met  with  along  the  tunnel 
al ignment. 

As  the  work  of  excavation  of  the  tunnel  progr¬ 
essed,  the  red  shales  of  intra-thrust  zones 
were  encountered  again  and  again  due  to  tear 
faulting  which  had  uplifted  the  'Sabathu' 
shales  along  the  tunnel  alignment. 

Ground  Behaviour  in  the  intra-thrust  Zone 

The  Kalawar  inspection  gallery  was  excavated 
for  the  investigation  of  intra-thrust  2one 
material.  It  was  later  used  as  an  adit  for 
excavation.  The  gallery  starts  ir  Nahan  sand¬ 
stones,  where  the  steel  supports  of  152mm  x 
152mrc  sections  with  175  mm  x  90  mm  channel 
laggings  were  provided  with  wooden  struts  for 
back  packing.  The  Nahan  thrust  was  exposed 
in  the  gallery  at  chainage  164  to  chainage  240. 
Twisting  and  inward  displacement  of  ribs  was 
reported  from  thi„  region  after  a  period  of 
about  about  a  month  and  a  half.  The  supports 
were  strengthened  initially  by  providing 
struts,  and  later  by  changing  the  shape  of 
supports  to  a  circular  one  and  adding  heavier 
sections  to  increase  uheir  moment  of  inertia. 

In  certain  reaches  152mm  x  152  mm  H  sections 
wit!?  steel  plates  of  20mm  thickness  welded  on 
Its  flanges  have  been  placed  at  a  spacing  of 
400  mm.  centre  to  centre. 

field  Measurements  in  Red  Shales 

The  Central  Mining  Research  Station,  Dhanbad, 
carried  out  measuiements  of  load  on  steel 
supports,  closure  of  tunnel  surface  and 
borehole  extension  in  a  3.0ra  Jiameter  section 
of  the  head  race  tunnel  in  red  shale  at  chain- 
age  IC-ro,  towards  Chhibro,  from  the  junction  of 
Kalawar  adit  and  head  race  tunnel. 

The  load  cells  recorded  an  equivalent,  pressure 
of  2,3  -  4  kg. /cm2.  A  maximum  closure  of  94mm. 
along  vertical  axis  and  45mm  along  horizontal 
axis  at  this  section  was  recorded.  It  was 
observed  that  the  time-load  and  time-closure 
curves  were  somewhat  identical  in  nature.  This 
prompted  them  to  plot  the  load-closure  curve 
and  give  a  linear  relationship  between  load  and 
closure. 

y  =  0.2  x  +  1.75  (20) 

where  y  is  the  load  in  tonnes  and  x  is  the 
closure  i.n  cims. 


The  borehole  extensometers  showed  an  extension 
of  about  30mm.  The  depth  of  anchors  was  only 
3  metres  in  this  study  which  is  just  equal  to 
the  tunnel  diameter,  hence  a  limitat'.on.  Fig. 5 
shows  time-closura  relationship. 


2.SX2.0m-D  SHAPED  SECTION 


Fig. 5  Yamuna  Project  :  Time-Closure  Relation¬ 
ship 

Rock  Mass  Properties 

T1WAG  radial  jacking  test  was  conducted  in  red 
shales  in  the  3.0m  diameter  tunnel.  Pressures 
of  3.0,  5.0  and  7.0  Kg/cm2  were  applied  in  the 
increasing  order.  Somewhat  erratic  deformations 
on  the  sides  were  observed.  The  averaga  modu¬ 
lus  of  the  deformation  of  the  rock  mass  on  the 
basis  of  the  test  was  worked  out  c. s  0.1x10s 
kg/cm2. 

Fla*  jack  tes  ,s  wera  conducted  in  the  cross  cut 
portion  of  the  gallery  in  black  clay  portion  of 
the  formations.  These  clays  are  similar  to 
shales  in  their  behaviour  and  properties.  Yr?e 
modulus  of  deformation  obtained  from  this  test 
wa;  0.061  x  10s  kg. /cm2. 

Other  properties  of  red  shales  are  as  follows 
(■'ethwa  1981). 

i)  Unit  weight  2.7a  g/cc 

ii)  Unconfined  comp-  21.0  kg/cm2 

ressive  strength 

iii)  Shear  strength  c  =  1.0  k9/cm2; 

0  =  8.40° 

Rock  Loads  and  Closures 

i)  Terzaghi's  Rock  Load  Thuory  ;  r0ck 
load  =  3.3  to  7.4  kg/cm- 

ii)  Rock  Mass  Rating  =  34;  rock  load  =  1.34 
kg/cm2 

Hi)  Barton  Rock  Hass  Quality  =  0.033  ■ 

Rock  load  =  3.12  kg/cm2. 
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iv)  On  the  basis  of  mathematical  model 

the  rock  load  corresponding  to  97.5mm  = 
3.73  kg/cnl2. 

v)  Actually  measured  load  =  4.0  kg/cm2. 

MANERI  BHALI  PROJECT 
General  Features 

Maneri  Bhali  Hydro-electric  Scheme  Stage  I, 
harnesses  the  power  potential  of  water  flowing 
down  the  river  Bhagirathi  between  Maneri  and 
Uttar  Kashi.  The  project  works  included  the 
construction  of  a  8.63  km  long,  4.75m  diameter 
circular  concrete  lined  tunnel,  besides  a 
concrete  dam,  an  intake  cum  sedimentation 
chamber  and  a  powerhouse.  The  tunnel  passes 
through  complex  geological  formations  under 
rock  covers  of  30m  to  900m. 

Regional  Geology 

Rocks  encompassed  by  the  project  area  are 
Quartzites,  Quartzites  interbedded  with  thin 
slate  bands,  chloritic  schists  and  phyllites, 
metabasics  and  basic  intrusives  belonging  to  the 
the  Garhwal  group  of  rocks.  Towards  the  north 
and  north-east  of  the  project  area,  the  rocks 
of  the  Garhwal  group  have  a  thrusted  contact 
(Main  Central  thrust)  with  the  Central  crystal¬ 
lines.  Similarly  towards  the  south  and  south 
west  of  the  area,  the  Srinagar  thrust(North 
Almora  thrust)  separates  the  two  rocks  from 
the  Chandpur  group. 

The  metabasics  are  bright  green  or  greyish 
green  in  colour  and  are  interbedded  with 
phyllitlc  and  sericitic  quartzite  which  varies 
in  thickness  from  10  cms  to  25  m.  The  bedding 
in  the  rocks  is  demarcated  by  lithological 
variations  (argillceous  and  arenaceous 
components).  The  metabasics  are  in  a  highly 
folded  condition,  A  major  assymmetri cal 
anticline  is  exposed  at  the  top.  The  resident 
geologist  at  the  site  had  prepared  three- 
dimensional  logs  of  the  geology  of  the  tunnel 
as  actually  revealed.  Taking  the  orientation 
of  joints  from  these  logs  and  using  stereogra¬ 
phic  projection  techniques,  poles  have  been 
plotted  to  see  if  the  weaknesses  have  any 
preferred  orientation.  The  strike  of  most  of 
the  weakness  planes  is  nearly  the  same,  but  the 
dips  a^e  different.  This  is  what  would  be 
expected  in  a  folded  stratum  of  this  nature. 

Properties  of  Rock  Material  and  Rock  Mass 

A  number  of  plate  jacking  and  flat  jack  tests 
nave  been  conducted  in  the  drift.  The  average 
modulus  of  the  rock  mass  (secant  value)  is  of 
the  order  of0.5xl05  kg/cm2.  The  laboratory 
test:  on  rock  samples  have  given  a  modulus  of 
elasticity  of  3.6xl05kg/cm2  and  a  poisson's 
•vtio  of  0.17.  The  unconfined  compressive 
strength  of  the  rock  material  was  316  kg/cm2 
and  triaxial  shear  tests  on  rock  material  have 
shown  c  =  75  kg/cm2  and  (3  =  43.5°. 

Ground  Behaviour  on  Tunnelling 

The  tunnel  is  constructed  by  the  conventional 
drilling  and  blasting  technique.  Steel  supports 
of  150mm  x  150  mm  H  Section  have  been  provided 
at  a  spacing  of  0.3m,  0.5m  and  1.0m  aepending 
upon  the  judgement  of  the  engineer  at  the  site. 
Precast  concrete  laggings  have  been  provided 


in  between  and  the  remaining  space  has  been  I 

filled  back  with  lean  concrete.  The  system  j 

starred  showing  distress  in  course  of  time  1 

when  the  steel  supports  started  twisting  and  i 

buckling.  As  the  foundation  provided  for  the  j 

steel  girders  was  nominal,  not  much  resistance 
was  offered  to  the  converging  movement.  At  J 

some  places  a  horizontal  strut  was  welded  to  J 

increase  its  stiffness.  These  girders  got  . 

sheared  off  in  course  of  time.  | 

Closures  and  rock  loads  have  been  measured  at  a  | 

number  of  locations;  for  the  present  purpose,  ' 

we  would  consider  a  reach  in  metabasics  which 
is  located  between  chainages  1000-1200  from  a 

Heena  adit.  The  observed  closures  are  plotted  \ 

and  shown  in  Fig.  6.  It  is  seen  that  even  \ 

after  a  closure  of  about  380  mm,  the  system  has  ; 

still  not  stabilised.  A  rock  pressure  of  the  ] 

order  of  4  kg/cm2  has  been  recorded. 


Fig. 6  Maneri  Bhali  Project  -  Closure  j 

Observations  at  Chainage  1150  < 

i 

5 

Rock  Loads  &  Closures  j| 

i )  Terzaghi  1  s  theory ,  1 

rock  load  =  2.64  kg/cm2 

$ 

ii)  Rock  Mass  Rating  =  39,  rock  load=0.8kg/cnF  >■ 

iii)  Barton's  Rock  Mass  Quality_,Q  =  0.5,  ] 

rock  load  =  1.26  kg/cm2.  j 

iv)  Using  the  mathematical  model,  the  rock  'i 

load  corresponding  to  convergence  of  ) 

380  mm  =  7.9  kg/cm2.  < 


i 

i 
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v)  Actually  measured  rock  load  4.0  kg/cm2 
(with  convergence  continuing) 


CONCLUSIONS 

Comparison  of  data  regarding  performance  of 
three  tunnels  through  squeezing  grounds,  shows 
that  convergence-confinement  method  offers  a 
better  choice  in  the  estimation  of  radial 
closures  and  rock  loads.  With  appropriate 
modifications  the  existing  methods  of  evaluation 
of  ground  convergence  characteristics  can  be 
made  more  effective. 
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Effects  of  Geology  and  Geotechnical  Properties  of  Rocks 
for  the  Selection  of  Type  of  Dams 
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SYNOPSIS:  The  topography,  geology,  foundation  conditions  and  geotechnical  properties  of  the  rock 
units  play  a  dominent  role  in  the  selection  of  type  of  a  dam.  It  is  usually  difficult  to  determine 
initially,  what  particular  type  of  dam  is  technically  feasible  and  economically  viable,  for  a  parti¬ 
cular  dam  site.  In  selecting  the  most  suitable  type  of  dam,  a  thorough  consideration  is  given  to 
the  characteristic  of  each  type  of  dam.  Before  the  final  selection  of  the  type  of  dam,  detailed 
evaluation  is  made  of  location,  topography,  geology,  foundation  condition,  geological  structure, 
seismicity .depth  of  the  overburden  in  the  valley  section,  geotechnical  properties  of  various  rock 
units  etc.  The  paper  deals  only  with  the  geological  problems  and  geotechnical  properties  of  rock 
of  Khajuri  Kach  and  Mangi  Dam  in  Pakistan.  It  has  been  demonstrated,  as  to  how  far  the  geology 
and  geotechnical  features  of  rock  units  have  effected  the  selection  of  the  type  of  the  dam  for 
these  two  dam  sites. 


INTRODUCTION 

The  topography,  geology,  foundation  conditions 
and  geotechnical  properties  of  rock  play  a 
dominent  role  in  the  selection  of  type  of  a 
dam.  The  shape  and  geomorphologic  features  of 
the  gorge,  depth  of  the  bed  rock  in  river 
valley,  structural  geological  features  of  the 
area,  not  only  effect  the  type  of  the  dam , but 
also  determine  its  dimensions.  It  is  usually 
difficult  to  determine  initially  what  particu¬ 
lar  type  of  dam  is  technically  feasible  or 
most  economical  for  a  particular  dam  site. In 
selecting  the  most  suitable  type  of  dam,  a 
thorough  consideration  is  giver,  to  the  charac¬ 
teristic  of  each  type  of  dam.  Evaluation  is 
made  of  location,  topography,  geology,  founda¬ 
tion  conditions,  geological  structure,  depth 
of  overburden  in  the  valley  section,  seismici¬ 
ty  ,  availability  of  suitable  construction  mat¬ 
erial,  geotechnical  properties  of  the  rock 
units,  glaciation,  hydrological  regime  of  the 
catchment  and  constraints  by  environmental  con¬ 
sideration  etc.  In  the  selection  of  dam  site, 
some  time  the  accessibility  of  the  site,  spill¬ 
way  discharges,  limitation  of  outlet  works  and 
diversion  of  the  river  during  construction  etc. 
have  an  important  bearing  on  the  type  of  the 
dam.  The  final  selection  of  the  type  of  dam  is 
generally  made  after  careful  considerations  of 
the  above  factors  ,  which  differ  from  site  to 
site.  However,  the  economics  and  technical 
viability  of  the  project,  is  usually  the  prime 
factor  in  determining  and  selecting  the  type 
of  dam. 

The  geology  and  geotechnical  properties  of  var¬ 
ious  rock  units  of  Khajuri  Kach  and  Mangi  Dam 
sites  have  been  described  and  discussed  in  this 
paper  briefly, for  location  of  sites  refer  Fig. 
1.  It  shall  be  demonstrated  as  to  how  the 
different  geological  and  geotechnical  aspects 
have  effected  the  selection  of  type  of  dam  for 
these  two  dams. 


KHAJURI  KACH  DAM  SITE 

From  topographic  and  morphologic  point  of  view, 
the  proposed  Khajuri  Kach  dam  site-  on  river 
Gomal  is  one  of  the  finest  in  Pakistan  refer 
Fig.  2.  The  project  has  been  investigated  upto 
project  planning  stage.  Considerable  amount  of 
surface  and  sub-surface  investigations  have 
already  been  completed  which  has  given  quite 
good  insight  of  the  geotechnical  properties  of 
the  various  rock  units. 

INVESTIGATIONS 

Detailed  investigations  include  detailed  sur¬ 
face  geological  mapping,  together  with  sub-sur¬ 
face  explorations  including  drilling,  aditting 
and  pitting  etc.  refer  Fig.  3.  Moreover  the 
foundation  rock;  limestone  was  subjected  to  the 
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detailed  grout  test,  in-situ  modulus  of  elasti¬ 
city  tests  and  microseismic  tests. 


Fig.  2-A  General  view  of  the  main 
gorge  of  Khajuri  Kacb  dam  site. 


GEOLOGIC  FEATURES  OF  THE  DAM  SITE 


but  for  their  main  dislocation  at  their  inter¬ 
calations  with  the  'm'  fault.  These  formations 
at  the  dam  site  are  a  part  of  a  limb  of  a  major 
anticline,  the  apex  of  which  is  far  from  the 
area  under  study. 
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FIGS  SURFACE  GEOLOGY 


The  canyon  forming  the  dam  site  is  about  152  m 
deep,  with  steep  bank  slopes  on  the  left  side 
75°  1/4:  1  and  on  the  right  side  65°  J  :  1 
reducing  to  45°  1  :  1  at  the  top.  The  gorge 
near  the  dam  site  area  has  a  width  of  about 
30  m  at  the  bottom  increasing  to  about  213  m 
at  the  top.  The  dam  site  foundations  basica¬ 
lly  consist  of  thinly  bedded  Jurassic  limestone 
which  is  dark  grey  ,  hard,  and  more  or  less 
free  from  caverns  and  solution  channels  refer 
geologic  map  Fig.  3  and  cross  section  Fig.  4. 
The  miscroscopic  examination  indicates  that 
the  limestone  consists  predominantly  of  cal- 
cite  (about  95  to  98%'.  Other  minerals  con¬ 
sist  of  quartz,  graphite,  biotite,  pyrite  and 
gypsum  etc.  Traces  of  gypsum  occur  along  the 
joint  planes.  The  limestone  rock  unit  has  some 
intercalations  of  argillaceous  limestone,  marly 
limestone  and  shale.  The  limestone  is  mostly 
thin  bedded  with  lot  of  calcite  veins  refer 
Fig.  5. 

Outside  the  gorge,  towards  west,  black  sandy 
shales  are  exposed  ,  while  towards  east  ,  grey- 
yellow  or  reddish  shales  are  present.  The 
limestone  is  thin  bedded  and  strike  generally 
in  a  direction  perpendicular  to  the  valley 
line  and  dip  upstream  30°  to  80°.  Some  depo¬ 
sits  of  sands  and  gravels  are  also  met  within 
the  gorge  along  the  alignment,  but  these  are 
superficial  and  only  2.5  to  4  m  deep.  The  dam 
foundations  substantially  protected  from  see¬ 
page  by  impermeable  shale  interbeds  with  an 
average  ground  level  at  about  116  m.  These 
shale  intercalations  appear  to  be  continuous 


However,  the  rocks  at  the  dam  site  have  been 
subjected -to  considerable  tectonic  forces  and 
have  suffered  extensive  jointing  ard  fractur¬ 
ing  due  to  lateral  thrusts  and  overstresses. 
These  rocks  also  experienced  stress  release 
and  associated  jointing  etc.  The  tectonic 
forces  also  produced  near  the  dam  site,  few 
faults  of  small  throw  and  associated  shear 
surfaces  have  been  noted  and  evaluated.  The 
traceable  faults  have  Teen  mapped  and  plotted 
on  the  map  refer  Fig.  3.  Among  the  faults 
only  the  'm'  fault,  is  important.  The  fault 
generally  dips  towards  downstream  and  cuts  the 
dam  foundations  near  the  right  abutment  but 
this  is  comparatively  a  minor  fault.  Five 
sets  of  open  joints  were  produced  by  the  above 
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Fig.  5  Thinly  bedded  limestone  at 
Khajuri  Kach  dam  site. 


mapping  of  the  joints  in  the  galleries  has 
indicated  that  joints  and  fractures  are  mainly 
of  tectonic  origin,  and  that  only  a  small 
number  of  minor  joints  may  have  been  caused  by 
external  force.  On  the  basis  of  the  detailed 
mapping  of  these  joints  hesterogramms  has  been 
prepared  which  give  the  lineation  and-  orien¬ 
tation  of  these  joints  refer  Fig.  3.  6  and' 
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forces, one  along  the  bedding  planes,,  second 
at  right  angles  to  the  strike  line  i.e.  para¬ 
llel  to  the  valley  walls,  third  parallel  to 
the  fault  system,  and  two  other  sets  in  other 
directions.  These  joint  systems  have  loosened 
the  bed  rock  forming  the  dam  foundations  to  an 
unusual  extent.  The  8  to  25%  openings  of  the 
joints  with  a  width  of  2  to  3  mm  ’rarely1 
upto  5  mm’  form,  as  much  as,  6  to  9%  voids  in 
the  rock.  However  these  joints  and  fissures 
are  comparatively  open  but  generally  filled 
with  clayey  or  silty  material.  At  the  sur¬ 
face  the  joints,  fissures  and  cracks  are 
intensive,  regular  and  generally  open  but 
with  increasing  depth  these  are  found  to  be 
comparatively  tight.  The  joints  are  more 
intensive  on  the  right  bank  as  compared  to 
the  left  bank  and  the  central  portion  of  the 
gorge.  The  limestone  bedrock  blocks  surroun¬ 
ded  by  the  surfaces  of  joints  etc. , however  , 
have  not  suffered  any  damage  by  the  tectonic 
forces  and  are  found  to  possess  qurte  good 
engineering  properties.  Their  specific  gravity 
is  2.65  to  2.70,  '  water  absorption  is 

0.2  to  1.2%,  compressive  strength  is 

750  to  1500  kg /cm2  ,  and  their  modulus  of  elas¬ 
ticity  is  as  high  as  800  , COO  to  950,000  kg  /cm2  . 
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In  addition  to  the  bedding  joint  there  are 
four  well  developed  joint  systems,  having 
different  orientation.  As  a  result  of  these 
joints  the  rock  has  become  highly  fractured 
and  comparatively  weak. 


JOINT  SYSTEM 

The  foundation  rock  of  limestone  is  highly 
jointed.  The  detailed  mapping  of  these  joints 
have  been  carried  out,  particularly  in  the  ex¬ 
ploratory  adits.  Some  of  the  joints  are  quite 
open  and  wide,  while  others  are  tight  and 
filled  by  calcite  and  clay.  Joints  are  well 
exposed  in  the  galleries,  but  mostly  filled 
with  clay.  Crushed  anti  brec-ciated  zones  ar? 
present  in  the  galleries.  The  geolocical 


Although  the  geological  map  of  the  dam  site 
shows  several  faults  ,  their  throw  is  small 
or  negligible.  Some  of  them  are  important 
and  require  special  consideration,  however 
there  is  no  surface  evidence  of  these  faults 
being  active. 

Fault  ’m1  is  the  most  important  tectonic 
feature  at  the  dam  site  and  requires  special 
attention.  In  the  abutments  it  is  more 
pronounced.  It’s  extent  is  not  so  pronounced 
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in  the  valley  section.  In  the  area  not  cover¬ 
ed  in  the  Fig.  3,  the  throw  of  the  fault  is 
calculated  to  be  1 .5  m  to  3  m.  In  the  vicinity 
of  the  river,  the  limestone  on  both  abutments 
are  correlatable  where  suggest  that  the  river 
is  not  following  any  fault  zone.  The  river 
seem  to  have  cut  along  the  pronounced  joint 
pattern. 

The  fault  'm'  is  a  reverse  type  dipping  east 
65°  to  80°.  The  eastern  block  has  moved  up¬ 
wards  in  relation  to  western  block. 

FOUNDATION  CONDITION 

The  evaluation  of  the  exposed  rock,  drilling 
data  and  condition  of  the  rock  in  adits  indi¬ 
cate  that  the  limestone  is  thinly  bedded, 
highly  jointed  and  may  not  be  good  foundation 
for  rigid  type  of  dam  without  improving  it 
by  grouting.  The  final  selection  of  rigid 
type  of  dam,  depends  on  the  effectiveness  of 
consolidation  grouting.  The  water  pressure 
tests  reveal  that  permeability  of  the  bed 
rock  forming  the  dam  foundations  is  fairly 
high  specially  in  the  top  layers.  There  is 
non-homogenity  as  well  as  an  isotropy  in  the 
permeability  of  the  foundation  rock.  Permea¬ 
bility  of  the  bed  rock  .at  the  right  abutment 
is  considerably  higher  than  that  at  the  left 
abutment  and  at  the  central  gorge.  The  com¬ 
petent  limestone  bed  rock  forming  the  dam 
foundations  has  suffered  much  reduction  in 
strength  due  to  the  joint  systems,  fracture, 
shearing  and  minor  faulting.  Some  of  che  joints 
are  tight  and  filled  with  clays,  others  are 
quite  open,  however  the  limestone  is  devoid 
of  any  major  solution  cavities  as  revealed 
by  drilling  and  adits.  Using  modulus  of 
elasticity  ' E'  as  a  yardstick  for  comparing 
inherent  quality  and  strength  of  various 
foundation  materials  and  taking  into  account 
that  'E'  for  average  concrete  is  of  the  order 
of  150,000  kg /cm2 ,  the  following  figures  of 
' E '  for  the  bed  rock  forming  the  dam  founda¬ 
tions  may  be  considered.  As  against  the 
figures  of  800,000  to  d50  ,000  kg /cm2  for  •  E ' 
of  the  unfractured  blocks  of  foundation  lime¬ 
stone  the  modulus  of  deformation  'Ed'  of  the 
jointed  bed  rock  is  as  low  as  2000  to  10  ,000 
kg /cm2  in  regions  near  the  faults  is  slightly 
better  i.e.  20  ,000  to  25,000  kg /cm2  in  other 
regions  of  the  dam  foundations.  These  figures 
have  been  obtained  on  the  actual  field  tests 
performed  in  various  limestone  zones  of  the 
abutments.  In  the  conducted  load  tests 
practically  no  deformation  of  the  highly 
strong  bed  rock  blocks  take  place  and  there¬ 
fore  the  strains,  on  basis  of  which  'Ed'  of  the 
jointed  rock  is  calculated,  are  almost  entirely 
due  to  the  closing  and  tightening  of  the  open 
joints  system,  under  the  applied  load.  It  is, 
therefore,  very  aptly  said  that  the  measured 
'Ed'  of  the  jointed  and  fractured  bed  rock 
can  better  be  described  as  "Squeeze  ratio"  of 
the  joints  ,  fractures  and  other  weak  zones. 

There  is  non-homogenity,  as  well  as,  aniso¬ 
tropy  in  the  strength  of  the  bed  rock  forming 
the  dam  foundations.  The  'Ed'  of  the  bed 
rock  in  the  left  bank  is  higher  than  at  the 
right  bank,  and  the  'Ed'  of  the  rock  under 
the  control  gorge  is  substantially  greater 
than  that  for  the  rock  at  the  flanks.  The 


bed  of  the  foundation  rock  dip  upstream  at 
angles  upto  80°  and  therefore  the  major  compo¬ 
nent  of  the  stresses  applied  in  the  tests  acts 
on  the  side  of  the  beds  where  the  strength  of 
the  rock  will  be  at  its  maximum.  The  strength 
of  the  foundation  rock  under  maximum  stresses 
caused  during  the  operation  of  the  dam  will 
therefore  be  some-what  better  than  that  shown 
by  the  load  and  this  is  a  favourable  situation. 

The  only  way  to  reduce  higher  permeability 
and  seepage  through  the  open  joints  and  fract¬ 
ures  and  to  improve  the  strength  of  bed  rock 
to  the  desired  level  is  by  grouting.  Consoli¬ 
dation  grouting  is  a  universally  accepted 
measure  to  seal  off  the  open  joints  and  frac¬ 
tures  and  improve  weak  zones  of  the  foundation 
rock.  But  to  use  the  consolidation  grouting 
to  improve  whole  scale  the  bed  rock  strength 
will  be  very  expensive  preposition.  The  foun¬ 
dation  rock  is  highly  fractured  and  jointed 
limestone,  and  the  joints  are  filled  with 
clayey  or  silty  material.  It  may  be  very  diffi¬ 
cult  to  clean  the  joints  and  fracture  completely 
from  the  clay  material,  before  consolidation 
grouting,  as  such  the  proper  effectiveness  of 
the  grouting  for  improvement  of  permeability 
and  consolidation  has  been  doubted.  It  has  been 
observed  by  some  experts  that  with  modern  tech¬ 
niques,  it  may  be  possible  to  clean  up  the 
filled  joints  with  clay  and  proper  and  effec¬ 
tive  grouting  would  be  possible,  however,  other 
experts  feel  that  in  the  clay  filled  joints 
proper  consolidation  grouting  may  not  be  fully 
effective. 

INFLUENCE  OF  GEOLOGY  ON  TYPE  OF  DAM 

Khajuri  Kach  dam  site  is  a  classical  example 
where  geology  and  geotechnical  properties 
of  the  rock  units  have  influenced  extensively 
on  the  selection  of  type  of  dam.  The  topo¬ 
graphic  and  morphologic  feature  of  the  area 
at  the  first  sight  indicate  that  the  site 
is  ideally  suited  for  any  type  of  dam  includ¬ 
ing  an  arch  type.  However,  after  the  initial 
investigations,  it  was  inferred  that  the 
jointec  and  fractured  limestone  foundation 
rock,  would  not  be  competent  enough  for  an 
arch  type  of  dam.  Afterwards  extensive 
investigation  including  the  grout  tests  were 
conducted  to  see  if  the  site  would  be  suitable 
for  concrete  gravity  dam  or  not  ?  Even  the 
international  experts  defered  as  to  whcih  type 
of  dam  is  suited  at  this  location.  The  main 
differences  of  opinion  is  about  the  success¬ 
ful  groutibility  of  the  jointed  and  fractured 
limestone  foundation  rock.  It  is  apprehended 
that  it  might  not  be  possible  to  grout  the 
thin  bedded  jointed  limestone,  when  the 
joints  are  filled  by  clayey  material.  How¬ 
ever,  some  expert  feel  that  specialised  grout¬ 
ing  conducted  under  supervision  of  grout 
experts  will  turn  the  bed  rock  at  site  into 
a  competent  foundation  for  a  concrete 
gravity  dam  or  even  for  the  arch  type.  Here 
the  main  purpose  of  the  grouting  will  be  to 
achieve  uniformity  rather  than  inciease  the 
strength  of  abutments  and  foundations.  How¬ 
ever,  other  experts  feol  that  it  is  difficult 
to  grout  the  clay  filled  joints  and  the  founda¬ 
tion  cannot  be  improved  uniformaly  throughout 
the  whole  foundation  area  ,  as  such  a  concrete 
gravity  dam  may  not  be  feasible  and  for  this 


reason  they  proposed  a  rock  fill  dam.  Due  to 
topographic  features  ,  spillway  for  a  fill  type 
of  dam,  at  this  location  would  be  very  expen¬ 
sive.  The  controversy  is  still  going  on.  More 
comprehensive  investigations,  grouting  tests 
and  insitue  rock  mechanic  tests  may  finally 
settle  the  issue. 

MANGI  DAM  PROJECT 

The  Mangi  Dam  site,  is  located  about  100  km 
north  east  of  Quetta  on  the  Khost  river.  This 
proposed  dam  site  has  been  investigated  in 
detail  for  the  drinking  water  supply  of  the 
major  town  of  Quetta  by  lifting  the  water  for 
more -than  122  m  in  3  stages. 

In  confirmity  with  the  modern  engineering 
practice  in  the  dam  construction,  appropriate 
attention  was  given  to  the  appreciation  and 
understanding  of  the  geology  of  Mangi  dam 
project.  For  the  effective  understanding  of 
the  geological  aspects  and  influence  thereof 
on  the  engineering  requirement  assumption, 
investigation  plans  were  formulated  and  exe¬ 
cuted.  For  the  accomplishment  of  the  investi¬ 
gation  objectives,  standard  techniques  and 
tools  were  deployed  which  includes  surface 
geological  mapping  on  regional  and  local 
basis  and  sub-surface  exploration-drilling 
of  31  boreholes  to  a  total  1372  m  and  excava¬ 
tion  of  pits,  to  a  total  length  of  76  m  digg¬ 
ing  out  trenches  and  adits  ,  geophysical  stud¬ 
ies  were  also  undertaken,  for  resolving  one 
of  the  complex  seepage  and  groundwater  prob¬ 
lems,  recently  developed  techniques  such  as 
radio  isotope  studies  were  also  carried  out 
and  experimented.  The  radio  isotope  studies 
were  conducted  mostly  to  evaluate  the  ground- 
water  conditions,  particularly  its  directional 
movement  and  its  possible  effect. 

REGIONAL  GEOLOGY 

The  predominant  rock  units  exposed  in  the  imme¬ 
diate  project  area  are  limestone  and  shales. 
Sandstone  and  shale  are  exposed  mostly  towards 
west  which  extend  beyond  the  limits  of  regional 
map. 

The  most  striking  aspects  of  the  structure 
are  the  alternating,  well  developed  anticlines 
and  synclines  ,  which  are  oriented  in  east- 
west  direction.  Limbs  of  both  of  the  anti¬ 
clines  are  formed  by  Brewery  limestone,  while 
the  synclinal  basin  is  comprised  of  Ghazij 
shale.  The  southern  anticline y  on  which  the 
dam  site  is  located  plunges  towards  the  west 
refer  Fig.  8. 

There  are  a  number  of  major  and  minor  faults 
many  of  regional  distributions,  which  can  be 
traced  for  long  distances.  At  places  major 
faults  have  clearly  shifted  the  axes  of  the 
anticlines.  Several  regional  faults  are 
traceable  on  both  anticlines  and,  therefore 
probably  cross  the  synclinal  basin  also. 

The  limestone  is  jointed,  fractured  and 
sheared  to  varying  degree.  Apparently  the 
regional  structure  has  influenced  the  north- 
south  orientation  of  many  narrow  gorges  which 
appear  to  have  been  developed  along  prominent 
north-south  joint  pattern. 
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Many  perennial  springs  have  been  observed  in 
the  Brewery  limestone  of  the  northern  anticline. 
They  are  particularly  prominent  in  the  Khum 
Tangi  refer  Fig.  8. 

A  number  of  perennial  springs  also  exist  in 
the  Brewery  limestone  of  the  southern  anticline 
downstream  of  the  dam  axis  refer  Fig.  9.  The 
evaluation  of  regional  geology  and  the  investi¬ 
gations  to  date,  suggest  that  these  springs 
are  being  generally  fed  from  regional  ground 
water  which  follows  the  regional  geological 
structures. 

The  regional  ground  water  movements  in  the 
area  are  extremely  complex.  The  stream  flow 
entering  the  Khum  nala  in  the  upstream  anti¬ 
cline,  supplemented  by  spring  flows  from 
within  the  gorge,  often  disappears  entirely 
into  the  alluvium  in  the  gorge.  This  pheno¬ 
menon  occurs  as  the  water  passes  the  downstream 
dipping  limb  of  the  anticline.  All  the  evi¬ 
dences  available  indicate  that  at  least  some 
of  this  water  seeps  into  the  Brewery  and 
Chiltan  limestones  and  possibly  passes  beneath 
the  reservoir  under  the  syncline.  A  portion  of 
it  emerges  in  the  form  of  spring  downstream  of 
the  dam  site.  This  may  indicate  the  possibi¬ 
lity  of  a  sizeable  groundwater  potential 
existing  within  the  Mangi  basin.  A  programme 
using  radio  isotopes  as  tracer  element  was 
utilized  to  determine  the  direction  of  the 
movement  of  groundwater.  Radio  isotope  injec¬ 
tion  in  bore  holes  indicated  that  the  ground 
water  at  the  abutment  is  connected  with  the 
springs  at  the  abutments. 
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Fig.  9  showing  location  of  spring  in  the 
Brewery  limestone. 

DAM  SITE  GEOLOGY 

The  dam  site  is  located  on  the  northern  limb 
of  the  downstream  anticline  on  the  Khost  river. 
For  a  masonry  dam, the  axis  would  be  located 
about  122  m  downstream  of  the  confluence  of 
three  tributaries  refer  Fig.  10.  At  this 
axis  the  width  of  the  gorge  at  river  level 
is  only  about  25  m  with  vertical  side  walls 
and  many  over  hangs.  For  a  fill  type  of  dam, 
the  axis  would  be  shifted  further  upstream 
on  to  the  dip  slopes  of  the  anticline. 


Fig.  30  General  view  of  the  gorge  of 
Mangi  dam  site. 


The  rock  exposed  at  both  the  masonry  or  fill 
dam  sites  is  Brewery  limestone.  It  is  hard, 
massive  to  thin  bedded,  with  shale  inter¬ 
calation  at  lower  elevations.  At  the  axis  of 
the  masonry  dam  the  limestone  can  be  divided 
into  two  units;  upper  massive  limestone  and 
lower  highly  jointed  limestone,  with  thin 
intercalations  of  shale.  At  the  axis  for 
the  fill  dam,  only  the  massive  limestone  is 
exposed  on  a  dip  slope  refer  Fig.  11. 
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The  bore  hole  Nos.  MRS-13,  18  &  21  including 
twenty  four  pits  near  the  upstream  toe  of 
the  limestone  slope  have  revealed  that  shale 
is  exposed  at  a  shallow  depth,  which  varies 
from  0.9  to  4.5  m.  The  shale  is  generally 
soft  and  splintery  at  surface  but  hard  at 
greater  depths  and  obviously  impermeable. 


The  geologic  structure  at  the  dam  site  is  not 
complicated.  The  limestone  dip  uniformally 


llel  to  the  axis  of  the  dam.  There  appears  to 
be  no  offset  between  the  abutments ,  which 
suggests  that  there  is  no  apparent  fault  in  the 
valley  section  of  the  gorge.  However,  a  gravity 
type  fault  crosses  the  two  abutments  in  a 
nearly  east-west  direction  about  41  m  upstream 
of  the  masonry  dam  axis.  A  fault  with  appar¬ 
ently  a  small  displacement  can  also  be  traced 
across  the  left  abutment  near  the  railway  tunn¬ 
el,  There  are  a  number  of  additional  faults 
further  downstream  of  the  axis  along  which 
some  of  the  downstream  springs  emerge. 

The  limestone  is  highly  jointed  with  the 
most  prominent  joints  striking  ’a1  N  85  W  and 
dipping  60°  to  70°  south  west  and  ‘b1  N  50  W 
with  a  dip  of  75°  -  85°  towards  south  west. 
These  joints  are  generally  spaced  about  0.6 
to  1.2  m  apart.  Two  less  prominent  sets  have 
the  following  strikes  and  dips. 

1.  N  4C  W ,  45  °SW 

2.  N  45  E,  77  °SE 


276 


All  sets  of  joints  are  exposed  on  the  abut¬ 
ment  slopes  and  have  been  shown  on  figure  7. 
The  prominent  joint  sets  near  the  dam  axis  are 
quite  open  and  will  play  an  important  role 
in  the  stability  of  the  slopes  and  seepage 
loss  through  the  abutment. 

The  valley  in  the  gorge  is  filled  by  alluvium, 
composed  of  silt ,  sand  ,  gravel  and  big  boul¬ 
ders.  The  narrowness  of  the  gorge  and  the 
steepness  of  the  stream  gradient,  gives  the 
impression  that  the  gorge  may  have  been  formed 
along  a  fault  plane,  but  the  detailed  study 
of  the  stratigraphy  and  correlatable  beds  on 
the  two  abutments  does  not  support  this  theory 
and  suggest  that  the  gorge  has  proiably 
developed  along  a  major  joint  pattern  refer 
figure  12  and  13.  Nine  boreholes  drilled  in 
the  valley  section  of  the  gorge  'three  on 
the  masonry  dam  axis'  indicate  the  bed  rock 
to  be  within  7.6  m  of  the  surface  and  thus 
eliminate  the  possibility  of  the  existance  of 
buried  channel  within  the  valley. 

FOUNDATION  EVALUATION  AND  GEOTECHNICAL 
PROPERTIES 

The  information  obtained  from  sub-surface 
exploration  indicates  that  the  condition  of 
the  limestone  improve  with  depth.  However, 
the  rock  at  depth  is  moderately  to  highly 
jointed.  Some  of  the  joints  are  quite  open. 
This  condition  contributes  to  the  appreciable 
water  loss  during  pressure  testing  and  shows 
that  the  limestone  is  quite  permeable.  The 
maximum  water  loss  recorded  on  the  right 
abutment  is  53.68  litres  Anet re  Ani nut e  at 
689  kilo  pascals.  On  the  left  abutment  the 
maximum  water  loss  is  52.19  litres  Anetre  / 
minute  at  689  kilo  pascals.  The  water  losses 
vary  from  palce  to  place,  depending  upon  the 
intensity  and  openness  of  the  joints.  The 
valley  section  bore  hole  data  indicates  com¬ 
paratively  less  water  loss.  This  may  be  due 
to  the  presence  of  thin  shale  layer  in  the 
limestone. 
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In-situ  or  laboratory  tests  have  not  yet  been 
performed  to  determine  the  bearing  capacity 
of  the  limestone.  However  the  good  core 
recovery  and  freshness  of  the  core  suggests 
that  the  limestone  would  be  quite  competent 
to  support  either  a  masonry,  or  a  concrete 
gravity  structure  or  a  fill  type  of  structure 
of  the  proposed  height.  Elaborate  bearing 
pressure  tests  are,  therefore,  not  essentially 
required.  Due  to  topography  as  well  as  highly 
jointed  nature  of  the  rock,  an  arch  dam  is  not 
feasible;  enough  rock  mass  is  not  available 
behind  the  left  abutment  to  withstand  the 
thrust  from  the  arch  section. 

The  dam  site  and  reservoir  area  is  punctuated 
by  number  of  minor  and  major  faults.  There 
is  no  evidence  that  these  faults  are  active. 
However,  since  this  area  lies  in  active  seis¬ 
mic  zone,  the  effect  of  the  severe  earthquake 
would  probably  be  concentrated  along  these 
comparatively  weak  planes.  It  is  ,  therefore, 
necessary  that  while  designing  the  dam  and 
appurtenant  structures,  due  consideration 
factor  should  be  given  for  adequate  seismic 
factor. 

SEEPAGE  LOSS 

This  being  a  predominantly  limestone  area, 
water  loss  through  seepage  merits  very  careful 
consideration.  Appreciable  water  loss  in  the 
borehole  during  pressure  tests  ,  highly  jointed 
nature  of  the  limestone  and  existance  of  numer¬ 
ous  springs  in  both  the  anticlines  strongly 
underline  the  highly  permeable  nature  of  the 
limestones. 

Ground  water  elevation  in  the  bore  holes  on 
the  abutments  and  in  the  valley  has  been  regu¬ 
larly  observed.  The  record  indicates  that  the 
ground  elevation  ranges  between  1564  and  1567 
m.  The  ground  water  elevation  is  influenced  by 
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the  climatic  conditions  in  the  region  and  the 
ground  water  table  slopes  from  upstream  of  the 
dam  axis.  Even  during  the  fluctuations  the 
ground  water  table  has  maintained  the  down¬ 
ward  slope.  The  groundwater  which  lies  within 
the  limestone  is  recharged  from  the  regional 
groundwater  and  is  not  directly  connected  with 
the  stream  flow  in  the  Mangi  Basin  overlain 
with  thick  shale  mass. 

After  the  dam  is  built ,  a  large  column  of  water 
would  be  standing  against  the  highly  permea¬ 
ble  limestone  of  the  anticline.  This  could 
contribute  significant  amount  of  water  to 
the  water  table  below,  which  may  increase  the 
flow  of  existing  springs  and  or  create  new 
ones  downstream  of  the  dam.  If  such  a  condi¬ 
tion  occurs  a  substantial  quantity  of  water 
may  be  lost.  The  dam  site  anticline  plunges 
towards  the  west  and  may  direct  the  seepage 
flow  in  that  direction  away  from  the  reservoir. 
This  water  may  be  irrecoverably  lost. 

The  most  potential  seepage  area  is  on  the  left 
abutment.  The  distance  between  the  full  reser¬ 
voir  level  and  the  scarp  face  downstream  is 
only  about  41  m.  This  distance  is  inadequate. 
Seepage  water  ,  .almost’  under  "full  reservoir 
head,  would  exert  pressure,  and  could,  besides 
seepage  loss,  create  serious  stability  prob¬ 
lem,  for  highly  jointed  limestone  ledge.  The 
critical  area  extends  to  a  distance  of  about 
183  m  from  the  left  gorge  wall.  Special  drain¬ 
age  and  protective  measures  shall  have  to  be 
taken  in  this  area. 

The  expected  excessive  seepage  through  the 
limestone  abutments,  the  valley  section  and 
the  limestone  periphery  will  require  extensive 
protective  measures.  The  seepage  can  be  re¬ 
duced  to  acceptable  levels,  by  a  well  planned 
grouting  programme  or  blanketing  of  the  slopes 
with  impervious  materials. 

The  total  length  of  the  limestone,  which  will 
be  in  contact  with  reservoir  water  will  be 
about  2591  m.  In  case,  a  masonry  dam  is 
constructed,  grouting  of  the  whole  limestone 
periphery  would  be  prohibitively  costly.  How¬ 
ever,  it  may  be  possible,  to  grout  the  founda¬ 
tions  of  the  structure  only  to  the  extent  of 
61  to  91  m,  on  the  right  abutment  and  about 
183  m  on  theleft.  The  remainder  of  the 
limestone  periphery  could  be  blanketted  with 
impervious  material.  It  may,  however,  be 
essential  to  excavate  drainage  galleries  at 
several  elevations  in  both  the  abutments. 

In  case  of  fill  dam  it  is  possible  to  remedy 
the  seepage  problem,  by  blanketing  the  entire 
limestone  abutments  and  periphery  by  imper¬ 
vious  material.  The  impervious  core  of  the 
dam  could  be  tied  into  the  reservoir  shale  , 
which  is  at  shallow  depth  and  covers  the 
entire  reservoir  floor.  This  will  provide 
more  or  less  a  continuous  impervious  cut-off 
and  will  minimize  the  see’'-»ge  problem.  The  ex¬ 
tensive  costly  grouting  w  ,uld  be  consider¬ 
ably  reduced  or  possibly  entirely  eliminated. 
Drainage  galleries  at  proper  elevations  will 
probably  be  required  for  a  fill  dam  also. 


INFLUENCE  OF  GEOLOGY  AND  GEOTECHNICAL  PROPER¬ 
TIES  OF  ROCK  FOP  THE  SELECTION  OF  TYPE  OF  DAM. 

Narrowness  of  the  gorge  obviously  competent 
looking  exposed  rock  suggests  an  arch  type  of 
dam.  However,  the  detailed  investigation 
revealed  the  highly  jointed  nature  of  the 
limestone  foundation  rock,  coupled  with  the 
fact  that  due  to  the  falling  away  of  a  part 
of  the  left  abutment  downstream  of  the  dam 
axis  ,  enough  rock  mass  is  not  available  to 
withstand  the  thrust  for  the  arch  section 
makes  such  a  dam  unfeasible. 

Alternatively  the  topography  and  the  founda¬ 
tion  conditions  evidently  suggest  a  masonry 
or  concrete  gravity  structure  and  that  is 
what  it  was  initially  proposed.  However, 
investigation  revealed  acute  seepage  problem 
both  due  to  the  regional  and  local  geological 
aspects.  Mangi  Dam  site  is  one  of  the  rare 
project ,  where  regional  geological  aspect  has 
contributed  substantially  in  the  seepage  prob¬ 
lem  at  and  near  the  dam  site.  The  regional 
and  local  excessive  seepage  and  danger  of  more 
excessive  seepage  after  the  construction  of 
the  dam  has  effected  considerably  on  the 
selection  of  the  type  of  dam.  The  remedial 
measures  against  excessive  seepage  concrete 
or  masonry  dam  a  very  costly  prepositon. 

For  this  project,  which  faces  acute  water 
deficiency,  seepage  control  is  the  most  impor¬ 
tant  aspect.  In  case  of  rigid  structure  both 
extensive  and  costly  grouting  and  blanketing 
all  along  the  limestone  ridge  would  r.ot  only 
be  extremely  costly,  but  the  tie  in  of  the 
blanket  ,  will  be  artificial  unless  and  untill 
it  is  tied  with  due  comparatively  impervious 
shale  of  the  reservoir  basin,.  In  case  of  fill 
dam,  the  impervious  shale  covering  the  reser¬ 
voir  thus  providing  a  better  seepage  control. 
Since  enough  rock  is  available  at  and  near 
the  dam  site,  rock  fill  section  will  be 
comparatively  cheaper  and  earthfil  structure. 

A  rockfill  dam  would  ,  however,  require  a 
separate  and  bigger  spillway  whereas  a  masonry 
dam  itself  would  function  as  such.  Addition 
of  a  spillway  would,  therefore,  add  to  the 
cost  of  the  fill  structure.  The  peripheral 
blanketing  would  be  common  to  the  both.  For 
fill  structure  most  of  the  excavated  material 
from  the  spillway,  the  diversion  and  the  site 
preparation  could  be  used  in  the  body  of  the 
dam. 

In  ultimate  analysis  ,  it  would  be  the  economics 
which  would  decide  the  issue.  From  the  geo¬ 
logical  and  seismic  point  of  view  and  in  the 
light  of  the  information  now  available,  a  fill 
type  of  structure  is  preferable. 
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SYNOPSIS:  During  the  construction  of  high  way  along  Albaha-Descent  (Saudi  Arabia)  through  schistose 
rocks,  unexpected  engineering  problems  arose  due  to  geo-mechanical  defects  of  the  rocks.  The  origin¬ 
al  design  of  the  highway  had  to  be  altered  at  many  places  after  re-examination  of  the  properties  of 
the  rocks,  for  the  safety  of  the  road. 

Following  stability  anlysis  various  slope  protection  measures  including  rock  anchorage 
dywidage  bars  and  rock  nails  with  expansion  heads,  were  taken.  The  results  were  very  promt ising  and 
indicated  that  it  was  possible  to  construct  roadways  in  very  weak  rocks  within  practocal  limits  \  of 
safety  and  stability. 


INTRODUCTION 

Road  work  m  weak  schistose  rocks  present  diffi¬ 
cult  stability  probelsm  particularly  in  high 
cuts.  Not  un-expectedly  many  road  cuts  fail  due 
to  defective  primarydesign .  The  protection  works 
check  temporarily  the  full  operational  capabili¬ 
ty  of  tne  rock  mass,  but  it  remain  susceptable 
and  threatening. 

It  is  also  costly  to  deal  with  weak  rock  slopes. 
At  many  cut  slope  sections  the  comparative  study 
was  made  between  slope  reinforcement  and  flatten¬ 
ing  of  the  slopes  in  many  such  cases  the  justi¬ 
fication  was  for  the  slope  protection  measures 
in  terms  of  economy,  time  space  and  for  techni¬ 
cal,  environmental  aswell  as  archeological 
reasons.  The  case  history  mentioned  below  aim 
at  iwgh  lightening  the  problems  encoutered  in 
weak  rocks  which  necessiate  design  modiiication 
and  measures  resorted  to, to  ensure  road  stabili¬ 
ty  and  safety. 

GEOLOGY  OF  THE  AREA 

The  area  of  AJbaha  road  descent  project  Saudi 
Arabia  lies  at  an  elevation  of  about  2300  meters 
above  sea  level;  on  the  western  margin  of  red 
sea  trough  wherethe  rocks  are  mainly  pre-Cambiian 
to  pre-Permain  metamorphics  dissected  by  compli¬ 
cated  faults  system  and  intruded  by  basic  rocks 
(As  per  Technical  report  of  the  project  by  Ital 
Consult  Rome  1980.) 

Geomorphologically  the  form  and  trend  of  the 
surface  is  quite  rugged  terrain, consisting 
of  ridges  of  stiff  green  schist  rocks  and 
wadis  that  are  natural  drainage  channels. 

The  depressions  and  wadis  generally  contain 
alluvial  deposits  of  cobbles .gravel  sand  silt 
with  some  clay  having  thickness  of  2-10  meters 

Natural  agents  of  weathering  and  erosion  have 
been  acting  for  long  time  giving  rise  to  rather 
stable  slopes  of  mountains,  talus  deposits, 
soils  and  alluvial  deposits. 

Lithologically  the  most  commonly  appearing  rocks 
are  green-schists,  green  stones,  slates  argilla¬ 


ceous  schists  (containing  phyllites  and  chlorite 
schists)  intrudded  by  basic  igenous  rocks. 

Structurally  the  strike  of  these  formations  is 
generally  NNW-SSE,  and  dip  varying  (40°  to70°) 
at  various  degrees  to  NW  and  SE  direction.  These 
schistose  rocks  are  slightly  to  highly  fractured 
The  geological  observations  of  strike  and  dip 
directions  on  sitesuggest  that  main  tectonic  for 
ce  was  at  right  angle  to  N-S  clearly  the  red  sea 
trend  from  West. 

DESIGN  CRITERIA: 

The  soil  geological  investigation  was  carried 
out  by  M/s.  Ital  Consult  Rome,  Italy .initially 
based  on  Photogeological  interpretation  due  to 
rugged  terrain.  The  metamorphosed  rocks  were 
schematized  ^nto  various  groups.  The  mechanical 
and  Physical  characteristics  assigned,  were 
deduced  by  direct  inspection  of  the  material 
from  technical  literature  and  the  results  of 
laboratory  tests  on  samples  from  these  area. 

A  minimum  safety  factor  of  1.5  was  adopt-"’  to 
allow  for  variability. 

The  geotechnical  parameters  established  by  the 
designers  were  based  on  the  degree  of  fracturing 
state  of  decompression  of  the  rock  and  dip  of 
schistosity  planes  as  these  mainly*,  govern  the 
shearing  strength  along  the  surface  of  discontin 
unity.  Accordingly,  following  internal  friction 
and  cohesion  values  were  given 

Unit  weight  Angle  j  C  Rock  type 


2.6 

30°-35° 

12-15 

t/m? 

A 

2.3 

30°-35° 

7-10 

t/m“ 

B,H,N. 

2.1 

25°-30° 

5-  7 

t/m  t 

E 

2.2 

35°-40° 

3-  5 

t/mf 

7 

2.1 

35°-50° 

1-  3 

t/nr 

D 

Where  angle  j i  =  Angle  of  internal  fraction 
C  =  Cohesion  along  the  failure 
plane 


HISTORY  OF  THE  CLT  CPFRATIC:.' 


Toe  excavation  of  the  area  was  started  as  per 
designed  cross  section  .  The  rocks  exposed  were 
highly  fractured  and  badly  weathered  green  schi¬ 
sts  upto  the  berm.  Cn  the  either  sides  of  the 
tunnel  two  snail  valleys  existed.  After  a  week 
as  a  result  of  rain  the  rock  material  fell  down 
and  tension  cracks  developed  at  the  top  of  the 
cat.  Therefore  the  rocks  characters  were  stud¬ 
ied  again.  The  (S)  samples  of  the  rocks  with 
a  portable  shear  machine  were  tested,  the  shear¬ 
ing  strength  of  potential  failure  surface  show¬ 
ed  the,average  cohesion  in  failure  plane  of  3 
toas/cT  instead  of  7  toas/cT  as  per  design. 

The  specific  (unit)  weight  of  the  particular 
rocks  were  taken  again;  the  average  o£  13  samp¬ 
les  gavae  2.1  t/cr  instead  of  2.3  t /nr  which 
was  corrected  for  stability  calculations. 

Site  investigations  of  the  rock  defects  reveal¬ 
ed  that  weathering  had  effected  the  rocks  to  a 
cepih  of  Sm  to  15a  .  The  fractures  were  found 
in  3  sets,  the  dominant  one  was  parallel  to  the 
strike  of  the  plane  of  schistosity.  Other  one 
is  perpendicular  to  this  set  and  the  third  set 
is  in  a  plane  perpendicular  to  both.  The  Emin 
fractures  are  spaced  5-20  ens  apart  and  other 
two  sets  are  spaced  19-30cas  apart.  In  most  of 
the  area  the  fractures  are  filled  with  clayey 
material . 

Once  this  slope  above  the  crown  of  the  tunnel 
was  protected  with  rock  anchorages  (as  discuss¬ 
ed  later)  and  gunite  with  mesh,  the  actual  tunn¬ 
el  portal  excavation  started.  The  progress  of 
the  portal  cutting  was  also  hampered  by  had 
geomechanical  rock  conditions,  those  changed 
from  poor  to  worst,  where  the  rock  mass  was 
completely  decomposed.  Consequently  extra  safet¬ 
y-measures  were  used,  by  rock  boltingand  concre¬ 
ted  portal  that  was  reinforced  by  rock  nails 
with  expansion  bead.  These  rocks  nails  were 
Ometer  long  and  given  10  ton  tension  to  increa¬ 
se  the  friction  within  the  rock  mass  and  help 
the  stability  cf  the  portal  (see  the  frontal 
view  of  the  cut)  Fig. 2. 

The  dywidag  rock  ancharages  were  retested 
after  one  month  for  the  detensioning  if  any, 
and  found  within  limits  of  elongation.  As 
such  the  global  stability  of  slope  was  achieved 
by  rock  strengthening. 


DESIGN  HYPOTHESIS  FOR  SLOPE  STABILITY. 

(See  design  model  Fig.  1  ) 

It  is  assumed  that  there  is  no  water  inside 
the  tension  crack  or  along  the  failure  plane. 
The  calculation  ignores  all  resistance  along 
the  surface  of  the  tension  crack.  The  calcula¬ 
tions  are  carried  out  for  lm  wide  mass  of  rock. 
The  total  height  of  the  cut  was  30  meters.  A 
berm  of  2  meters  was  given  at  12  meters, (4  » 
above  the  tunnel  crown.  Again,  a  cut  slope  of 
18m,  h'  above  the  berm  wgs  given,  with  fb  the 
angle  being  less  than  45°. 


DESIGN  MODEL  FDR  ROCK- ANCHORAGE 


mjIUBRIUM  CALCULATION  FOR  ROCK  MASS 
I  a-bcOjMechanical  parameters  for  the 
RQCK_ 


g  =  Unit  Weight  {jfrrAJ 

P,  s  Angle  of  eternal  friction  £03 

C>  is.  Cohesion  Qfm’J 

A-B  =  Mist  dangerous  sliding  pi  cne  (  T?) 

=  Most  dangerous  vertied  era*  (  Q  ) 

Fslab  =  T  ♦  c 
Fslid  -  Wr 

f  _ 

Fslid  -  9  (factor  of  safety  against  slide) 


r. 


STABILITY  ANALYSIS 
Mechanical  Datas. 

Specific  weight  Tf= 
Angle  of  internal  friction  6  = 
Cohesion  along  the  failure  plane  = 


2.1  t/m3 
30°  9 

3  t/nr 


FIG.  1 

DESIGN  MODEL  FOR  ROCK  ANCHORAGE. 
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=  18a 
=  76° 


Geoaetnc  Dnas. 

Height  of  cut  h*  =  18a 

Grade  of  cut  slope(4V:  1  H)  *?F  =  76° 

Grade  of  aost  dangerous 
sliding  plane  Y**  =  53° 

pP  =  1/2  (  ?  F  *  0  ) 

Distance  of  oaosi  dangerous 

sliding  plane  B  =  7.Sa 

#=  H  A  'MF*i/wr 

o 

Area  of  sliding  plane.  A  =  13  a' 

Equilibrium  calculation  of  rocks 

Weigh?  of  sliding  =ass  If  =  125.9  ton 


Weigh?  of  sliding  =ass  If  =  125.9  ton 

Sliding  force  (If.  Sinl^P  >  Fs=  99.7  ton 

Friction  Force  Of.  cosfP  )  rf=  43.2  ton 

Cohesion  force  (CXA)  F  =  39.0  ton 

c 


Factor  of  safety.  F  = 


=  0.82 


Note:-  This  factor  of  safety  is  less  than  the 
required.  Therefore  the  cut-slope  should  be 
supported  with  Bock-anchorages.  As  a  better 
rock  us  assuaedoenind  the  fracture  zone. 


If  la  indicate  the  length  of  the  active  part  of 
the  anchorage  and  D  the  diameter  of  hole  rrith 
•C’  the  cohesion  of  the  rock,  and  'a*  the 
friction  co-efficient,  then  the  resisting  force 
per  unit  of  active  length  is 

Tr  =  a  x  C  x  T  x  D 


For  0  32  Dia,  To  =  45  ton  anchorage 

Assuming  C  =  35  ton  per  meteric  square 
a  =  0.8  and  D  -  0.15  m  then  active  length 
would  be 


axe  x  IT  x  D 


Having  fixed  the  spacing  of  anchcfl(s...  on  the 
basis  of  consideration  concerning  the  degree 
of  fracturing  of  the  rock,  the  number  of 
anchorages  n  and  the  active  length  of  La, 
it  will  be  established  to  ensure  the  following 
condition. 


=  2  x  To 


Seed  for  Anchorages 

It  is  considered  that  there  is  a  resultant  for¬ 
ce  T  which  acts  on  the  surface  of  the  slope, 
and  is  attributable  to  the  presence  of  one 
or  more  anchore.  Under  these  circumstances  when 
the  failure  plane  passes  through  the  foot  of  the 
slope,  the  factor  of  safety  expression  can  be 
given  as  follows. 

CXA  *  (*  Cos<f  P  +T  cos©)  tan  0 

SF-  - j- - =  1.5 

*  sin?  P  -  T  Sin© 

where  &  =  If  P  +  10° 

The  resultant  force  ’T'  perlinear  meter  of 
the  slope  length  will  be: 

W(1.5(jf>P  -  Cos  UP  tan  0  )  -  CA 

T  =  - - - 

Cos©  tan  0  +  1.5  Sin© 

125  (1.5  x  .798  -  .601  x  .577)  -  39 

=  - =42  ton 

.453  x  .577  +  1.5  x  .891 


DIMENSIONAL  DESIGN  OF  ANCHORAGES 
(see  design  model  Fig.l.) 

If  'T'  the  resultant  force  per  linear  metre  of 
slope  length,  'i'  is  the  spacing  of  the  anchor¬ 
ages,  and  n  =  the  number  of  anchorages  in  a 
vertical  row,  then  the  force  on  the  anchorages 
is 


n 

or  n  =  — -- — - — =  2.3,  say  2  rows 
45 


as  after  certain  length  the  resisting  force 
does  not  increase  linearly  with  Length  La,  also 
the  low  values  are  not  very  effective.  Kith 
the  anchorage  set  at  height  *x*  above  the  foot 
of  the  slope,  the  passive  length  Lp  will  be 

Lp  =  ix,  ,+  y 

Where  Lo  (free  length)  can  be  checked  from 
(site,  stability  analysis,  from  the  charts  of 
the  design)  and  Y  is  the  distance  of  the  bound¬ 
ary  of  the  sound  rock  from  the  critical  failure 
plane. 


The  total  length  of  each  anchorage  will  thus  be 
L  =  La  +  Lo  +  Y 

=  6.8  +  4  +  4.2  =  15  m 


DISCUSSION: 

The  amount  of  geomechanical  defects  must  be 
taken  into  consideration  by  design  engineer 
for  high  cuts  in  roadways. 

For  example,  the  cut  slope  of  4/1  (76°)  in 
high  cuts  require  a  very  strong  rock  with 
fairly  constant  rock  character.  Where  a 
highly  weathered  and  decomposed  zone  crosses 
the  cut  face,  the  global  stability  can  not  be 
achieved  by  ordinary  means. 

Selection  of  parameters  used  in  the  design 
formulae  basically  depends  on  ) the  experience 
gained  from  'he  past  work  in  similar  area.  In 
tectonically  intensely  disturbered  areas,  the 
geomechanical  character  of  the  rock  vary  great¬ 
ly  from  place  to  place  along  the  roadway  and 
as  such  no  single  parameter  can  be  evolved 
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Frontal  View  of  the  Cut  Fig. 2. 


for  application  through  out  the  cut.  Judgement 
should  be  made  about  their  values  cleariyby  the 
designer.  Hence  it  is  basically  a  result  of 
knowledge  of  the  in-situ  rock  qualities  and  stre¬ 
sses,  combined  with  experience. 

In  order  to  increase  design  perfections  cut -slope 
rock  indices  should  be  determined  by  using  reck 
mass  clasif ication  system  and  orientation  of 
major  fractures  /  joints  sets  with  respect  to 
the  cut  be  established.  In  addition  to  this, 
effects  of  other  workings  should  also  be  inclu¬ 
ded  in  the  analysis. 


CONCLUSIONS: 

Main  conclusions  from  the  case  history  can  be 
summer ised  as  under :- 

-  Construction  of  highways  in  weak  rocks  need 
special  attention  to  have  a  safe  and  economic 
design 


-  The  depth  of  weathering  and  rock  quality 
variation  should  be  precisely  marked  and  surve¬ 
yed  for  different  type  of  cuts. 

-  Correlation  between  designed  and  predicted  par¬ 
ameters  of  rocks  should  be  taken  into  consid¬ 
eration  before  starting  a  particular  rock 
slope  cut. 
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SYNOPSIS  :  Geological  uncertainities  have  always  played  an  important  role  in  planning  of  a  hydel 
power  house.  This  paper  presents  case  study  of  a  power  house  which  was  subjected  to  major  revisions 
in  its  planning  due  to  inherent  instabilities  in  rock  slopes.  Initially  the  power  house  was  planned 
with  service  bay  and  other  facilities  on  its  left  hand  side,  but  the  weak  and  instable  slopes  and 
sliding  of  large  rock  masses  necessiated  its  thorough  revision  by  bringing  service  bay  and  other 
facilities  to  its  right  hand  side  alongwith  addition  of  many  new  features  and  flattening  of  slopes. 
There  were  many  alternatives  under  consideration  and  final  selection  was  based  on  techno-economic 
balance  of  the  project. 


INTRODUCTION 

The  power  house-I  of  Mahi  Hydel  Project, Banswara 
(India)  is  an  indoor  type  surface  power  house 
located  in  64  m  deep  open  excavated  pit  with 
installed  capacity  of  2x25  MW  generated  through 
40  m  head  of  water.  The  lowest  foundation  level 
is  at  El-217.0  m  whereas  general  ground  level 
of  the  area  is  at  El-281.0  m  Location  of  this 
power  house  is  latitute  :  23°  32' 30"  North  and 
longitude  :  74°  28'  00"  East. 

GEOLOGICAL  DETAILS 

Geological  investigations  of  the  area  were  made 
prior  to  starting  the  excavation  work.  It  was 
revealed  that  power  house  pit  lies  in  pre- 
Aravali  gneisses  and  schists.  The  countary  rocks 
are  granite,  gneisses,  schists,  amphibolites  and 
pegmatite  veins  associated  at  places  with  gra¬ 
phite  schists  all  moderately  to  steeply  dipping 
towards  south  with  foliation  striking  from  North 
West-South  East  and  overlain  by  horizontal  basa¬ 
ltic  lava  flow  and  a  thin  layer  of  residual  and 
transported  soil. 

EXCAVATION  OF  PIT 

The  excavation  of  power  house  pit  was  started 
in  Oct.  76.  Excavation  plans,  pit  slopes, berms 
etc.  were  designed  on  the  basis  of  geological 
findings  and  functional  requirements.  It  was 
suggested  to  excavate  the  pit  in  a  slope  of 
1/4  :  1  from  top  upto  El-240.0  m  and  in  1/8  :  1 
below  El-240. 0m.  However,  the  Geologist  had 
warned  in  the  early  stages  to  excavate  with 
great  care  in  view  of  extreme  metamorphism  and 
alterations  of  hetrogeneous  assembledge  of  rock 
types. 

The  pit  in  the  course  of  excavation  showed  signs 
of  distress  in  the  slopes.  It  was  feared  that 
presence  of  unfavourable  discontinuity  surfaces 
dipping  at  an  angle  of  50°-60°  towards  free  face 
on  the  right  hand  side  may  not  allow  excavated 
slopes  to  remain  stable.  Situation  was  further 
aggreviated  due  to  occurance  of  hetrogeneous 


rock  masses  consisting  of  mixed  gneisses  with 
graphite  schists. 

Finally  in  the  month  of  May, 1980,  when  the  pit 
had  been  excavated  upto  El-235. 0m,  the  northern 
slopes  failed  and  there  was  a  major  rock  slide 
on  the  right  hand  side  of  pit  between  'C'  line 
and  'A'  line. 

MAIN  FEATURES  OF  INITIAL  LAYOUT 

On  the  basis  of  available  geological  details 
and  other  technical  requirements, the  initial 
layout  plans  for  the  power  house  complex  were 
prepared.  Fig.  1  and  2  shows  the  plan  &  section 
of  power  house  as  per  this  planning.  Main 
features  of  this  initial  planning  were  as 
under . 

(a)  Erection  bay  was  placed  at  El-247.5  m  on 
left  hand  side  of  power  house. 

(b)  Approach  to  erection  bay  at  El-247.5  m  was 
arranged  from  main  highway  at  El-281.0  m  by 
means  of  a  service  road  located  along  surge 
pool  in  a  regular  slope  of  15:1.  This  service 
road  was  to  come  down  over  berms  of  tail  pool 
area. 

(c)  Pit  slopes  were  prepared  in  a  slope  of 
1/4  :  1  from  top  upto  El-240.0  m  and  in  a  slope 
of  1/8:1  from  El  -240.0  m  to  El-218. 0m. 

(d)  A  counterfort  retaining  wall  was  provided 
on  RHS  from  El-235. 0m  to  protect  the  right  side 
of  power  house. 

(e)  Intake  dam  was  placed  54.50m  upsteam  of 
power  house  with  penstock  length  of  82  m.  But 
in  the  very  early  stage,  the  intake  dam  was 
shifted  towards  RHS  by  12  metres  due  to  geolo¬ 
gical  constraints.  This  shifting  resulted  in 
increase  of  penstock  length  to  92  m.  Fig.  1 
shows  later  position  of  penstock. 
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Fig.  1  Original  layout  plan  of  power  house  complex. 
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MAIN  FEATURES  OF  REVISED  LAYOUT 
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Fig.  3  Photo  showing  rock  slide 


DEFFICULTIES  ENCOUNTERED 

Excavation  as  per  initial  planning  had  been 
started  but  in  May,  1980  there  was  a  major  rock 
slide  and  this  failure  of  rock  slopes  raised 
many  doubts  about  the  future  of  this  power 
house  and  its  safety.  Further,  in  this  rock 
slide,  a  large  portion  of  approach  road  colla¬ 
psed  indicating  unsafe  approach  to  the  power 
house.  Due  to  this  mishap,  an  attempt  was  made 
to  again  examine  the  whole  area  geologically.lt 
was  revealed  that  country  rocks  are  deeply 
weathered  and  decomposed  upto  a  considerable 
depth.  Rocks  above  El-250.0  m  were  found  to  be 
highly  weathered  and  upto  El-235.0  m  slightly 
to  moderately  weathered.  The  fresh  rock  confi¬ 
guration  was  found  to  be  highly  irregular 
between  El-225.0  m  to  El-240.0  m  due  to 
structural  peculiarities  which  controlled  the 
extent  of  weathering. 

It  was  also  revealed  that  on  the  RHS  of  the  pit 
and  in  tail  pool  area  there  is  a  thick  graphite 
inter-calated  zone  and  as  such  the  area  is  un¬ 
stable  and  unsafe  for  carrying  approach  road. 

It  necessiated  for  finding  some  alternative  to 
the  earlier  planned  road  for  reaching  upto 
erection  bay. 

At  that  stage  it  was  not  possible  to  relocate 
this  power  house  at  any  other  place  and  there¬ 
fore  it  became  a  main  challenging  task  to  cons¬ 
truct  this  power  house  in  such  weak  rocks.  Due 
to  such  weak  condition  of  rocks,  Geologist 
suggested  for  flattening  of  the  rock  slopes 
with  provision  of  berms  at  suitable  interval. 

At  one  stage  it  was  advised  to  reshape  the  pit 
slopes  in  1:1  gradient  but  this  would  have  in¬ 
volved  very  heavy  increase  in  excavation 
quantities,  excessive  expenditure  and  delay  in 
completion  of  the  project.  Therefore,  it  was 
essential  to  find  a  safe  and  economical  propo¬ 
sal  for  replanning  the  whole  power  house  comp¬ 
lex  suitably. 


Failure  of  power  house  pit  slopes  compelled  for 
making  major  revisions  in  the  layout  of  power 
house.  The  revisions  mainly  based  on  techno- 
economic  balance  of  the  whole  scheme.  Following 
are  the  main  features  of  revised  layout. 

(a)  First  and  fore  most  necessity  was  to  sta¬ 
bilise  the  rock  slopes.  For  this  purpose  several 
alternatives  were  available  such  as  deep  anchor¬ 
ing  of  slopes,  grouting  of  rock  masses,  adequate 
flattening  of  pit  slopes  etc.  It  was  opined  that 
unstable  and  weak  rocks  of  power  house'  pit 
should  not  be  taken  care  by  short  term  measures 
such  as  anchoring  or  grouting  etc.  Only  flatten¬ 
ing  of  pit  slopes  was  considered  useful  & 
effective.  Accordingly  pit  slopes  were  reshaped 
in  1:1  gradient  from  top  upto  El-240.0  m  and  in 
1/2:1  gradient  below  El-240.0  m.  This  reshaping 
of  slopes  was  more  essential  for  right  hand 
side  face.  The  left  hand  side  slopes  were 
comparatively  more  stable  due  to  their  favour¬ 
able  dip  inside  the  rocks. 

(b)  At  that  stage  when  all  other  connected 
works  had  also  started,  it  was  not  possible  to 
change  or  shift  power  units  as  this  change 
would  have  involved  change  in  position  of 
intake  dam,  penstocks  and  tail  race  tunnel  also. 
Further  due  to  favourable  dip  of  rocks  on  left 
hand  side,  it  was  felt  not  to  disturb  or  do 
least  excavation  on  that  side.  As  such  the 
erection  bay  and  other  facilities  on  left  hand 
side  were  shifted  to  right  hand  side  without 
effecting  the  position  of  power  units. 

(c)  Most  important  point  to  be  decided  was  to 
provide  approach  to  the  erection  bay  floor 
level  through  service  road.  Adverse  geological 
features  of  t--.il  pool  area  did  not  allow  to 
bring  down  service  road  along  berms  of  tail  pool 
Therefore,  efforts  were  made  to  replan  the 
service  road  through  other  route,  but  it  was 
not  possible  without  making  excessive  excava¬ 
tions  to  bring  down  the  service  road  upto  El- 
247.5  m  i.e.  the  floor  level  of  erection  bay. 


Fig. 4  Photo  showing  power  house  pit  during 
initial  stage  of  construction. 
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Fig.  7  General  view  of  Power  House. 


Since  direct  access  upto  this  level  was  practi¬ 
cally  not  possible,  idea  of  two  level  service 
bay  was  conceived  and  one  additional  floor  10  m 
wide  at  51-256.0  m  was  proposed  to  work  as  un¬ 
loading  bay.  Service  road  frost  main  highway  was 
arranged  upto  this  unloading  bay  at  El-256.0  m 
by  locating  it  along  by-  pass  channel.  Earlier 
only  one  E.O.T.  crane  was  sufficient  for  this 
power  house  but  now  due  to  addition  of  unload¬ 
ing  bay  at  higher  level,  it  became  necessary 
to  provide  one  more  E.O.T.  crane  to  operate 
betv’een  unloading  bay  and  service  bay.  The  roof 
of  the  power  house  had  also  to  be  arranged  in 
two  levels. 

(d)  Approach  portion  of  service  road  to  unload¬ 
ing  bay  at  El-256.0  m  was  earlier  located  on  a 
gravity  retaining  wall  curved  in  plan  and  having 
its  foundation  at  El-240.0  m.  The  approach  por¬ 
tion  was  to  be  provided  on  its  back  fill.  But 
the  geological  advice  restrained  from  adding  so 
much  load  of  gravity  retaining  wall  and  its 
back  fill  on  the  right  hand  side  rocks.  Then 
the  idea  of  approach  bridge  with  4  spans  of  8.8 
m  each  was  adopted  and  the  service  road  was 
connected  with  unloading  bay  through  this  app¬ 
roach  bridge.  Foundations  of  this  approach 
bridge  piers  were  placed  on  El-240.0  m.  Later 
on  again  on  geological  grounds  the  position  of 
approach  bridge  was  further  shifted  to  right 
hand  side  by  5.0  m  so  that  the  rocks  on  which 
its  foundations  rested  do  not  get  daylighted  in 
tail  pool.  This  resulted  in  increase  in  the 
width  of  unloading  bay  by  5.0  m,  thus  making  it 
total  15.0  m. 


(e)  Earlier  provision  was  kept  of  counterfort 
retaining  wall  on  the  right  hand  side  between 
'3'  line  and  'D'  line,  but  to  expedite  the  cons¬ 
truction  work  of  service  bay  and  unloading  bay, 
it  was  replaced  with  mass  concrete  filling.  Thus 
the  right  hand  side  slopes  were  supported  with 
mass  concrete  filling  for  the  main  power  house 
building  portion. 

(f)  The  shape  of  the  tail  pool  was  revised  to 
semi  circular  mainly  to  minimise  the  rock  cutt¬ 
ing  work  in  this  area.  This  was  done  without 
affecting  the  total  capacity  of  the  tail  pool. 

CONCLUSION 

Many  problems  were  faced  in  construction  of 
this  power  house  due  to  unstable  slopes  and 
complex  and  critical  geological  conditions  at 
the  site.  Revisions  as  stated  above  resulted 
into  appreciable  increase  in  the  quantities  of 
concrete  and  excavation,  but  the  challange  of 
constructing  this  power  house  in  such  weak 
rocks  was  successfully  met  with.  The  power 
house  was  commissioned  within  reasonably  good 
period  without  much  cost  overruns.  It  is 
generating  power  since  Feb., 86  and  working 
without  problems.  A  constant  watch  has  been 
kept  on  the  stability  of  rock  slopes  around 
power  house  complex  and  so  far  nothing  adverse 
has  been  noticed. 
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SYNOPSIS:  A  new  coring  technique  is  described  for  the  sampling  of  highly  altered  rock.  This  and  an 
innovative  field  survey  method  were  developed  to  supply  valid  and  representative  data  for  numerical 
modelling  of  openings  in  this  soil-like  material.  The  results  were  not  only  reflective  of  in  situ 
behaviour,  but  successful  enough  to  be  adopted  for  the  sampling  and  modelling  of  other  highly 
altered  surface  crown  pillar  masses,  mining  structures  in  need  of  better  design  methods. 


INTRODUCTION 


In  Canadian  hard  rock  mines,  the  stability  of 
surface  crown  pillars  (the  rock  mass  separating 
the  uppermost  underground  opening  from  surface) 
is  a  pressing  problem  (Betournay  et  al. , 

1987).  The  safe  design  of  such  pillars 
requires  an  understanding  of  near  surface 
conditions  and  material  behaviour.  Demands  are 
growing  for  numerical  modelling  techniques  to 
enable  parametric  and  detailed  design  studies 
to  be  carried  out.  The  results  and 
implications  of  a  near  suface  rock  mass 
evaluation  drilling  program,  excerpted  from  a 
CANMET  sponsored  and  industry  supported 
research  study,  are  presented  in  this  case 
history. 

Rock  mass  characterization  is  often  necessary 
and  vital  in  advance  of  creating  safe  and 
economic  underground  openings.  The  traditional 
method  has  been  and  continues  to  be  extraction 
of  high  quality  rock  cores  for  determination  of 
rock  quality  and  rock  mass  characterization, 
aided  by  in  situ  mapping  durinq  excavation, 
shaft  sinking,  and  the  like.  In  strong  rocks, 
the  traditional  techniques  of  diamond  core 
drilling  are  often  satisfactory.  However,  in 
weaker  rock  masses,  traditional  techniques  have 
lead  to  poor  rock  core  recovery  and  even  loss 
of  core  through  wash  outs  and  erosion  during 
the  drilling  process. 


SITE  AND  GEOLOGY 


The  minesite,  Les  Mines  Selbaie..  is  a  1500 
tonnes  per  day  underground  copper  mine  located 
some  80  km  north  of  Joutel,  Quebec  (See  Fiqure 
1). 


Figure  1.  Location  of  Les  Mines  Selbaie 


The  overburden  at  the  mine  site  is  thick  and 
averages  about  45  m,  consisting  primarily  of 
fine  grained  very  dense  tills  and  till-like 
sediments.  The  native  rock  consists  of  a 
series  of  tuffs  and  breccias,  bedded  chert- 
pyrite  and  volcanoclastic  debris  occurring 
within  a  Plutonic  complex  (Deptuck  et  al. , 
1982) . 


291 


The  ore  zone  (dipping  about  50°)  consists  of 
quartz-sulfide  vein  systems  up  to  200  mm  in 
width.  These  veins  occur  within  several 
elongate  lenses  of  heavily  fractured  rock,  (as 
much  as  30  m  in  width)  caused  by  and  lying 
above  a  major  fault. 

The  enrichment  of  original  ore  values  to  depths 
of  200  m  within  the  fault  zone  has  been 
attributed  to  supergene  alteration  (Sinclair 
and  Gasparrini,  1979).  Supergene  alteration  is 
made  possible  by  descending  meteoric  waters 
through  the  fault  zone.  The  chalcopyrite  in 
this  zone  has  been  altered  to  sooty  chalcocite, 
bornite,  limonite  and  relatively  high 
quantities  of  native  copper,  all  of  which  occur 
within  a  sugary  quartz  and  kaolin  gangue.  As  a 
result,  the  rock  mass  is  not  only  severly 
fractured,  but  is  also  surrounded  by  and/or 
consists  of  kaolinized  and  other  gangue-like 
materials. 

The  richest  ore  values  at  the  mine  are  found 
nearest  the  surface,  at  about  the  50  to  60  m 
level  immediately  below  the  overburden.  The 
uppermost  working  level  of  the  mine  is  located 
at  a  depth  of  55  m  below  prevailing  ground 
surface.  Mining  safety  regulations  require  a 
surface  crown  pillar  thickness  of  15  m  or 
more.  However,  at  this  site,  special 
dispensation  has  been  received  to  reduce  that 
thickness  to  7.5  m  based  on  the  richness  of  ore 
values  in  this  zone. 

Some  of  the  facilities  at  the  mine  site, 
primary  ore  processing  facilities,  office 
buildings,  and  a  dormitory  are  located  above 
actively  mined  stopes. 


SCOPE  OF  STUDY 


The  research  study  into  modelling  and 
verification  of  surface  crown  pillar  behaviour 
in  the  weak  rock  mass  at  Les  Mines  Selbaie  was 
divided  into  three  phases  -  material 
characterization  (drilling,  sampling  and 
laboratory  testing),  numerical  modelling,  and 
verification  of  predictions. 

The  first  phase  -  drilling,  sampling  and 
laboratory  testing  -  was  completed  in  August 
1986  (C.  Mirza  Engineering  Inc.,  1986),  and  the 
second  phase,  numerical  modelling,  was 
completed  in  late  1987  (Strata  Engineering 
Corp. ,  1987).  Results  of  field  verification 
arc  presently  being  evaluated. 

The  scope  of  the  first  phase  included  drilling 
and  sampling  of  both  the  overburden  and  the 
upper  rock  mass,  down  to  the  level  of  the 
surface  crown  pillar.  The  geographical 
remoteness  of  the  site  made  it  necessary  to 
utilize  the  on-site,  resident,  production  type 
drilling  contractor,  rather  than  experienced 
geotechnical  drilling  contractors. 

The  field  work  in  the  first  phase  included  the 
coring  of  the  weak  soil-like  rock  mass  at  three 
borehole  locations,  MT-10,  MT-11  and  MT-12, 
Figure  2.  The  overburden  drilling  and  sampling 
experiences  are  omitted  from  this  paper.  Since 


Figure  2.  Borehole  and  Scanline  Locations 
(C.  Mirza  Engineering  Inc.,  1986) 


surface  drill  coring  for  rock  mass 
characterization  in  remote  locations  is 
necessarily  expensive,  the  scope  of  the  study 
was  expanded  to  rock  mass  characterization  by 
means  of  underground  scanline  surveys,  covered 
in  a  subsequent  section  of  this  paper.  By 
correlating  scanline  results  with  those  of 
laboratory  tests  on  the  recovered  cores,  it  is 
hoped  to  reduce  the  reauirements  for  additional 
high  qualitv  (and  therefore  expensive)  rock 
coring  for  the  design  of  future  suface  crown 
pillars.  To  this  end,  the  study  has  proven  to 
be  successful,  due  mainly  to  excellent  core 
recoveries  made  possible  by  a  simple 
modification  to  the  traditional  rock  coring 
techniques  normally  used  in  hard  rock, 
production  coring. 


ROCK  DRILLING  AND  CORING 


All  soil  and  rock  drilling,  sampling  and  coring 
was  performed  by  resident  drillers  without  the 
expense  in  either  soil  or  rock  drilling  for 
sampling  purposes.  The  machine  available  at 
the  mine  site  was  a  skid-mounted  Inspiration 
III  drill  rig.  The  drilling  program  commenced 
on  October  22  and  ended  on  November  26,  1986, 
totalling  approximately  165  m  of  soil  and  rock 
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sampling/coring,  for  an  average  production  rate 
of  about  7  m/day,  with  ranges  between  1  m/day 
to  15  m/day.  A  work-day  averaged  about  8 
hours,  from  dawn  to  dusk,  typical  for  that  time 
of  the  year.  At  the  end  of  the  drilling 
program,  the  weather  turned  extremely  cold,  and 
daily  production  rates  dropped  dramatically  due 
to  frozen  lines,  pump  and  rig  startinq 
problems,  and  the  like. 

MT-11  was  the  first  borehole  to  be  drilled. 

Core  recoveries  were  generally  very  poor  (less 
than  30  per  cent)  due  to  an  unusually  weak  and 
soil-like  rock  mass  immediately  below  the 
overburden  contact.  The  techniques  used  to 
recover  cores  included: 

1 .  using  a  double  tube  bit  on  a  triple  tube 
core  barrel; 

2.  alternating  between  face-discharge  and 
standard  bottom  hole  discharge  bits; 

3.  double  tube  core  barrel. 

Only  tap  water  was  used  as  the  drilling  fluid 
in  this  borehole. 

None  of  these  variations  in  rock  coring 
techniques  had  any  significant  influence  on 
core  recoveries.  The  recovered  core  pieces 
were  from  harder  rock  material. 

The  next  borehole  drilled  was  MT-10.  The  first 
few  core  runs  met  with  the  same  lack  of  success 
as  at  MT-11.  Subsequently,  a  small  amount  of 
Polydrill  R,  a  polymer  mud,  was  added,  which 
improved  the  core  recoveries  from  30  per  cent 
to  60  per  cent,  on  average  in  a  few  of  the  core 
runs.  In  order  to  improve  the  recoveries  even 
further,  a  variant  of  a  teehniaue  first 
reportedly  used  in  England  (Hughes,  1982)  for 
very  soft  friable  rocks  was  tried.  The 
techniques  of  creating  a  foam  at  the  bit  is 
well  known  in  the  water  well  drilling  industry 
(Driscoll,  1986). 

An  air  compressor  was  connected  by  a  T-Joint  to 
the  drill  stem  water  swivel,  and  air  pumped 
under  pressure  along  with  reduced  water  flow 
from  the  water  supply  pump  was  reduced. 
Immediate  success  was  noted,  not  only  in 
progress  of  the  coring  operation,  but  also  in 
core  recoveries.  Average  core  recoveries 
increased  to  over  90  per  cent  in  the  weakest 
rock  zones  being  drilled.  Large  cores  of 
koalinitic  materials,  finely  disintegrated 
siliceous  dacite  tuff  breccia  in  a  clayey  silt 
matrix,  highly  fractured  sooty  chalcocite  and 
sounder  rocks  were  all  recovered  intact  from 
the  double  tube  core  barrel.  The  final  weak 
soil-like  rock  core  recovery  in  MT-10  was  over 
95  per  cent  subsequent  to  the  use  of  compressed 
air. 

The  original  terms  of  reference  for  this 
research  program  were  to  drill  only  boreholes 
MT-10  and  MT-11.  The  huge  success  achieved  at 
MT-10,  for  the  first  time  in  the  mine's  history 
of  coring  operations,  prompted  the  initiation 
of  an  extra  borehole,  MT-12,  to  verify  the 
validity  of  the  compressed  air  injection 
technique. 

Tri-coring  to  a  depth  of  30  m  was  done  in  MT-12 
to  save  time.  The  dense  nature  of  the  over¬ 
burden  had  prevented  thus  far  obtaining  decent 


and  meaningful  undisturbed  samples  of  the  soil 
immediately  above  the  rock  contact.  Therefore, 
an  attempt  was  made  to  try  the  air-water 
mixture  technique  for  corinq  of  the  overburden 
materials.  Unfortunately,  the  compressor  broke 
down  and  the  validity  of  the  technique  for 
coring  dense,  almost  cohesionless,  tills  and 
similar  finer  grained  soils  could  not  be 
verified.  When  the  borehole  drillinq  reached 
the  bedrock  contact  area,  the  compressor  had 
been  repaired,  and  excellent  core  recoveries 
were  obtained  until  the  compressor  broke  down 
once  aqain,  at  which  time  core  recoveries 
immediately  dropped  to  values  equivalent  to 
those  obtained  earlier  at  MT-11. 

The  results  of  the  rock  corinq  operations,  with 
and  without  introduction  of  air  into  the  drill 
fluid  stem,  are  summarized  in  Table  1 ,  for 
various  rock  types  in  the  surface  crown 
pillar.  Core  recoveries  in  a  weak,  soil-like 
rock  mass,  can  be  improved  if  a  polymer  based 
drilling  mud  is  used  in  conjunction  with 
compressed  air  by  drillinq  in  an  N-size  double 
tube  core  barrel  fitted  with  a  face-centred 
discharge  diamond  bit. 

Addinq  air  to  the  drillinq  fluid  permitted  the 
use  of  less  water  for  lubrication,  cooling,  and 
lifting  of  cuttinqs,  and  hence  less  erosion  of 
the  soil-like  rock  core,  while  keeping  wear  on 
the  diamond  bits  to  a  minimum.  Best  results 
were  obtained  with  a  bit  advance  rate  of  about 
2  m/hr,  and  a  water/air  pressure  ratio  of 
between  10  and  15. 


UNDERGROUND  SCANLINE  SURVEYS 


For  realistic  modelling  of  the  surface  crown 
pillar,  it  was  necessary  to  carry  out  detailed 
underground  surveys  of  the  orebody  formation. 
Three  scanline  surveys  were  carried  out  at  the 
55  m  level,  shown  in  Figure  2.  Detailed 
photomosaics  were  taken  along  each  scanline. 

All  contracts,  faults  and  joints  greater  than 
500  mm  in  dimension  were  noted,  along  with 
continuity,  orientation,  joint  resistance 
factors,  and  infilling  type.  Pocket 
penetrometer  tests  were  carried  out  along  with 
torvane  shear  tests  on  the  soil-like  components 
of  the  scanned  lines. 

The  visible  rock  mass  was  classified  in 
accordance  with  the  rankinq  scheme  shown  in 
Table  2.  A  rank  of  1  to  6  was  chosen  to 
represent  the  rock-line  material,  and  a  rank  of 
7  to  1 1  to  represent  the  soil-like  material. 
This  simple  classification,  aided  by  the 
scanline  survey  results,  and  correlated  with 
laboratory  test  results  on  the  recovered  cores, 
qave  an  excellent  overall  representation  of  the 
rock  mass  characteristic,  and  in  particular, 
the  relative  proportion  of  soil-like  rock 
volume  to  .he  total  volume  of  rock  (last  column 
of  Table  2) . 

The  orebody  rock  consists  of  moderately  to 
highly  kaolinized  Dacitic  Tuff  Breccia  with 
zones  and  seams  of  limonization,  silty  clay 
infillings,  finely  ground  sooty  chalcocite  and 
native  copper.  Kaolinization  is  particularly 
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Table  1»  Rock  Coring  Results  With  or  Without  Air  Pressure  (C.  Mirza  Engineering  Inc.  1986) 


WITHOUT  AIR  PRESSURE 

WITH  0.14  MPa  AIR  PRESSURE 

ROCK  TYPE 

Optimum  Range 
Hater  Pressure 
(K?a) 

Optimum  Range 
Penetration 
Rate  (a/sec) 

Average 

Recovery 

** 

Optimum  Range 
Hater  Pressure 
(KPa) 

Optimum  Range 
Penetration 
Rate  (mm/sec) 

Average 

Recovery 

** 

Slightly  Kaolinized 
Oacite  Tuff  Breccia 

0.6  -  2.0 

ICO 

1.7  -  7.0 

0.4  -  3.0 

100 

Hoderately 

Kaolinized 

Dacite  Tuff  Breccia 

2.8  -  3.5 

0.6  -  1.3 

93 

1.7  -  7.0 

0.4  -  1.0 

98 

Highly  Kaolinized 
Dacite  Tuff  Breccia 

2.5  -  3.0 

0.6  -  1.3 

70 

1.7  -  2.5 

0.4  -  0.6 

90 

Pieces  of  Rock  in 
Silty  Clay  to 

Clayey  Silt  matrix, 
finely  fractured 
sooty  chalcacite 

2.5  -  3.0 

0.6  -  1.3 

60 

1.7  -  2.5 

0.4  -  i  .6 

95 

**  H 
t 

lust  use  Face-Ce 
o  obtain  these 

i _ 

itred  Discharge  Bits  and  POLYDRlll® 
Recoveries.  | 

Table  2.  Rock  Hass  Ranking  Scheme  and  Average 
Volume  of  Each  Rock  Type,  Underground 
Scanline  Surveys  (C.  Mirza  Engineering 
Inc.,  1986) 


RANK 

CHARACTERIZATION 

FIELD  HETUOO  OF  DETERMINING 
RELATIVE  STRENGTH 

AVERAGE  VOLUHE 
(X) 

1 

Very  Strong 

>  1  hammer  blow  to  break 

9.7 

2 

Strong 

1  hammer  blow  to  break 

17.4 

3 

Moderately  Strong 

5  m  indentations  with  pick 

12.4 

4 

Moderately  Weak 

Cannot  be  cut  by  hand 

6.3 

5 

Heak 

Crumbles  under  firm  blows 
with  pick 

14.1 

6 

Very  Heak 

Broken  in  hand  with  difficulty 

9.4 

7 

Very  Stiff 

Indented  by  fingernail 

6.6 

8 

Stiff 

Cannot  be  moulded  In  fingers 

5.7 

9 

Firm 

Difficult  to  mould  In  fingers 

7.2 

10 

Soft 

Easily  moulded  in  fingers 

10.4 

11 

Very  Soft 

Can  be  squeezed  between  fingers 

0.8 

0  2  4  6  8  10  12 

RANK 

Figure  3.  Unconfined  Compressive  Strenath 
versus  Rank  of  Material  From 
Scanline  Surveys 

(C.  Mirza  Engineering  inc. ,  1906) 
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extensive  in  the  ore-enrichea  zones,  and  Table  3.  Summary  of  Laboratory  Test  Results 

increases  in  intensity  towards  the  surface.  (C.  Mirza  Engineering  Inc.  1986) 


The  degree  of  kaolinization  varies  from  a 
bleached  tuff  breccia  to  pure  kaolinitic  clay. 
In  the  worst  areas  this  altered  rock  mass  can 
be  described  as  soft,  soil-like  with  small 
irregularly  spaced  remnant  rock  pieces. 


LABORATORY  TESTING 


Several  types  of  laboratory  tests  were  carried 
out  on  the  different  types  of  rock  materials 
recovered  from  the  coring  operations,  as  well 
as  on  bulk  samples  obtained  from  the  55  m  level 
during  the  scanline  surveys.  These  included: 
index  property  testing  (moisture  content, 
Atterberg  limits,  unit  weights,  grain  size 
distribution)  of  both  the  soil-like  rock  and 
joint  infill  materials,  slake  durability,  point 
load,  Schmidt  rebound  hammer,  and  both 
unconfined  and  triaxial  type  compression  tests 
(on  those  specimens  which  could  be  lifted 
intact  from  the  core  box),  as  well  as  direct 
shear  tests  on  both  undisturbed  and 
reconstituted  samples. 

A  protocol  for  storage  and  handling  of  the 
fragile  rock  samples  was  developed  during  the 
field  work  at  the  mine  site,  and  proved  to  be 
invaluable  in  preservation  of  the  integrity  of 
the  samples  both  in  storage  and  upon  subsequent 
transportation  by  vehicle  to  the  laboratory 
across  a  distance  of  over  1000  km. 

The  results  of  the  point  load  and  Schmidt  tests 
were  converted  to  approximate  compressive 
strength  values  (Bieniawski,  1974,;  Deere  and 
Miller,  1966).  Results  of  the  correlation 
between  the  ranking  of  Table  2  and  compressive 
strengths  derived  by  various  test  methods  are 
shown  on  Figure  3.  A  statistical  method  using 
the  Hoek  and  Brown  failure  criterion  for  rock 
(Hoek  and  Brown,  1980)  was  used  to  approximate 
the  material  constants  for  the  failure  envelope 
derived  from  triaxial  tests.  The  raodulii  of 
deformation  for  the  rock-like  materials  were 
determined  using  correlations  with  the  Schmidt 
hammer  R  values  and  the  stress-strain  curves 
from  unconfined  compression  tests.  The 
tangential  modulus  of  deformation  was 
approximated  from  calibration  curves  developed 
for  the  Schmidt  hammer  rebound  number  (Deere 
and  Miller,  1966).  The  stress-strain  curves 
from  unconfined  compression  tests  were  used  to 
determine  the  tangential  and  scant  modulii  of 
deformation  at  50  per  cent  of  peak  strength. 

Some  key  results  of  the  laboratory  testing 
program  are  given  in  Table  3. 


APPLICATIONS  TO  NUMERICAL  MODELLING 


The  ability  to  extract  cores  from  soil-like 
rock  formations  near  the  orebody-overburden 
contact  zone,  and  laboratory  tests  and 
correlations  with  scanline  information,  enabled 


Property  rested  Coape tent  Rock  Soil-Like  Rock  Kaolin  Zones 


nolsture  Content 

(X) 

S  -  25  (12) 

15-24  (18) 

Liquid  Licit 

(X) 

28-35 

18-25 

Plastic  Licit 

(X) 

20-23 

15  -  18 

Plasticity  Index 

(X) 

8-12 

3-7 

Gravel  Si2e  (>4.75  no) 

(X) 

20-67 

Sana  Size  (<2.0  m) 

(X) 

25-56 

Silt  S  Clay  (<75um) 

(X) 

6-13 

unit  veignt  -  General 

(kN/aS) 

24-30 

19-26 

Unit  Height  -  Cnalcocite 

(kN/a3) 

26  -  *0  (33) 

Slake  ouraolllty,  12 

(X) 

69  -  9ft 

Compressive  Strength: 

Point  Load  (I  SO) 

(rt>a) 

106  -  283 

3  -  48 

Scnmiat  Manner  R 

(tea) 

30 

0.1  -  0.6 

uncon fined  Compression 

(t*>a) 

Angle  Internal  Friction. a 

C) 

41 

33 

Cohesion  intercepts 

(kPa) 

45 

5 

Modulus  of  Oeformaticn: 

Unconfined  Compression  (GPa) 

12  -  32 

1  -  10 

Point  Load 

(GPa) 

(23) 

12  -  24 

Note:  Niscers  In  brackets  refer  to  average  values 


the  construction  of  a  numerical  model  for  the 
prediction  of  surface  crown  pillar  stability. 

In  essence  it  was  concluded  from  the  first 
phase  of  the  study  that  the  crown  pillar  rock 
formation  comprised  approximately  70  per  cent 
rock-like  materials  and  30  per  cent  soil-like 
materials.  Probex  pressuremeter/dilatometer 
tests  were  carried  out  in  boreholes  MT-11  and 
MT-12  to  obtain  in  situ  values  of  the 
deformation  modulii  in  both  the  overburden  and 
the  orebody.  Prior  information  was  already 
available  on  in  situ  stresses  obtained  by 
overcoring  with  a  CSIRO  hollow  inclusion 
triaxial  strain  cell  (Arjang,  1984). 

To  assist  with  realistic  modelling,  the  Mine 
was  asked  for  their  proposed  or  preferred 
method  of  mining  of  the  surface  crown  pillar. 
The  stope  size  beneath  the  surface  crown  pillar 
is  generally  22  m  long  in  the  strike 
direction.  In  weaker  ground,  this  width  is  cut 
in  half  along  the  strike  direction.  In  the 
weakest  ground  (soil-like  rock  mass),  the 
surface  crown  pillar  is  rained  in  5.5  m  wide 
panels.  The  mine  is  totally  depressurized  with 
repsect  to  ground  water. 

The  numerical  model  chosen  was  a  multi¬ 
dimensional  finite  element  program  capable  of 
accepting  Mohr-Coulomb  type  elements,  with  a 
'birth'  and  'death'  option  for  each  element. 

Two  dimensional  modelling  was  found  to  be 
inadequate,  and  all  subsequent  modelling  was 
three  dimensional.  The  failure  mechanism 
adopted,  based  on  the  authors'  previous 
experience  and  research  (Betournay,  1980),  was 
as  follows.  The  soil-like  mass  is  held 
together  around  an  opening  by  negative  pore 
pressure,  induced  by  the  creation  of  the 
opening.  With  time  this  condition  dissipates 
at  the  boundary  leading  to  tensile  failure,  a 
mechanism  which  progresses  upward.  In  order  to 
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Figure  4.  Numerical  Model  I.ayout,  to  simulate  Ptope  4  rave-in  (Strata  Enqineerina  Corp.,  1987) 


accommodate  tensile  failure,  gravitational 
forces  were  applied  in  ten  coaputational  steps, 
which  enabled  the  analysis  to  be  halted  as  to 
eliminate  all  tensile  failed  elements  (by 
changing  the  status  of  the  failed  elements  into 
unborn  elements),  and  the  analysis  was 
continued  until  full  gravity  loading  was 
reached.  The  remnant  rock  pieces  were  too 
small  to  affect  the  stability  as  failure 
mechanism  of  the  soil-like  material. 

A  schematic  of  the  model  layout  is  shown  in 
Figure  4  for  back  calculations  of  a  1983 
cave-in  which  occurred  in  Stone  4  at  Les  Mines 
Selbaie.  Approximately  9,000  tonnes  of 
material  was  involved.  The  cave-in  commenced 
at  the  100  m  level  and  progressed  upward  to  the 
60  m  level  in  a  total  period  of  about  6  to  8 
months.  A  comparison  of  the  predicted  versus 
actual  failure  surfaces  is  given  in  Fiqure  5a 
and  5b. 

The  good  quality  of  comparison  reflects 
favourably  on  the  choice  of  rock  mass 
characteristics  used  in  the  numerical  model, 
and  proves  the  worthiness  of  good  field  data  to 
predict  or  substatiate  observations  of 
geotechnical  behaviour. 


CONCLUSIONS 


The  successful  prediction  of  an  actual  cave-in 
by  numerical  modelling  techniques  based  on  hiqh 
quality  field  information  and  understanding  of 
material  behaviour  shows  the  feasibility  of 
designs  of  surface  crown  pillars  in  weak, 
altered  rock  masses. 

This  case  history  shows  that  quality  objectives 
for  field  geotechnical  data  can  be  met  using 
ordinary,  available  mine  site  machines,  tools 
and  personnel  despite  site  remoteness  or  drill- 
crew  inexperience.  In  this  study,  the  lack  of 
core  recovery  using  standard  rock  coring 
techniques  arose  due  to  the  presence  of  a 
soil-like  rock  mass  in  the  surface  crown  pillar 
below  the  overburden.  The  problem  was  overcome 
by  the  introduction  of  compressed  air  at  the 
water  swivel  to  allow  reduction  of  water 
pressure  and  flow,  so  as  to  minimize  core 
erosion  and  washouts,  while  at  the  same  time 
allowing  the  lifting  up  of  cuttings  and 
prevention  of  premature  diamond  bit  wear.  The 
coring  and  scanline  surveys  are  new  techniques 
to  obtain  geotechnical  parameters  from 
materials  hitherto  difficult  to  quantify. 


University  of  Toronto. 
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SYNOPSIS;  The  exploitation  of  the  opencast  mines  in  the  East-Maritza  coal  basin  was  proceeded  of 
detailed  explorations  and  analysis  of  the  engineering  geological  conditions.  Nevertheless,  one  of  the 
greatest  landslides  in  the  engineering  geological  practice  occurred  within  the  period  of  1966  -  1968. 
The  volume  of  the  sliding  masses  reached  30  -  75  x  10°  m3  .  These  landslides  made  questionable  some 
of  the  classic  formulations  of  the  soil  mechanics  and  engineering  geodynamics,  as  for  instance  : 

-  the  possibilty  of  formation  of  sliding  surfaces  with  inclination  opposite  to  the  direction  of 
sliding; 

-  the  validity  of  the  Coulomb-Navier* s  law  in  conditions  of  high  confining  pressure; 

-  the  existence  of  the  so  called  "pore  pressure"  within  the  sliding  zones  during  the  deformation 
process. 

In  the  present  paper,  there  could  be  found  certain  experimental  data  and  interpretations  on  some 
of  the  above  mentioned  questions. 


INTRODUCTION 

The  East-Maritza  coal  basin  is  situated  near  the 
town  of  Stara  Zagora  and  is  one  of  the  main 
energy  supplying  sources  in  Bulgaria.  At  the 
moment  two  open-pit  mines  "Troyanovo-Nor-th"  and 
"Troyanovo-South"  provide  2.5  million  cons  per 
year.  The  coal  seams  are  with  total  thickness 
about  20  m,  with  almost  horisontal  occurring 
/  0°  -  2°  slope/  and  at  a  depth  of  60  -  120  m 
(fig.  1). 

Right  from  the  initial  stages  of  the  coal 
exploitation  different  in  character  and  volume 
landslides, .which  affected  different  parts  of 
the  open-cast  mines  took  place.  The  greatest  and 
deepest  ones  (about  30  -  75.10°  m3)  occurred 
within  the  period  of  1966  -  1968. They  affected 
the  working  (fig.  2)  and  non-mining  boards 
of  the  mines  although  there  were  carried  out 
great  preliminary  engineering  geological 
prospecting  and  stability  estimations.  These 
landslides  caused  numerous  scientific  disputes . 
Further  detailed  investigations  were  carried  out 
as  a  result  of  which  there  were  established 
some  very  interesting  features  of  the  geological 
structure  of  the  basin  and  engineering  geological 
paradoxes . 

PECULIARITIES  OF  THE  ENGINEERING-GEOLOGICAL 
CONDITIONS  IN  THE  EAST-MARITZA  COAL  BASIN 

The  sediment  coal  field  consists  mainly  of  clays, 
where  the  mixed  layers  minerals  (montmorilonite- 
mica  ones  in  their  composition)  are  prevailing. 

The  clays  interlaying  the  coal  seams  are  with 
increased  contents  of  hydrofilic  organics,  mainly 
from  the  group  of  the  humine  acids  121 .  That  fact 
determines  the  higher  contents  of  montmorilonite 
sheet  units  in  the  composition  of  the  clay 
minerals  and  some  paradoxes  in  the  changing  of  th,e 
physical,  strength  and  deformation  properties  of 
the  clays  depending  on  the  depth  of  occurrence 
/i.e.  with  increasing  of  the  geologic  load/; 

1.  Water  contents  7  Wn  /  of  the  clays  increases 
(fig.  1). 


2.  Unit  weight  !Qy\  /  of  the  clays  decreases 

(fig.  1);  3 

3 .  The  axial  strength  of  the  clays  is  quite 
variable  with  a  tendency  towards  decreasing  in 
the  clays  of  the  coal  seams  complex  (fig.  1) . 

4 .  The  type  of  structural  bonds  also  changes  - 
from  transitional  (atomic)  coagulation  in  the 
top  laying  clays  to  coagulation  ones  in  the  clays 
from  the  coal  complex  (fig-  3)* 

These  peculiarities  in  the  variations  of  the 
engineering  geological  conditions  in  the  East- 
Maritza  coal  basin  are  determined  from  a  multi¬ 
layered  unstable  medium,  where  the  strongest 
coal  seams  are  inter layered  by  weak  unconsolidated 
clays  with  coagulation  contacts  between  the 
particles  and  clearly  expressed  plastic  properties. 
Special  attention  must  be  paid  to  the  greyish- 
black.  clays  in  which  hydrofilic  organic  matter 
is  dispersed  mainly  between  the  clay  clusters. 

From  the  obtained  SEM  images,  it  becomes  clear 
that  highly  dispergated  clay  minerals  and  amino- 
acids  form  a  water  saturated  system,  where  the 
water  is  in  absorbed  condition  (  fig. A  a, b  ). 

For  this  reason,  the  classic  geotechnical  models 
for  the  description  of  the  strength  and  deforma¬ 
tion  properties  of  soils  are  not  valid  for  these 
clays . 

The  same  clays  were  as  a  medium  of  formation 
on  the  main  sliding  surfaces  of  the  great  land¬ 
slides  were  an  object  of  special  detailed 
investigations  (fig.  2). 

THE  GREAT  LANDSLIDES  IN  EAST  MARITZA  BASIN  - 
A  THEORETICAL  PARADOX  IN  ENGINEERING  GEOLOGY 

For  the  designing  of  the  open-cast  mines,  there 
were  used  all  classical  ideas  of  soil  mechanics 
about  the  deformation  behaviour  of  the  clays  from 
the  coal  field.  The  Fp  method  of  Maslov  was  used 
for  determining  the  stable  slope  of  the  boards 
as  a  method  of  higher  reserve  of  security. 
Nevertheless, right  from  the  beginning  of  mines 
exploitation  landslides  of  Earth  block  slide  type 
occurred  under  the  action  of  the  so  called 
"active  prisms"  /  10/ . 
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Fig.  1.  Engineering  Geological  Section  of  the  East-Maritza  Basin 
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.Fig.  2.  Schematic  Profiles  of  the  Great  Landslides  in  the  East-Maritza  Open-cast  Mines 
in  1966  (  a,  b)  and  in  1968  (  c,  d) 

1-  Pliocene  Clays;  2-  Coal  Seams;  3-  Landslide  Surface;  l)-  Line  of  the  Profiles 
of  Flanks  before  the  Landslides;  5  -  Line  of  the  Profiles  of  Flanks  after  the 
Landslides . 


Fig.  3.  Relationships  "stress-strain"  for  the 
clays  of  the  East-Maritza  basin  (the  numbers  of 
the  curves  correspond  to  the  Numbers  of  the  clays 
from  fig.  2). 


Fig.  4.  SEM  images  of  clays  from  the  sliding 
surfaces 

a/  a  general  view  of  the  clay  minerals 
and  humine  acids 
b/  Humine  acids 

Without  discussing  the  numerous  details  of 
originating  and  development  of  the  sliding 
processes  some  essential  paradoxes  will  be 
mentioned: 

1.  Landslides  originated  not  only  when  the 
dip  of  the  major  sliding  surface  was  0-2° 


towards  the  toe  of  the  board  (fig.  2  b,  c,  d) 
but  also  when  dip  was  2-3°  towards  the  massif 
(fig.  2a) . 

2.  The  following  computations  of  the  initial 
stability  of  the  sliding  zones  show  that  the 
horizontal  force  resulting  from  active  prism 
weight  /Ei/  about  twice  lower  than  the  sum 
of  the  resistance  forces  from  the  main  sliding 
surface  /Z.'tjlj  /  determined  through  the  classical 
methods  of  soil  mechanics,  i.e.  landslides  should 
not  occur. 

3.  Numerous  investigations  at  site  and 
laboratory  show  that  engineering  geological 
conditions  are  approximately  the  same  in  both 
mines.  Frequently  however  boards  with  equal 
general  slopes  are  more  stable  in  Troyanovo-South 
mine  than  in  Troyanovo-North. 

In  our  opinion,  these  paradoxes  are  determined 
from  the  paradoxal  strength  and  deformation 
properties  of  the  clays  from  the  major  sliding 
surfaces  -  i.e.  the  most  weak  unconsolidated 
greyish-black  clays  interlayering  the  coal  seams 
(fig.  1,  2,  4).  If  the  maximum  values  of  the 
deviator  stresses  (ff4-fij)max  or  the  plane  shear 
stresses  (''-max)  are  used  for  plotting  the 
relationship  ''t=:£{5'V  the  following  results 
are  obtained  (fig.  5). 


stress"for  greyish-black  clays  from  the  main 
sliding  surfaces  ,  obtained  from  : 
a/  maximum  deviator  stresses 
b/  ultimate  deviator  stresses 
c/  allowable  deviator  stresses 
d/  back  analysis  of  initial  landslides  stability 

The  obtained  results  show  that  after  applying 
normal  stresses  =  5.105Pa,  the  values  of  'C max 
decrease  / 1,5/.  That  experimental  fact  contradicts 
to  the  Coulombs  theory  and  similar  results  are 
accepted  as  incorrect  or  paradoxal  as  the  values 
of  the  angle  of  internal  friction  ( V )  could  not 
be  negative. 

Moreover,  most  of  the  pore  pressure  measurement 
during  triaxial  tests  were  unsuccessful  ,  i.e. 
the  pore  presuure  u  =  0. These  results  were 
rejected  by  the  designers  of  the  open-cast  mines 
and  the  strength  parameters  of  the  clays  from  the 
main  sliding  surfaceswere  determined  through  the 
method  of  back  analysis  based  on  the  great 
landslides, which  originated  in  different  stages 
of  mines  exploitations  (fig. 2). 

Unfortunately,  similar  empiric  solutions  are 
usually  applied  in  the  practice  not  only  in 
Bulgaria.  And  what  is  more  ,  in  many  cases  they 
are  the  only  ones  for  slopes  stability 
computations . 

In  our  opinion,  in  such  cases,  a  detailed 
analysis  of  the  strength  and  deformation 
behaviour  of  the  clays  of  the  sliding  zones 
should  be  carried  out  and  some  classic  ideas  of 
soil  mechanics  should  be  corrected.  For  instance, 
if  the  SEM  images  of  the  greyish-black  clays 
are  examined  once  again  (fig.  4),  it  will  become 
clear  that  the  pore  pressure  during  triaxial 
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testing,  should  be  u  =  0,  as  the  water  between 
the  clay  ana  organic  particles  is  in  absorbed 
condition.  Under  confining  pressure  2  -  15. 1CP 
Pa  that  water  could  not  filtrate  through  the 
micropores.  The  adsorbtion  of  water  is  due  to 
the  composition  and  high  dispers.on  of  the 
particles,  building  the  clay  structure.  As  a 
confirmation  to  that  fa’t  considered  the 
following  :  the  value  of  t.:.-  clay  permiability 
is  not  precisely  determined  and  is  accepted  to 
be  kf  <  10~9  m/24  h. 

Analysing  the  microfabric  and  physical 
properties  of  these  clays  with  close  coagulation 
contacts,  it  was  ascertained  that  they  should  be 
considered  as  a  special  structural  and  mechanical 
type,  for  which  the  classic  ideas  of  soil 
mechanics  are  not  valid.  We  gave  up  using  the 
traditional  strength  parameters  and  c  as 
characteristics  of  strength  properties  of  these 
clays.  Instead  of  them,  there  were  accepted  the 
so  called  "allowable  /^a  /,  ultimate  /9:u/ 
and  maximum  shear  stresses  /  max  /  obtained 
through  the  analysis  of  the  relationships 
(  G,-  0~z)  =  r  (£)  in  logarythmic  scale  (fig. 6). 


Pig.  .  Relationships  "stress-strain"  for  clays 
from  sliding  zones 

According  to  the  contemporary  views  of  the 
comparatively  new  science  -  physico-chemical 
mechanics  (Georgiev  G.,  1981,  Osipov  V.,  1975, 
Osipov  V.,  V,  Babak,  V.  Zuev,  1979,  Rebinder  P.A. 
1958,  Van  Olphen,  Z.,1963.)  and  the  numerous 
analysis  of  the  obtained  results,  it  is  considered 
that  to  the  first  linear  section  correspond 
processes  of  reorientation  of  clay  particles 
around  their  contacts  without  failure  of  the 
structural  bonds.  To  the  second  linear  section 
correspond  prevailing  plastic  equilibrium 
processes  of  failure  of  coagulation  bonds  and 
formation  of  new  ones  and  to  the  third  - 
progressive  intensification  of  the  process  of 
collapse  of  structural  bonds.  The  boundaries 
which  mark  that  processes  determine  the  allowable 
I'tal,  the  ultimate  /'Zu/,  and  the  maximum  shear 
stresses . 

ANALYSIS  OF  THE  OBTAINED  RESULTS 

The  analysis  of  the  experimentally  obtained 
relationships t  /fig.  5  a,  b,  c/  and  the 

relationship  /fig.  5,d/  received  through  back 
analysis  could  hardly  explain  the  mentioned 
paradoxes  in  originating  of  landslides  in  East- 
Maritza  open-east  coal  mines  : 

1.  The  values  of  the  allowable  shear  stresses 

/fig.  5c/  are  close  to  the  values  of  the  shear 
stresses  obtained  through  back  computations 
/fig.  5»d/  and  are  about  twice  lower  than  the 
maximum  ones  /fig.  5  a/.  That  fact,  as  well  as 
the  ideas  for  the  character  of  deformation  of  the 
contacts  unambiguously  show  that  for  the  analysis 
of  slopes  stability  there  should  be  used  the 


the  allowable  shear  stresses  t'Z-al  .  When  the 
horizontal  force  of  the  weight  of  the  active 
prisms  Ex  (  fig. 2  )  gets  over  the  sum  of  the 
available  resistance  forces  U  in  the  major 
sliding  surface  (not  the  maximum  Z^niatU)  plastic 
deformations  leading  to  land  sliding  and 
formation  of  secondary  prisms  take  place. 

2.  The  obtained  experimental  relationships 

^  =■£(§)  with  maximum  values  of  corresponding  to 
O' about  5 • 105  Pa  explain  why  is  it  so  that  with 
one  and  the  same  general  slopes  of  the  boards 
the  deeper  mine  Troyanovo-North  has  less  stable 
boards  than  Troyanovo  South.  Obviously,  it  is  due 
to  the  lower  resistance  forces  in  the  greyish- 
black  clays  as  the  values  of  the  allowable  shear 
stresses  ('&)  decrease  with  the  increasing  of  the 
normal  stresses-  (fig.  5c). 

3.  The  numerous  mine  surveying  and  investigations 
in  site  proved  that  the  active  prisms  are  the 
prime  cause  for  originating  the  sliding  processes 
and  they  always  form  at  the  highest  outcropping 
levels  or  on  terrain,  i.e.  where  the  values  of 
normal  stresses  are  higher  and  the  corresponding 
shear  stresses  lower.  That  is  why  if  the 
horizontal  sliding  forces  of  the  active  prisms 
overcome  the  resistance  forces  within  the  massif 
landslides  could  take  place  even  with  the 
sliding  surface  dipping  towards  the  massif. 

PROPOSALS  Jf OR  APPLYING  THE  OBTAINED  RESULTS 

Having  ascertained,  that  the  experimental  results 
regarding  the  strength  properties  of  the 
sliding  zone  clays  (though  incorrect  to  Mohr- 
Coulombs  theory)  could  explain  a  number  of 
engineering  geological  paradoxes  of  the  landslides 
in  East-Maritza  open-cast  coal  mines  there 
should  be  discussed  the  question  concerning 
their  rational  using  for  board  projecting  76/ . 

The  outcropping  levels  determining  normal 
stresses  about  5.105  pa  were  proposed  to  be 
bx%der  and  those  under  which  the  resistance 
forces  are  lower  to  be  more  narrow  (fig. 7).  So, 
the  sum  of  resistance  forces  in  the  main  sliding 
surface  will  remain  constant  but  the  general 
length  of  the  boards  shortens.  There  general 
form  also  changes  from  convex  to  "s"  shaped  one 
(fig.  8).  If  the  obtained  "s"  shaped  form  of  the 
boards  is  discussed,  it  is  of  interest  to  note 
that  such  a  profile  is  near  to  the  profile  of 
stabilised  old  landslides  ,  sp  the  board  could 
be  projected  with  that  form. 

CONCLUSION 

The  detailed  analysis  of  mineral  composition  and 
physico-mechanical  properties  of  the  clays 
interlayering  the  coal  seams  could  allow  to 
examine  the  numerous  engineering  geological 
paradoxes  in  originating  and  developement  of 
landslides  in  East-Maritza  open-cast  mines. 

The  coagulation  structural  bonds  and  adsorbed 
around  the  particles  water  determine  the 
decreasing  of  shear  stresses  with  the  increase 
of  normal  stresses .  Further  these  lower 
resistance  forces  determine  the  development  of 
active  pressure  prisms  and  great  landslides . 

That  analysis  shows  once  again  that  the 
experimental  results  should  never  be  rejected 
even  when  they  do  not  confirm  some  classical 
views  of  well  known  theories. 
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Fig.  7-  Technological  Profiles  of  the  Working  Flanks  in  the  Troyanovo-South  Opencast  i 

a)  profile  III  -  second  quarter  of  1981 

b)  profile  43  -  second  quarter  of  1981 

1  -  coal  seams;  2  -  shear  planes  for  which  the  pit  edge  stability  is  determined; 
3  -  line  of  working  flanks  along  which  the  coal  winning  is  done;  4  -  line  of  the 
S  profile;  5  -  zone  of  active  pressure 


Fig.  8.  General  form  of  the  slopes 

1  -  convex  shape; 

2  -,S"-  shape  profile 
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ABSTRACT:  This  study  was  carried  out  in  the  Alaknanda  -  Dhauliganga  catchment  area,  located  in  the  north  and  north¬ 
east  of  Joshimath  in  the  Garhwal  Himalaya.  The  snow  fields,  cirques  and  the  related  glaciers  are  located  above  the 
altitude  approximate  4000  meters,  whil  e  the  river  valley  have  a  mean  altitude  of  around  2000  meters. 

The  stcategic  roads  viz.  Joshimath-Badrinath  and  Joshimath-Nitipass  pass  through  this  area  with  a  number  of 
villages  along  with  their  cultivated  land  are  located  along  the  roads.  These  roads  are  often  blocked  on  huge  debris 
avalanches  not  only  damage  the  road,  but  also  the  cultivated  land  and  forests. 

The  geological  studies  has  indicated  the  presence  of  a  major  thrust  viz.  Main  Central  Thrust  (M.C.T.)  in  this 
area,  with  highly  deformed  rocks.  Most  of  the  zones  with  frequent  debris  avalanches  do  not  follow  the  thrust  zones  etc. 

The  glaciers  have  been  studied  on  the  basis  of  aerial  photographs  and  landset  imegeries.  It  appears  although 
most  of  the  glaciers  are  slowly  receding  back,  are  located  in  the  crest  of  Badrinath  is  apparently  static  and  many 
crevasses  etc.,  are  formed  and  slumpping  is  taking  place.  The  slumped  mass  of  Ice  is  pushing  the  moraines  down  in  the 
valley  and  large  scale  debries  avalanches  are  causes  on  the  Joshimath-Badrinath  road. 


INTRODUCTION 

The  study  area  is  located  in  catchment  area  of  Alaknanda- 
Dhauliganga  rivers.  It  is  situated  in  north  and  north¬ 
east  of  Joshimath,  bounded  by  longitude  79°30* -79°45 ' 
and  latitude  30°30' -30°45 ’  in  Chamoli  district  of  Uttar 
Pradesh,  India  (Fig.l).  The  area  has  a  high  seismic 
intensity  along  with  frequent  landslides,  debries  aval- 
anohes  etc.,  are  the  regular  features  happened  there. 

Due  to  these  features,  two  important  strategic  roads 
viz,  Joshimath-Badrinath  and  Joshimath-Nitipass  are 
effected  regularly. 

The  study  was  taken  in  order  to  identify  the  processes 
of  debris  avalanches,  landslides.  Studies  of  the 
position  of  the  glaciers  indicate  the  state  of  glacial 
retreat.  The  retreat  in  case  of  the  Juma  and  Tipra 
glaciers  is  found  to  be  greater  than  other  glaciers 
lying  on  the  north-west  in  area.  The  western  part's 
glaciers  of  the  area  (above  the  Badrinath)  is  apparently 
static  and  many  crevasses  etc.,  are  formed.  The  slumpp¬ 
ing  are  regular  feature  in  this  area,  pushing  the  morai¬ 
nes  down  in  the  valley  slope  and  large  scale  debris 
avalanches  are  caused  on  the  roads  of  strategic  impor¬ 
tance. 

Cottar  and  Brown  (1907)  were  the  first  to  survey 
some  of  the  glaciers  of  Kumaon  and  Garhwal  Himalayas. 

The  other  workers  are  Heim  and  Gansser  (1936)  Jangpangi 
and  Vohra  (1958,62),  Gopendra  Kumar,  Syed  Hyder  Mehdi 
and  Gyan  Prakash  (1964). 

GEOLOGY 

Structure  and  Rock  Types 

The  greater  Himalaya  is  situated  in  between  two 
great  thrusts  viz,  the  Main  Central  Thrust  (MCT)  and 
the  Tethyan  Thrust  (T.T).  This  is  indicated  by  the 
metamorphic  rock  which  are  gradually  increase  in 
metamorphism  northwards  and  intruded  by  granite 
batholiths.  The  tectonic  plane  of  Main  Central  Thrust 


dips  at  an  angle  of  45°  to  15°  towards  the  North-east. 

The  term  Main  Central  Thrust  was  first  proposed  by  Heim 
and  Gansser  (1936).  Valdiya  (1980)  while  redefining  the 
Main  Central  Thrust  proposed  another  name,  farther  north 
and  called  it  the  Vaikrita  Thrust.  The  Main  Central 
Thrust  is  clearly  definable  on  the  surface  in  the 
mountain  slope  and  deep  cut  river  gorges  of  Alaknanda. 
Sinha-Roy (1982)  defines  the  Main  Central  Thrust  as  the 
basal  thrust  of  the  crystalline  nappe  sequence  either 
rooted  or  detached  from  the  Central  Crystalline  zone, 
ilt  could  be  inferred  that  activity  along  the  Main 
Central  Thrust  started  in  the  Palaeogene  (Krishnaswaniy, 
1981  and  Sinha,  1982). 

The  general  trend  of  strike  of  the  rocks  in  the  area 
is  E-W.  Descending  to  the  gorge  at  Vishnuprayag,  where 
the  gneiss  is  exposed.  It  is  over  lain  by  highly  meta¬ 
morphic  mica  schist  and  paragneiss.  The  succession  is 
overlain  by  highly  metamorphic  sedimentary  series  (Fig. 2) 

Geomorphology 

North  of Vishnuprayag  the  gorge  of  Alaknanda  is  not  only 
continuous  but  also  more  tremendous.  The  view  from 
Joshimath  to  north,  Convex  Valley  sides  are  tremendous 
showing  no  more  place  for  the  rivers,  as  if  they  had 
been  caused  by  a  fault  collapse.  It  may  be  assumed  that 
these  transverse  gorge  is  also  exclusively  formed  on 
river  erosion. 

When  river  meets  to  moraines  the  valley  become 
widens,  as  from  Pandukeshwar.  The  low  gradual  terraces 
are  on  both  flank  of  the  river.  The  Lateral  moraines 
are  following  both  side  along  the  river.  The  villages 
are  lies  just  below  the  moraine  wall  near  Pandukeshwar. 

The  topography  of  a  Great  Himalaya,  which  is  an  enor¬ 
mous  curvilinear,  arch,  is  highly  rugged  with  horned 
peaks,  surrected  crest  of  ridges,  cirques  and  hanging 
wall  valley  with  glaciers  causing  cascades  of  gushing 


icy  water  through  deep  canyons(Fig.3).  In  beginning 
of  this  sector,  the  ridges  are  rapidly  rise  then  the 
river  and  afterwards  it  run  parallel  to  it.  The  river 
is  narrower  in  lower  elevation,  while  it  is  wider  in 
upper  one.  Rivers  has  a  very  low  gradient  at  higher 
elevation  as  in  the  case  of  Alaknanda,  has  a  very 
low  gradient  of  5.5%  from  Badrinath  to  Mana  village, 
while  below  the  Badrinath  the  gradient  is  15%  (Heim 
and  Gansser  1936). 

Epigenetic  gorges  are  abundent  in  higher  elevation 
with  numerous  hanging  valley.  The  terraces  of  higher 
elevation  are  covered  by  the  moranies.  The  widened 
valley  of  Alaknanda  is  filled  with  recent  mounting  slide 
material  and  fan  deposits.  Which  came  down  from  both 
sides  covering  the  older  moranies  and  gravel  deposits 
The  glacial  striations  are  well  preserved  within  the 
rocks.  Inter  glacial  and  interstadial  lake  deposits 
are  also  there.  (Fig. 4, 5  and  6). 

GLACIERS  AND  THEIR  DEPOSITS 

As  given  in  the  map  (Fig. 3),  there  are  two  main 
cirques  in  this  area  viz.  the  Juma  and  Rajbank.  Their 
cirques  shoot  out  a  number  of  the  glaciers,  of  which 
the  two  main  glaciers  are  Tiprabank,  originating 
from  Rajbank  and  the  Kagbhusandi,  originated  from 
Juma  glacier.  These  glaciers  in  turn  shoot  out  their 
glacial  streams. 

The  following  table  gives  the  altitudinal  position 
of  the  glaciers,  along  with  position  of  snow,  the 
zone  of  accumulation  and  ablation  (Fig. 7). 

TABLE  I.  Altitudinal  Zones 


Glaciers  Glacial  streams 

Altitudes 

in  meters 

zone  of 

zone  of 

accumulation 

ablation 

Tiprabank  Bhiundar  Nadi 

40C0 

3600 

Kagbhusandi  Laxman  ganga 
glacier 

4100 

3360 

The  morphometric  parameters  of  these  glaciers  were 
calculated  on  the  basis  of  the  technique  suggested 
by  Prasad  (1987),  which  is  based  on  the  general  obser¬ 
vations  that  an  advancing  glaciers  has  a  wider  snout, 
and  a  relatively  larger  area  than  a  nt'eatinj  glaciers. 
Moreover  a  retreating  glacier  will  have  more  ruqyed 
appearence  viz.  higher  relief  ratio. 

The  following  table  gives  the  values  of  various 
glacial  morphometric  parameters. 

TABLE  II  Glacial  Morphometric  Parameters 
Glacier  Area  Inder.  Relief  Ratio  Snout  ratio 


Tiprabank  0,53  0.72  2.2 

Kagbhusandi  0.34  0.84  1.4 


In  addition  to  the  glacial  morphometric  parameters, 
the  drainage  parameters  of  the  glacial  streams  were 
also  calculated,  which  are  summarised  in  the  following 
tables. 

TABLE  III  Drainage  Morphometry  of  Glacial  Streams 
Drainage  Mean  Altitude  Area 


Kagbhusandi  3C00-4400  0.43-2.39 
Laxmanganga  3400-4200  0.69-2.83 
Bhuindar  3380-4280  0.54-1.83 


TABLE  IV  Drainage  Morphometry  of  Glacial  Streams 


Drai nage 

Shape 

Bifurcation  Ratio 

Drainage 

Density 

Kagbhusandi 

0.21-0.52 

2-4.1 

0.07-3.1 

Laxmanganga 

0,17-0.66 

2. 6-4. 6 

3.3-26.2 

Bhuindar 

0.47-0.77 

2. 5-4. 5 

7.14-15.19 

The  glacial  moraines  consisting  of  Bculder-ciay  etc., 
ore  found  deposited  in  the  zone  of  ablation  upto  follow- 
ling  altitude  ir.  the  valleys 


TA3LE  V  Altitudinal  Position  of  the  Moraines 


Glacials  Altitudes  of  moraines  Type  of  Moraines 


Tiprabank 

3200 

Boulder  clay 

Kagbusandi 

2400 

Boulder  clay 
alongwith 
gravel  and 
sand  beds 

MASS  MOVEMENTS 


Various  morphometric  parameters,  alongwith  field  obser¬ 
vations  aided  by  the  study  of  aerial  photographs  sugges¬ 
ts  that  the  zone  of  ablation  is  larger  in  case  of  the 
Kagbhusandi  glacier  which  is  retreating.  The  Kagbhusandi 
and  Laxmanganga  streams  have  wider  basins  with  greater 
bifurcation  ratio  and  drainage  density,  suggesting 
relatively  greater  erosion  done  by  the  streams  existing 
in  zone  of  ablation  for  the  Kagbhusandi  glacier. 

On  the  otherhand,  in  case  of  the  Tipra  bank  glacier 
the  zone  of  ablation  is  narrow  and  mass  movements  is 
mainly  debris  avalanche. 
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DISCUSSION  AND  CONCLUSIONS 


As  already  pointed  out  the  zone  of  ablation  in  case 
of  the  Kagbhusandi  glacier  is  larger  than  that  of 
Tiprabank.  Kagbhusandi  glacier  shoot  out  the  streams 
of  Home  Gadhera  and  the  Kagbhusandi. 

The  stream  profiles  of  these  streams  (Fig. 7)  shows 
that  the  zone  ablation  is  only  500  meters  thick  in 
case  of  Home  Gadhera,  but  is  1400  meters  thick  in 
case  of  Kagbhusandi.  On  the  other  hand,  in  case  of 
streams  originated  from  Tiprabank  yiz,  Laxmanganga 
the  zone  of  ablation  is  only  200  meters  thick. 

The  profile  of  Laxmanganga  is  concave  upwards,  convex 
in  the  middle  and  again  concave  downwards  but  conca¬ 
vity  is  very  feable  in  the  Uppar  part.  The  profile 
of  Home  Gadhera  is  also  very  similar  but  the  concavity 
is  more  in  the  upper  part.  Whereas  incase  of  the 
Kagbhusandi,  the  profile  is  convex  in  the  upper 
part  and  is  concave  ir.  the  lower  part. 

The  mass  movement  is  generally  controlled  by  the 
type  of  the  slope  profile  (Small  1970).  The  more 
steaper  profile  of  Kagbhusandi  indicates  the  presence 
of  debris  avalanche  followed  by  the  debris  flow, 
whereas  in  case  of  Laxmanganga  and  Home  Gadhera  the 
mass  movement  is  mainly  by  debris  flow.  This  fact  is 
supported  by  the  drainage  morphometric  parameters, 
which  suggest  a  greater  intensity  of  erosion  in 
case  of  Kagbhusandi  Nadi,  than  in  Laxmanganga. 

Therefore,  it  can  be  concluded  that  since  the 
Kagbhusandi  glacier  is  retreating  more  in  comparison 
to  the  Tiprabank  glacier.  The  mass  movement  are  in 
case  of  rapid  debris  avalanche  here.  Because  of  the 
debris  avalanche  the  slope  are  more  unstable  in  the 
southern  part  of  the  area,  which  contain  the  ablation 
for  the  Kagbhusandi  glacier. 
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Fig. 6  Glaciated  Valley,  glacial  streams  in 

the  zone  of  ablation,  Garhwal  Himalaya, India 
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SYNOPSIS 

Landslides  produce  an  awsome  picture  of  the  hill  sides  with  steep  scarred,  hollowed  and  gullied 
geomorphic  features  devoid  of  vegetation  particularly  between  the  major  thrust  zones.  A  look  on 
the  tectono-stratigraphic  map  of  the  region  with  marked  major  tectonic  features  like  the  Main 
Central  Thrust  (MCT),  North  Almora  Thrust  (NAT)  and  South  Almora  Thrust  (SAT)  indicates  that  the 
region  is  highly  prone  to  landslides  and  is  affected  by  repeated  tectonic  and  orogenic  processes. 
These  factors  with  the  nature  of  the  rocks,  climate  and  the  heavy  monsoon  rains  are  responsible 
for  sculpturing  the  region.  The  mountain  features  and  the  valley  slopes  thus  indicate  the  influence 
of  the  activities  and  the  dynamic  forces  at  a  particular  locality  and  time.  Many  times  developmental 
activities  have  also  contributed  towards  the  degradation  of  the  environs  due  to  disturbance  of 
the  already  stabilized  slopes  and  the  angles  of  repose  e.g.  along  Uie  Rishikesh  -  Badrinath  Road, 
where  a  new  alignment  has  been  given,  sometimes  overlapping  the  old  pilgrim  route. 


INTRODUCTION 

In  India,  the  awareness  of  the  effects  of 
landslides  is  hardly  two  decades  old.  Though 
the  phenomenon  has  been  going  on,  the  importance 
of  their  occurrance  and  the  resultant  losses 
had  been  recognised  only  after  the  Belakuchi 
disaster  in  1970  due  to  flash  floods.  As  a 
result  the  whole  Alaknanda  valley  got  flooded, 
caused  innumerable  landslides  in  its  course, 
dammed  the  river,  formed  new  terraces  in  the 
wider  valleys,  breached  the  existing  lakes 
and  reservoirs,  pulled  down  lines  of 
communications  and  transmission,  washed  out 
roads  and  bye  passed  the  existing  bridges, 
wiped  out  a  number  of  hamlets  and  habitations 
and  road  side  shops  etc.  killed  at  least  17 
people  and  less  of  23  vehicles,  silted  up 
the  existing  canals,  changed  the  river  courses 
and  bye  passed  the  bridges,  washed  off  miles 
of  road  sections  thus  disrupting  the  life 
and  livelihood  of  the  people. 

In  fact,  even  this  was  being  forgotten,  when 
another  similar  catastrophe  occurred  close 
to  Ganganani  in  July  1978  on  the  Uttarkashi 
Gangotri  road  another  pilgrim  route.  Due  to 
this  calamity  another  8  vehicles  got  lost 
and  a  number  of  pilgrims  died  with  more  than 
2km  road  on  the  right  bank  washed  away  and 
a  girder  bridge  byepassed.  Later,  a  new 
alignment  on  the  left  bank  had  to  be  laid 
and  cut  through  almost  vertical  precipices. 
This  is  still  not  stabilized  and  a  team  of 
workers  with  bouldozers  are  posted  to  keep 
the  passage  open. 

Landslides  are  ambiguous  processes  of 
catastrophic  events  of  which  the  most  important 
and  direct  effects  on  mankind  are  loss  of 
life  and  property,  damage  to  natural  resources, 
disturbance  in  the  ecosystem  and  environment. 
Recently  a  number  of  papers  have  appeared 


on  the  Himalayan  slides  but  not  much  has 

been  said  on  their  relationship  to  the 
geological  and  tectonic  set  up  and  the  hazards 
caused  (in  the  region),  particularly  with 

a  view  to  civil  works.  Barring  a  few,  the 

accounts  portray  only  the  events,  though 
most  of  them,  as  major  disturbances  have 
disrupted  the  life  of  the  local  people  and 
caused  hazards  to  the  developmental  activities 
in  the  region.  Majority  of  these  slides  chiefly 
lie  in  a  belt  nearly  30  to  50km  in  width 

and  extend  from  a  general  level  of  150m  to 
nearly  2,750m. 

The  slope  failures  ara  largely  due  to  rock 
falls,  debris  flow,  slumps,  creep  flow,  earth 
flows  and  certain  complex  mass  failures 
including  the  rock  avalanche  types.  Many 
a  time  massive  and  temporary  blockages  occur 
due  to  sudden  inflow  of  waste  debris  forming 
small  reservoirs,  lakes  or  lakelets  in  the 
courses  of  rivers.  However,  the  latter  and 
sudden  bursts  or  breaches  of  these  lakes 
are  often  observed  to  have  caused  unimaginable 
havocs  and  catastrophies  in  the  lower  reaches 
of  the  catchment  area.  Of  these,  floods  of 
years  1880,  1924,  1971,  1978  coupled  with 

large  scale  slides  are  still  memorable.  The 
creation  of  Gohna  Tal  in  1893  and  its  later 
obliteration  in  1971  due  to  high  monsoon 
rains  or  flash  'loods  is  one  of  the  most 
important  events  in  the  landslide  history 
of  the  region. 

Along  the  Rishikesh-Badrinath  road  and  many 
other  new  excavations  and  cuts,  landslides 
are  more  common  now  and  numberous  as  old 
angles  of  repose  have  been  disturbed.  In 
brief,  the  horrendous  topography  with 
inhospitable  terrain  full  of  complex  geomorphic 
features,  all  make  the  region  most  hazardous 
to  the  people,  the  locality  as  well  as  for 
any  developmental  activities. 
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GEOTECTONIC  SUBDIVISIONS  OF  HIMALAYA 

Gansar  (1964)  gave  a  four  fold  longitudinal 
geotectonic  division  of  Himalaya  -  (i)  Sub- 

Himalaya  (Siwaliks),  (ii)  Lower  or  Lesser 
Himalaya,  (iii)  Higher/Greater  or  Central 
Himalaya  and  (iv)  Tibetan  or  Tethys  Himalaya. 
Broadly,  the  Garhwal-Kumaon  Himalaya  are  a 
part  of  the  same  geo-tectonic  frame  and  could 
also  be  sub-divided  and  placed  into  smaller 
similar  morphotectonic  units.  These  are  marked 
by  distinct  geological  formations  of  different 
tectonic  style  and  frame  work  producing 
characteristic  geomorphic  features. 

GEOLOGY  AND  STRUCTURE 

Geologically,  the  Garhwal-Kumaon  Himalaya 
generally  trend  in  NW-SE  direction  and  are 


made  up  of  highly  crystalline  schists,  gneisses 
and  massive  quartzites  (Klippe)  on  top  of 
the  mountains,  which  in  turn  are  underlain 
and  surrounded  by  the  less  altered 
unmetamorphosed  arenaceous  and  argillaceous 
or  calcareous  rock  units  including  minor  meta¬ 
basics  and  basic  sheets  and  dykes  along  with 
some  nummulitic  limestones  dipping  into  the 
older  ones.  The  Main  Central  Thurst  (MCT) 
separates  the  older  formations.  The  North 
Almora  Thrust  and  the  South  Almora  Thrust 
(NAT  and  SAT)  divide  the  Garhwal-Kumaon  rocks 
from  the  Dudatoli/Kumaon-Almora  groups  of 
rock  formations,  which  are  again  separated 
from  the  younger  formations  by  the  Krol  Thrust 
or  the  Main  Boundary  Fault  (MBF)  (Fig.l). 


Pig.  1  GEO-TECTONIC  HAP  OP  GARHWAL-KUMAON  HIMALAYA  SHOWING  IMPORTANT  LANDSLIDE  AREAS 


FRACTURE  PATTERNS 


(a)  Lineament  Pattern  -  Garhwal  -  Kumaon  Region,  (b)  Tehri  Sector, 
(c)  Dharasu  -  Uttarkashi  Sectors,  (d)  Mussoorie  Area,  (e)  Rishikesh 
Sector,  (f)  Hardwar  Sector,  (g)  Devaprayag  -  Srinagar  Sectors, 
(h)  R.Ramganga  Basin  Slides  and  Fracture  Patterns  (Mean) 
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In  addition,  numerous  faults  and  minor  thrusts 
trending  in  NW-SE  and  N-S  directions  also 
dissect  the  region  alongwith  many  sets  of 
joints,  fractures,  cleavages  and  lineaments 
and  other  discontinuities  in  almost  all 
directions  of  azymuth.  Of  these,  weak  structures 
in  NE-SW,  NNE-SSW  and  N-S  (in  order)  directions 
are.  prominant  and  fully  responsible  for  the 
fragile  nature  of  the  rocks  involved.  Thus 
the  rock  units  are  highly  vulnerable  to  erosion 
and  even  to  other  minor  disturbances  prevalent 
in  this  mountaineous  terrain. 

Structurally,  the  rocks  are  more  complex  and 
complicated  due  to  several  tectonic  episodes. 
In  addition  to  the  major  thrusts,  nappe  sheets 
and  klippes  etc.  at  least  three  to  four  phases 
of  tectonic  and  neo-tectonic  events  are 
recognisible  and  established  in  the  field. 
The  neotectonic  activity  appears  to  be  spasmodic 
(Mithal  1968)  as  evidenced  by  the  recent  level 
disturbances  and  the  most  recent  episodes 
in  the  river  terraces  along  the  valleys  of 
the  major  rivers  and  the  frequent  seismic 
tremors  felt  in  the  area. 

From  the  location  of  landslides  or  the  potential 
zones  of  mass  movements,  the  GarhwalKumaon 
groups  of  rocks  are  more  susceptible  to 
landslide  activity  (Table  1)  and  the  major 
landslide  zones  are  mainly  confined  to  these 
formations. 

LITHOLOGY  AND  TECTONIC  UNITS 

The  sub-himalayan  zone  comprises  of  Neogene 
mollasse  sediments  (Siwaliks)  and  the  lower 
Tertiary  Subathu  formations,  north  of  which 
lie  the  MBF  or  the  Kro)  Thrust  and  in  the 
south  these  formations  are  overlain  by  the 
thick  Indo-Gangetic  alluvium.  Structurally 
this  zone  is  affected  by  NW-SE  running 
asymmetrical  folds  bounded  by  large  scale 
high  angled  reverse  faults  also  cutting  the 
axes.  In  the  lesser  Himalaya,  unfossiliferrous 
Pre-eamhrian  to  Tertiary  sediments  of  low 
grade  metamorphism  are  predominant  and  are 
delimited  by  the  MBF-Krol  Thrust  (in  the  south) 
and  the  Main  Central  Thrust  in  the  north. 
These  are  highly  folded  and  deformed  due  to 
multiple  folds,  faults  and  thrusts  many  times 
in  association  of  meta-basic  sills  or  sheets. 
Thus  they  produce  a  highly  complex  structure 
with  at  least  three  subtectonic  divisions: 
(i)  Antochonous  Pre-cambrian  low  grade  sediments 
in  the  inner  or  the  northern  parts,  (ii)  the 
middle  Krol  Nappe  (including  the  Nagthat 
quarzites,  Chandpur  Phy Hites,  Blaini  and 
Infra  Krol  formations,  Krol  limestone  and 
Tal  and  Subathu  formations),  (iii)  Rocks  of 
the  Almora  or  Garhwal  Nappe  of  low  to  high 
grade  metamorphics .  These  litho-tectonic  units 
are  highly  complex  since  these  also  are  affected 
by  many  thrusts  and  faults  with  associated 
imbricate  structures  and  shears  in  both 
transverse  and  longitudinal  directions.  Many 
of  these  features  also  appear  to  be  still 
active.  Many  other  minor  features  like  joints, 
cleavages  and  fractures  also  affect  these 
rock  units.  As  such  the  massive  competent 
rocks  are  crumpled  and  crushed  while  the 
non-competent  types  are  foliated  and  have 
developed  fissility.  Likewise,  the  metabasics 
in  thinner  bodies  are  also  foliated  and  fissile, 
while  the  thicker  massive  sills  or  dykes  behave 


both  as  competent  and  incompetent  bodies  in 
the  area,  e.g.  at  Kaliasaur,  Dunda,  Nakuri 
etc.  in  Garhwal  and  Ramgarh  etc.  in  Kumaon. 


TABLE  I.  Tectonic  Succession  and  its  Correla¬ 
tion  in  the  Garhwal-Kumaon  Himalaya 


FORMATION  LITHOLOGY 


Phy llite,  quartz-mica 
schist,  mica  schist, 
Formation  garnetiferrous  mica 

schist,  granite-gneiss 

Thrust 

Raitpur  Muddy  boulder  bed. 

Formation  shale,  limestone 


NAT  or  Garhwal  Thrust 


Subathu 

Group 


Shale,  sandstone, 
fossiliferrous  lime¬ 
stone 


Unconformity 


Upper  Tal 

Oolitic  limestone, 
sandstone 

Tal 

Group 

Middle  Tal 

Ortho-quartzite,  shale 
limestone,  siltstone 

Lower  Tal 

Shale,  siltstone, 
phosphorite 

Krol  forma¬ 
tion 

Massive  limestone, 
dolomite,  shale  and 
red  shale 

Krol 

Group 

Infra  Krol 
formation 

Shale,  slate,  lime¬ 
stone 

Blaini  for¬ 
mation 

Muddy  boulder  bed, 
limestone,  sandstone, 
shale 

Unconformity 


Nagthet  for¬ 
mation 


Chandpur 

Jaunsar  formation 
Group 

Mandhali 

formation 


Sandstone,  quartzite, 
quartz  schist,  grit, 
conglomerate , phyllite 

Quartzite,  phyllite, 
shale 

Quartzite,  conglomerate 
Slate,  limestone 


Krol  Thrust/Main  Boundary  Thrust 

Subathu  Formation 

Main  Boundary  Fault 

Siwalik  Group 

Foot-hill  Fault 

Indo-Gangetic  Plain 
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The  rocks  of  the  Higher  (Central)  or  Tethyan 
Himalaya  are  10  to  20km  thick,  dip  northwards 
and  are  highly  metamorphosed  with  associated 
tertiary  granites.  To  the  north,  the  Central 
Himalayan  metamorphics  grade  into  the 
fossiliferrous,  gently  deformed  Cambrian- 
Ordovician  sedimentary  sequence  of  the  Tethys. 
The  Siwaliks  are  comprised  of  NW-SE  strikinq 
typical  sandstones  and  sands  -  the  latter 
being  predominant  in  the  upper  and  the  clays 
and  claystones  in  the  lower  succession.  The 
folds  are  repeatedly  faulted  at  their  crests 
with  steep  strike  faults  and  gently  dipping 
thrusts  at  25°  to  30°  to  the  north  east. 
These  all  are  responsible  for  steep  south 
facing  fault  scarps  and  1 cuesto1  type  landforms 
with  gentle  bedding  slopes  to  the  north. 

PHYSIOGRAPHY 

Physiographically ,  the  Himalaya  are  divisible 
into  four  sub-zones  which  are  also  concordant 
with  the  litho-tectonic  units  of  the  Lesser 
Himalaya,  i.e.  the  Siwalik  belt,  the  Krol 
Nappe  Zone,  the  Almora  Nappe  and  the 
Autocthonous  zone.  A  study  of  their  cross 
profiles  indicates  a  close  relationship  and 
control  Between  geomorphology,  geology, 
lithology,  tectonics  and  structure  on  the 
one  hand  and  rainfall,  climate  fauna  and 
flora  on  the  other. 

As  stated  earlier  the  Himalayan  region  is 
very  fragile  due  to  tectonically  folded, 
faulted  and  crumbled  rock  formations  in  the 
various  thrust  sheets.  Secondly,  the  region 
is  subjected  to  sporadic  earthquakes  and 
seismic  activity.  These  have  played  a  great 
role  in  the  configuration  and  carving  of 
the  present  topography  of  the  region.  Thirdly 
most  parts  of  the  terrain  experience  heavy 
monsoon  rains  fo1 lowed  by  long  severe  winters 
and  long  summers.  Fourthly,  many  areas  are 
devoid  of  forest  cover  and  lastly  the 
indiscriminate  grazing  and  construction 
activity  of  roads  etc.  have  all  been 
responsible  for  the  degradation  of  the  slopes 
and  the  valleys. 

Morphologically,  only  two  types  of  land  forms 
(a)  Erosional  and  ( b )  Depositional  are 
predominant  in  the  area.  The  hills  and  peaks 
are  generally  isolated,  conical  in  shape 
and  appear  to  be  only  the  linear  extensions 
of  the  crests  of  .idges  which  also  form  water 
divides.  The  valleys  on  the  other  hand  vary 
from  small  ravines  to  deep  gullies,  narrow 
or  wide  valleys.  Deep  gorges  are  mostly 
controlled  by  the  tectonic  features  of  the 
litho  units  and  the  rock  formations,  for 
example,  the  valleys  of  Rivers  Ramganga, 
Bhagirathi,  Alaknanda  and  many  others  are 
generally  controlled  by  the  geology  and 
tectonics.  The  control  is  mainly  due  to 
dislocations  and  fault  zones.  At  many  pleaces 
the  valleys  are  wide  due  to  excessive  erosion 
and  mass  wasting  of  the  slided  slopes.  Some 
valleys,  particularly  in  the  Lesser  Himalaya, 
e.g.  in  Siwaliks  are  homoclinal,  i.e. 
controlled  by  the  strike  of  the  rocks,  while 
others  follow  the  fold  exes  of  the  antiforms 
or  the  synforms. 


SLOPES  AND  THEIR  DEVELOPMENT 

As  has  been  made  out  from  the  Survey  of  India 
topographic  sheets,  the  aerial  photographs 
and  the  actual  field  observations,  the  hill 
slopes  in  the  region  are  very  variable  and 
seem  to  be  controlled  with  the  nature  of  the 
rock  formations,  the  tectonics  and  the 
competancy  of  the  rock  masses  alongwith  the 
climate  of  the  region.  These  slopes  could 
be  classed  as:  (1)  gentle  -  with  an  inclination 
of  <  30°  best  developed  in  gneisses,  schists 
and  phyllites  of  the  Lesser  Himalaya  and  in 
the  shales  and  unconsolidated  sediments  of 
the  upper  Siwaliks,  (2)  Moderate  -  with  an 
inclination  of  20°  -  45s  predominantly  in 

schists,  phyllites,  crushed  quartzites,  gneisses 
and  limestones  of  the  Middle  Himalaya,  (3) 
Steep  Slopes  -  with  an  inclination  of  45° 

-  70°  are  common  in  the  hard,  compact  and 
well  jointed  quartzites,  limestones  of  Central 
Himalaya  and  even  in  the  coarse  massive 
sandstones  of  the  Siwaliks,  (4)  Scraps  with 
inclination  of  >75°  due  to  differential  erosion 
and  deep  cutting  streams  (5)  Topographic  Flats 

-  with  sub-horizontal  surfaces  are  predominant 
in  the  stable  zones,  as  a  result  of  erosion 
of  the  gently  dipping  thick  massive  sedimentary 
formations.  In  the  granitic  regions,  rounded 
or  sub-rounded  mounts  are  also  noteworthy 
in  the  Middle  Himalaya.  In  brief,  it  may  be 
concluded  that  the  hill  forms,  the  slopes 
and  the  valleys  in  the  region  are  products 
of  the  lithology,  tectonics,  dip  failures, 
and  structural  deformations  and  discontinuities 
coupled  with  the  variations  in  the  climate 
and  the  erosive  activity  of  waters  along  the 
weak  planes  and  toe  erosion. 

LANDSLIDE  AND  LITHOLOGY 

On  an  over  view  and  evaluation  of  the  land 
failures  activity,  it  is  noted  that  the  clastic 
rock  units  of  the  Siwaliks  are  less  susceptible 
to  landslide  activity.  It  may  be  due  to  the 
easy  weathering  of  soft  rocks  producing  good 
soils  for  luxuriant  vegetation.  The  Nagthat 
quartzites,  Krol  limestones  etc.  and  the  low 
grade  metamorphics  (phyllites,  schists  and 
slates  etc.)  being  well  jointed,  well  foliated 
are  less  vegetated  and  show  an  higher  incidence 
of  landslide  activity.  The  rocks  of  higher 
grade  metamorphics  and  the  crystallines  i.e. 
granites,  gneisses  and  quartzites  alongwith 
the  massive  krol  limestone  (not  influenced 
by  weak  characters)  are  comparatively  less 
prone  and  affected  by  landslides  only  at  few 
localities  close  to  the  major  tectonic  features 
like  the  NAT,  MBF  or  MCT.  However,  the  massive 
crushed,  fractured  and  foliated  rocks  suffer 
of  rock  falls,  rock  debris,  in  the  neighbourhood 
of  the  tectnic  features/shears  or  weak  zones, 
particularly  when  associated  with  meta-basics 
or  epidiorites,  (Table  II,  Fig. 2). 

Almost  all  thrust  faults  and  shear  zones  are 
evidenced  by  the  presence  of  breccia,  crushed 
and  gouged  materials.  Such  characters  are 
best  observed  particularly  along  the  recent 
and  Neotectonic  (?)  features.  Along  the  other 
weak  zones  meta-basics  or  their  weathering 
products  are  invariably  present,  e.g.  Almora- 
Dubatoli-Bi jnath  thrust  sheet  in  Kumaon;  Main 
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TABLE  II.  Characters  of  some  Important  Thrusts  and  Landslides  Zones  along  Bhagirithi  Valley  in 
Garhwal  Himalaya 

(Modified  and  compiled  after  Jain,  1972) 


CHARACTERS  OF  THRUSTS 


CHARACTERS  OF  LANDSLIDE 
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Main  Central  Impersistant  chlorite  schist, 
Thrust  increase  in  metamorphic 

( MCT )  effects  towards  top  of  Gamri 

quartzites  near  thrust; 
development  of  foliations, 
mica  lineation  and  quartz 
sericite  schist. 


Intensely  crushed,  3-5km 
wide  zone  on  the  sub-thrust 
side,  zone  of  intense  land¬ 
slide,  e.g.  Sainj  landslide. 


* 


Uttarkashi  Persistent  metabasics, meta- 

Thrust  morphic  effects  maximum, 

wherever  metabasics  are 
absent  development  of  folia¬ 
tion,  mica  lineation  and 
schistose  quartzite. 


Dunda  Persistent  metabasics, meta- 

Thrust  morphic  effect  minimum 

wherever  metabasics  are  thick 


Singuni  Impersistent  mylonites,in- 

Thrust  creasing  metamorphic  effects 

towards  the  sole  of  the 
thrust  in  Gamri  quartzites, 
development  of  foliation, 
mica  lineation  and  quartz 
schist. 


Srinagar/  Impersistent  metabasics, 

North  Almora  increased  metamorphic  effects 
Thrust  in  Dharasu  formation  along 

(NAT)  thrust  zone,  crushing  of  rocks 


Tons  Fault  breccia  and  crushed 

Thrust  slate,  lack  of  metamorphism 


Basul 

Thrust 


Krol 

Thrust 


Sericite  quartz  schist 
and  schistose  quartzites 
in  thrust  zone,  increase  in 
metamorphic  effects, develop¬ 
ment  of  foliation  and  mica 
lineation. 

Fault  breccia,  crushed 
Chandpdr  phyliite,  friable 
carboneceous  matter,  lack 
of  metamorphism,  typical  of 
other  thrusts  in  foothills 


Highly  crushed  and  friable 
zone  of  1.5  to  3km  in  width 
landslide  zone  with  flowing 
highly  crushed  material  e.g 
Netala  landslide. 


Highly  crushed  zone  of  1  to 
2.5km  width,  metabasic  blocks 
in  flowing  debris. 

Highly  crushed  limestone 
zone  along  Tehri-Dunda  Road 
crushed  zone  upto  1.5  to  2km 
wide  e.g.  Khattukhal  slides. 


Intermediate  width  (upto  1.5 
km  landslide  zone  of  angular 
blocks  and  crushed  rocks  in 
flowing  slide  zone,  e.g. 

Nail  slide  north  of  Dharasu 


Narrow  zone  of  crushed  rock 
material,  also  rock  slides, 
150  to  200m  wide  one,  e.g. 
Nagun  slide. 

Localised  landslides  zones 
along  less  significant  thrust 
faults,  e.g.  Jakh  slide  on 
the  Tehri  Chamba  road. 
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100  to  200m  wide  landslide 
zone  of  crushed  and  massive 
rock  materials  persistent, 
evidence  of  holocene  move¬ 
ments,  e.g.  Rajpur  Toll 
Barrier  slide. 


SOUTH  Main  Fault  breccia,  crushed  and 

(Rajpur)  Boundary  powdered  material. 

>  Fault 

(MBF) 


Narrow,  intermittent  landslide 
zones  of  -crushed  rock  material 
dip-slip  slopes  more  problem¬ 
atic. 
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Central  Thrust,  Uttarkashi  Thrust,  Singuni 
and  North  and  South  Almora  Thrusts  in  the 
Kumaon-Garhwal  region  and  Uttarkashi,  Singuni, 
Tons,  Srinagar,  Krol  thrusts  etc.  in  the  Garhwal 
area.  These  metabasics  are  highly  prone  to 
weathering  and  erosion.  They  give  rise  to 

brownish  clays  -  very  similar  to  the  'bole' 
overlying  the  Deccan  traps.  This  bole  clay 
is  expensive  and  rich  in  montmorillonite  types 
of  clay  minerals.  It  flows  on  wetting,  sometimes 
carrying  huge  blocks  of  massive  competent 
rocks  during  rains  or  even  later  as  at  Kaliasaur 
on  the  Badrinath  road  or  near  Dunda  etc. 
localities  on  the  Tehri  -  Uttarkashi  road. 
Similar  flowing  brownish  clayey  mass  has  also 

been  observed  in  a  tunnel  being  excavated 
(August-Sept.  1987)  for  the  Maneri  (Stage 
II)  Hydro  power  scheme,  a  little  north  of 
Uttarkashi. 

Following  the  postulations  of  Reed  (1964) 
for  the  correlations  of  metabasics  and  their 
characters  along  the  Alpine  faults  in  New 

Zealand,  the  marked  occurrence  of  brecciated 
and  mylonitised  or  weathered  meta-basics  (in 
Garhwal-Kumaon  Himalaya)  may  also  lead  in 

deciphering  their  depths  and  the  deepening 
or  shallowing  of  the  faults  and  thrusts.  The 
main  characters  of  certain  important  thrusts 
and  the  associated  landslide  features  are 
shown  in  Table  II. 

On  considerations  of  the  morphology,  lithology 
and  tectonics  of  the  Garhwal-Kumaon  region 
it  may  be  suggested  that  the  estimation  of 
the  depth  of  slip  surfaces  and  crown  cracks 
should  form  essential  aspects  of  the 
investigations  of  landslides  in  the  Himalayan 
terrain  before  any  preventive  measures  for 
their  control  are  adopted. 


DISTRIBUTION  OF  LANDSLIDES 

As  a  sample  for  discussion,  the  Ramganga 
basin  is  chosen  as  an  example.  On  a  study 
of  more  than  500  landslides,  it  is  concluded 
that  in  the  (four  sub-basins)  the  number 
of  recent  slides  is  comparactively  more, 
where  certain  developmental  activities  are 
in  progress.  Similar  phenomena  are  also 
observed  along  the  pilgrim  routes  of  Rishikesh- 
Badrinath-Rudraprayag-Kedarnath  and  Rishikesh- 
Uttarkashi-Gangotri  roads  etc.  Wherever  the 
new  alignments  occupy  the  old  sections  of 
these  roads  the  sliding  activity  is  almost 
absent  or  the  slopes  are  least  affected. 

LANDSLIDE  SIZE  AND  PERCENTAGE  OF  ACTIVITY 

It  has  been  noted  that  the  recent  slides 
are  many  times  more  in  number  and  are  mainly 
medium  in  size.  Very  large  or  giant  sized 
slides  are  almost  absent  in  the  region,  while 
the  smaller  ones  are  inumerable  and  not  taken 
into  consideration  for  this  discussion.  Table 
III  shows  the  percentage  of  the  mapped  slides 
(522  Nos)  in  Ramganga  Basin  both  in  the  field 
and  on  the  aerial  photographs: 

In  addition  to  the  above,  the  major  .slide 
zones  lie  in  the  sparsely  vegetated  areas 
followed  by  in  the  agriculatural  strips  of 
lands  (irrigated  and  unirrigated)  and  maximum 
in  the  deforested  and  barren  slopes.  The 
decidous  forests  suffer  the  least  while  the 
coniferous  zones  are  appreciably  more  afflicted 
with  medium  slides. 


316 


TABLE  III. Percentages  of  Recent  and  Old 
Slides  (After  Joshi 1987 ) 


Type  Recent  Old  and  Remarks 

Recent 


Giant  size 
100,000m2 

Absent 

2.7% 

The  giant  size 
slides  appear  to  be 
historic 

Very 

large 

70-100, 000m2 

0.4% 

4.1% 

Comparatively  old 
and  large  sized 
slides  may  be  due 
to  repetitive  fail¬ 
ures  till  the  anqle 
of  repose  is  reached. 

Large 

35-70, 000m2 

2.6% 

24.6% 

Majority  of  these 
slides  occur  in  low 
grade  metamorphics 
followed  by  Infra 

Krol  slates, shales, 
quartzites, granites 
and  gneisses. 

Small"'  97 -0% 

5000-35, 000m2 

68.5% 

Some  of  the  smaller 
and  medium  slides 
appear  to  have  been 
washed  out  in  time. 

SHAPE 


an  awsome  picture  of  the  barren  mountain 
slopes,  the  hill  sides  or  even  in  the  once 
forested  valleys.  The  hill  sides  are  steeply 
scared,  hallowed  and  gullied,  devoid  of 
vegetation  and  serve  important  clues  for 
the  identification  and  recognition  of  the 
major  tectonic  and  thrust  zones  on  the  aerial 
photographs.  From  Table  III  (recent  and  old 
slides)  it  is  evident  that  the  new  and  recent 
slides  far  outnumber  the  older  ones.  Human 
activities  (including  agriculture)  coupled 
with  deforestation,  road  and  bridge 
constructions  etc.  on  the  fragile  hill  slopes 
are  equally  responsible  for  the  degradation 
of  the  unstable  slopes  mainly  due  to  the 
disturbances  of  the  angles  of  repose.  To 
sum  up,  Table  IV  gives  the  relationship  of 
the  geo-environments  and  landslides. 

TABLE  IV.  Geo-Environmental  Factors  commonly 
Associated  with  Landslide  Zones 
(Based  on  the  study  of  the  four  sel¬ 
ected  sub-basins  of  Ramganga  -  after 
Joshi,  1987) 


Geo-Environmen-  Landslides  more  Landslides  less 
mental  Factor  Common  common 


Rock  types  Massive  quartzi-  Limestone, 

tes,  slates,  dolomite, 

shale, Phyllite  gneisses, 
and  Schists 


Elongated 

Equidimen- 

sional 

Elliptical 


24-26.5%  24-26% 
>  70%  >  60% 

3-14%  8-15% 


LANDSLIDE  ACTIVITY  AND  NEARNESS  TO  TECTONIC 
CONTACTS 

Of  the  over  500  landslides,  the  majority 
of  these  occur  within  short  distances  of 
1-1. 5km  from  the  tectonic  contacts.  Further 
away  the  number  of  failures  gradually  decrease. 
From  this,  it  is  inferred  that  the  slide 
zones  lie  close  to  the  tectonic  features 
(regional  thrusts  and  faults  or  even  to  the 
local  faults).  A  review  of  the  litho-tectonic 
units  (Tables  I  and  II)  in  the  area  also 
support  such  an  inference,  from  which  it 
is  noted  that  the  maximum  number  of  hazardous 
slides  occur  in  the  belt  (Fig.l)  between 
the  MBF  -  Srinagar  thrust  or  the  NAT  and 
SAT  and  the  MCT  coupled  with  the  minor  and 
local  structures  affected  by  Neotectonics, 
e.g.  near  Dhrasu,  Maneri,  Ganganani  etc. 
on  the  Tehri-Gangotri  road,  while  along  the 
Rishikesh-Badrinath  road  active  zones  are 
observed  close  to  Pipalkoti,  Joshimath, 
confluence  of  Patalganga  and  Alaknanda,  the 
middle  reaches  of  R.  Birehi  Ganga  and  near 
Nandprayag  etc.  etc.  From  the  frequent  slides 
and  the  percentage  of  landslides,  it  is  also 
easily  inferred  that  the  dynamic  forces  are 
still  active. 

As  a  result  of  the  landslides  the  morphology 
of  the  region  has  become  rugged  and  exhibits 


Land  use  type 


Azimuth 

directions 


Proximity  to 
shear  zones 


Relief  of  the 
area 


Ruggedness  of 
the  area 


Barren  or 
sparsely  vege¬ 
tated  areas. 

North-east, 
South-West 
and  West  facing 
slopes. 


Forests, agri¬ 
cultural  lands 

North , North-West 
South , South-East 
amd  East  facing 
slopes 


Areas  lying  Areas  lying  away 

within  the  range  by  3kms  distance 
of  3kms  distance  from  the  shear 
from  the  shear  contacts, 
contact 

Areas  of  higher  Areas  of  low 
relief  and  steep  relief  and 
slopes  gentle  slopes 

Areas  of  the  Areas  of  higher 
lower  ruggedness  ruggedness  and 
and  less  develop-well  developed 
ed  drainage  net  drainage  net 
work  work. 


From  the  above,  it  is  considered  that  the 
Nagthat  quartzites.  Infra  Krol  slates,  shales 
and  siltstones  and  the  low  grade  metamorphics 
of  the  region  are  relatively  moderate  to 
landslide  activity,  while  the  other  formations 
are  comparatively  less  prone.  Whereas  when 
these  lie  close  or  are  affected  by  a  tectonic 
feature  they  are  highly  susceptible  to  slides 
or  rock  falls.  In  the  inner  higher  parts 
of  Himalaya  particularly  close  to  the  MCT 
the  massive  jointed  rocks  or  the  crystallines 
and  gneisses  with  steep  slopes  are  more  prone 
to  the  rock  falls.  These  are  thus  highly 
hazardous  for  road  and  bridge  works  or  for 
any  other  developmental  activities. 
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HAZARDS  AND  ECONOMIC  LOSSES 

The  economic  implications  of  landslides  in 
the  region  are  manifold.  The  important  and 
direct  effects  on  the  mankind  are:  (i)  loss 
of  life  and  property,  (ii)  economic  losses 
due  to  (a)  loss  of  forest  wealth,  (b)  broken 
roads,  canals,  bridges  and  sometimes  even 
the  habitations,  { c )  damage  to  other  means 
of  transportation  ar.d  transmission  lines 
etc.  (d)  loss  of  fisheries  and  other  sites 
of  sports  etc.  Of  the  indirect,  the  most 
important  effects  are  the  higher  rates  of 
erosion  and  devastation  of  forests  on  the 
hill  sides  and  slopes,  falls  of  shooting 
rocks,  sedimentation  and  silting  of  lakes 

and  reservoirs  and  last  but  not  the  least, 
formation  of  crevases  and  slumps  on  ground 
surfaces. 

As  a  result,  the  pace  of  development  in  the 
region  is  comparatively  slow.  As  such,  the 
human  activities  like  the  growth  in 
agriculture,  exploitation  of  minerals  and 
other  natural  resources,  construction 
activities  of  roads,  defence  establishments, 
tourists  centres  and  sspas  and  sports  complexes 
etc.  are  very  limited  and  few.  From  what 
has  been  discussed  in  these  pages  the 

landslides,  the  nature  of  rocks  and  tectonism, 
it  is  evident  that  the  Himalayan  mountains 
in  this  region  are  not  so  strong.  There  is 
a  constant  dynamic  change  going  on  inter¬ 

twined  with  the  climate,  geology,  hydrology 
and  the  forest  cover.  In  this  change  the 
part  of  human  activity  could  also  be  included 
as  another  factor,  since  almost  sixty  to 

seventy  percent  slides  are  thought  to  have 
been  reactivated  due  to  improper  road 
alignments  and  uncontrolled  excavations  solely 
dictated  by  the  local  political  and  'economic' 
factors  without  caring  of  the  geotectonic 
considerations  -  no  matter  what  happened 
in  future  to  the  'developmental  activity'. 
On  considerqtion  of  the  geo-evironmental 
factors  in  Table  IV  and  losses  during  the 
recent  years  and  the  magnitude  of  the  problems 
involved,  the  hazards  and  losses  could  easily 
be  estimated  from  the  few  examples  of  immediate 
past  events  as  noted  below: 

Examples  of  losses 
Loss  of  Life  and  Property 

(a)  Belakuchi  disaster  in  1970. 

(b)  Ganganani  calamity  and  falls  of  1978 

(c)  Gohna  slipes  of  1893  and  1894. 

Economic  Losses: 

(a)  Civil  works  and  constructions 

Belakuchi,  Kaliasaur,  Ganganani, 

Pipalkoti,  Joshimath,  Devaprayag, 

Nainital,  Mussoorie,  Kalagad  (Rajpur) 
and  on  Pithoragarh-Dharchula  road  etc. 

(b)  Canals:  Ganga  canal  in  1970,  Belakuchi- 

and  Gohna  slide  on  R.Birchiganga  in 
1893  and  1894  later  siltation  of  the 
reservoir  and  its  breach  in  1970  also 


contributed  in  the  siltation  of  the 
century  old  canal  upto  Bahadarabad  near 
Roorkee . 

Total  damage  to  the  barrage  at  Tanakpur 
in  1880. 

(c)  Roads  and  Bridges:  Belakuchi  in  1970 
and  R.Birehi  ganga  slides  and  floods 
breached  off  3km  long  stretch  of  road 
and  byepassed  a  girder  bridge.  Ganganani 
slips  and  slides  caused  similar  havoc 
in  1978,  left  a  bridge  hanging  washed 
off  the  road  for  more  than  4km  length. 

(d)  Village:  Belakuchi  shops  on  the  road 
side. 

(e)  Other  properties: 23  vehicles  at  Belakuchi 
in  1970;  8  vehicles  at  Ganganani  in  1978. 

(f)  Life:  17  persons  in  Belakuchi  and  at 
least  8  persons  in  Ganganani. 

(g)  Electric  lines  etc.  near  Belakuchi. 

Fishery  etc.  Obliteration  of  Gohna  Tal  in 
1970. 

Higher  Erosion  and  Deforestation:  Patalganga 
floods  in  1970.  Slides  on  the  banks  of  Birehi- 
Ganga  in  1893,  1894,  1970,  1971  and  in  1974. 

Slides  at  Ganganani  in  1978. 

Formation  of  lakes:  Gohna  Tal  in  1893,  1894, 
Blockade  of  Rishiganga  near  Reni  in  1968. 

Sedimentation  and  Silting  of  lakes  and 
reservoir:  Gohna  Tal-sedimentation  during 

1893-1970  made  the  lake  totally  extinct. 
Ramganga  reservoir  getting  silted  up  at  the 
rate  of  0.158  Hect  m  per  sq.km  per  mts. 

Siltation  of  Tarag  Tal.  Bhogwali  Pokhar  in 
Ramganga  basin  etc. 

Cracks  Crevecies  and  Falls:  Kaliasaur  slides 
and  falls  almost  every  year  since  1964  or 
may  be  earlier,  Mussoorie,  Rajpur,  Mahalachuri 
etc.  etc. 


CONCLUSIONS 

1.  The  Garhwal  Group  of  Rocks  are  more 
susceptible  to  landsliding  and  the  major 
slides  zones  are  mainly  confined  to  a  30- 
50km  wide  belt  between  the  major  thrust 
zones,  i.e.  MCT,  NAT/SAT  and  MBF. 

2.  The  Himalaya  are  typefied  by  a  complex 
land  morphology,  controlled  to  a  large 
extent  by  the  geologic  set-up,  structural 
deformations,  rock  discontinuities  and 
lineaments. 

3.  Mass  wasting  and  sliding  mainly  occurs 
during  the  monsoons  or  due  to  cloud  bursts. 
Rain  water  on  percolation  along  the  weak 
zones  in  hard  rocks  ensure  the  slides  through 
an  increase  of  the  hydrostatic  pressures. 

4.  An  increase  in  gravity  due  to  massive 
loadings  and  decrease  in  shsarinq  strength 
acting  together  or  even  independently, 
generally  cause  landsliding.  The  phenomena 
is  enhanced  by  the  associated  weathered 
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meta-basics  or  its  weathered  product 
'bole'  clay. 

5.  In  order  to  visualise  the  magnitude,  the 

calamitic  effects  and  hazards  caused  by 
a  particular  landslide,  attempt  must  be 
made  to  determine  the  depth  of  the  slip 

circle  and  the  amount  and  passage  of 

percolation. 

6.  While  treating  a  landslide  zone,  the 

original  angle  of  repose  of  the  rock  or 

debris  mass  should  be  maintained  as  far 
as  possible. 

7.  Large  scale  toe  erosion  is  reponsible  for 

feeding  the  large  number  of  rivers  with 

huge  amounts  of  sediment  loads,  and  is 
a  major  cause  of  siltation  in  the  river 
channels/reservoirs  and  even  on  the  flood 
plains. 

8.  The  dynamic  activity  is  still  continuing 
as  indicated  by  recent  disturbances 
affecting  the  collovium  and  terrace  deposits 
along  the  river  channels. 
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SYNOPSIS:  As  a  result  of  considering  the  historical  aspects  in  Cairo  subsoil  at  different  stages 
of  its  development,  soil  deposits  in  the  alluvial  plain  in  Cairo  area  could  be  identified  and 
classified  on  their  origin  into  limited  number  of  major  types.  Their  distribution  could  be  prod¬ 
uced  on  maps  on  which  classes  of  engineering  significance  are  recognized.  The  boundaries  between 
map  units  have  been  drawn  separating  areas  of  equal  origin  and  characteristics.  Verification  of 
soil  profile  from  field  investigation  indicated  complete  agreement  with  the  previous  characteriza¬ 
tion  based  on  theoretical  considerations. 


INTRODUCTION 

Cairo  is  one  of  the  few  great  symbolic  cities 
with  tneir  extended  history  and  current  vital¬ 
ity.  In  all  probabilities,  the  earliest 
development  of  civilization  had  took  place 
near  to  this  strategic  site  and,  as  a  capital 
of  Egypt,  Memphis  of  the  Pharaoh,  in  the 
vicinity  of  Cairo  antedates  almost  every  other 
human  conglomerate  larger  than  a  village.  The 
parade  of  historical  monuments  preserved  in 
and  around  Cairo  span  a  period  of  more  than 
five  thousand  years  and  express  the  entire 
civilization  of  the  country.  There  is  no  one 
epoch  of  history  which  had  not  left  within  it 
numerous  and  precious  traces. 

The  wonder  of  Egypt  is  not  only  in  its  history 
but  also  in  its  site.  At  the  meeting  point  of 
the  three  big  continents  of  the  ancient  world, 
Europe,  Asia  and  Africa  lies  Egypt.  Here  also 
two  waterways  meets,  important  in  history  and 
commerce  of  the  world:  The  Mediterranean  and 
the  Red  Sea.  The  former  brings  Egypt  in  direct 
contact  with  the  West,  while  the  latter  joints 
it  with  the  Far  East.  And  just  as  Egypt  stands 
astride  East  and  West,  so,  Cairo,  its  capital 
stands  astride  Egypt  linking,  as  well  as  domi¬ 
nating,  the  two  subregions  -  Upper  Egypt  to 
its  South  and  Lower  Egypt  to  its  North.  Its 
dominance  is  cnallenged  only  by  The  Nile,  the 
river  that  bisects  both  Cairo  and  the  nation 
but  paradoxically  unifies  as  it  divides. 

Its  location  is  30°  4'  North  latitude  and  31° 
17'  Last  longitude  20  kilometers  to  the  South 
of  the  point  where  the  Nile  divides  into  the 
Rosetta  on  Dametta  branches.  To  the  East, 
Cairo  reaches  the  Mukattam  Hills,  announcing 
the  Eastern  Desert,  in  the  West  it  crosses  the 
Nile  into  Giza  to  the  Western  Desert  which 
eventually  extends  to  the  Libyan  Desert. 

Cairo  today,  home  for  more  than  10  million 
inhabitants,  presents,  to  the  geotechnical 
engineer,  primary  problems  and  enormous  chal¬ 
lenge.  It  is  a  city  with  a  pressing  problem  of 


land  use  inefficiencies.  Most  good  building 
sites  have  already  been  exploited  and  more  use 
will  have  to  be  made  of  sites  with  less  favour¬ 
able  conditions.  Many  structures  will  have  to 
go  underground  and  installation  of  services  be¬ 
neath  existing  building  will  necessitate  tunnel¬ 
ling. 

As  a  result,  a  great  volume  of  routine  investig¬ 
ation  has  been  carried  out  and  still  going  on  by 
several  public  bodies,  private  companies  and 
consultants  for  different  important  projects 
such  as  Cairo  Underground  Metro,  and  Greater 
Cairo  Sewerage  Plan. 

Because  boring  records  and  reports  for  each  site 
or  project  are  generally  very  detailed  and  no 
or  a  little  exchange  of  information  has  been 
experienced,  soil  deposits  in  Cairo  give  the 
impression  that  they  are  of  extreme  complexity 
and  countless  variety.  Therefore  duplication  of 
effort  is  likely  to  be  extensive. 

The  primary  aim  of  the  present  work  is  to  improve 
that  situation  by  making  clear  the  ground  forma¬ 
tion  in  Cairo  area.  This  would  develop  the 
knowledge  of  subsoil  conditions,  help  in  recogn¬ 
ising  potential  soil  problems;  and  guide  in  good 
planning  of  site  investigation  work.  Thus  the 
time  and  effort  donated  to  field  work  and  labor¬ 
atory  testing  can  be  greatly  reduced. 

The  implicit  goal  is  to  extract  a  form  or  a  pat¬ 
tern  from  what  appears  to  be  capricious  disorder, 
However,  if  order  is  to  be  found, more  than  the 
traditional  methods  must  be  employed  to  uncover 
the  hidden  framework. 

Geology  and  history,  envisaged  to  be  of  relev¬ 
ance  of  the  present  work,  were  used  to  separate 
the  accidental  from  the  essential  and  to  trace 
the  chains  that  binds  present  with  past  and  links 
part  with  whole.  This  to  uncover  the  orderly 
patterns  and  sequences  in  Cairo's  growth  and 
development  that  yielded  the  present  soil  forma¬ 
tions  and  have  given  rise  to  its  particular 
characteristics. 
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GEOMORPHOLOGY 

Egypt  nay  be  divided  into  four  geographical  re¬ 
gions:  The  Eastern  Desert,  The  Western  Desert, 
The  Nile  River  and  Delta,  and  the  Sinai  Desert. 
Cairo  covers  portions  of  the  first  three  regions 
(see  Fig.  1 ) . 


Fig.  1  Greater  Cairo  Area  &  Topographic  Features 

The  Nile  is  a  perennial  stream  which  flows  South 
to  North  and  divides  Egypt  into  the  Eastern  and 
Western  Deserts.  The  relatively  flat  alluvial 
plain  and  the  gently  sloping  terraces  to  the 
higher  desert  areas  form  the  Nile  Valley.  At 
the  site  of  Cairo  the  Nile  Valley  is  10  to  15 
kilometers  wide. 

Through  Cairo  area,  the  Nile  passes  by  the  high 
Mukattam  Plateau  of  the  Eastern  Desert.  On  the 
Western  side,  beyond  the  valley,  the  cliffs  are 
lower  and  form  the  Pyramids  Plateau.  Just  down¬ 
stream  from  Cairo,  the  valley  widens  and  forms 
a  large  delta  trihutary  to  the  Mediterranean  sea 
Two  branches  of  the  Nile  meander  through  the 
delta  area;  the  western  branch  enters  the  Medi¬ 
terranean  Sea  at  Rosetta  and  the  eastern  branch 
at  Damietta. 

The  general  slope  of  the  Nile  flood  plain  is  to 
the  North,  Elevations  along  the  river  flood 
plain  range,  from  22  m  at  the  South  end  of  Cairo 
area  to  13  m  at  the  Northern  end.  The  highest 
elevation  of  the  Mukattam  Hills  on  the  Eastern 
side  of  the  river  is  213  m  at  point  Southeast  of 
the  Citadel.  To  the  North,  but  Southeasterly 
from  Heliopolis,  elevations  in  the  200  to  218  m 
range  are  found. 


GEOLOGICAL  ASPECTS 

The  geological  formations  at  the  site  of  Cairo 
have  the  features  of  hill-slopes  which  appear  as 
wall  bordering  the  valley  and  filled  with  depos¬ 
its.  These  deposits  which  comprise  the  valley 
fill  within  the  area  of  the  bordering  Eocene 
limestone  are  fluviatile  sediments  ranging  from 
Pliocene  to  Recent. 

The  geology  of  Cairo  has  been  studied  intensively 
by  many  researchers,  as  far  as  the  older  forma¬ 
tion  are  concerned  (Beadnell,  1902,  Barron,  1907; 
Cuvilier,  1924;  Hume,  1925;  Lawson,  1927;  Shukri , 
1953;  Attia,  1954;  Said  and  Youssri,  1964;  Youssef, 
1968;  Abu  Al-Izz,  1971;  Said,  1981).  However, 
the  fluviatile  sediments  of  the  Nile  Valley  have 
been  treated  lightly.  The  most  thorough  treat¬ 
ment  of  the  latter  deposits  was  done  by  El-Sohby 
and  Mazen  (1985).  Their  study  depended  on  infor¬ 
mation  received  from  boreholes,  detailed  records, 
wells  and  excavations  that  penetrate  the  formations 

According  to  El-Sohby  and  Mazen  (1985),  the  fluv¬ 
iatile  sediments  comprises  of  alluvium  and  diluv¬ 
ium.  Alluvium  are  soil  deposits  laid  down  in 
recent  times  by  flood  waters  while  diluvium  are 
deltaic  soil  deposits  formed  at  earlier  stages  of 
river  developments. 


HISTORICAL  ASPECTS 

Because  Cairo  is  a  very  old  city,  historical  ele¬ 
ments  dictated  the  city  pattern  of  growth  and 
they  are  the  key  to  the  pattern  of  formation  of 
deposits  in  alluvial  plain.  Therefore,  in  the 
following,  tht  telescopic  lense  of  history  is 
used  in  studying  the  Cairo  subsoil  at  different 
stages  of  its  development.  Three  main  elements 
are  considered  in  the  study;  they  are:  1)  the 
geographic  features  of  the  site;  2)  the  River 
Nile  and  its  changes;  3)  Man's  occupation  of  the 
area.  Although  the  history  of  Cairo  spans  more 
than  7000  years,  the  more  recent  history  with 
impact  upon  subsoil  and  relevance  in  explaining 
soil  conditions  can  be  traced  from  the  founding 
AD  641  of  Al-Fustat  which  lies  towards  the  Sou¬ 
thern  boundary  of  the  existing  city. 

The  references  consulted  for  historical  informa¬ 
tion  were  numerous.  However,  we  relied  heavily 
on  three  notable  original  sources.  They  are: 

1)  the  Khittat  of  Al-Maqrizi;  2)  Description  de 
1 1  Egypt  of  the  French  Expedition;  and  3)  Al- 
Khittat  Al-Tawfiqiah  Al-Gadida  by  Mubarak. 

Geographic  Features  in  the  Seventh  Century 

At  the  site  of  Cairo,  the  boundary  of  the  Nile 
flood  plain  is  fixed  by  two  sudden  escarpments 
of  the  Muqattam  Hills  on  the  East  and  the 
Pyramids  plateau  on  the  West.  The  ridge  which 
divides  valley  from  desert  on  the  Eastern  side 
is  nearest  to  the  river  at  the  site  of  Qasr  Al- 
Shama  before  it  pivots  Northeast  until  it  dis¬ 
appears  when  the  valley  opens  at  the  site  of  Al- 
Fustat;  then  it  becoming  increasingly  broader  to 
the  North.  Furthermore,  in  the  seventh  century 
the  Eastern  border  was  farther  to  the  East  than 
it  does  now.  Therefore,  the  flood  plain  area  on 
the  East  bank  was  much  narrower. 

The  River  Nile  and  its  Changes 

From  verbal  description  of  early  historians  (Al- 
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Maqrizi,  A1 -Muqddassi ,  Ali  Ibn  Moussa,  Al-Qalaq- 
shandi,  A1-8aladhury,  Al-Baghdadi;  Al-Gabarti) 
and  from  previous  research  work  in  history  (Casa¬ 
nova,  1913;  Creswell ,  1918;  Haswell,  1922;  Tous- 
soun,  1923,  1925,  1926;  Clerget,  1934;  Ahmed, 
1939;  Abd  Al-Tawwab,  1963;  Volkoff,  1970;  Zaki, 
1979;  Mubarak,  1980),  the  Nile  border  at  differ¬ 
ent  stages  of  Cairo  development  could  be  traced. 
Successive  recessions  and  transgressions  of  the 
Nile  border  are  shown  in  Figs.  (2-6). 

The  figures  show  that  most  of  contemporary  Cairo 
is  built  on  land  which  lay  either  permanently  or 
periodically  submerged  under  the  river  in  the 
seventh  century.  In  later  centuries  the  land 
that  came  into  existence  due  to  gradual  recess¬ 
ion  of  the  Nile  was  the  result  of:  natural  silt¬ 
ing,  diversion  of  flood  waters  through  a  system 
of  canals  and  lakes;  and  complex  dam  storage  up¬ 
stream. 

Man's  Occupation  of  the  Area 

Man's  occupation  of  the  area  has  given  rise  to 
considerable  deposits  of  human  depris  to  overly 
the  alluvial  Nile  plain. 

Firstly,  the  destruction  of  Al-Qataie  (Capital 
of  Tulunids)  in  AD  905  and  the  burning  of  Al- 
Fustat  in  AD  1168  caused  a  big  area  of  land  to 
be  abandoned.  This  included  Al-Qataie,  and  a  big 
portion  of  Al-Askar  (Ccpital  of  Abbassids).  since 
that  date  and  down  to  the  present  day,  this  area 
has  been  the  site  of  rubbish.  And  with  progres¬ 
sive  accumulation  of  filling  on  the  ruin  mounds 
it  became  one  connected  area  of  rubbish  heap  that 
cover  the  entire  terrain  where  Al-Fustat,  Al-Askar, 
and  Al-Qataie  once  stood. 

Secondly,  during  the  time  of  Mohamed  Ali  ( 1 805— 
1848),  changes  in  the  city  were  directed  toward 
cleaning  up  the  abuses  which  had  rendered  the 
city  less  habitable.  Among  the  changes  introdu¬ 
ced  were  the  leveling  of  the  ruubish  mounds  on 
the  Western  edge  of  the  city  and  filling  in  the 
lakes,  ponds  depressions  and  swamps. 


ROLE  OF  HISTORICAL  ASPECTS  IN  CHARACTERISATION 
OF  SOIL  DEPOSITS  IN  ALLUVIAL  PLAIN 

As  a  result  of  considering  the  previously  men¬ 
tioned  historical  aspects  in  subsoil  development, 
soil  deposits  in  alluvial  plain  could  be  classi¬ 
fied  on  their  origin  and  mode  of  formation  into 
a  limited  number  of  major  types.  Tteir  distribu¬ 
tion  could  be  produced  on  a  map  on  which  classes 
of  engineering  significance  are  recognized.  The 
boundaries  between  map  units  have  been  drawn 
separating  areas  of  equal  origin  and  characteris¬ 
tics  (Fig.  7).  They  are:  1)  Terrace  Alluvium; 

2)  Flood  Silting;  3)  Channel  Deposition;  4)  Island 
Formation;  and  5)  Fill  or  Mode  Ground. 

1 )  Terrace  Alluvium 

This  unit  represent  the  older  flood  deposits  or 
the  last  Nile  terrace.  It  exists  on  both  sides 
of  the  Nile  and  is  bounded  on  one  side  by  the 
geological  boundaries  and  on  the  other  side  by 
the  Nile  border  in  the  seventh  century  (AD  641). 

After  transposition  of  the  Nile  course  and  shift 
of  river  bed  in  historical  times,  flood  waters 
began  to  fill  the  land  left  by  the  receding  Nile 
allowing  the  coarser  grains  to  settle  first. 
Therefore  a  layer  of  fine  sand  overlain  by  stiff 
silty  clay  (old  deposits)  is  conceivable. 


2)  Flood  Silting 

It  is  the  land  that  came  into  existence  after 
the  seventh  century  due  to  gradual  recession  of 
the  Nile  and  successive  flooding  and  sediment- 
tion.  This  unit  occurs  only  on  the  East  bank 
of  the  Nile.  It  is  bounded  on  the  East  by  the 
Nile  border  in  AD  641  and  on  the  West  by  the 
Nile  border  at  the  time  of  the  French  Expedition 
(AD  1800). 

In  this  unit,  a  sequence  of  layers  similar  to 
the  previous  unit  is  conceivable  due  to  the 
similarity  in  sedimentation  mechanism.  However, 
this  type  is  relatively  modern  Nile  deposits 
when  compared  to  the  previous  type.  Therefore 
upper  clay  layer,  had  not  been  consolidated  as 
the  previous  type,  it  is  expected  to  be  soft  to 
medium. 

3)  Channel  Deposition 

It  is  the  land  formed  on  both  sides  of  the  Nile 
banks  in  the  nineteenth  century  after  forcing 
the  main  flow  of  the  river  to  its  present  course. 
This  was  done  by  filling  up  the  Western  channel 
in  the  area  between  the  nile  border  in  AD  1800 
and  the  present  one;  and  strengthening  the 
Eastern  level  of  the  Nile. 

The  sites  of  this  unit  is  near  the  river  banks 
and  the  main  deposits  expected  are  silts  and 
fine  sands  overlying  the  coarse  sand  and  gravel 
which  had  previoufly  formed  the  bed  of  the  river 
channel . 

4)  Island  Formation 

This  unit  comprises  ali  the  lands  that  came  into 
existence  in  the  form  of  islands.  They  are 
Geziret  Al-Rowdah  (Al-Rowdah);  Geziret  Al-Fil 
(Shoubra);  Geziret  Bulaq  (Boulaq);  and  Geziret 
Arwy  (Zamalek). 

Due  to  sedimentation  mechanism  encountered  in 
island  formation,  a  considerable  layer  of  silt 
is  expected  at  a  depth  near  to  ground  surface 
followed  by  fine  sand  overlying  the  coarse  sand 
and  gravel.  After  the  island  had  been  formed 
and  the  velocity  of  water  flow  became  slower, 
the  clay  particle  would  be  allowed  to  settle 
particularly  in  the  middle  and  in  the  upstream. 
Therefore,  a  top  clay  layer  as  well  as  clayey 
intercalations  in  the  upstream  of  the  island  are 
expected  to  occur. 

Fill  or  Made  Ground 

This  unit  varies  from  place  to  place.  It  is  the 
heritage  of  urban  development  in  Cairo  area 
throughout  its  history.  On  the  East  bank  of  the 
Nile,  the  occurrence  of  fill  deposits  and  their 
thicknesses  must  be  remarkably  significant  when 
compared  with  the  West  bank.  They  are  the 
product  of  old  channels  (Khalig),  lakes  (Birkah) 
and  ruin  mounds  of  early  settlements.  It  is 
worth-noting  that  some  areas  in  Cairo  are  still 
known  by  their  early  land  marks  such  as:  Al- 
Azbakiya;  Birket  El-Fil,  and  Birket  El -Rati i ; 

They  were  previously  lakes. 

The  old  channels  and  lakes  were  filled  in  the 
nineteenth  century  with  near  by  mounds.  The 
site  of  old  channels  (e.g.  El-Khalig  El-Masri), 
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Fig.  2  Nile  border  in  the  Seventh  Century 
(AO  641) 


Fig.  3  Nile  SorderfAD  1126) 


Fig.  4  Nile  Border(AD  1252) 


must  therefore,  form  at  present  on  elongate 
basin  of  fill  underlying  Port  Said  street  with 
a  depth  of  about  10  ra  as  that  of  El-Khalig. 
Similarly  the  depth  of  fill  at  the  site  of  old 
lakes  must  range  between  5  and  10  ms. 

The  fi.ling  on  ruin  mounds  of  early  settlements 
had  began  to  form  just  South  the  Hosque  of  Ibn 
Tulun.  According  to  chronology  and  description 
of  historical  events,  the  ruin  segment  must  had 
got  a  triangular  slope  with  the  mosque  of  Ibn 
Tulun  as  apex  and  one  side  striking  South 
parallel  to  El-Khalifah  cemetry  and  the  other 
side  striking  South-West  parallel  to  Qasr-Al- 
Shama  and  Mosque  of  Arar. 

Anotner  segment  of  fill  must  exist  extending 
parallel  to  Muqattam  edge  to  the  North-East 
where  it  had  served  for  a  long  time  as  a  rubbish  - 
mound. 


CONCLUSION 

V-  As  a  result  of  considering  the  historical 
aspects  in  Cairo  subsoil  at  different  stages 
of  its  development,  soil  deposits  in  alluvial 
plain  could  be  identified  and  classified  on 
their  origin  and  mode  of  formation  into  five 
major  types.  They  are  1)  Terrace  Alluvium; 

2)  Flood  Silting;  3)  Channel  Deposition; 

4)  Island  Formation;  and  5)  Fill  or  Hade 
Ground,  their  distribution  could  be  produced 
on  maps  on  which  classes  of  engineering 
significance  are  recognized.  The  boundaries 
between  map  units  were  drawn  separating  areas 
of  equal  origin  and  characteristics. 

2-  Borings  and  subsoil  sections  passing  through 
different  types  of  alluvial  deposits  have 
been  in  complete  agreement  with  the  charac¬ 
terization  based  on  the  consideration  of 
historical  aspects. 

3-  An  analysis  of  the  experience  of  the  present 
work  for  the  city  of  Cairo  can  be  taken  as  a 
model  for  study  of  other  old  cities  whose 
growth  and  development  were  affected  by  his¬ 
torical  aspects. 
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SYNOPSIS:  During  the  initial  stage  of  construction  of  a  23  m  high  composite  dam  across  the  Guhai  river,  the  downstream  dipping 
sedimentary  rock  sequence  of  conglomerate,  sandstone  and  shale  resting  unconformabiy  over  quartzite  and  schist  was  encountered 
as  a  suprise  during  the  excavation  of  the  foundation.  Besides,  an  8  to  8.5  m  wide  major  fault  zone  along  with  three  minor  faults 
running  across  the  dam  axis  were  also  noticed.  Extensive  subsurface  investigations  to  study  the  nature  and  characteristics  of 
sedimentary  rocks,  fault  zones,  etc.  met  with  in  the  foundations  were  undertaken  concurrently  with  the  construction  activity. 
As  a  result,  the  construction  schedule  was  greatly  affected. 

The  paper  discusses  the  detailed  evaluation  of  the  geological  flaws  by  thorough  investigation  and  foundation  treatment  evolved 
to  safeguard  the  structure. 


INTRODUCTION 

Guhai  Reservoir  Project  located  about  90  km  NE  of  Ahmeda- 
bad  city  in  Gujarat  State  of  India  is  under  construction 
since  1980  and  on  completion  it  would  create  irrigation 
facilities  to  7111  hectares  of  land  of  Sabarkantha  district. 

The  project  includes  the  construction  of  a  composite  dam 
across  the  Guhai  river.  The  construction  of  a  23  m  high 
zoned  earth  dam  on  the  left  bank  is  in  progress  and  the 
river  section  is  kept  open  till  the  construction  of  a  34.57 
m  high  spillw.-.y  and  N.O.F.  structures  located  on  the  right 
Side  of  the  river,  is  over.  When  completed,  the  dam  will 
impound  62.34  Mnr  of  water  at  F.R.L.  173  m.  Based  on 
the  hydrological  study,  an  88.72  m  long  spillway  has  been 
provided  to  negotiate  the  designed  discharge  of  4384.92 
m7s  through  six  radial  gates  of  6.09  x  9.14  m  size. 

Geological  setting  at  the  dam  site  is  intricate  and  had 
played  a  pivotal  role  in  effecting  modifications  in  design 
and  layout  of  the  project.  At  the  project  site,  quartzite 
interbedded  with  schist  belonging  to  Delhi  System  is  seen 
intruded  by  quartz  porphyry  of  post  Delhi  age.  Except 
the  left  and  right  abutment  rocky  hills,  the  entire  area 
of  the  main  dam  including  the  river  channel  is  covered 
with  alluvium  and  sand. 

It  was  only  during  the  construction  stage  that  a  sedimentary 
rock  sequence  (Cretaceous  ?)  with  a  low  downstream  dip 
resting  unconformabiy  over  the  Delhi  formation  and  affected 
by  an  8  to  8.5  m  wide  steep  angle  fault  zone  running  across 
the  dam  axis,  was  noticed  in  the  foundation.  The  unconfor¬ 
mity  is  marked  by  the  presence  of  conglomerate  predomi¬ 
nantly  consisting  of  pebbles  of  quartzite  and  occasional 
quartz.  Unusual  geological  setting  could  not  be  detected 
during  the  investigation  stage  due  to  the  absence  of  expo¬ 
sures  of  sedimentary  rocks  around  the  dam  site  and  inade¬ 
quate  subsurface  exploratory  data.  Detailed  investigations 
divulged  the  occurrence  of  conglomerate,  sandstone  and 
shale  beds  with  a  low  downstream  dip  associated  with  clay 
filled  bedding  joints  and  fault  zones.  Geological  setting 
posed  the  integrated  problems  of  sliding,  settlement  as 
well  as  seepage  and  led  to  the  modification  in  design  of 
masonry  dam  and  proper  treatment  to  weak  features  encoun¬ 
tered. 


INVESTIGATIONS 

The  project  was  conceived  as  back  as  1954.  The  details 
of  the  core  drilling  done  are  given  in  table  1. 

TABLE  1.  Details  of  Core  Drilling 


Period 

No.  of  holes  Drilled 

Depth  Drilled  (m) 

1958 

2 

21.59 

1971-72 

8 

149.34 

1980-81 

6 

143.47 

1981-82 

23 

554.20 

1982-83 

19 

727.23 

1983-84 

4 

71.20 

62 

1667.03 

GEOLOGY  OF  MASONRY  DAM  FOUNDATIONS 

The  spillway  with  a  non  overflow  section  on  the  right 
side  has  been  located  hugging  the  right  bank.  At  the  dam 
site,  igneous,  metamorphic  and  sedimentary  rocks  are  met 
with.  The  rocks  encountered  in  the  masonry  dam  foundations 
are  quartzite  and  schist  of  Delhi  System  intruded  by  quartz 
porphyry  cf  post  Delhi  age.  During  the  initial  stage  of 
construction,  when  the  foundations  of  the  spillway  were 
being  excavated  an  unanticipated  sedimentary  rock  sequence 
was  observed  which  lies  uncomformably  over  quartzites 
and  schists.  The  unconformity  is  marked  by  the  presence 
of  conglomerate  (Fig.  1).  The  description  of  rock  types 
is  given  hereunder. 

Quartzite  and  Schist 

Quartzite  and  schist  occur  as  alternate  bands.  Quartzite 
bands  vary  in  thickness  from  1  to  2  in  whereas  schist  occurs 
as  thin  bands  having  thickness  of  5  to  30  cm.  These  bands 
strike  in  N20C>-40°E  -  S20°-40°W  direction  with  downstream 
dips  varying  from  45°  to  50"  towards  S50°-70°E  direction. 
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FIG.1:  GEOLOGICAL  CROSS  SECTION 


Quartzite  is  fresh,  hard  and  resistant  while  schist  is  compa¬ 
ratively  soft.  These  beds  arc  intruded  by  quartz  porphyry 
which  is  not  met  with  in  the  masonry  dam  foundations. 

Conglomerate 

Conglomerate  marks  the  unconformity  between  metamorphics 
below  and  sedimentaries  above.  Conglomerate  seems  to 
have  been  deposited  over  the  pre-eroded  surface  of  quartzite 
and  schist.  It  mainly  consists  of  rounded  pebbles  and  gravels 
of  quartzite  and  at  times  of  quartz  having  25  to  40  cm 
size.  The  matrix  is  siliceous.  Thin  ferrugenous  coating 
is  seen  along  the  boundaries  of  pebbles  and  gravels.  The 
matrix  of  conglomerte  is  somewhat  weakened  in  the  close 
proximity  of  the  faults.  Pebbles  are  sharply  cut  along  the 
sets  of  jo|nts  developed  -sympathetic  to  the  faults.  At 
the  foundation  level  and  even  below  it,  conglomerate  is 
fresh  and  hard.  The  thickness  of  conglomerate  amplifies 
towards  the  downstream  being  more  than  45  m  at  70  m 
downstream  as  compared  to  15  m  at  the  dam  axis. 

Sandstone 

Sandstone  is  fresh  and  sparsely  jointed.  However,  a  few 
0.5  to  1.5  cm  thick  low  downstream  dipping  clay  filled 
bedding  joints  are  observed  within  sandstone.  The  interface 
of  sandstone  and  conglomerate  is  also  marked  by  the  prese¬ 
nce  of  clay  at  a  few  spots.  Sandstone  associated  with  thin 
shale  beds  and  lenticular  beds  of  conglomerate  is  seen 
deposited  over  conglomerate.  Dip  of  these  beds  varies 
from  25°  to  30°  towards  the  downstream. 


GEO-ENGINEERING  PROBLEMS 

During  the  course  of  investigation  and  foundation  excavation, 
certain  geo-engineering  problems  cropped  up  which  stalled 
the  progress  of  work  for  a  considerable  period. 

Since  the  sedimentary  rock  sequence  could  be  seen  only 
in  the  river  bed  during  excavation  of  the  foundations, 
a  thorough  subsurface  investigation  became  imperative 


to  assess  its  nature,  characteristics,  extent,  etc.  more 
so  because  of  conglomerate  as  it  is  normally  known  for 
its  pervious  and  incompetent  nature.  Extensive  subsurface 
exploration  was,  therefore,  undertaken  concurrently  with 
the  construction  activities  (Fig.  2).  The  exploration  revealed 
the  following. 

(i)  Thin  clay  beds  associated  with  sandstone  and  at  the 
interface  of  conglomerate  and  sandstone  having  low  down¬ 
stream  dip  of  25°. 

(ii)  Occurrence  of  conglomerate  which  was  apprehended 
for  its  weak  and  pervious  nature. 

(iii)  One  major  and  three  minor  faults  running  across  the 
dam  axis  with  steep  to  vertical  dips  (Table  2). 

(iv)  Discovery  of  palaeo  river  channel  occupied  by  30  to 
33  m  thick  sand  between  Ch.  630  and  730  m  (Fig.  3). 


TABLE  2. 

Details  of 

Faults 

Location 

(m) 

Attitude 

Strike  Dip 

Width 

at 

found¬ 

ation 

level 

(m) 

Description 
of  the 
material 

Ch.  835 

N75"W- 

80"  on  either 

0.1 

Clay  with 

(Mono- 

S75°E 

side  to 

to 

sheared  rock 

lith  2) 

vertical 

0.5 

pieces 

Ch.  861 

N65°W- 

75"  due  S25°W 

0.2 

Predomina- 

(Mono¬ 

liths 

3  and  4) 

S65"E 

to 

1.0 

ntly  clay  with 
rock  pieces 

Ch.  871.5 

N75°W- 

80"  due  N15°E 

8.0 

4.0  m  thick 

to  880 
(Mono¬ 
lith  5) 

S75"E 

to 

8.5 

yellow  clay 
and  2.4  to 

4.4  m  thick 
zone  of  shea¬ 
red  conglo¬ 
merate 

Ch.  921 
to  922 
(Mono¬ 
lith  8- 
Right 

NOF) 

E-W 

80°  due  North 

0.3 

to 

1.5 

Gougy 
material 
with  crushed 
rock  pieces 

INFLUENCE  OF  GEOLOGY  ON  LAYOUT  AND  DESIGN 

In  view  of  the  integrated  effects  of  the  geological  flaws, 
the  following  modifications  in  design  and  layout  of  the 
spillway  were  warranted  for  its  better  performance. 

Three  alternative  spillway  locations  were  studied  besides 
the  one  originally  contemplated  between  Ch.  806.52  and 
895.24  m.  This  study  revealed  that  from  all  considerations 
the  original  spillway  location  was  suitable,  hence  finally 
accepted. 

At  the  finally  selected  spillway  location,  the  sloping  cum 
horizontal  apron  has  been  designed  and  provided  instead 
of  roller  bucket.  This  design  would  shift  the  scour  much 
away  from  the  toe.  Moreover,  deeper  excavation  through 
rock  is  avoided  which  has  provided  adequate  safety  against 
sliding  along  clay/shale  beds. 

Earlier  five  spillway  gates  of  14.93  x  10.67  m  were  proposed. 
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Apprehending  the  weak  nature  of  conglomerate,  the  number 
and  size  of  the  gates  were  modified  to  six  of  12.5x8.23 
m  which  reduced  the  discharge  intensity  from  76.18  nr /s/m 
to  58.53  itv/s/m. 

Earlier  a  separate  monolith  for  the  major  fault  zone  had 
been  designed  to  avoid  any  differential  settlement  but  later 
on  contraction  joints  between  monoliths  4  and  5  and  that 
between  5  and  6  have  been  eliminated  to  have  a  bridging 
effect. 


PHYSICAL  CHARACTERISTICS  OF  FOUNDATION  ROCKS 

Physical  characteristics  of  the  rocks  encountered  in  the 
masonry  dam  foundations  have  been  evaluated  for  their 
anticipated  behaviour  after  impounding  of  the  reservoir. 
The  details  are  enumerated  in  table  3. 

TABLE  3.  Physical  Characteristics  of  Rocks 


Rock  Type 

Conglomerate 

Sandstone 

Quartzite 

Specific  Gravity 

2.5  to  2.7 

2.62  to  2.73 

2.71 

%  Water  Absorp¬ 
tion 

0.064  to  0.73 

0.26  to  2.13 

0.21 

Compressive 
Strength  (Wet) 
(MPa) 

65.36  to  147.70 

28.56  to 
171.44 

71.64 

%  Core 

Recovery 

47  to  100 

52  to  100 

50  to  100 

Penetration 

Rate  (m/hour) 

0.30 

0.40 

0.24 

Permeability 

1  to  60 

1  to  57 

1  to  66 

Physical  characteristics  of  conglomerate  fairly  match  with 
those  described  by  F.P.  Pettijohn  for  ortho  quartzitic  conglo¬ 
merate  (oligomict).  Such  conglomerates  normally  belong 
to  Lower  Cambrian  age.  It  is  possible  to  deduce  from  the 
above  that  conglomerate  formation  occurring  at  the  project 
site  must  have  been  formed  during  the  early  geological 
time  (Delhi  formation  ?)  and  has  attained  thorough  induration 
and  compaction. 

Moreover,  the  data  given  in  table  3  indicate  that  the  proper¬ 
ties  of  conglomerate,  sandstone  and  quartzite  are  quite 
comparable.  Thin  shale  beds  occurring  within  the  sandstone 
are  soft  to  moderately  hard  in  nature. 


FOUNDATION  TREATMENTS 

In  view  of  the  foregoing  foundation  problems,  the  following 
curative  measures  to  safeguard  the  structure  have  been 
evolved. 

Treatment  to  the  Low  Downstream  Dipping  Clay  Bed  and 
Clay  Filled  Bedding  Joints 

Low  angle  (25°  to  30°)  downstream  dipping  clay  filled  bedding 
joints/shale  beds  in  sandstone  were  encountered  in  the  spillway 
monolith  1  and  in  a  part  of  monolith  2.  The  mechanical 
analysis  and  shear  parameters  of  clay  were  determined 
in  the  laboratory  to  carry  out  the  stability  analysis  of  mono¬ 
liths  1  and  2  (Table  4). 


TABLE  4.  Mechanical  Analysis  and  Shear  Parameters 
of  Clay 


Location  Grain  Size  Analysis  (%) 

(m) 

Box 

Shear 

Trixial 

Shear 

Gravel  Sand  Silt  Clay 

C 

(MPa) 

T 

C 

(MPa) 

T~ 

Ch.  828  05  38  35  22 

to  829, 
down  - 
stream  10 

0.015 

21° 

0.02 

22° 

The  stability  analysis  for  monolith 

1  was 

carried  out 

on 

the  low  dipping  clay  filled  joints  taking  into  consideration 
the  shear  parameters  C=0  and  t>  =  20°.  The  values  of 
the  sliding  and  shear  friction  factors  obtained  after  conside¬ 
ring  the  passive  resistance  available  from  the  downstream 
side  rock  ledge  are  acceptable. 

Treatment  to  Conglomerate 

Conglomerate  was  apprehended  for  its  weak  and  permeable 
nature.  Laboratory  test  results  of  conglomerate  and  sand¬ 
stone  samples  indicated  that  the  minimum  compressive 
strength  in  saturated  condition  is  65.36  and  28.56  MPa 
respectively  which  is  about  29  times  higher  than  the  maxi¬ 
mum  stress  of  0.98  MPa  that  will  be  developed  after  the 
completion  of  the  spillway.  Thus,  their  relative  deformability 
would  also  be  similarly  less  in  the  light  of  the  maximum 
stress  considered  in  design  of  the  structure. 

Usually,  the  value  of  bond  between  good  rock  and  masonry 
is  considered  as  0.686  MPa,  but  due  to  weak  nature  of 
rock  this  value  is  considered  as  0.49  MPa.  Thereby,  the 
values  of  shear  friction  factor  for  all  conditions  of  loading 
are  satisfied.  Moreover,  to  achieve  better  bond  with  the 
foundation  rock  where  conglomerate  is,  exposed  a  50  cm 
thick  bottom  layer  of  M  20  (20  N/mrn  )  strength  conc.ete 
has  been  provided  and  masonry  work  was  started  when 
concrete  was  green.  Some  bond  stones  have  also  been 
inserted  in  the  bottom  concrete  to  have  proper  bond  with 
masonry.  This  treatment  has  been  provided  in  monoliths 
3  and  4.  Adequate  curtain  and  consolidation  grouting  has 
been  done  to  minimise  the  seepage  and  to  further  improve 
the  modulus  of  deformation  of  foundation  rocks  including 
conglomerate. 

Treatment  to  Fault  Zones 

(a)  The  foundations  of  the  spillway  monoliths  2  to  5  and 
8  are  traversed  by  four  steep  angle  faults  (Tablq  2). 

Before  finalising  the  treatment,  an  in-depth  geological 
investigation  of  the  fault  zone  in  monolith  5  by  sinking 
two  inclined  and  one  vertical  drill  holes  to  ascertain  its 
thickness,  nature  of  the  material,  etc.  were  undertaken. 
Data  obtained  from  these  drill  holes  indicated  that  (i) 
the  width  of  the  clay  zone  below  RL  115.85  m  reduced 
and  (ii)  the  fault  zone  narrowed  down  at  depth  and  towards 
the  downstream. 

Of  these  faults,  those  met  with  in  the  monoliths  2  to  4 
and  8  were  minor  ones  and  were  given  the  usual  dental 
treatment.  While  excavating  the  trench  along  the  fault 
zone  in  monoliths  3  and  4  for  dental  treatment  from  7 
to  13  m  downstream,  the  width  of  the  fault  gouge  increased 
to  2.1  m  as  against  0.3  to  1.0  m  observed  in  the  rest  of 
the  area.  Further,  the  condition  of  conglomerate  constituting 
the  foundations  of  these  monoliths  beyond  7  m  downstream 
is  also  somewhat  weakened  due  to  effect  of  faulting.  Keeping 
in  view  the  above  conditions,  a  concrete  plug  of  M  20 
strength  was  provided  in  the  fauit  zone  trench  and  due 
to  the  increase  in  the  width  of  the  fault  zone  from  7  to 
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13  m  downstream,  a  1  m  thick  concrete  raft  spanning  the 
entire  block  has  been  provided  to  guard  against  any  local 
differential  settlement. 

(b)  Fault  zone  encountered  in  monolith  5  being  a  major 
one,  elaborate  treatment  was  considered  imperative.  Because 
of  an  8  to  S.5  m  wide  fault  zone  traversing  across  the 
dam  axis,  a  separate  monolith  had  been  provided.  By  adopting 
the  Shasta  formula  for  the  plug  treatment,  the  depth  of 
excavation  worked  out  to  6  m  from  the  general  foundation 
level  at  RL  143.5  m.  Accordingly,  the  fault  zone  material 
was  excavated  down  to  RL  137  m  where  it  was  revealed 
that  the  clayey  gauge  was  the  decomposed  product  of  basic 
intrusive  along  the  fault  zone.  The  excavated  trench  has 
been  plugged  with  M  15  (15  M/mirT)  strength  concrete. 
To  transfer  the  load  to  the  competent  shoulders,  arch  shaped 
concrete  has  been  done.  Hammock  reinforcement  of  32 
mm  diameter  detormed  bars  placed  at  30  cm  both  ways 
has  been  provided  to  take  care  against  any  settlement. 
This  has  been  extended  upto  RL  143.5  m.  Above  this  and 
upto  RL  146  m  concreting  is  done  (Fig.  4). 
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The  left  shoulder  of  the  fault  zone  trench  is  formed  by 
conglomerate  whereas  the  right  one  is  made  up  of  competent 
quartzite  interbedded  with  thin  schist  bands.  The  sides 
of  the  trench  were  roughened  to  have  proper  bond  between 
the  concrete  and  the  rock.  Contact  grouting  has  also  been 
done  to  take  caie  against  shrinkage,  etc. 

Plasticity  index  of  the  gauge  material  was  more  than  15 
hence  piping  is  not  apprehended.  However,  to  have  adequate 
path  of  percolation  through  the  fault  zone,  a  5  m  wide 
upstream  cut-off  to  a  depth  of  3  m  (RL  134  m)  below 
the  bed  of  the  trench  has  been  provided.  To  achieve  the 
desired  path  of  percolation,  the  plug  treatment  was  extended 
upto  36  m  downstream.  The  bottom  of  the  trench  from 
30  to  36  m  downstream  was  kept  at  RL  139.5  m  to  avoid 
dewatering  problem  (Fig.  5). 

Since  the  horizontal  apron  beyond  the  fault  zone  concrete 
was  to  rest  on  comparatively  softer  strata,  differential 
settlement  was  likely.  To  obviate  this  possibility,  a  longitu¬ 
dinal  joint  with  water  stop  arrangement  has  been  provided 
in  the  apron  portion  of  monolith  5  itself. 

At  the  final  excavation  level  of  the  trench,  conglomerate 
in  2  m  width  occurred  in  the  central  portion  of  the  founda¬ 
tion.  It  is  bounded  on  both  sides  by  basic  rock  intrusion 
of  2  and  3  m  width.  Basic  intrusive  rock  is  highly  weathered 
while  conglomerate  is  slightly  weathered  and  jointed  due 
to  the  effect  of  faulting.  The  contacts  between  basic  intru¬ 
sion/conglomerate  and  basic  intrusion/quartzite  and  schist 
are  marked  by  the  presence  of  a  thin  layer  of  clay. 

The  spillway  monoliths  4  to  6  posed  unique  problems  because 
of  -  (i)  differential  foundation  levels  in  monolith  4  (RL 
144  m),  monolith  5  (RL  137  m)  and  monolith  6  (RL  152 
m),  (11)  coincidence  of  pier  location  exactly  over  the  contact 
of  monoliths  5  and  6  and  (lii)  FEM  analysis  indicated  diffe¬ 
rential  settlement  of  1.75  cm  of  the  fault  zone  material 
at  RL  137  m. 

Considering  these  points,  R.C.C.  slab  beam  above  the  fault 
zone  in  monolith  5  had  been  designed  and  constructed. 
This  raft  is  1.5  m  thick  and  provided  between  RL  152.85 
and  154.35  m  and  has  been  extended  by  2.75  m  on  either 
side  of  the  monoliths  4  and  6,  thereby  affording  an  adequate 
bearing  to  the  raft  on  either  side  of  monolith  5.  All  the 
three  monoliths  have  been  combined  to  reduce  the  load 
intensity  on  the  foundation  rocks  (Fig.  4  and  5). 


CONCLUSION 

For  safe  and  sound  design  as  also  timely  execution  of 
any  irrigation  project,  thorough  prognostications  are  impera¬ 
tive. 
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SYNOPSIS 

Construction  of  masonry  and  reinforced  cement  concrete  retaining  walls  are  common  as  a  measure  of 
landslide  control  in  the  Himalayan  region.  They  are  usually  very  expensive  and  call  for  import  of 
cement,  steel,  stones,  sand  and  water  from  long  distances.  The  paper  spotlights  a  novel  technology 
of  constructing  anchored  drum  diaphragm  retaining  walls  which  make  use  of  slope  waste  material  itself 
for  wall  construction,  saving  to  the  tune  of  40  per  cent  in  cost.  Utilisation  of  slope  debris  in 
turn  minimises  hazards  due  to  debris  flow,  rockfalls  etc  and  other  mass  movements. 


INTRODUCTION 

Himalayan  landslides  generate  staggering  amount 
of  debris  most  of  which  are  eventually  swept 
away  by  its  mighty  river  system  capable  of 
carrying  incredibly  large  amount  of  sediment. 
Satellite  pictures  taken  in  1974  dramatically 
reveal  that  eroded  debris  carried  by  the 
Himalayan  rivers  have  indeed  created  a  new  land 
mass  about  50,000  sq.km  in  area  extending  well 
beyond  700  km  into  the  sea.  With  the  vast 
slopes  of  Nepal,  Western  Sikkim,  Kumaon,  Garhwal 
Kashmir  and  several  other  hilly  regions  getting 
robbed  of  their  vegetal  cover  particularly  due 
to  indiscriminate  deforestation,  the  gravity  of 
slope  erosion  and  consequent  landloss  may  become 
even  more  alarming.  As  the  population  grows, 
more  and  more  of  human  settlement,  dams, 
tunnels,  water  reservoirs  and  roads  would  be 
added.  The  current  experience  highlights  that 
the  network  of  40,000  km  of  hill  roads  in  the 
Himalaya  is  already  prone  to  heavy  landsliding 
involving  on  an  average  5,000  tonne  of  debris 
and  slope  waste  on  every  major  landslide  spot 
each  year.  Every  kilometre  of  road  when  cons¬ 
tructed  could  be  expected  to  generate  1  to  2  lac 
tonne  of  debris  right  at  the  time  of  construc¬ 
tion.  If  effective  methods  of  landslide  control 
are  to  be  found,  the  enormous  slope  waste  mate¬ 
rial  must  be  put  to  effective  use.  By  doing  so, 
not  only  the  hazards  associated  with  debris  flow 
and  rock  falls  would  reduce  but  a  tremendous 
economy  in  building  materials  and  construction 
costs  of  control  measures  would  seem  possible. 

The  usual  package  of  landslide  control  measures 
for  Himalayan  landslides  inter  alia  include 
construction  of  gravity  retaining  walls,  gabion 
type  walls,  timber  piling  for  stitching  debris 
perched  on  slopes,  prestressed  anchoring  of 
sliding  masses,  vegetating  of  the  problematic 
slopes  and  provision  of  surface  and  subslope 
drainage  systems.  The  construction  of  retaining 
walls  normally  require  large  quantities  of 
cement,  steel,  stones,  sand  and  water  to  be 
transported  usually  from  long  distances  at  a 
very  heavy  expense.  It  is  for  this  reason  that 
the  idea  of  making  effective  use  of  landslide 
debris  and  slope  waste  was  pursued  at  the 


Central  Building  Research  Institute  and  the 
technology  of  drum  anchored  diaphragm  walls  was 
evolved  through  design  and  field  trial.  Such  a 
construction  technology  makes  the  fullest  use 
of  landslide  generated  debris  and  costs  only  60 
per  cent  of  the  cost  of  conventional  retaining 
walls. 


DRUM  ANCHORED  DIAPHRAGM  WALL 

A  simple  to  do,  low  cost  technology  for  cons¬ 
truction  of  retaining  wall  to  stabilise  slopes 
has  been  developed  by  che  author  Bhandari 
(1987),  which  promotes  extensive  use  of  slope 
waste  and  landslide  debris.  The  system  of  drum 
anchored  diaphragm  walling  consists  of  empty 
bitumen  drums  interconnected  vertically  and 
laterally,  filled  up  with  wasteful  debris  to 
achieve  gravitational  effect  and  suitably 
anchored  at  the  slope  foundation  as  well  as  on 
to  the  slope  retained.  It  is  basically  a  dry 
system  of  construction.  Besides  promoting 
utilisation  of  slope  waste  and  enhanced  speed  of 
construction  in  difficult  hilly  terrains,  the 
system  offers  following  advantages  : 

-  Effective  utilisation  of  wasteful  slope 
debris,  thereby  saving  scarce  building  mate¬ 
rials  and  their  long  distance  transportation. 

Partial  elimination  of  expensive  and  dange¬ 
rous  excavations  for  foundation  associated 
with  conventional  types  of  retaining  walls. 

Effective  use  of  wasteful  empty  bitumen  drums 
available  in  abundance  through  road  construc¬ 
tion  agencies. 

Dry  construction  technology,  which  does  not 
require  water  otherwise  difficult  to  get 
particularly  in  the  hilly  areas. 

-  Self  draining  system  thus  relieving  excess 
hydrostatic  pressures  behind  the  retaining 
wall. 

-  Easy  construction  that  does  not  require  heavy 
equipment  for  construction. 
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Speed  of  construction  is  usually  high  and 
need  for  skilled  personal  is  generally  low. 

SPECIAL  FEATURES 


The  system  of  retaining  wall  makes  use  of  empty 
bitumen  drums  to  serve  as  containers.  The  top 
and  bottom  portions  of  drums  are  removed  and 
only  the  cylindrical  shell  is  utilised.  In  an 
actual  construction,  these  were  arranged  at 
Kaliasaur  landslide  (Fig.  1)  in  two  rows,  one 
behind  the  other. 


FIG.  1  KALIASAUR  LANDSLIDE 
The  rear  row  was  of  2^/2  drums  height  and  the 
front  row  was  of  2  drums  height.  The  drums  were 
interconnected  in  both  vertical  and  horizontal 
direction  by  m.s.  plates  and  bolts  to  ensure 
continuity  and  were  filled  with  debris  to  give 
weight  and  impart  stability.  The  drum  wall  was 
anchored  at  the  base  and  also  to  the  back-fill 
to  attain  further  stability  against  sliding  and 
tilting.  Details  of  the  wall  are  shown  in 

Fig.  2.  The  contact  surface  between  the  two 
adjoining  drums  being  irregular  allows  free  flow 
of  water,  which  also  flows  between  the  drums  and 
that  should  relieve  the  unbalanced  hydrostatic 
pressures  on  tne  wall.  The  rain  water  that 
accumulates  inside  the  drums  also  drains  out 
through  the  drum  bottom. 

DESIGN  CONSIDERATIONS 

A  retaining  wall  of  above  description  construct¬ 
ed  from  slope  waste  can  be  analysed  for  its 


stability  by  Finite  Element  Method  assuming  it 
as  a  plane  strain  problem.  A  typical  drum  dia¬ 
phragm  wall  is  built  of  slope  waste  placed  into 
empty  bitumen  drums  which  are  anchored  using  25 
mm  dia  mild  steel  bars  grouted  into  the  founda¬ 
tion  to  a  depth  of  0.6  m.  The  diaphragm  is 
anchored  to  the  slope  with  the  help  of  50  x  6 
mm  m.s.  flat  at  2  m  centres  2.5  m  into  the 
slope. 


r—50x6  MS  Flat 

_ @  2m  c/c  at 

rum  level  1.30m ' 
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FIG.2  ANCHORED  DRUM  DIAPHRAGM  WALL  BUILT  OF 
SLOPE  WASTE  AND  EMPTY  BITUMEN  DRUMS 

Tsui  and  Clough  (1974)  have  examined  the  val;  i 
ty  of  assuming  the  condition  of  plane  strain  tor 
the  anchored  walls.  It  has  been  demonstrated 
that  most  anchored  walls  have  a  tie  back  spacing 
that  is  close  enough  to  justify  the  assumption 
of  plane  strain.  They  have  defined  the  earth 
pressure  as  dimensionless  parameter  I_  which 
equals  1^  p/P,  where  1.  is  the  characteristic 
length  of  the  slab,  p  tne  earth  pressure,  and  P 
the  prestress  load.  The  maximum  deviation  of 
the  plane  strain  pressure  from  the  three-dimen 
sional  pressures  works  out  to  be  only  15  per 
cent.  In  the  general  case,  the  deviation  of 
three-dimensional  pressures  from  a  plane  strain 
distribution  was  defined  in  terms  of  the  soil 
stiffness,  the  wall  stiffness  and  the  tie  back 
spacing.  The  results  showed  that  stiffer  the 
wall,  the  closer  the  tie  back  spacing  and  the 
softer  the  soil,  the  more  accurate  is  the 
assumption  of  plane  strain  condition.  In  this 
case  the  anchors  were  ordinarily  grouted  and 
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there  was  no  prestress.  As  such,  the  assumption 
of  plane  strain  condition  for  the  drum  diaphragm 
wall  appears  to  be  justified. 

The  analysis  of  the  diaphragm  wall  with  the 
retained  earth  has  been  carried  out  by  discre- 
tising  the  continuum  by  8-noded  isoparametric 
element.  The  continuum  has  been  extended  to  be 
7  m  below  the  diaphragm  wall  and  also  on  either 
side  of  it.  The  following  material  properties 
for  the  retained  disintegrated  soft  rock  mass 
have  been  adopted  in  the  analysis. 

E  =  250  kg/cm  ;  =  0.30;  =  1800  kg/m3;  0’  =  30° 

For  the  slope  wastefill  inside  the  bitumen  drum, 
the  following  material  properties  have  been 
taken  : 

E  =  1500  kg/cm2;  =  0.30;  =  2000  kg/m3;  0'=  35° 


rods  in  the  rear  row  are  supported  at  1.3  metre 
level  with  the  help  of  50  mm  x  6  mm  m.s.  flat 
which  is  taken  into  debris  accumulated  over  the 
slope.  The  flats  are  held  in  position  by  two  25 
mm  dia  m.s.  bars  driven  vertically  into  the 
debris;  this  helps  preventing  tilting  of  the 
retaining  wall. 

As  the  construction  of  drum  wall  continues,  the 
already  completed  portion  of  the  wall  is  filled 
with  debris  which  provides  mass  to  the  wall. 
The  space  behind  the  retaining  wall  is  filled 
with  debris.  A  50  mm  x  6  mm  flat  having  a  28  mm 
dia  hole  at  the  centre  is  held  against  two  drums 
of  the  front  row.  An  L-shaped  25  mm  dia,  3  m 
long  m.s.  rod  is  inserted  into  the  hole  and 
driven  into  the  debris.  This  system  is  provided 
at  2m  centres  to  keep  it  in  a  proper  alignment 
and  to  provide  additional  stability. 


Frg.  3  shows  the  distribution  of  horizontal 
earth  pressure,  Fig.  4  the  horizontal  displace¬ 
ment  of  the  drum  diaphragm  wall  obtained  by  the 
finite  element  analysis  and  the  same  has  been 
compared  with  that  obtained  by  Coulomb's  theory. 
The  slope  of  surcharge  of  the  retained  material 
has  been  taken  as  30°. 


Drum  Dicphrcgm  wall 
(an  'P=30° 


Coulomb's  Theory  . 
PA~KAlh(  =1S00k9/m  > 
cos%<t  -ft) 


sm(<p+f  )sin(<T  -f) 
cos(S+f)[I-^  cosfj+^jcosfy  -p) 


In  this  case,  P=0,  S=0  and  <?=  30° 
2 


Ka  =  0.75 


Coulomb's  Pressure  E=25Qkg/cm 
7=0.3,  7-lS00kg/m3  ,s  <p=  30° 

Drum  Wall  filled  with  slope  waste  by  FEM 


waste 


2  ,  'Y—  ,  nnm _ / _ 3  Cp— 

=lS00kg/cm2,i  =0.3,  1  =2000kg/m? 


(Es=250kg/cm,y=0.3,7=W0kgM,  f=  30°) 


<P=  35°; 


1  2 
(kg/ cm2 ) 


Concrete  wall  by  FEM  « 

(E=2SQkg/cm2,  7=0.3,  V=m0kg/m\$=30°) 

E=0.2  x  106kg/cm2, 7=0. J5, 
i  7=2400kg/m3  ,<P  =35°; 


Based  on  this  technology,  about  a  100  metre  long 
and  2,15  m  high  wall  has  been  constructed  at 
Kaliasaur  landslide  area,  18  km  east  of  Srinagar 
(Garhwai)  on  Rishikesh-Badrinath  road.  A  view 
of  the  wall  after  construction  in  August  1986, 
at  a  time  when  debris  flow  in  the  slope  cover 
was  at  its  peak,  is  shown  in  Fig.  6.  Even  when 
a  lot  of  debris  rolled  down  from  the  top  of  the 
slope  and  covered  the  wall,  it  has  stood  stable. 


Drum  Diaphragm  Wall 
tanV=4:J 


0.034 


Hor.DispUcm.) 
Drum  Wall 


0.039 


YT 

i:o  0.3 

Hor.DispUcm.) 
Concrete  Wall 


FIG.  3  EARTH  PRESSURE  DISTRIBUTION 
CONSTRUCTION 

The  alignment  of  the  retaining  wall  is  first 
marked  on  a  prepared  level  base  on  the  slope. 
Holes  are  drilled  using  a  suitable  compressor  to 
a  minimum  depth  of  60  cm  at  predetermined  posi¬ 
tions,  1  m  apart,  to  accommodate  25  mm  dia  m.s. 
rods.  The  rods  are  driven  into  these  holes. 
About  15  cm  wide  and  45  cm  deep  pit  is  made 
around  these  rods  and  the  pit  is  filled  with 
1:3:6  cement  concrete.  The  rods  serve  as  verti¬ 
cal  anchors  at  the  base  and  do  provide  a  high 
degree  of  resistance  against  sliding.  The 
drums  are  then  assembled  and  bolted  in  the 
sequence  shown  in  Fig.  5.  Alternate  vertical 


FIG.  4  HORIZONTAL  DISPLACEMENT  OF  WALL 

The  alignment  of  the  wall,  monitored  so  far  has 
not  indicated  any  significant  displacements. 
Observations  are  continued  to  monitor  the  per¬ 
formance  of  wall.  In  addition  to  the  drum 
retaining  wall  provided  at  the  toe  of  the  slope, 
other  measures  like  slope  drainage  and  slope 
vegetation  are  also  being  implemented  to  enhance 
slope  stability. 

The  materials  used  for  a  typical  100  m  long  wall 
are  given  below  : 

1.  Empty  bitumen  drum  -  50  cm  dia  =  900  Nos. 

(available  from  Road  Construc¬ 
tion  Deptt.  as  Waste  Material) 
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2.  1 2  ana  dia,  7.5  cm  long  bolts  =  250  kg 

with  nuts 

3.  M.S.  flat  50  mm  x  6  mm  =  3570  kg 

4.  M.S.  rod  25  mm  dia  =  2770  kg 

5.  Debris  for  filling  drums  =  160  cu.m 

(available  in  plenty  at  site 

as  waste  material) 


MS  Rod 
(25mm  Dia) 


Waste  slope 
filling 


Drum 


Stage-ll 


Stage-ltl 


Section  1-1 


FIG.  5  SEQUENCE  OF  CONSTRUCTION  OF 

ANCHORED  DRUM  DIAPHRAGM  WALL 


ments  were  made  using  FEM  and  the  correspondence 
between  the  prediction  and  pe/foroance  was,  so 
far,  found  to  be  satisfactory. 

CONCLUSION 

It  can  be  concluded  that  the  drum  diaphragm 
retaining  wall  built  at  the  Kaliasaur  landslide 
in  Garhwal-Himalaya  has  been  successful.  The 
technique  could  safely  be  recommended  to  provide 
effective  and  economical  substitute  for  stone 
masonry  or  concrete  retaining  walls  elsewhere  in 
the  Himalaya.  They  may  ultimately  workout  to  be 
much  cheaper  and  safer  than  even  the  conventio¬ 
nal  wire-netted  sausage  walls  and  gabion  walls. 
The  greatest  advantage  appears  to  be  that  the 
material  of  construction  is  available  in-situ 
eliminating  need  for  import. 
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FIELD  MONITORING 

The  wall  was  monitored  using  EDM  surveys  and  the 
displacements  over  a  period  of  18  months  were 
found  to  be  negligible.  Prediction  of  displace- 


336 


Proceedings:  Second  International  Conference  on  Case  Histories  in  Geotechnical  Engineering,  June  1-5, 1988,  St.  Louis,  Mo.,  Paper  No.  2.61 


Prevision  of  the  Bearing  Capacity  of 
Superficial  Foundation  on  Jointed  Rock 

Marangos  Christos 

Dr.  Ing.  Lecturer  of  the  Geotechnical  Engineering  Department, 

University  of  Thessaloniki,  Greece 


SYNOPSIS:  The  article  describes  the  application,  in  Greece,  of  an  approximate  resolution  of  the  pre¬ 
vision  of  the  superficial  foundation  bearing  capacity  of  a  school  building  group  on  jointed  granite. 
The  method  is  based  on  the  mechanics  of  the  discontinuous  media.  On  a  sufficient  number  of  a  canvas 
points  which  is  situated  on  the  critical  section  under  the  foundation,  the  developina  shear  stresses 
are  defined,  based  on  the  elastic  theory,  and  they  are  compared  with  the  variable  -into  the  various 
directions-  shear  strength  of  the  jointed  rock.  The  resulted  data  conduct  to  the  setting  of  bounda¬ 
ries  of  plastic  zones  which  allow  the  approach  of  the  failure  form  and  of  the  sliding  body.  The 
limited  load  value  is  defined  by  successive  appoximations . 


1.  INTRODUCTION.  PROBLEM  SETTING 

There  are  sufficient  solutions  that  calculate 
the  bearing  capacity  in  soil  mechanics.  This 
happens  because  of  the  homogeneous  and  isotropic 
character  of  the  soil  and  of  the  easy  way  to  de¬ 
fine  its  mechanical  characteristics. 

The  problem  is  not  simple  in  case  of  jointed 
rock.  The  difficulties  result  because: 

-  The  mechanical  behavior  depends  mainly  on  the 
tectonic  fabric  of  the  rock  mass.  The  joints 
devide  the  material  and  constitute  low  strength 
surfaces.  Therefore,  the  failure  form  for  a 
given  loading,  will  be  different  from  the  form 
that  is  defined  by  the  state  of  stress  for  a 
continuous-isotropic  medium.  So,  according  to 
the  kind  of  the  fabric  and  to  the  orientation 
of  the  main  normal  stresses,  the  failure  tracks 
will  follow  partly  or  thoroughly  the  already 
existing  joint  surfaces  and  consequently  the 
resistance  will  be  differentiated  to  friction 
strength  along  the  joint  surfaces  and  to  resi¬ 
stance  of  proper  shear  strength  of  the  intact 
rock. 

The  approach  of  this  "residual"  strength  pre¬ 
supposes  the  statistical  measurement  of  the  rock 
fabric  and  the  knowledge  of  the  stress  distri¬ 
bution. 

-  The  joints  will  have  a  great  influence  on  the 
development  of  the  shear  fields  that  will  result 
from  the  external  loads.  Deviations  and  local 
stress  assemblies,  till  the  failure  limit,  will 
appear  in  the  stress  paths  with  consequence  the 
development  of  new  stress  fields  in  these  pla¬ 
ces,  which  will  conduct  to  prooressive  failure 
phenomena.  The  estimation  of  the  fabric  influe¬ 
nce  on  the  stress  distribution  meets  insuperable 
difficulties  practically, if  we  take  into  account 
the  uncertainty  that  exists  with  reference  to 
the  orientation  and  the  values  of  the  pre-exi¬ 
sting  main  stresses. 

-  The  necessary  mechanical  characteristics  for 


a  bearing  capacity  calculation,  and  the  quanti¬ 
tative  parameters  which  characterize  the  fabric, 
require  expensive  investiaation  work. 

Of  course,  we  expect  almost  always  that  the  bea- 
rincr  capacity  of  a  jointed  rock  to  be  greater 
than  a  soil  mass.  But  the  problem  is  to  find  the 
permissible  soil  pressure  as  a  magnitude  that 
results  from  calculations  in  which  to  be  able  to 
take  under  consideration  as  much  as  possible  the 
parameters  from  whom  it  depends. 

The  problem  is  complex  in  its  origins  and  its 
approach  seems  to  be  possible  only  with  assump¬ 
tions  . 

Very  simplified  methods,  where  the  jointed  rock 
is  characterized  by  a  mean  angle  of  friction  and 
a  mean  cohesion,  don't  take  into  account  the  im¬ 
portant  influence  of  the  joints  on  the  rock 
behavior, conduct  to  great  uncertainty  regarding 
the  value  of  the  safety  factor  and  they  must  be 
used  with  great  prudence. 

An  approximate  method  for  the  study  of  the  load¬ 
ing  rock  slopes  has  been  proposed  by  Mfiller  and 
Pacher.  In  this  method  for  the  determination  of 
the  stress  distribution,  the  assumption  of  the 
elastic-isotropic  semi-space  is  made  but  on  the 
various  points  of  the  critical  section  the  shear 
stress  is  getting  under  dcpendance  from  the 
orientation  of  the  stress  field  and  the  orienta¬ 
tion  of  the  discontinuities  that  characterize 
the  rock. 

This  article  describes  the  application,  in  Greece* 
of  an  approximate  resolution  of  the  prevision 
of  the  foundation  bearing  capacity  of  a  school 
building  group  on  jointed  granite,  based  on  the 
principle  of  the  method  of  MCiller  and  Pacher. 

The  great  extension  of  the  buildings,  about 
23.000  sq.m. , obliges  to  take  advantage  of  the 
rock  resistance  for  economy  reasons. 


2.  GEOTECHNICAL  DATA  OF  THE  REGION 
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The  rock  that  exists  at  the  region  is  a  strongly 
jointed  granite.  The  determination  of  the  fabric 
datas  is  based  only  on  the  measurement  of  the 
dips  of  the  joints  which  have  been  observed  in 
the  cores  of  conventional  coring  boreholes  of 
about  300  meters  in  total  depth  (core  recovery 
about  100%).  The  statistical  study  of  the  joint 
planes  conducted  to  the  following  fabric  data. 
The  rock  mass  is  characterized  by  three  joint 
sets  J1,J2,J3  with  dips  a  and  frequences  f  ( f  = 

=  number  of  joints  oer  meter)  equal  to:  J1:a=0°, 
f=4 ,0  m-1,  J2:a=30O*  f=2,5  m-1 ,  J3 :a=65o,f=2,0  nrl 
The  joints  are  filled  by  clay  material  at  the 
majority  of  the  areas  with  deverse  mechanical 
characteristics. 


3.  PREVISION  OF  THE  BEARING  CAPACITY 

In  the  adapted  method,  the  assumption  that  the 
joint  sets  can  have  the  most  unfavourable  combi¬ 
nation  of  strikes  -that  lies  on  the  safety  side- 
is  made.  Hence,  it  is  based  on  the  statistical 
measurement  only  of  the  dips  of  the  joint  planes, 
abolishing  the  costly  sampling  of  orientated  core. 

The  investigation  is  focussed  in  the  determina¬ 
tion  of  the  limit  load  which  in  case  of  its  ap¬ 
plication  can  give  a  sliding  body  able  to  move. 

This  method  follows  the  following  steps : 

-  Determination  -for  various  loads  successively- 


Fig.  1.  Static  analysis  of  the  superficial  foundation 
bearing  capacity  on  jointed  rock. 

a)  Partial  safety  factors  R=t/r  and  plastic  zones,  separately  for  each  of  the  joint  sets  J1,J2,J3  in  points  of  canvas 
situated  on  the  critical  section  for  load  p  =  1.500  kN/m2.  • =  Ri  1 ,0,  °=  R>  1,0.  b)  Plastic  zones,  under  the  footing 
of  all  the  joint  sets  J1,J2,J3  for  loads  p  =  500,  1.000,  1.500  kN/m2.  c)  Approximation  of  the  limit  lead.  Failure  form 

and  sliding  body.  -  =  progressive  failure. 

Geotechnical  data:  Jointed  granite.  Fabric:  three  joint  sets:J1:  a=0°,  f=4,0  m”',  J2:  a=30°,  f=2,  5m-',  J3:  a=65°, 
f=2,0  nrl .Joint  sets  filled  by  clay  filling  material  with  parameters  f=17°,  c^  =  45,0  kN/m2.  Form  data:  Rigid  strip  foot¬ 
ing,  B  =  2,80  m  in  width.  Superficial  foundation. 
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of  the  state  of  stress  that  results  from  the 
self  weight  and  from  the  transported  loads  on  a 
sufficient  number  of  points  of  a  canvas  that  is 
situated  on  the  critical  section  under  the  foot¬ 
ing,  with  the  assumption  that  the  rock  consists 
elastic-isotropic  semi-space.  That  is,  we  don't 
take  into  account  deviations  that  result  from 
the  fabric  in  the  development  of  the  shear  fields. 

-  Calculation  on  the  points  of  the  canvas  of  the 
shear  strength  t  and  of  the  shear  loading  x  aloncr 
all  the  joint  sets  and  comparison  between  the 
shear  stress  and  shear  strength.  The  resulting 
stability  factors  R  =  t/x  -they  are  also  called 
partial  safety  factors-  conduct  to  the  settinq 
of  the  boundaries  -for  every  load  and  every 
joint  set  separately-  of  zones  where  the  shear 
strength  along  the  point  set  will  be  exceeded. 
The  position  and  the  extension  of  these  criti¬ 
cal  zones  (plastic  zones)  give  information  re¬ 
garding  to  the  form  of  the  sliding  body  and  the 
moving  possibilities  and  allow  the  determina¬ 
tion  of  the  limit  load. 

The  state  of  stress  has  been  determined  for 
canvas  points  with  distances  equivalent  to  the 
statistical  mean  value  of  the  distance  of  the 
horizontal  joints,  that  is  0,25  meters.  The  cal¬ 
culation  has  been  made  for  the  case  of  the  plane 
strain  state  (strip  footing  =  the  most  unfavour¬ 
able  case) .  The  shear  strength  has  been  calcu¬ 
lated  for  the  three  joint  sets  for  the  case 
where  the  points  are  filled  by  clay  material  or 
not,  respectively,  by  the  relations: 


cf+a.tgtpf  and 


o.tgcpR  , 


where  cf ,  q>j  =  the  cohesion  and  the  anqle  of 
friction  of  the  filling  clay  material  of  the 
joints,  =  the  angle  of  friction  of  the  rock, 
a  =  the  normal  stress  on  the  joint  plane. 

The  following  cases  are  investigated: 

-  The  joints  don't  contain  filling  material.  The 
angle  of  friction  of  the  jointed  granite  was  de¬ 
termined  -by  triaxial  tests-  equal  to  q>^=240.000 
kN/m^ . 

-  The  joints  are  filled  by  clay  material  1-3  cm 
in  thickness.  The  strength  characteristics,  in 
the  various  areas,  are  illustrated  in  the  figu¬ 
res  1-3. 

The  results  of  the  calculations  of  the  examined 
cases  are  given  in  the  figures  1-3. 

The  zones  of  the  joint  sets,  where  exceeding  of 
the  shear  strenath  is  observed,  have  been  plot¬ 
ted  in  the  figures  for  various  loads.  They  have 
been  plotted  based  on  the  values  of  the  partial 
safety  factors  R  and  contain  all  the  points  of 
the  section  where  Rl  1 ,0.  The  critical  zones  for 
every  joint  set  are  characterized  by  delineation 
with  the  same  dip  as  the  dip  of  the  concerned 
joint  set.  The  lack  of  the  strike  values  of  the 
discontinuities  imposes  the  assumption  that  the 
joint  sets  can  have  as  dips  a°  and  a+90°.  The 
number  of  joints  which  will  fall  in  the  critical 
zones  will  depend  on  the  statistical  mean  value 
of  the  joint  distance  of  every  joint  set. 

We  observe  the  increase  of  the  extensions  of  the 
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Fig.  3.  Plastic  zones  in  case  where  the  joints  or  rocs  mass  oon  t  contain  clay  rilling  material. 


plastic  zones  with  the  size  of  the  load  in  the 
figures.  Plastic  zones,  which  have  corrson  areas, 
are  developed  for  relatively  bigger  loads  for 
the  two  or  for  the  three  joint  sets  (Fig.  2) . 

The  further  load  increase  conducts  finally  to 
unfavourable  combination  of  the  plastic  zones 
of  the  joint  sets  with  consequence  the  creation 
of  a  sliding  body  and  the  failure  of  the  founda¬ 
tion  - 

The  limit  state  would  be  determined  considering 
that  the  bearing  capacity  is  getting  exhausted 
for  the  load  for  which  a  continuous  failure  sur¬ 
face  is  created.  The  shear  stresses  must  have 
the  moving  direction  along  all  the  parts  of  this 
failure  surface. 

Tha  partial  safety  factors  R  have  been  computed 
for  the  state  of  stress  which  is  caused  by  the 
foundation  loads.  It  is  certain  that  the  crea¬ 
tion  of  wedges  under  the  footing  will  conduct 
to  more  unfavourable  loading  conditions  of  the 
lateral  parts  with  consequence  the  development  of 
additional  stresses  on  these  and  of  progressive 
failure  phenomena  which  have  to  be  taken  under 
consideration  for  the  evaluation  of  the  limit 
load.  The  failure  forms  and  the  limit  loads  that 
are  illustrated  in  the  figures  have  been  esti¬ 
mated  according  to  the  above. 


4.  CONCLUSIONS 

The  following  general  conclusions  are  resulted 
from  the  carried  out  investigation: 

-  The  bearing  capacity  decreases  considerably 
for  the  same  strength  parameters  with  the  in¬ 
crease  of  the  number  of  joint  sets.  The  control 
of  the  bearing  capacity  is  judged  as  necessary 
in  case  where  the  rock  is  characterized  by  more 
than  two  joint  sets  which  are  filled  by  clay 
filling  material. 

-  The  presence  of  clay  filling  material  of  the 
joints  conducts  to  a  considerable  decrease  of 
the  bearing  capacity,  until  more  than  ten  times. 


-  The  presence  of  only  one  joint  set,  indipeden- 
tly  of  joint  density  and  filling  material, 
doesn't  decrease  considerably  the  rock  resistan¬ 
ce,  because  in  this  case  the  high  shear  strength 
of  the  intact  rock  will  considerably  contribute 
in  the  bearing  capacity. 
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SYNOPSIS  This  paper  describes  a  case  study  in  which  a  geotechnical  investigation  encountered  complex 
subsurface  conditions  requiring  geophysical  methods  to  supplement  test  boring  data.  Electromagnetic 
(EM)  and  seismic  refraction  methods  were  used  to  aodel  subsurface  conditions  at  the  site  of  a  pro¬ 
posed  three-story  office  building.  The  three  investigative  techniques  used  in  this  study  all 
revealed  bedrock  to  be  at  a  shallow  depth.  The  test  borings  provided  vertical  resolution  while  the 
EH  and  seismic  studies  yielded  lateral  resolution.  Good  correlation  was  achieved  when  comparing  the 
results  of  each  method.  The  EM  and  seismic  methods  in  conjunction  with  a  test  boring  program  can 
provide  a  better  understanding  of  subsurface  conditions  them  can  be  obtained  by  any  single  technique. 


INTRODUCTION 

A  geotechnical  investigation  was  undertaken  at  a 
four-acre  site  located  in  Chester  County, 
Pennsylvania .  The  objective  of  the  study  was  to 
collect  subsurface  information  at  the  proposed 
building  site  for  recommendations  pertinent  to 
the  design  and  construction  of  foundations  for  a 
11,520  sq.  a.,  three-story  office  building. 

Near-surface  pinnacles  and  solution  activity 
were  suspected  at  this  site,  based  on  previous 
geotechnical  reports  from  the  area  and  the 
known  geology.  Deep  cuts  were  required  to 
achieve  finished  floor  elevations;  therefore  it 
was  very  important  to  accurately  define  the 
limits  of  shallow  rock.  The  significant  costs 
associated  with  rock  excavation  would  be  esti¬ 
mated  based  on  the  subsurface  investigation. 

When  irregular  conditions  were  observed  during 
the  test  boring  program  as  anticipated,  geo¬ 
physical  methods  were  chosen  to  supplement  the 
boring  data. 


GEOLOGY 

The  area  of  study  lies  in  the  Piedmont  physio¬ 
graphic  province,  comprised  of  gently  sloping 
uplands.  The  rocks  in  this  region  are  found  in 
vertical  or  steeply-inclined  positions,  evidence 
of  severe  compression.  The  site  is  located  in 
the  long,  narrow  Chester  Valley  Syncline,  a 
prominent  geologic  and  topographic  feature 
enclosing  Cambrian  and  Ordovician  limestones  and 
renowned  for  its  shallow  rock. 

The  Elbrook  Formation  (upper-Cambrian)  report¬ 
edly  contacts  with  the  Conestoga  Formation 
(Ordovician)  in  a  east-west  orientation  south  of 
the  site.  Both  formations  are  described  as 
impure  limestones  with  the  Conestoga  containing 
phyllite  members.  Both  formations  weather  to  a 
clayey,  residual  soil  overburden  as  the  carbon¬ 
ates  are  dissolved  by  infiltrating  surface 
water,  however,  intact  limestone  pinnacles  are 
not  uncommon. 


Aerial  photographic  review  and  field  obser¬ 
vations  have  confirmed  sinkhole  activity  in  the 
study  area.  The  site  has  discemable  remnants 
of  surface  cavities  resulting  from  solution 
activity  in  the  underlying  shallow  limestone.  A 
relationship  is  known  to  exist  between  fracture 
traces  and  zones  of  incipient  sinkhole  develop¬ 
ment  in  this  region.  Based  on  the  aerial 
photographs,  fracture  lineaments  are  oriented 
sub-perpendicular  to  bedrock  strike  in  the  local 
area.  These  traces  along  with  the  proposed 
building  footprint,  study  area  and  site  and  geo¬ 
logic  features  are  shown  in  Figure  1. 


TEST  BORING  METHODS 

Thirty-four  test  borings  and  twelve  auger  probes 
were  drilled  as  part  of  the  initial  site  evalu¬ 
ation  and  the  final  building  investigation. 

The  boring  locations  were  chosen  to  provide  an 
overview  of  the  subsurface  conditions  with  an 
emphasis  on  the  building  pad  area.  Soil  samples 
for  identification  and  laboratory  analysis  were 
taken  at  0.9  to  1.5  m.  intervals  at  the  test 
boring  locations.  Six  to  ten  inches  of  topsoil 
was  encountered  throughout  the  site.  The 
investigation  did  not  encounter  any  existing 
fills  on  the  site.  The  character  and  condition 
of  the  intact  limestone  was  examined  by  coring 
rock  in  four  test  borings.  The  test  boring 
locations  are  shown  in  Figure  2.  Major  soil/ 
rock  horizons  defined  by  the  test  boring  pro¬ 
gram  are  described  below  in  the  general  order  of 
their  occurrence. 

Residual  Soils 

The  residual  soils  showed  the  highest  degree  of 
limestone  decomposition,  with  none  of  their 
original  rock  structure  being  retained.  A  stiff 
to  very  stiff  red-brown  silty  clay  grading  to 
clayey  silt  with  limestone  fragments  covers  the 
site  with  an  irregular  thickness.  The  irregu¬ 
larities  result  from  differential  weathering 
along  the  bedding  surfaces  and  fractures.  The 
strength  and  consistency  of  the  soils  reflected 
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pendicular  to  strike.  Phyllite  was  encountered 
in  eleven  borings  as  a  member  of  the  Conestoga 
Formation,  moving  the  contact  previously  mapped 
north  at  least  90  meters. 


in  the  Standard  Penetration  Resistance  (SPR) 
values  indicate  a  gradual  increase  in  strength 
with  depth.  Some  low  readings  were  documented 
in  the  lower  20  percent  of  the  profile  and  are 
attributed  to  a  loss  of  strength  in  the  over¬ 
burden  due  to  solution  activity. 

Decomposed  Limestone 

The  residual  soil  overburden  and  intact  lime¬ 
stone  interface  is  very  irregular  and  is 
characterized  by  discontinuous  zones  of  lime¬ 
stone  fragments  and  sand  intermixed  with  resid¬ 
ual  soils.  The  decomposed  limestone  soils  tend 
to  be  less  plastic  than  the  overlying  clayey 
residual  soils. 


In  summary,  the  test  boring  program  identified 
steeply  dipping,  near-surface  pinnacles  with 
deep  overburden  troughs.  Based  on  the  test 
boring  program.  Figure  2  infers  zones  where 
shallow  rock  (less  than  3  meters)  may  be  en¬ 
countered.  Experience  indicates  that  additional 
limestone  pinnacles  may  occur  anywhere  on  site. 
Based  on  the  data  obtained  and  the  poor  lateral 
resolution  test  borings  offer,  geophysical 
methods  were  needed  to  supplement  the  data. 


Intact  Limestone 

Rock  cores  identified  the  bedrock  immediately 
underlying  the  proposed  building  footprint  as  a 
hard  to  very  hard,  fractured  limestone  with 
occasional  clay  seams.  Some  voids  and  soil  in¬ 
filled  cavities  were  also  identified.  The 
investigation  identified  a  rugged  rock  pinnacle 
interface  located  primarily  along  the  northern 
portion  of  the  building  footprint.  The  ridge 
of  weathered  resistant  limestone  appeared  to  be 
aligned  with  strike  at  N80°E.  Deep  weathering 
and  solutioning  typically  occurred  along  the 
steep  dipping  beds  and  in  fracture  joints  per¬ 


SEISMIC  REFRACTION  METHODS 

A  seismic  refraction  survey  was  performed  at  the 
site  to  further  delineate  areas  of  possible 
shallow  bedrock,  and  evaluate  compressional  wave 
velocities  in  the  soils  and  bedrock.  The  test 
boring  program  previously  identified  a  ridge  of 
near-surface  limestone  pinnacles.  The  seismic 
refraction  method  was  useful  in  determining 
orientation  and  limits  of  the  fractured  bedrock 
on  site. 

A  total  of  6,630  linear  feet  of  seismic  pro- 
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FIGURE  2  TEST  BORING  LOCATION  AND  OVERBURDEN 
ISOPACH 


filing  was  completed  using  standard  shallow 
seismic  refraction  techniques.  A  grid  system  of 
traverse  lines  was  laid  out  perpendicular  to 
bedrock  strike.  Three  traverses  also  ran  para¬ 
llel  to  strike,  as  shown  in  Figure  3.  Spreads 
of  twelve  geophones,  with  10  ft.  or  20  ft. 
spacing  between  geophones,  were  placed  along  the 
ground  surface. 

Because  of  the  way  seismic  energy  travels 
through  the  earth  it  is  possible  to  determine 
two  parameters,  depths  to  materials  of  in¬ 
creasing  velocity  and  compressional  seismic  wave 
‘  velocities.  The  seismic  velocity  is  a  direct 

measure  of  the  strength,  hardness  and  degree  of 
compaction  of  the  material.  Unconsolidated  soil 
!  overburden  would  have  a  low  velocity  (1000-2000 

ft. /sec.),  whereas  hard,  unweathered  bedrock 
would  have  a  high  velocity  (10,000  ft. /sec.). 

,  The  seismic  data  indicated  a  ridge  of  shallow, 

intact  limestone  (3  meters  deep  or  less)  running 
■  parallel  to  strike  along  the  northern  section  of 

the  proposed  building.  The  intact  limestone 
‘  surface  dips  steeply  to  the  south  at  60  to  80 

degrees  and  is  in  contact  with  a  more  deeply 
1  weathered,  softer  phyllite. 

Differential  weathering  of  the  limestone  has 
i  created  pinnacles  aligned  parallel  to  bedrock 
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strike  (N80°E) .  This  was  made  more  apparent  by  1 

the  fact  that  the  seismic  velocities  calculated  3 

from  the  data  collected  in  the  east-west  ] 

direction  were  higher  than  the  volocities  calcu-  ; 

lated  with  the  data  from  the  north-south  lines.  ^ 

The  reason  for  this  discrepancy  is  that  the  ; 

seismic  refraction  method  uses  the  seismic  'i 
energy  traveling  the  minimum  time  path  from  the 
explosive  source  to  each  geophone  location.  For  ;j 

geophones  aligned  east-west,  the  minimum  time  j 

path  to  each  geophone  would  be  along  the  high-  ; 

velocity,  east-west  trending  rock  pinnacles. 

The  seismic  energy  traveling  in  the  north-south  jj 

direction  was  slower  because  it  travelled  _  ^ 

through  a  series  of  pinnacles  and  troughs  or  ? 

high  velocity  and  low  velocity  zones  respect-  ^ 

ively.  The  anisotropic  seismic  wave  velocities  j 

are  a  direct  result  of  the  differential  weather-  " 

ing  of  the  underlying  calcareous  rock  and  the  1 

geologic  structure.  i 

Some  travel  time  delays  were  also  observed  in  \ 

the  seismic  data.  A  travel  time  delay  is  caused  } 

by  the  seismic  energy  being  slowed  down  crossing  j 

a  fracture  system  or  a  zone  that  has  a  lower  ? 

compressional  wave  velocity  than  the  material  on  J 

either  side  of  it.  The  most  prominent  time  \ 

delay  was  noted  at  the  interface  between  the  5 

shallow,  intact  limestone  ridge  on  the  north  end  j 

of  the  site  and  the  softer,  deeply  weathered  '] 
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phvllite  to  the  south.  It  is  likely  that  this 
is  a  zone  of  core  severe  solution  activity. 
Several  smaller  travel  time  delays  were  also 
noted  on  other  traverse  lines.  These  delays  are 
interpreted  to  represent  fracture  zones  travers¬ 
ing  across  bedrock  strike  and  are  roughly  para¬ 
llel  to  other  lineament?  in  the  area.  Depth  to 
bedrock  has  been  calculated  and  an  overburden 
isopach  is  shown,  along  with  areas  containing 
travel  time  delays  in  Figure  3. 


ELECTROMAGNETIC  METHODS 

The  purpose  of  the  electromagnetic  (EH)  survey 
was  to  identify  conductivity  anomalies  within 
the  limit  of  study  and  correlate  the  findings 
with  the  results  of  the  boring  program  and 
seismic  survey  to  produce  lateral  limits  of 
major  subsurface  conditions.  The  primary  ob¬ 
jective  was  to  attempt  to  locate  shallow  rock 
and  weak  compressible  soils  associated  with 
sinkholes . 

The  EM  field  survey  was  conducted  utilizing  an 
EM-34  Terrain  Conductivity  meter  manufactured  by 
Geonics,  Ltd.  The  instrument  uses  a  magnetic 
induction  method  to  measure  apparent  conduct¬ 
ivity  in  millimhos/meter  (mmho/m) .  The  EM-34 


operates  with  two  coils  that  can  be  spaced  at 
10,  20  or  40  meters  apart  for  successively 
greater  penetration.  The  effective  penetration 
is  about  .75  times  the  intercoil  spacing  in  the 
horizontal  dipole  position,  and  1.5  times  the 
spacing  in  the  vertical  position.  Two  people 
are  required  to  operate  the  instrument. 

Approximately  12  hours  were  needed  to  adequately 
cover  the  four-acre  site.  The  same  grid  used 
for  the  seismic  study  was  used  for  the  EM  sur¬ 
vey.  Over  two  hundred  readings  were  taken  at 
10  and  20  meter  spacings.  Several  readings  with 
the  40  meter  spacing  were  attempted,  but  yielded 
fluctuating  values  of  less  than  1.0  mmho/m. 

Host  readings  were  measured  in  the  horizontal 
dipole  (HD)  orientation  since  vertical  dipole 
(VD)  measurements  are  more  time  consuming  and 
prone  to  coil  misalignment. 

Variations  in  terrain  conductivity  are  in¬ 
fluenced  by  several  factors  including  near¬ 
surface  bedrock,  soil  porosity  and  soil  moist¬ 
ure.  Intact  fractured  bedrock  is  a  relatively 
poor  conductor  in  comparison  to  clayey  over¬ 
burden  soils;  therefore  low  conductivity  may  be 
indicative  of  shallow  rock. 

The  10  meter  spacing  in  the  HD  mode  produced 
conductivity  values  ranging  from  1.9  mmho/m  to 


FIGURE  3  OVERBURDEN  ISOPACH  BASED  ON  SEISMIC 
SURVEY 
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7.6  mmho/m  across  the  site.  The  data  generated 
is  contoured  and  presented  in  Figure  4.  The  20 
meter  spacing  in  the  KD  mode  produced  conduct¬ 
ivity  values  ranging  from  1.0  mmho/m  to  5.1 
mmho/n  across  the  site.  The  contoured  data  is 
similar  to  the  10  meter  results,  with  20  meter 
conductivity  values  reduced  overall  due  to  the 
greater  penetration  and  therefore  increase  in 
bedrock  effects,  shown  in  Figure  5. 

When  utilizing  information  obtained  from  the 
test  borings,  interpretation  of  the  conductivity 
data  allows  for  several  inferences.  Since 
results  from  the  20  meter  spacing  confirm  the 
orientation  of  trends  and  are  not  as  represent¬ 
ative  of  the  overburden,  interpretation  is  based 
on  the  more  contrasting  data  provided  by  the  10 
meter  spacing.  Based  on  test  boring  data,  zones 
of  near-surface  bedrock  or  pinnacles  less  than  3 
meters  below  the  ground  surface  occur  in  areas 
with  conductivity  values  less  than  2.5  mmho/m. 
Conductivity  values  greater  than  3.5  mmho/m 
represent  a  thicker  overburden  associated  with  a 
more  easily  weathered  pnyllite.  This  contact  is 
relatively  parallel  to  bedrock  strike  except  to 
the  east  where  groundwater  effects  raise  the 
composite  conductivity.  A  relatively  high  con¬ 
ductivity  anomaly  (greater  than  4.5  mmho/m) 
located  in  the  southern  portion  of  the  proposed 
building  footprint  may  represent  a  fracture  zone 
or  lineament  that  has  been  infilled  with  soil. 
Another  conductivity  trend  in  the  northeast  cor¬ 
ner  of  the  site  is  aligned  with  observed  surface 
cavities  and  is  parallel  to  the  anomaly  to  the 


south.  These  features  are  both  parallel  to 
other  lineaments  in  the  study  area  (shown  in 
Figure  1) . 


CORRELATION  OF  TECHNIQUES 

By  comparing  the  results  of  the  test  boring  pro¬ 
gram,  seismic  refraction  survey  and  electro¬ 
magnetic  survey,  a  high  degree  of  confidence  was 
achieved  when  interpreting  subsurface  condi¬ 
tions.  Test  boring  data  immediately  identified 
the  complexity  of  conditions  when  offsets  indi¬ 
cated  gross  overburden  thickness  variations. 
However,  the  data  provided  an  unclear  picture  of 
the  exact  nature  of  near-surface  pinnacles  and 
deep  troughs,  the  lateral  limits  of  which  were 
poorly  defined.  When  comparing  EH  data  with 
known  overburden  thicknesses,  an  empirical 
correlation  was  made  between  apparent  terrain 
conductivity  and  depth  to  bedrock.  This 
allowed  for  delineation  of  trends  and  lineaments 
as  well  as  the  limits  of  shallow  rock. 

The  seismic  survey  provided  a  well  defined 
picture  of  overburden  thickness,  along  with 
orientating  and  delineating  subsurface  features. 
Of  significant  importance  was  the  identification 
of  travel  time  delays  representing  fracture 
zones.  These  lineaments  correlated  well  with 
other  known  lineaments  in  the  area.  Apparent 
conductivity  data,  primarily  using  the  10  meter 
coil  spacing,  generally  correlated  to  those 


FIGURE  4  ELECTROMAGNETIC  SURVEY  PLAN 
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features.  Travel  time  delays  aligned  with  ele¬ 
vated  or  rapidly  changing  conductivity  values 
due  to  either  an  increase  in  soil  moisture  con¬ 
tent  or  a  dramatic  increase  in  overburden 
thickness.  This  did  not  hold  true  to  the  east, 
where  groundwater  effects  raised  the  composite 
terrain  conductivity.  Overburden  thickness  cal¬ 
culations  compared  well  with  test  boring  data 
except  when  rock  was  very  shallow  (less  than  2.0 
m. ) ;  then  overburden  thicknesses  were  slightly 
overestimated . 

In  comparing  the  results  of  the  three  techniques 
shown  in  Figures  2,  3  and  4,  it  is  clear  that 
each  method  generally  inferred  similar  subsur¬ 
face  conditions.  Although  each  technique  has 
limitations,  the  combination  of  techniques  can 
enhance  the  interpretation. 


CONCLUSIONS 

It  should  be  noted  that  neither  test  borings  nor 
geophysical  methods  alone  can  be  expected  to 
provide  all  the  information  that  an  engineer  may 
need  in  a  subsurface  investigation.  However, 
the  combination  of  the  two  can  provide  the  lat¬ 
eral  and  vertical  resolution  needed  in  complex 
environments.  A  great  deal  of  'traditional' 
subsurface  investigations  are  done  based  on  a 
systematic  examination  of  strata  as  determined 
by  evenly  spaced  test  borings  located  at  the 
corners  of  a  proposed  building.  This  method  may 


be  adequate  for  smaller  buildings  situated  over 
thick,  uniform  alluvial  deposits  or  flat-lying, 
homogenous  rock  strata.  However,  in  more  com¬ 
plex  conditions,  the  geotechnical  engineer  is 
left  to  infer  conditions  based  on  limited  know¬ 
ledge  of  actual  conditions.  Engineers  would 
ideally  like  to  cost-effectively  locate  "smart" 
test  boring  locations.  The  use  of  non-destruct¬ 
ive  geophysical  methods,  such  as  EM  or  seismic 
refraction,  prior  to  a  test  boring  program  will 
not  only  assist  in  the  proper  location  of 
borings,  but  will  provide  additional  resolution 
to  enhance  inferred  subsurface  conditions. 

At  this  site  the  geologic  complexities  warranted 
extensive  drilling.  However,  the  investigation 
demonstrates  the  use  of  geophysical  methods  as  a 
supplemental,  cost-effective  technique  in  sub¬ 
surface  investigations;  in  many  cases,  the  num¬ 
ber  of  test  borings  required  can  be  reduced  by 
judicious  use  of  geophysical  methods. 
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SYNOPSIS:  The  post-construction  behaviour  of  a  47.5  m  high  and  700  m  long  earth-rockfill  dam,  loca¬ 

ted  m  northwestern  Iran ,  is  described.  The  embankment  dam  is  founded  on  Tertiary  rock  on  both  abut¬ 
ments,  but  in  the  river  channel  it  rests  on  alluvial  deposits  of  variable  composition  and  thickness. 
Since  the  first  impoundment,  the  dam  has  undergone  large  deformations,  both  in  vertical  and  in  hori¬ 
zontal  directions.  These  have  resulted  in  unusual  differential  settlements,  visible  along  the  crest, 
and  have  produced  wide  longitudinal  cracks  in  the  asphalt  pavement  of  the  crest  road.  The  principle 
features  of  the  dam  are  described  and  selected  monitoring  results  of  the  crest  movements  for  a  six¬ 
teen  year  period  are  presented.  Based  on  the  analysis  of  the  available  data  and  taking  into  account 
the  geotechnical  characteristics  of  the  foundation  and  the  fill  materials,  an  interpretation  of  the 
unusual  behaviour  has  been  attempted. 


INTRODUCTION 

Behaviour  control  of  large  fill  dams  is  of  great 
importance  to  both  the  dam  (geotechnical)  engi¬ 
neer  and  the  dam  owner.  For  the  dam  engineer 
every  large  dam  usually  constitutes  a  unique  ex¬ 
perience,  because  dam  geometry,  subsurface  con¬ 
ditions,  construction  materials,  and  construction 
procedures  are  never  the  same,  and  continuous  ob¬ 
servation  of  the  behaviour  of  a  constructed  faci¬ 
lity  will  show  whether  the  design  was  successful. 
For  the  dam  owner,  on  the  other  hand,  safety,  ef¬ 
ficient  operation  and  serviceability  are  the  main 
concerns.  Past  experience  has  shown  that  good 
site  investigation  practice  and  adequate  instru¬ 
mentation  are  key  factors  in  successfully  predic¬ 
ting  the  future  behaviour  of  a  dam.  Prediction 
in  turn,  forms  the  basis  for  implementing  appro¬ 
priate  measures  during  construction  to  guarantee 
a  satisfactory  performance  during  the  dam's  ser¬ 
vice  life. 

In  this  paper,  the  unusual  deformation  behaviour 
of  Mahabad  dam  will  be  presented.  After  first 
describing  the  principal  features  of  the  dam  and 
its  foundation,  selected  data  on  the  present  con¬ 
dition  of  the  structure  and  its  performance  du¬ 
ring  the  past  16  years  of  operation  will  be  given. 
Finally,  an  attempt  will  be  made  to  interprete 
the  data  in  the  light  of  subsurface  conditions 
and  properties  of  the  fill  materials  and  to  give 
possible  causes  for  the  deformations  observed. 


PRINCIPAL  PROJECT  DATA 

The  Mahabad  earth-rockfill  dam,  located  in  north¬ 
western  Iran,  forms  part  of  a  multipurpose  pro¬ 
ject  which  provides  irrigation  for  some  20,000  ha 
of  agricultural  land.  Furthermore,  it  generates 
power  from  a  small  plant  for  Mahabad  Town  and  the 
villages  in  the  irrigation  area,  and  finally,  it 


stores  potable  water  for  Mahabad  Town.  The  dam 
was  completed  in  1970  and  filling  of  the  reser¬ 
voir  started  subsequently.  A  layout  of  the  faci¬ 
lity  is  shown  in  Fig.  1. 

Embankment  Dam  and  Reservoir 

The  dam  has  a  maximum  height  of  47.5  m,  a  slight¬ 
ly  curved,  700  m  long  crest,  and  a  base  width  at 
the  valley  floor  of  221.5  m.  A  typical  cross- 
section  is  displayed  in  Fig,  2.  The  fill  volume 
is  about  1.5  million  m3.  The  maximum  normal  ope¬ 
rating  water  level  of  the  reservoir  is  at  1358.5 
and  the  minimum  at  1333.0.  This  gives  a  useful 
storage  of  180  million  m3 . 

The  dam  has  a  rather  narrow  central  clay  core 
with  a  slight  inclination  in  the  lower  2/3  of  its 
height.  The  width  at  the  top  is  4.0  m  and  at  the 
bottom  11.0  m.  The  other  material  zones  can  be 
seen  from  Fig.  2.  The  surface  of  the  D/S  (down¬ 
stream)  face  is  covered  by  a  placed  top  soil  lay¬ 
er  with  planted  grass. 

Engineering  Geology  and  Foundation  Conditions 

Lithostratigraphy .  -  Basically,  the  dam  site  con¬ 
sists  of  Cretaceous  rocks  underlying  Neogene  de¬ 
posits  which  in  turn  are  overlain  by  Quaternary 
deposits.  The  original  width  of  the  river  plain 
was  about  250  m.  Figure  3  shows  a  cross-section 
through  the  valley  and  dam  abutments  along  the 
dam  axis. 

On  the  left  abutment  the  dam  rests  first  on  Cre¬ 
taceous  bedrock  for  some  50  m.  The  Cretaceous 
series  consists  mainly  of  shales  and  slates  which 
are  intercalated  by  limestone  beds.  For  the  fol¬ 
lowing  150  m  the  foundation  consists  of  Neogene 
rocks  of  variable  thickness  and  compressibility, 
but  supposedly  well  consolidated.  These  are  con¬ 
glomerates  and  siltstones,  but  in  the  only  bore¬ 
hole  drilled  in  this  section,  they  are  described 
as  "silty  clay  with  lenses  of  sandy  clay  and  some 
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Fig.  1  Layout  of  Mat abaci  dam  showing  locations  of  available  monitoring  facilities 


pebbles"  reaching  a  depth  of  29  m. 

In  the  river  channel,  the  Cretaceous  formation 
oc  'urs  at  a  depth  of  45  to  48  m.  It  is  overlain 
by  Neogene,  Pleistocene  and  Holocene  deposits. 

The  Neogene  consists  of  siltstone,  silty  sand 
with  lenses  of  gravel  and  pebbles,  and  the  thick¬ 
ness  of  the  beds  varies  from  about  25  m  on  the 
left  side  to  8  m  on  the  right  side  of  the  valley. 
The  Pleistocene  beds  are  composed  of  silty  clay, 
sand  and  silty  gravel.  The  Holocene  at  the  top 
has  an  average  thickness  of  about  6  m  and  con¬ 
tains  predominantly  silt,  sand  and  gravel.  The 
alluvial  fill  is  very  heterogeneous  and  does  not 
show  a  continuous  stratification. 


On  the  right  abutment  the  supporting  rock  con¬ 
sists  of  a  thick  body  of  travertine  which  has 
formed  from  (still  active)  mineral  springs  bet¬ 
ween  chainage  0+440  and  0+610.  It  lies  partly 
on  the  weathered  surface  of  the  Cretaceous  shales 
and  slates  and  partly  on  a  thin,  lenticularly- 
shaped  remnant  of  Neogene  rock.  Further  up  the 
right  abutment  there  are  again  Neogene  deposits 
in  the  form  of  clay,  silty  clay,  sand  and  gravel 
at  the  bottom  and  breccia  at  the  top.  They  are 
overlain  by  a  thin  mantle  of  Quaternary  silty 
clay  and  sand. 

Properties  of  foundation  materials.  -  During 
the  final  design  phase,  the  subsurface  was  inve- 
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Fig.  2  Cross-section  of  dam  showing  material  zones 
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stigated  by  more  than  50  boreholes.  Most  of  these 
were  drilled  to  shallow  depths  (15-30  m)  ,  but  a 
few  also  reached  down  as  far  as  100  m.  The  logs 
revealed  the  very  erratic  character  of  the  sub¬ 
soil.  Silty  sands,  clayey  and  silty  gravel  and 
low-plastic  clays  were  abundant;  high-plastic 
clays,  on  the  other  hand,  were  less  common. 

In  many  boreholes  standard  penetration  tests 
(SPT)  were  conducted  and  typical  blow  counts  in 
the  upper  15  m  of  the  alluvium  were  around  30 
with  minimum  values  of  about  15.  Blow  counts 
varied  irregularly  and  increased  as  well  as  de¬ 
creased  with  depth  in  the  same  borehole. 

Perme — .ility  tests  revealed  that  there  were  sur¬ 
prisingly  many  zones  with  a  k-value  of  less  than 
10~6  cm/s  or  between  10-3and  10-6  cm/s.  This  in¬ 
dicated  that  the  subsoil  may  actually  have  been 
finer-grained  than  inferred  from  the  boring  logs. 
It  is  possible  that  with  the  drilling  method  em¬ 
ployed  some  of  the  fine  material  had  been  washed 
out. 

Except  for  grain  size  analyses,  only  few  labora¬ 
tory  tests  were  carried  out.  Of  interest  here 
are  oedometer  tests  on  CL  and  CH  soils.  For  CL 
soils,  the  compression  index,  Cc,  of  samples  ta¬ 
ken  from  as  deep  as  40  m  typically  varied  from 
0.17  to  0.40  (eQ  =  0.40-0.75)  when  the  load  in¬ 
creased  from  0.8  to  1.6  MPa.  CH  soils  gave  high¬ 
er  Cc-values,  e.g.  in  a  borehole  45  m  D/S  of  the 
dam  axis  at  about  chainage  0+250,  a  sample  from 
12  m  depth  had  Cc-values  of  0.65  to  0.70  (eQ  = 
1.45). 

Seepage  Control 

Means  employed  for  the  control  of  seepage  and  to 
prevent  piping  were  a  grout  curtain  in  the  abut¬ 
ments  and  a  continuous  clay-concrete  diaphragm 
wall  along  the  central  part  of  the  dam  (see  Fig. 3). 
The  diaphragm  wall  was  20  m  deep  and  3  m  wide.  It 


cut  off  fairly  pervious  Holocene  deposits  and  pe¬ 
netrated  into  less  permeable  Pleistocene  layers. 
In  the  abutments  the  cutoff  was  continued  as 
shallow  trench  excavated  through  the  weathered 
bedrock.  In  travertine,  the  excavation  was  about 
3  ra  deep  and  the  bottom  of  the  trench  was  lined 
with  a  concrete  slab. 

An  additional  control  feature  which  was  thought 
necessary  was  a  row  of  twelve  relief  (bleeder) 
wells,  spaced  15  m  apart,  which  are  located  at 
the  edge  of  the  D/S  berm  (see  Figs.  1  &  2) .  The 
top  of  the  relief  well  is  at  El.  1320.5.  The  wa¬ 
ter  level  in  these  wells,  however,  always  remains 
below  the  ground  elevation. 

Embankment  Fill  Materials 

Engineering  properties  of  the  embankment  fill  ma¬ 
terials  are  summarized  in  Table  I. 

The  core  material  was  compacted  with  a  Dynapac 
CF  44  vibrating  sheepsfoot  roller  in  lifts  of  30 
cm  with  6  passes.  Field  compaction  results  sho¬ 
wed  that  the  field  compaction  curve  was  between 
the  standard  Proctor  and  the  modified  Proctor 
curves  and  test  results  plotted  mainly  on  the 
wet  side  with  respect  to  the  field  compaction 
curve.  Frequency  curves  of  compaction  test  re¬ 
sults  demonstrated  that  100%  of  all  dry  density 
values  were  above  95%  of  the  standard  Proctor  ma¬ 
ximum  dry  density  and  about  70%  were  higher  than 
100%  Proctor  standard.  The  most  frequent  values 
were  between  16.4  and  16.6  kN/m3.  About  60%  of 
the  tests  were  drier  than  the  standard  Proctor 
optimum  water  content.  The  fill  water  contents 
varied  between  about  £3%  with  respect  to  the  op¬ 
timum  value  which  was  around  20%. 

The  random  fill  and  the  ballast  fill  were  spread 
in  layers  of  30  to  50  cm  and  compaction  was  ef¬ 
fected  by  two  passes  of  a  5.4  t  vibratory  roller. 
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TABLE  I 

Material 

properties 

Material 

type 

Granulo¬ 

metry 

Dis 

Des 

(mm) 

Yd 

(kN/m3) 

c‘ 

(kPa) 

(°) 

k 

(cm/s) 

Core 

0.004 

0.025-0.2 

15.8-17.0 

70-140 

27-30 

S-10-8 

Filter  X 

0.02-  0.1 
0.5  -  2.0 

14.7-16.7 

- 

- 

10-4 

Filter  II 

0.4  -  2.0 
15  -  40 

17.7-18.6 

- 

Random 

18.6-19.6 

- 

- 

- 

Rockfill 

>  8 
>  127 

18.6-19.6 

42 

Gravel  fill 

19.6-20.6 

10-3 

Gravel  fill  was  densified  in  layers  of  SO  cm 
with  two  passes  of  a  4.6  t  vibratory  roller.  A 
relative  density  of  70-75%  could  be  achieved. 

The  rockfill  of  the  U/S  (upstream)  shell  was  pla¬ 
ced  in  lifts  of  1.5  m  and  compacted  with  four 
passes  of  a  15  t  vibratory  roller.  Bulk  densi¬ 
ties  of  19.6  to  21.1  kN/m3  could  be  achieved. 

Finally,  the  rip-rap  was  placed  in  its  full- 
course  thickness. 

Construction  History  of  the  Embankment 

Construction  of  the  embankment  started  in  June 
'  68  with  till  placement  to  the  left  of  chainage 
0+340  (which  was  the  edge  of  the  river) .  It  con¬ 
tinued  until  October  and  reached  El.  1346.  The 
slope  of  the  fill  towards  the  river  (in  the  di¬ 
rection  of  the  dam  axis)  was  rather  steep,  proba¬ 
bly  as  much  as  IV: 1H.  Filling  was  resumed  in 
June  1969  when  the  river  had  been  diverted  through 
the  bottom  outlet  tunnel.  First  the  breach  on 
the  right  hand  side  of  the  valley  was  filled  and 
then  placement  proceeded  over  the  entire  length 
of  the  embankment.  The  final  elevation  was  rea¬ 
ched  in  December  1969. 

Instrumentation  and  Monitoring  Facilities 

Facilities  to  assess  embankment  performance,  both 
during  construction  and  after  putting  the  dam  in¬ 
to  service,  have  been  limited  to  the  observation 
of  surface  movements  and  water  levels.  The  fol¬ 
lowing  devices  and  installations  are  presently 
available  (see  Figs.  1  &  4) : 

(1)  for  deformation  measurements: 

-  Seven  target  points  (or  benchmarks)  B1  to 
B7,  located  on  the  D/S  curbstone  of  the 
crest  between  chainage  0+100  (B7)  and  0> 

485  (B1). 

-  Three  benchmarks,  B8,  B9  &  B10  on  the  D/S 


Fig.  4  Longitudinal  section  showing  locations  of 
benchmarks  and  settlement  tubes 


berm  of  the  embankment. 

-  Three  benchmarks  B11,  B12  &  B13  located  15m 
D/S  of  the  foot  of  the  berm. 

All  these  benchmarks  could  be  used  to  monitor 
both  vertical  and  horizontal  displacements  (with 
azimuth) . 

-  Four  benchmark  shafts  B14,  B14A,  B15  &  B16 
along  the  dam  axis  on  the  crest  to  monitor 
the  vertical  and  horizontal  movements  of 
the  top  of  the  clay  core.  They  consist  of 
a  0.4  m  ID  steel  pipe  inside  a  concrete- 
lined  shaft  placed  on  the  clay  core.  Inside 
the  pipe  there  is  a  0  35  mm  steel  bar, about 
1.5  m  long,  pushed  into  the  clay  such  that 
its  top,  which  is  used  as  a  reference,  is 
0.5  m  above  the  top  of  the  core  (installed 
at  the  end  of  1973) . 

-  Two  pipes  with  a  steel  plate  at  the  founda¬ 
tion  level  .approx.  El.  1314),  31  m  D/S 
from  the  dam  axis  at  chainages  0+220  and 
0+300.  Vertical  movements  are  measured  at 
the  top  of  the  pipe  (installed  in  June 
1968) . 

-  Twenty-four  points  (marked  by  paint)  on  the 
U/S  curbstone  and  seventeen  points  on  the 
D/S  curbstone  (in  addition  to  the  bench¬ 
marks)  for  the  measurement  of  vertical  dis¬ 
placements  (settlement) . 

(2)  for  the  measurement  of  pore  water  and  uplift 

pressures: 

-  Three  open  standpipe  piezometers  R1 ,  R2  and 
R3  in  the  D/S  foundation  of  the  embankment 
on  the  right  side  of  the  valley,  and  four 
piezometers  in  the  left  abutment,  i.e  L2  to 
L5 . 

-  Twelve  relief  wells,  RW1  to  RW12,  located 
along  the  edge  of  the  D/S  berm  (see  Fig.  1). 

(3)  for  the  measurement  of  seepage  water  or  lea¬ 
kage  through  the  dam: 

-  a  grouting  gallery  in  the  right  abutment 

-  a  ditch  with  V-notch  weir  located  at  the 
foot  of  the  dam  on  the  right  side  of  the 
valley  (near  to  the  water  treatment  plant) . 

Data  from  piezometers  and  relief  wells,  as  well 
as  from  seepage,  will  not  be  discussed  here;  the 
limited  records  do  not  indicate  unusual  behaviour. 
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PRESENT  CONDITION  AND  AVAILABLE  DATA  ON  DEFORMA¬ 
TION  BEHAVIOUR 

Dam  Crest 

The  constructed  width  of  the  crest  was  8.32  m 
and  consisted  of  a  6  m  wide  asphalt  road  and  con¬ 
crete  curbstones,  0.30  m  high,  on  both  sides.  On 
the  D/S  side  the  0.82  m  wide  cur'  stone  is  suppor¬ 
ted  by  dry  rubble  fill  which  slopes  with  0.8H:1V. 
It  has  provision  for  seating  lamp  posts  and  also 
contains  the  geodetic  target  points.  The  1.50  m 
wide  U/S  curbstone  is  seated  on  about  1  m  of  dry 
rubble  fill  with  a  similar  slope  as  on  the  D/S 
side.  It  contains  0.7  m  high  masonry  wall  seg¬ 
ments  connected  by  a  continuous  guard  rail.  The 
crest  road  had  an  initial  camber  of  1.0  m. 

The  present  condition  of  the  crest  clearly  shows 
that  the  dam  has  undergone  a  complex  pattern  of 
differential  movements.  Figure  5  shows  a  map  of 
the  crest  with  some  of  the  more  prominent  fea¬ 
tures  of  distress.  The  most  striking  ones  are 
the  wavy  edge  of  the  D/S  curbstone,  longitudinal 
cracks  in  the  asphalt  pavement,  and  a  tilting  of 
the  crest  towards  U/S.  In  the  following  some 
more  details  on  the  appearance  of  the  crest  are 
given: 

-  Transversal  cracks  appear  around  chainage  0+110 
and  also  from  0+450  to  about  0+500.  These 
cracks  occur  because  of  differential  settle¬ 
ments  between  the  abutments  and  the  valley  part 
and  are  a  common  phenomenon  for  dams  on  com¬ 


pressible  foundations  (Blinds,  1987). 

-  Longitudinal  cracks  appeared  between  chainage 
0+120  and  0+250  and  again  between  0+335  and  0+ 
370.  (A  crack  opened  for  the  first  time  close 
to  the  D/S  curbstone  on  May  1,  1972,  when  the 
reservoir  level  rose  to  El.  1357.5  for  the  first 
time) .  Some  of  the  cracks  had  widths  of  up  to 
15  cm,  and  some  also  showed  a  vertical  offset 
of  the  asphalt  by  as  much  as  10  cm,  whereby  the 
U/S  part  settled  with  respect  to  the  D/S  part. 
The  cracks  were  later  filled  in  with  sand  and 
mortar  and  most  of  them  have  remained  closed 
since. 

-  Between  chainage  0+265  and  0+325  the  D/S  curb¬ 
stone  has  buckled  forming  an  arch  over  the  un¬ 
derlying  rubble  fill  with  an  uplift  of  about 
30  cm. 

-  At  about  chainage  0+400  compressive  forces  have 
sheared  the  U/S  curbstone  and  guard  rail  and 
produced  an  overlap  of  the  sheared  parts. 

-  There  is  a  considerable  tilt  of  the  road  pave¬ 
ment  towards  U/S.  The  positions  of  the  level¬ 
ling  points  on  the  D/S  and  U/S  curbstones  are 
shown  in  Fig.  6,  together  with  the  original 
elevation,  for  June  1986.  The  largest  differen¬ 
tial  settlement  (tilt)  between  the  two  curb¬ 
stones  occurs  at  0+226,  and  on  June  14,  1986  it 
had  reached  64  cm.  (To  get  the  pavement  eleva¬ 
tion,  the  height  of  the  curbstone,  usually  30 
cm,  must  be  subtracted) .  The  camber  at  this 
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Fig.  5  Crest  map  showing  some  of  the  distress  features 
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Fig.  6  Differential  settlements  of  U/S  and  D/S 
curbstones  along  dam  crest 


section  was  originally  0.85  m  and  hence  the  sett¬ 
lement  at  the  centerline  of  the  pavement  amounts 
now  to  more  than  2  m. 

Vertical  Displacements 

The  time  variation  of  vertical  displacements,i.e. 
the  vertical  components  of  the  displacement  vec¬ 
tors,  of  crest  benchmarks  B3,  B5,  B6  &  B7  and  of 
core  benchmarks  B14,  B15  &  B16  are  shown  in  Fig. 7. 
Also  shown  are  the  rates  of  settlement  of  the 
ground  surface  plates  (tubes)  at  0+220  and  0+300. 
The  positions  of  these  curves  are,  however,  arbi¬ 
trary.  The  value  of  the  total  settlement  (since 
June  1968)  is  obtained  by  adding  700  mm  to  the 
settlement  value  shown  by  tube  0+220  and  950  mm 
to  that  of  tube  0+300.  The  reliability  of  these 
ground  settlements  is,  however,  questionable,  be¬ 
cause  there  is  no  sleeve  provided  between  the 
settlement  pipe  and  the  fill  material. 

During  the  first  phase  of  fill  placement  to  El. 
1346,  the  settlements  of  tubes  0+220  and  0+300 
were  520  and  830  mm  respectively.  The  correspon¬ 
ding  stress  increase  was  approximately  0.55  MPa. 


During  the  following  eight  months  of  no  fill  pla¬ 
cement,  the  settlements  increased  by  90  and  120 
mm  respectively.  When  fill  placement  was  comple¬ 
ted  in  December  1969,  additional  settlements  of 
130  and  340  mm  respectively  had  taken  place  with 
an  estimated  stress  increase  of  0.12  MPa.  From 
these  data  the  constrained  modulus  of  the  foun¬ 
dation  can  roughly  be  estimated  as  10  to  20  MPa 
(assuming  a  compressible  layer  thickness  of  about 
20  m) . 

For  the  vertical  movements  the  first  four  filling 
and  drawdown  cycles  are  of  particular  interest. 
During  the  first  year  of  impounding  (1971)  the 
reservoir  level  reached  a  peak  of  1351.  Settle¬ 
ment  rates  started  to  increase  when  the  level  had 
reached  1342.5.  They  decreased  soon  after  the 
peak  had  been  exceeded.  During  the  second  reser¬ 
voir  peak  in  1972,  settlement  rates  started  to 
increase  when  the  reservoir  level  reached  El. 1353, 
and  decreased  again  when  it  receded  to  El.  1355. 
Interestingly,  an  increase  also  took  place  during 
the  very  deep  drawdown  in  winter  1972/73.  Bench¬ 
marks  B8,  B9  &  B10,  on  the  other  hand,  showed  a 
slight  rebound  of  about  2  cm.  No  increase  in  the 
rates  of  settlement  was  observed  during  the  fol¬ 
lowing  reservoir  peak  in  spring  1973  which  at¬ 
tained  only  El.  1353.  A  further  increase  occur¬ 
red  in  summer  1974,  especially  also  with  the  new¬ 
ly  installed  core  benchmarks  B14  to  B16.  It 
started  when  the  reservoir  level  reached  about 
El.  1345.  Another  increase  in  settlement  rates 
can  be  noticed  in  1976,  but  since  then  settle¬ 
ment  rates  have  decreased  steadily  without  show¬ 
ing  a  strong  relationship  with  reservoir  level 
fluctuations. 

Settlement  rates  at  benchmarks  B8  to  B13  remained 
quite  small  and  were  not  affected  by  the  reser¬ 
voir  level.  Tubes  0+220  and  0+3C0  had  a  much  re¬ 
duced  settlement  rate  when  compared  with  B3  to  B6 


and  were  not  very  sensitive  to  the  water  load  in- 
posed. 


The  rates  of  settlement  of  the  top  of  the  clay 
core,  as  observed  by  the  shaft  benchmarks  B14  to 
B16,  were  higher  than  those  of  the  corresponding 
curbstone  benchmarks.  For  example,  since  instal¬ 
lation  at  the  end  of  1973,  B16  has  settled  1020 
am  while  86  has  settled  only  610  an.  This  is  be¬ 
cause  of  the  rigidity  of  the  curbstone  which  may 
cause  arching. 

The  distribution  of  the  vertical  displacements 
between  B1  and  B7  is  more  or  less  symmetric  with 
respect  to  B4,  i.e.  the  center  of  the  valley. 

Horizontal  Displacements 

Figure  8  shows  the  time  variation  of  horizontal 
displacements  (i.e.  the  components  of  the  displa¬ 
cement  vectors  perpendicular  to  the  longitudinal 
axis  of  the  dam)  of  benchmarks  B3,  B5,  B6,  B7  and 
of  B14,  B15  £  B16.  It  can  be  seen  that  during 
the  first  filling  cycle  in  1971,  the  crest  points 
moved  first  towards  U/S.  Only  after  the  peak  had 
been  exceeded,  i.e.  about  4  months  after  start  of 
impounding,  the  movements  reverted  to  the  D/S  di¬ 
rection.  Benchmarks  on  the  D/S  berm,  B8  to  BIO, 
on  the  other  hand,  always  moved  towards  D/S,  but 
at  a  much  smaller  rate. 


The  time  variations  of  the  horizontal  displace¬ 
ments  are  similar  to  those  of  the  vertical  coa- 
ponents  (settlement) ,  i.e.  accelerations  in  the 
movements  can  be  noticed  when  the  reservoir  level 
reached  1353  during  the  2nd  filling  in  1972  and 
again  when  it  reached  1345  during  the  4th  cycle 
in  1974.  During  the  deep  drawdown  in  winter  1972/ 
73  there  was  a  snail  rebound  and  the  crest  coved 
U/S  by  about  3  cm. 

In  a  horizontal  plane  the  displacement  vectors 
point  to  the  center  of  the  valley,  i.e.  B1  to  B4 
move  to  the  left,  while  35  to  B7  follow  a  path 
turning  to  the  right.  The  displacement  pattern 
with  respect  to  the  valley  is  not  symmetric;  the 
largest  horizontal  displacement  has  occurred  at 
B6. 


DISCUSSION 

Large  settlements  of  dams  on  compressible  foun¬ 
dations  are  as  such  not  unusual.  In  the  case  hi¬ 
story  presented  here,  the  unusual  behaviour  re¬ 
fers  to  the  underestimation  of  the  settlements 
and  the  relatively  large  horizontal  displacements 
and  tilting  of  the  crest. 

An  analysis  of  the  deformations  Mahabad  dam  has 
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experienced  211st  involve  sore  speculations  becau¬ 
se  the  data  now  available  are  not  sufficient  to 
find  out  the  true  mechanise  with  certainty.  The 
main  factors  vhich  have  most  likely  contributed 
to  the  unpredicted  differential  covenants  are: 

( 1 )  a  foundation  vhich  was  core  compressible  than 
anticipated  from  site  investigation,  and  (2)  a 
strength  decrease  (veakening)  wj th  time  of  the 
U/S  rockfill  Under  submerged  conditions  or  under 
vetting  and  drying  cycles.  In  the  following,  a 
possible  mechanism  is  put  forward  which  would 
explain  the  phenomena  observed. 

During  the  first  filling,  the  D/S  shell  settled 
partly  because  of  th"  vetting  of  the  rockfill, 
which  caused  a  strength  decrease,  and  partly  from 
the  compression  of  the  relatively  impervious  lake 
bottom  U/S  of  the  dam  axis,  which  was  wetted  for 
the  first  time,  under  the  water  load.  This  pro¬ 
duced  a  tilt  of  the  crest  towards  U/S  with  a  ho¬ 
rizontal  displacement  component  in  the  same  di¬ 
rection.  The  importance  of  the  compressible  foun¬ 
dation  in  contributing  to  this  mechanism  has  ac¬ 
tually  been  verified  by  physical  model  and  finite 
element  studies  (Alberro  et  al,  1976).  During 
the  2nd  filling,  the  water  load  was  considerably 
larger  than  in  the  previous  year  (it  increases 
with  the  square  of  the  depth  of  the  impounded  wa¬ 
ter)  and  the  rather  plastic  core  was  pushed  on  the 
D/S  shell  causing  the  crest  to  move  in  D/S  direc¬ 
tion  (compare  also  with  the  analysis  given  by  No- 
bari  &  Duncan,  1972).  In  addition,  the  steeper 
0/S  part  of  the  U/S  shell  became  submerged  for 
the  first  time;  its  settlement  produced  additio¬ 
nal  tilting.  The  settlement  of  the  U/S  shell  in 
combination  with  the  D/S  movement  of  the  crest 
produced  longitudinal  cracks  which  became  visible 
in  the  rigid  asphalt  pavement.  These  cracks  were 
probably  also  associated  with  a  sliding  movement. 
The  D/S  curbstone  which  originally  had  not  been 
divided  into  segments  buckled  as  a  result  of  the 
compressive  forces  developed  by  the  D/S  movement. 
The  settlement  of  the  D/S  shell  remained  small, 
as  evidenced  from  benchmarks  B8  to  BIO  and  also 
from  the  foundation  settlement  plates  (e.g.  tube 
0+300) . 

When  the  dam  was  subjected  to  a  deep  drawdown  in 
winter  1972/73,  the  U/S  shell,  for  the  first  time 
after  about  1  1/2  years  of  submergence,  experi¬ 
enced  an  increase  in  effective  stress  leading  to 
additional  settlements.  It  must  also  be  assumed 
here  that  parts  of  the  rock  in  the  rockfill  have 
been  weakened  during  soaking.  This  hypothesis 
can  be  substantiated  by  the  facts  that  also  in 
the  rip-rap  (for  which  rock  of  the  highest  avail¬ 
able  quality  was  employed)  some  large  blocks  show 
now  a  splitting  up  along  numerous  fissures.  In 
the  quarry  from  which  the  rockfill  had  been  ob¬ 
tained,  the  rock  is  often  highly  fissured  and  in 
some  places  also  platy.  Tests  on  these  rocks 
also  showed  that  after  wetting  the  compressive 
strength  was  reduced  to  one  half  or  even. less. 

It  is  believed  that  most  of  the  settlement  ob¬ 
served  after  the  dam  was  completed  was  due  to 
the  weak  foundation  which  was  more  clayey  than 
originally  inferred  from  site  investigation  and 
indicated  in  the  foundation  of  Fig.  2.  The  dam 
was  well-built  according  to  the  monthly  construc¬ 
tion  reports  and  usually  a  dam  of  this  height 
does  not  settle  more  than  about  20  cm  if  it  were 


founded  on  rock  (max.  0.3%  of  its  height  accor¬ 
ding  to  Dascal,  1987).  The  rate  of  settlement 
and  also  that  of  horizontal  movement  have  steadi¬ 
ly  decreased  and  it  can  be  concluded  that  primary 
consolidation  has  now  been  completed.  Further 
settlements  will  be  due  to  creep. 


CONCLUSIONS 

The  case  history  presented  here  demonstrates 
first  the  importance  of  instrumentation  in  large 
dams.  Had  the  dam  been  properly  instrumented, 
especially  with  respect  to  settlements  and  late¬ 
ral  movements,  in  both  the  foundation  and  the  dam 
body,  it  would  have  been  possible  to  predict  fu¬ 
ture  settlements  after  completion  of  construction 
fairly  accurately  and  an  appropriate  camber  could 
have  been  provided.  It  also  would  have  been  pos¬ 
sible  to  clearly  separate  the  settlements  taking 
place  in  the  foundation  from  those  occurring  in 
the  dam  body. 

Second,  the  benefit  of  a  good  quality  site  inve¬ 
stigation  which  is  able  to  identify  the  true  cha¬ 
racteristics  of  the  subsurface  strata,  must  be 
emphasized.  Layers  with  low  permeabilities,  even 
if  coarse  materials  appear  to  make  up  the  bulk, 
will  not  complete  their  consolidation  during  con¬ 
struction  and  will  be  a  source  of  long-term  move¬ 
ments. 
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SYNOPSIS:  On  4  November  1983  during  the  initial  filling  of  the  upper  pool  for  the  St.  Stephen 
Powerhouse  an  emergency  seepage  condition  developed  in  the  north  embankment  immediately  adjacent  to 
the  powerhouse  and  fishlift.  At  the  time  of  the  incident  there  was  approximately  67  feet  of  head 
across  the  structure.  A  carefully  planned  investigative  excavation  of  the  north  embankment  was 
conducted  to  expose  the  conditions  involved  in  the  seepage  incident.  An  Investigative  Panel 
concluded  that  there  were  four  design  related  physical  factors  which  contributed  to  the  development 
of  the  seepage.  Fragmentation  of  responsibility  for  the  design  and  construction  of  the  St.  Stephen 
Powerhouse  was  a  major  contributing  factor  to  the  development  of  the  physical  factors  which  led  to 
the  seepage  incident.  Excavation  of  the  embankment  also  indicated  serious  construction 
deficiencies,  which  although  not  directly  related  to  the  seepage  incident,  would  in  the  opinion  of 
the  Investigative  Panel  have  ultimately  led  to  a  seepage  problem. 

INTRODUCTION 


The  St.  Stephen  Powerhouse  is  part  of  the  U.S. 
Army  Corps  of  Engineers'  Cooper  River 
Rediversion  Project  near  Charleston,  South 
Carolina.  It  is  located  in  a  canal  which 
connects  Lake  Moultrie  and  the  Santee  River. 
The  project  purpose  is  to  reduce  dredging  in 
Charleston  Harbor.  This  has  been  accomplished 
by  rediverting  a  large  portion  of  the  flow  of 
the  Santee  River  which  flowed  through  Lakes 
Marion  and  Moultrie  and  down  the  Cooper  River 
back  into  the  Santee  River.  The  flow  in  the 
Cooper  River  caused  excessive  siltation  in 
Charleston  Harbor.  The  powerhouse  was 
constructed  to  take  advantage  of  the 
hydropower  potential  available  in  the 
diversion  canal  and  to  replace  the  energy  lost 
at  the  Pinopolis  Powerhouse  on  the  Cooper 
River  because  of  the  rediversion. 

The  powerhouse  is  tied  into  a  system  of  levees 
on  each  side  of  the  canal  by  a  north  and  south 
embankment  (reference  Figure  I).  The 
embankments  are  zoned  fills  with  a  crest 
elevation  of  86.  The  invert  of  the  intake 
canal  is  elevation  50  and  the  tailrace  canal 
is  elevation  0.0.  With  a  normal  pool  at 
elevation  75  the  embankments  are  subjected  to 
a  head  differential  of  approximately  69  feet. 

A  fishlift  is  incorporated  into  the  north  side 
of  the  powerhouse. 

Reservoir  filling  was  initiated  on  1  November 
1983  and  was  within  1.5  feet  of  normal  pool  on 
4  November  when  an  emergency  seepage  condition 
developed  in  the  north  embankment  adjacent  to 
the  powerhouse  and  fishlift.  The  first 
manifestation  of  the  problem  was  flow  from  the 
north  tailrace  retaining  wall  weep  holes 
located  at  elevation  6.0  at  0830  hours.  Later 
that  afternoon  around  1300  hours  water  was 
observed  coming  through  the  bottom  of  a  large 
planter  box  placed  about  midway  in  the 
downstream  slope  of  the  embankment  adjacent  to 
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the  powerhouse  and  fis'nlift  wall.  Within  four 
to  five  minutes,  water  was  overflowing  the  top 
of  the  planter  box  which  was  at  elevation  64, 
or  just  9.5  feet  below  the  upper  pool. 

Initial  flow  was  calculated  to  be 
approximately  1700  gpm.  By  1400  hours  flow 
from  the  planter  box  ceased  and  at  1503  hours 
a  sink  hole  was  discovered  on  the  upstream 
slope  a  few  feet  from  the  crest  of  the 
embankment.  At  1530  hours  flow  from  the 
tailrace  weep  holes  increasedand  became 
muddy.  The  flow  was  strong  enough  to 
cause  turbulence  in  the  tailrace  surface  out  a 
distance  of  25  feet.  The  flow  from  the  weep 
holes  subsequently  cleared. 

The  Contractor  and  Corps'  Resident  Engineer 
and  staff  worked  throughout  the  evening  of  4 
November  to  ensure  that  the  problem  was  under 
control.  The  first  action  was  to  dump  sacks 
of  dry  bentonite  into  the  lake  around  the 
upstream  retaining  wall.  The  bentonite  was 
later  observed  in  the  water  coming  through  the 
bottom  of  the  planter  box.  A  surcharge  fill 
was  also  placed  on  the  upstream  slope  to  choke 
the  seepage  intake.  After  a  few  hours  the 
seepage  rate  declined  significantly. 

Initially,  this  was  attributed  co  the 
placement  of  the  surcharge  fill,  however,  it 
was  later  determined  that  the  internal  filters 
within  the  dam  functioned  to  the  extent  that 
they  clogged  and  flocked  the  seepage  paths. 

In  a  separate  action  an  earthen  plug  was 
placed  across  the  canal  upstream  of  the 
powerhouse  to  prevent  the  potential  loss  of 
Lake  Moultrie.  By  the  end  of  the  day  the 
emergency  seepage  condition  was  under  control 
and  drawdown  of  the  pool  upstream  of  the 
powerhouse  was  initiated. 

A  ten  member  Investigative  Panel  from  within 
the  Corps  was  convened  to  investigate  the 
causes  related  to  the  development  of  the 
seepage.  The  Panel  closely  evaluated  all 
aspects  of  the  design  and  construction  of  the 
project  which  may  have  contributed  to  the 
seepage  incident.  The  north  embankment 
adjacent  to  the  powerhouse  was  carefully 
excavated  and  examined.  Some  of  the  findings 
of  the  Panel  are  unique  to  this  specific 
project,  others,  however,  have  a  much  wider 
application. 

EMBANKMENT  SEEPAGE  CONTROL 

In  the  plans  and  specifications  the  seepage 
control  immediately  adjacent  to  the  powerhouse 
consisted  of  a  30  feet  wide  impervious  core 
extending  from  the  top  of  the  embankment, 
elevation  86,  to  the  bottom  of  the  structural 
excavation.  A  sheet  pile  wall  then  extended 
through  the  overburden  materials  to  the  top  of 
a  clay  shale  unit  at  approximately  elevation 
-23.  The  combination  core/sheet  pile  cutoff 
tied  into  a  slurry  trench  constructed  around 
the  perimeter  of  the  site  for  the  purpose  of 
construction  dewatering.  The  zonation  in  the 
remaining  portion  of  the  embankment  was 
somewhat  complicated  due  to  the  structural 
configuration  of  the  powerhouse  and  connecting 
fishlift  on  the  north  side,  as  well  as  the 
intake  and  tailrace  retaining  walls. 
Immediately  downstream  of  the  core,  however, 
was  zone  II  material  (silty  and  clayey  sand). 


Upstream  of  the  core  at  the  lower  elevation 
was  a  "select  backfill"  material  consisting  of 
a  crushed  rock  which  served  as  the  foundation 
of  the  intake  retaining  walls.  This  material 
was  overlain  by  a  very  open  "pervious  fill". 

A  modification  to  the  contract  added  a  zone  of 
filter  material  upstream  of  the  impervious 
core  to  separate  it  from  the  "pervious  fill". 

As  a  result  of  anticipated  problems  with  the 
installation  of  the  steel  sheet  piling  cutoff, 
the  contractor  submitted  a  Value  Engineering 
Change  Proposal  (VECP)  to  alter  the  seepage 
control  features  of  the  embankment.  The  VECP 
eliminated  the  sheet  piling  cutoff  and  the 
impervious  core  below  elevation  45.  It 
replaced  these  features  with  a  five  feet  thick 
upstream  impervious  blanket  which  tied  into 
the  impervious  core,  the  structure,  and  the 
construction  dewatering  slurry  trench  that 
encircled  the  structure.  Below  elevation  45, 
the  impervious  core  material  was  replaced  with 
zone  I  material  which  was  a  silty  to  clayey 
sand  (refer  to  Figures  I  and  II).  Since  the 
impervious  blanket  encompassed  the  intake 
retaining  walls,  waterstops  were  also  required 
between  monolith  joints  as  a  result  of  the 
VECP. 

PANEL  INVESTIGATION 

The  Investigative  Panel  was  composed  of  nine 
senior  engineers  and  one  engineering  geologist 
from  within  the  Corps.  Over  a  period  of 
approximately  two  months  the  Panel  performed 
an  in-depth  evaluation  of  the  circumstances 
and  events  leading  to  the  seepage  incident. 

The  following  is  a  summary  of  the  Panel  's 
findings  on  the  more  pertinent  items. 

Excavation  and  Exploration  of  the  Embankments 

A  carefully  planned  investigative  excavation 
of  the  north  embankment  was  begun  on  December 
8,  1983  to  expose  the  conditions  involved  in 
the  emergency  seepage  problem.  The 
investigative  excavation  was  methodical  and 
detailed.  The  records  obtained  and  the 
observations  made  as  it  progressed  were 
invaluable  to  the  Investigative  Panel  in 
furnishing  factual  information  relative  to  the 
:seepagi>  incident. 

The  excavation  revealed  that  the  path  of  the 
seepage  flow  began  through  and  around  the 
waterstop  located  in  the  monolith  joint 
between  the  upstream  retaining  wall  and  the 
powerhouse  (reference  Figure  II).  This 
waterstop  was  added  as  a  part  of  the  VECP. 

The  monolith  joint  is  16  feet  upstream  of  the 
centerline  of  the  embankment  at  the 
approximate  contact  of  the  core  and  the 
upstream  filter.  The  flow  breached  the 
upstream  impervious  blanket  at  the  waterstop 
and  caused  the  development  of  a  sinkhole  in 
the  embankment  above  the  lake  level.  There 
were  numerous  deficiencies  associated  with 
both  the  design  and  construction  of  the 
waterstop.  The  flow  traveled  through  the 
joint  and  into  the  select  fill  (pervious 
crushed  rock)  beneath  the  upstream  impervious 
blanket.  This  allowed  full  reservoir  head  to 
act  on  the  silty  and  clayey  sands  of  the  zone 
I  fill  immediately  beneath  the  impervious  core 
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of  the  dam. 


A  concrete  overhang  on  a  45  degree  slope 
between  elevations  42  and  49.83  was 
constructed  as  part  of  the  fishlift  on  the 
north  face  of  the  structure.  This  overhang 
extended  from  9  feet  downstream  of  the 
centerline  of  the  embankment  to  105  feet 
downstream.  The  overhang  actually  extended 
six  feet  into  the  core  section  of  the 
embankment  which  at  that  point  is 
approximately  30  feet  wide.  As  previously 
stated  the  bottom  of  the  core  was  at  elevation 
45.  A  void  developed  beneath  this  overhang 
due  to  settlement  of  the  embankment  fill. 

The  path  of  seepage  flow  extended  in  a 
downstream  direction  by  either  piping  the  zone 
I  fill  underlying  the  core  into  the  void 
beneath  the  overhang  or  by  hydraulically 
fracturing  and  eroding  the  zone  I  fill  or,  by 
a  combination  of  these.  The  extension  of  the 
seepage  path  between  the  waterstop  and  the 
overhang  was  beneath  the  contact  of  the 
impervious  core  and  zone  I.  A  considerable 
portion  of  the  path  was  at  the  contact  of  zone 
I  and  the  fishlift  wall.  The  seepage  path 
followed  the  void  beneath  the  overhang  thus 
extending  downstream  approximately  96  feet. 

The  seepage  path  divided  at  this  location. 

One  path  went  vertically  up  the  concrete  and 
embankment  interface  and  exited  through  the 
planter  box,  the  bottom  of  which  was  located 
immediately  above  the  downstream  end  of  the 
overhang.  The  other  continued  .downstream  to 
the  tailrace  retaining  wall  weepholes.  It, 
too,  followed  the  interface  of  the  concrete 
and  the  embankment. 

The  waterstop  between  the  powerhouse  and  first 
intake  retaining  wall  monolith  consisted  of  a 
split  faced  PVC  waterstop.  The  split  side  was 
attached  to  the  face  of  the  powerhouse  with 
mastic  and  bolted  into  the  concrete  with  1-1/4 
inch  long  expansion  bolts  through  a  1/4  inch 
steel  strap.  The  other  half  of  the  waterstop 
was  encapsulated  in  the  concrete  of  the 
retaining  wall.  This  waterstop  failed  by 
being  pulled  from  the  powerhouse  due  to 
opening  of  the  joint,  probably  due  to  normal 
shrinkage  and  thermal  contraction.  The 
waterstop  was  also  deficient  in  other 
respects.  For  one,  it  depended  upon  a  seepage 
path  through  the  upstream  impervious  blanket 
which  was  only  as  long  as  the  thickness  of  the 
waterstop  membrane  to  resist  the  full 
hydraulic  head  acting  across  the  impervious 
blanket.  The  waterstop  also  lacked 
approximately  1-1/2  inches  of  extending  to  the 
outer  edge  of  the  concrete  which  permitted  an 
open  gap  between  the  end  of  the  waterstop  and 
the  edge  of  the  impervious  blanket. 

A  25  foot  wide  structural  notch  in  the 
fishlift  wall  which  the  impervious  core  ties 
into  was  also  believed  to  have  contributed  to 
the  seepage  incident.  The  notch  is  formed  by 
the  two  sides  of  the  main  fishlift  structure 
and  partially  by  the  first  upstream  retaining 
wall  on  the  third  side.  The  problem  with  the 
notch,  which  almost  entirely  encompasses  the 
core,  is  two-fold.  First,  the  notch 
interfered  with  machine  compaction  and 
required  considerable  hand  compaction  in  what 
is  one  of  the  most  critical  sections  for 
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seepage  control  in  the  dam.  Secondly,  the 
core  in  contact  with  the  notch,  specifically 
on  the  downstream  and  south  sides,  had  the 
potential  of  causing  a  reduction  in 
compressive  stresses  in  the  core  at  the  lower 
elevations  due  to  arching  of  the  fill.  The 
potential  reduction  of  compressive  "tresses 
within  the  core  was  an  invitation  for 
hydraulic  fracturing  and  subsequent  piping, 
particularly  when  it  is  considered  i.. 
combination  with  the  overhang. 

From  the  investigative  excavation  the  Panel 
determined  that  the  seepage  incident  occurred 
due  to  four  design  deficiencies:  (1)  the 

overhang  on  the  fishlift  which  protruded  into 
the  embankment  fill  and  resulted  in  the 
development  of  a  void  when  settlement  occurred 
in  the  embankment,  (2)  the  upstream  retaining 
wall  waterstop,  designed  as  a  part  of  the 
VECP,  which  failed  to  act  as  a  seepage 
barrier,  (3)  the  fishlift  notch  which 
presented  an  obstruction  to  machine  compaction 
and  magnified  the  tendency  for  fill  to  arch  in 
contact  with  a  steep  abutment  such  as  was 
formed  by  the  concrete  structure,  thereby 
facilitating  hydraulic  fracturing  and  piping 
and  (4)  replacement  of  impervious  core 
material  with  zone  I  material  below  elevation 
45  which  placed  more  pipeable  and  erodible 
material  in  the  path  of  seepage  than  would 
have  existed  under  the  original  design. 

In  addition  to  the  design  deficiencies,  the 
excavation  also  revealed  a  number  of 
construction  deficiencies.  Extensive 
interfingering  or  overlapping  of  the 
embankment  zones  were  noted.  There  were 
locations  where  the  zone  II  fill  downstream  of 
the  core  was  interf ingered  into  the  impervious 
core  as  much  as  7.5  feet.  Unsuitable  material 
was  also  found  in  the  core  section  between 
elevation  48+  and  49+.  In  addition,  in  most 
density  tests  above  elevation  54,  the 
materials  encountered  in  excavating  the 
impervious  core  section  failed  to  meet  the 
specified  density.  Excavation  of  a  trench 
across  the  tie-in  of  the  impervious  blanket 
and  the  slurry  trench  in  one  area  indicated  a 
blanket  thickness  varying  from  0.2  to  4.0 
feet.  The  thickness  was  specified  as  5.0 
feet.  Although  these  construction 
deficiencies  were  not  directly  related  to  the 
seepage  incident,  it  was  the  opinion  of  the 
Panel  that  these  deficiencies  could  have  led 
to  a  future  seepage  problem. 

Embankment  and  Structural  Design  and  Design 
Review  Process 

The  design  process  for  the  St.  Stephen 
Powerhouse  Project  was  complicated  in  that  3 
Corps  districts  and  an  Architect  Engineer  firm 
were  involved  in  the  design.  This  factor  made 
it  impossible  to  isolate  the  responsibility 
for  the  design  deficiencies.  Late  in  the 
design  stage,  in  an  effort  to  accommodate 
requests  from  the  U.S.  Fish  and  Wildlife 
Service,  significant  changes  were  made  in  the 
outside  configuration  of  the  powerhouse 
structure.  The  changes  were  (1)  the 
introduction  of  the  fishlift  overhang  that 
protruded  into  the  impervious  core  and  (2)  the 
provision  for  the  structural  notch  which  the 
impervious  core  tied  into.  The  effects  of 


these  changes  were  not  fully  considered.  The 
district  which  accomplished  the  original 
embankment  design  was  not  involved  in  these 
changes  or  given  the  opportunity  to  review  the 
final  design  or  plans  and  specifications  which 
were  developed  by  an  AE.  In  fact,  there  was  a 
significant  lack  of  geotechnical  involvement 
during  the  final  design  on  the  part  of  the 
Corps  as  well  as  the  AE.  Of  ten  review  and 
approval  meetings  conducted  during  the  final 
design,  only  one  was  attended  by  a  Corps' 
geotechnical  engineer,  and  he  was  young  and 
lacked  experience  in  dam  design. 

Review  at  both  the  district  and  division 
levels  within  the  Corps  of  the  embankment 
plans  and  specifications  as  presented  by  the 
AE  indicated  inadequacies,  particularly  with 
the  embankment  plans.  Emphasis  placed  on 
meeting  the  scheduled  advertising  date  for  the 
project,  however,  dictated  that  only  revisions 
be  made  rather  than  completely  redoing  the 
embankment  plans.  These  revisions  were 
performed  primarily  by  the  Corps  since  the  AE 
had  displayed  a  lack  of  geotechnical 
expertise.  Although  the  embankment  sections 
added  to  the  final  plans  and  specs  by  the 
Corps  helped  clarify  the  embankment  zoning, 
they  failed  to  identify  the  impact  the 
overhang  and  notch  had  on  the  embankment.  In 
the  opinion  of  the  Panel,  considering  the 
condition  of  the  plans  and  specs  received  from 
the  AE  and  the  time  restraints  imposed  for 
review  and  revisions,  the  district  responsible 
for  the  revisions  did  the  best  they  could. 

The  primary  problem  during  the  overall  design 
process  was  the  failure  to  "marry"  the 
embankment  design  by  the  Corps  with  the  final 
powerhouse  design  of  the  AE.  The  Panel  found 
that  this  can  be  attributed  to  (1)  the  failure 
to  involve  the  original  district  responsible 
for  the  embankment  design  in  the  final  design, 
(2)  the  lack  of  geotechnical  expertise 
committed  to  the  project  by  the  AE,  and  (3) 
the  lack  of  geotechnical  involvement  by  the 
Corps  during  the  A-E 's  final  design.  The 
Panel  was  also  of  the  opinion  that  once  the 
inadequacies  of  the  geotechnical  portions  of 
the  plans  and  specifications  as  received  from 
the  AE  were  identified,  it  would  have  been 
prudent  to  have  taken  the  time  necessary  to 
ensure  a  quality  product. 

Constructibilitv  Review 

A  detailed  constructibility  review  of  the 
embankment  plans  and  specifications  was  not 
performed.  It  appears  that  there  were  two 
reasons  for  this.  First,  there  was  no 
construction  division  in  the  district  which 
was  responsible  for  the  construction  of  the 
powerhouse.  A  special  field  construction 
office  had  been  set  up  for  this  project. 
Consequently,  the  responsibility  for  the 
constructibility  review  fell  on  the  Resident 
Engineer's  office  which  had  limited  capability 
to  perform  such  a  review.  The  other  reason 
was  that  the  earthwork  plans  and 
specifications  which  were  received  from  the  AE 
required  significant  revisions  by  the  Corp's 
designers  to  get  them  into  acceptable 
condition  to  advertise.  These  revisions 
consumed  most  of  the  time  that  was  available 
for  such  a  review. 
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Construction  Management  and  Supervision 

The  evaluation  of  the  construction  management 
and  supervision  centered  on  the  construction 
deficiencies  which  were  observed  during  the 
excavation  of  the  north  embankment  which 
indicated  that  the  Contractor  Quality  Control 
(CQC)  and  the  Corps  Quality  Assurance  (QA) 
programs  were  not  effective  for  the 
embankment.  In  general,  it  was  determined 
that  there  was  an  absence  of  consistent  CQC 
inspection  of  the  embankment  construction. 

The  CQC  effort  focused  on  testing  rather  than 
inspection.  Testing  is  not  quality  control; 
it  is  quality  verification.  The  Corps' 
quality  assurance  program  suffered  from  a 
number  of  factors  which  made  it  less  effective 
than  was  necessary.  Lack  of  full  time 
inspection  coverage  of  the  embankment 
construction  was  a  major  failing.  But  to 
retain  proper  perspective,  it  is  worth  noting 
that  the  QA  personnel  are  not  responsible  for 
the  instances  of  noncompliance  with  the 
contract  specifications;  the  Contractor  holds 
the  entire  responsibility  to  ensure  that  his 
work  is  in  compliance,  regardless  of  the  right 
of  government  inspection.  The  CQC  was  not 
effective  in  achieving  acceptable  quality  of 
the  embankment  construction. 

Value  Engineering  Contractor  Proposal  Design 
Change 

The  Value  Engineering  Contractor  Proposal  as 
stated  previously,  resulted  in  a  major  change 
to  the  seepage  control  features  of  the 
embankment.  The  Panel  found  that  certain 
features  of  the  VECP  changes  contributed 
directly  to  the  emergency  seepage  problems  as 
they  occurred.  These  features  were  the  design 
of  the  waterstop  and  the  replacement  of  the 
impervious  clay  core  material  with  more 
erosive  zone  I  fill  below  elevation  45.  The 
VECP  was  submitted  in  a  conceptual  form  only, 
and  the  contractor  indicated  that  the 
government  would  bear  all  responsibility  for 
design  if  accepted.  The  VECP  was  evaluated 
and  accepted  by  the  Corps  and  revisions  to 
contract  plans  and  specification  were  made  by 
the  Construction  Project  Office  with  guidance 
from  engineering.  The  Panel  was  of  the  belief 
that  the  design  efforts  required  by  the 
revisions  exceeded  the  capability  and 
responsibility  of  the  Construction  Project 
Office.  Further,  there  appeared  to  be 
insufficient  coordination  between  engineering 
and  construction  during  the  revision  process, 
particularly  concerning  the  waterstop 
details.  It  was  the  opinion  of  the  panel  that 
the  time  and  effort  expended  on  the  evaluation 
of  the  VECP  was  not  sufficient  to  evaluate  the 
full  impact  of  the  VECP  changes  or  to  develop 
adequate  details  for  implementation.  The 
changes  resulting  from  VECP  constituted  a 
significant  departure  from  the  approved  design 
and  their  development  should  have  warranted 
effort  consistent  with  effort  for  an  original 
design. 

CONCLUSIONS 

Mode  of  Seepage 

The  Panel  found  the  seepage  incident  to 
initiate  ''ith  water  which  was  able  to  bypass  a 


failed  waterstop  in  the  monolith  joint  between 
the  powerhouse  and  the  first  upstream 
retaining  wall  monolith.  This  allowed  the 
water  to  flow  beneath  the  upstream  impervious 
blanket  and  bring  full  reservoir  head  against 
the  pipeable  zone  I  fill  beneath  the 
impervious  core  section  in  the  embankment. 

The  zone  I  material  was  piped  into  the  void 
which  resulted  from  settlement  of  the  fill 
beneath  the  fishlift  overhang.  A  structural 
notch  which  the  impervious  core  tied  into 
increased  the  tendency  for  possible  hydraulic 
fracturing  and  piping  in  the  zone  I  fill.  The 
seepage  path  followed  the  void  to  the 
downstream  end  of  the  overhang  and  then 
branched  into  two  paths.  One  path  went 
vertically  up  the  fishlift  and  exited  the 
bottom  of  a  planter  box.  The  planter  box 
actually  worked  similar  to  a  sandbag  loop 
which  is  typically  used  to  stabilize  boils. 

The  other  seepage  path  continued  downstream  at 
the  contact  of  the  fishlift  wall  and  the 
downstream  filter  until  it  exited  the  north 
tailrace  retaining  wall  weep  holes. 

Factors  Contributing  to  the  Emergency  Seepage 
Problem 

The  Panel  concluded  that  there  were  four 
physical  factors  which  were  directly  related 
to  the  seepage  failure.  In  order  of 
significance  these  were:  (1)  the  fishlift 
overhang,  (2)  the  inadequate  waterstop,  (3) 
the  structural  notch,  and  (4)  zone  I  material 
beneath  the  impervious  core. 

In  addition,  the  fragmentation  of 
responsibility  for  design  and  construction 
between  the  three  Corps'  Districts  and  the 
Architect  Engineer  was  a  factor  which  must  be 
accorded  considerable  responsibility  for  the 
development  of  the  physical  factors  which  led 
to  the  seepage  incident. 

Major  Factors  Unrelated  to  the  Seepage 
Incident  but  Significant  to  Note 

There  were  a  number  of  significant  factors 
discovered  during  the  investigation  which  are 
significant  to  note  but  could  not  be  directly 
related  to  the  seepage  incident  by  the 
investigation.  These  factors  were:  (1) 
extensive  overlapping  of  embankment  zones,  (2) 
low  densities  of  embankment  fill,  (3) 
questionable  compatibility  of  filter  zones, 

(4)  unsuitable  material  found  in  the 
impervious  core  section,  (5)  thin  impervious 
blanket  section  at  slurry  trench  tie-in,  (6) 
absence  of  full  time  QA  inspection,  (7)  lack 
of  CQC  inspection,  and  (8)  the  lack  of  a 
constructibility  review. 

The  Panel  found  that  the  immediate  causes  of 
the  seepage  problem  were  all  design 
deficiencies,  however,  the  construction 
deficiencies  discovered  during  the 
investigation  were  sufficiently  severe  that  in 
the  opinion  of  the  Panel  these  deficiencies 
could  have  eventually  lead  to  a  seepage 
problem. 

Lessons  Learned 

There  are  a  number  of  significant  lessons 
which  can  be  learned  from  this  experience  and 


applied  to  other  projects.  In  the  opinion  of 
the  Panel  many  of  the  problems  that  existed  at 
this  project  also  frequently  occur  to  varying 
degrees  in  other  projects.  The  more  important 
lessons  learned  were:  (1)  designers  involved 
in  a  critical  feature  of  a  project  during 
early  phases  should  maintain  involvement 
throughout,  (2)  the  design/review  process  for 
major  projects  should  involve 
interdisciplinary  teams  comprised  from  all 
involved  disciplines  to  ensure  that  design 
interfaces  are  properly  considered,  (3)  when 
significant  inadequacies  are  recognized  during 
the  latter  stages  of  designs,  time  should  be 
taken  to  reanalyze  and  to  correct  the 
inadequacies.  Commitment  to  schedules  for 
advertising  and  award  must  not  be  allowed  to 
override  design  quality.  (4)  continuous, 
full-time  quality  assurance  inspection  is 
necessary  during  all  earth  dam  construction, 

(5)  CQC  specifications  should  emphasize  the 
requirement  for  inspection,  (6)  additional 
staffing  should  be  provided  to  a  Resident 
Office  in  a  district  which  does  not  have  a 
construction  division,  inorder  to  provide  the 
technical  and  administrative  resources 
required  by  this  increased  self-reliance,  and 
(7)  there  appears  to  be  a  general  tendency 
throughout  the  Corps  to  devote  insufficient 
time  and  effort  to  the  development  of  design 
changes  and  VECP  changes  during  construction. 
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SYNOPSIS 


Many  natural  and  embankment  slopes  fail  due  to  the  erosion  of  the  top  surficial  soil  mantle.  Denudation  of  vegetation  from  soil 
slopes  combined  with  the  further  steepening  of  slopes  due  to  natural  and  man-made  causes  such  as  cuts  result  in  such  a  type 
of  failure.  Essentially,  the  corrective  measures  appropriate  for  stabilizing  these  slopes  comprise  erosion  control  by  establishing 
vegetation  on  the  slope.  The  methods  of  vegetative  turfing  include  asphalt  mulch,  coir/jute  netting,  geogrids  and  stone  apron 
techniques.  The  paper  sets  forth  the  case  history  giving  details  of  some  of  the  relatively  new  techniques  for  erosion  control 
on  a  hill  road  in  India  and  evaluates  the  relative  performance  and  the  relative  economics  of  these  methods. 


INTRODUCTION 

Landslides  are  difficult  to  analyse  due  to  the  complexity 
of  geologic  settings  and  variation  in  the  type  of  materials 
involved.  Landslides  can  occur  slowly  or  suddenly,  with 
or  without  apparent  provocation. 

External  disturbances  such  as  undercutting  the  foot  of 
an  existing  slope  or  digging  an  excavation  with  unsupported 
sides  can  cause  slides.  Some  times  slopes  which  are  stable 
for  a  long  time,  suddenly  fail  due  to  deterioration  in  the 
strength  of  the  soil  or  a  temporary  increase  in  run-off 
water  on  the  surface  or  an  increase  of  seepage  water 
into  the  soil  mantle.  The  increased  weight  of  soil  from 
an  increased  degree  of  saturation  owing  to  heavy  rainfall 
often  starts  a  slide  in  humid  regions. 

Most  'surficial  landslides'  occur  as  a  result  of  denudation 
of  vegetation  on  the  hill  slopes.  Vegetative  turfing  represents 
one  of  the  most  important  corrective  measures  in  either 
case  of  landslides  caused  by  run-off  water  or  by  seepage 
of  water  into  the  soil  mantle  causing  a  deep  seated  land¬ 
slip  Ref.  I).  In  hill  roads  bristling  with  actual  or  potential 
lanusade  problems,  there  is  a  strong  case  for  undertaking 
systematic  treatment  of  all  denuded  soil  slopes  along  the 
hill  road  with  a  view  to  establishing  vegetative  turfing. 
Based  on  experience  with  several  field  trials  carried  out 
by  the  Central  Road  Researchlnstitute,  the  above  technique 
has  been  developed  and  sponsored  for  the  treatment  of 
erodible  slopes  as  part  of  landslide  corrective  measures 
to  be  used  either  oingly  or  in  combination  with  other  techni¬ 
ques. 

The  CRRI  had  undertaken  a  field  trial  using  this  technique 
in  combination  with  other  techniques  of  surface  drainage 
at  one  of  the  landslide  spots  m  the  Nilgiri  hills  in  Temilnadu 
in  South  India.  The  paper  attempts  to  bring  out  the  effective 
ness  of  the  different  techniques  vis-a-vis  their  relative 
costs  for  a  proper  evaluation  of  their  techno-economic 
benefits. 

SITE  INVESTIGATION 

The  Nilgiris  in  the  Western  Ghats  are  known  to  be  susceptible 
to  landslides.  Many  landslides  occured  in  this  region  during 
1978-79.  The  landslides  in  the  Nilgiri  district  in  1978-79 
caused  heavy  damages  in  the  District.  Extensive  field  studies 


conducted  in  this  area  have  shown  that  the  rocks  in  the 
Nilgiris  area  are  of  deep-seated  meiamoiphic  origin  (Ref. 
2).  The  bed  rocks  comprise  mainly  cl  ai  tokites  with  lateritic 
soil  forming  a  thick  cover  over  them.  Field  observations 
indicated  a  build-up  of  excess  hydrostatic  pressure  within 
the  slope  at  certain  places  due  to  heavy  rains.  The  causes 
include  seepage  of  excess  rain  water  into  he  soil  mass 
combined  with  deforstation  of  the  hill  slopes.  After  a  care¬ 
ful  study  of  the  failure  mechanism,  it  was  concluded  that 
if  the  excess  hydrostatic  pressure  built-up  in  the  soil  mass 
is  relieved  and  the  phreatic  surface  main’ained  at  an  acc¬ 
eptable  level,  the  slope  would  remain  stable.  In  order  to 
reduce  seepage  of  rain  water,  vegetative  turfing  by  coir/jute 
netting  and  asphalt  much  technique  or  stone  apron  were 
considered  suitable  in  combination  with  horizontal  drains 
to  drain  out  the  excess  subsoil  water  that  had  already 
seeped  into  the  body  of  the  slope.  A  brief  description  of 
the  techniques  are  given  in  the  following  paragraphs. 

SLOP E  TREATMENT  BY  COIR/3UTE  NETTING 

The  Slope  area  proposed  to  be  treated  (Fig.l)is  demarcated 
and  graded  to  a  uniform  slope  by  raking  the  top  soil  for 
about  2  to  5  cm.  The  root  stumps  and  sharp  objects  are 
removed  from  the  area  to  be  treated  so  that  the  netting 
gets  a  proper  seating  on  the  soil  surface.  Then  the  first 
seeding  (3  5  kg  per  acre  is  done  and  dibbling  of  root  slips 
of  the  locally  available  grass  (willow  grass)  is  also  done. 
The  root  slips  are  planted,  15cm  apart,  in  both  directions, 
on  e  sqaure  pattern.  The  tops  of  the  root  slips  are  removed 
before  dibbling.  After  this  operation,  tamping  by  wooden 
rammers  is  done  to  obtain  a  smooth  surface  and  achieved 
appropriate  compaction  of  the  seed  and  the  root  slips 
and  to  ensure  even  sowing.  Thereafter,  coir/jute  netting 
of  2.54  cm  square  openings  having  a  width  1.22m  is  laid 
on  the  prepared  surface  firmly  in  the  direction  of  flow 
(Fig.  2).The  different  widths  of  coir  netting  already  rolled 
out  are  secured  against  displacement  by  making  them  over¬ 
lap  by  8  cm  and  pegging  them  down  into  the  slope  with 
hair-pin-shaped  steel  staples.  The  top  and  bottom  ends 
of  coir/jute  netting  are  firmly  anchored  in  30  cm  deep 
trenches  fully  stretched.  The  net  provides  innumerable 
miniature  "check  dams"  absorbing  the  impact  and  the  kinetic 
energy  of  the  falling  rain.  The  soil,  seeds  and  root  slips 
are  kept  in  their  respective  place  without  being  dislodged. 
The  coir/jute  netting  disintegrate  after  the  first  rainy 
season  and  adds  to  the  humus  content  of  the  soil.  The 
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is  as  gradually  taken  up  by  a  green  vegetative  carpe  (Fig. 
3).  The  emulsion  film  acts  as  an  immediate  cover  for  the 
slope  and  retain  the  soil  moisture  till  the  vegetation  takes 
root.  To  augment  the  lack  of  nutrients  in  the  soil  and 
to  reduce  the  acidic  nature  of  the  soil,  calcium  ammonium 
nitrate  is  applied  to  the  soil  at  the  rate  of  50  ,<g  per  1000 
sq.m.  (Ref.  2  &  3),  if  at  all  considered  necessary. 

PROVISION  OF  STONE  APRON  FOR  EROSION  CONTROL 

Erosion  control  on  the  hill  slops  can  also  be  achieved  by 


Fig.  5  :  Protection  of  Hill  Slope  by  Stone  Apron 

providing  a  stone  ap'on  on  the  soil  slope  to  be  protected. 

TABLE  1 


The  apron  consists  of  a  geogrid  or  geotextile  providing 
a  protective  cover  over  the  slope  subjected  to  run  off. 
The  faVic  due  to  its  high  filtration  characteristics  allows 
the  water  to  flow  out  ,  while  at  the  same  time  retaining 
the  soil.  In  situations  where  a  continuous  sheet  of  flowing 
water  is  involved,  fabric  protection  of  the  underlying  soil 
by  itself,  is  not  sufficient.  The  current  involved  will  even¬ 
tually  undercut  the  soil  beneath  the  fabric  and  tend  to 
dislodge  it,  rendering  the  soil  base  exposed  and  making 
it  susceptible  to  erosion.  In  most  cases,  stone  pitching 
is  required  over  the  fabric  to  keep  the  fabric  m  place, 
Fig.  5  to  improve  the  efficiency  of  the  controlling  measures. 
When  the  velocity  of  run  off  water  is  not  very  high,  slope 
erosion  can  be  controlled  by  mere  stone  pitching  without 
the  fabric.  When  a  geote<tile  is  used,  proper  precautions 
should  be  taken  to  protect  the  geotextile  from  damages 
before  and  after  laying,  (Ref.  5). 

DISCUSSION 

The  above  mentioned  erosion  control  measures  are  invariably 
applied  for  controlling  surficial  erosion  of  slopes,  both 
matural  and  man-made.  These  measures  are  to  be  conjointly 
supplem anted  by  other  remedial  measures  such  as  providing 
surface  &  subsurace  drainage  systems  when  the  job  is 
one  of  the  controlling  deeo-seated  slides. 

Erosion  control  measures  including  both  the  asphalt  mulch 
technique  and  the  coir  netting  technique  have  been  tried 
out  on  a  large  scale  fo*-  the  control  of  surficial  slides 
in  the  Nilgiri  hills.  Experience  with  these  methods  has 
shown  growing  a  vegetative  turfing  of  willow  grass  to 
be  more  effective  than  toe  mere  planting  of  big  trees. 
The  willow  grass  tends  to  cover  the  surface  more  uniformly 
and  anchors  down  the  soil  mantle  more  firnly.  The  cost 
aspects  of  the  different  methods  of  treatment  tried  out 
in  the  Nilgiri  hills  are  set  out  in  Table  1. 

An  analysis  of  the  experience  gained  from  these-  -field  trials 
involving  different  methods  of  slope  treatment  together 


COMPARATIVE  COST  DATA  OF  DIFFERENT  EROSION  CONTROL  TECHNIQUES 


S.No. 

Technique 

Area 

Cost  of 

Labour 

Over- 

Total 

Remarks  if 

Sqm. 

material 

Charges 

head 

charges 

cost 

any 

Rs. 

Rs. 

Rs. 

Rs. 

1. 

Asphalt  Mulch  Technique 

100 

500/- 

1000/- 

1 

O 

O 

5TN 

2000.00 

($51) 

($83) 

<$v:) 

($167) 

2. 

Coir  Netting 

100 

550/- 

1000/- 

100/- 

1650/- 

($56) 

($33) 

($8) 

($137) 

3. 

dute  Netting 

100 

650/- 

1000/- 

100/- 

1750/- 

($55) 

($83) 

($8) 

($155) 

5. 

Netlon 

100 

5800/- 

1000/- 

100/- 

6900/- 

($583) 

($83) 

($8) 

($575) 

5. 

Apron  without  geotextile 

100 

1500 

1300/- 

200/- 

3000/- 

($■•25) 

($108) 

($17) 

($250) 

6. 

Apron  with  geotextile 

100 

3500/- 

1300/- 

200/- 

5000/- 

($292) 

($108) 

($17) 

($517) 

Note:  Cost  of  each  technique  is  approximate,  based  on  Indian  CP  TO  &  other  market  rates  as  in  August,  1987. 
(Exchange  rate  at  12  Indian  Rupees  per  US  Dollar) 
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with  the  cost  data  as  reflected  by  Table  !  point  to  the 
following  conclusions; 

CONCLUSIONS 


1.  Vegetative  turfing  is  an  effective  tool  for  the  treatment 
of  surficia'  slides.  However,  for  deep-seated  slides,  it 
would  prove  effective  only  when  used  in  combination  with 
other  measures  (like  surface  drainage  and  subsurface  drainage 
)  designed  to  control  the  landslides. 

2.  In  India,  where  coir/juca  is  plentifully  available  and 
are  relatively  inexpensive,  coir/jute  netting  techniques 
deserve  to  be  used  extensively,  for  pj 'poses  of  erosion 
control. 

3.  From  the  point  of  view  of  limits  of  application  of 
the  different  techniques,  it  would  seem  *nat  tne  asphalt 
much  technique  would  suffice  for  erosion  control  problens 
obtaining  in  areas  of  moderate  rainfall  whereas  the  technique 

of  coir/jute  netting  would  be  nore  suitable  for  tackling 
problems  of  erosion  control  in  areas  of  heavy  rainfall. 
It  logica'ly  follows  that  geogrids  made  of  palypropelene 
can  always  be  used  instead  of  coir/jute  netting  in  many 
situations,  provided  it  proves  to  be  cost-effective. 

ACKNOWLEDGEMENT 


This  paper  is  published  with  the  kind  permission  of 
the  Director,  Central  Road  Research  Institute,  New  Delhi- 
110020. 

REFERENCES 


1.  Mehra,  S.R.Nataranjan,  T.K.  (1965): 

Handbook  on  Landslide  Analysis  and  Correction. 

2.  CRR1  (1931)  Report  'Field  Trials  on  the  Installation 
of  Horizontal  Drains  near  Ooty  in  Nilgiris. 

3.  Natarajan,  T.K.  Gupta  S.C.  (1930)  "Techniques  of  Erosion 
Control  for  surficial  Landslides"  Proc.  International 
Symposium  on  Landslides"  New  Delhi-India. 

9.  Natarajan,  T.K.,  Murty,  AVSR  (1935)  "Geotextiles 
in  Erosion  Control  Works  for  Landslide  Correction" 
Seminar  on  Construction  of  Roads  in  Hill  Areas:  Nainital, 
India. 


364 


Proceedings:  Second  International  Conference  on  Case  Histories  in  Geotechnical  Engineering,  June  1-5, 1988,  St  Louis,  Mo.,  Paper  No.  3.06 


Restoration  of  the  Stability  of  Retaining  Wall 

T.K.  Natarajan  P.  Jagannatha  Rao 

Deputy  Director,  Central  Road  Research  Institute,  New  Delhi,  India  Head,  Geotechnical  Engineering  Division,  Central  Road  Research 

Institute,  New  Delhi,  India 


SYNOPSIS  :- 

The  paper  sets  out  the  salient  features  concerning  the  failure  of  a  retaining  wail  on  a  sloping  ground.  The  retaining  wail  exper¬ 
ienced  a  displacement  of  about  1.50m  both  in  the  downward  and  outward  directions  without  experiencing  any  tilt  or  structural 
distress.  The  stability  analysis  of  the  slope  on  which  the  retaining  wall  was  located,  established  that  the  failure  was  caused  by 
inadequate  drainage  of  the  fill  resulting  in  a  build  up  of  pore  pressures.  Four  more  such  retaining  wall  sections  were  also  analysed. 

The  remedial  measures  consist  of  providing  adequate  drainage  using  a  geotextile  -  covered  filter  drain,  use  of  light  weight  saw 
dust  back  fill  to  reduce  the  disturbing  moments,  in  the  case  of  the  retaining  wall  that  experienced  movement.  In  the  other  sections, 
suitable  regrading  of  the  slope  in  front  of  the  retaining  walls  along  with  a  slight  reduction  in  the  height  of  the  backfill  was 
found  to  be  the  most  economical  solution  available. 


INTRODUCTION 

A  large  level  area  was  required  to  ''e  developed  at  a  loca¬ 
tion  where  the  natural  ground  consists  of  a  gently  sloping 
hillside  near  sea  shore.  Five  retaining  walls,  ranging  in 
height  from  3  to  5  meters,  were  built  along  the  periphery 
of  the  area  whose  level  was  to  be  raised.  These  retaining 
walls  are  identified  as  PQ,  QR,  RS,  ST  and  TU.  Backfilling 
was  started  behind  the  retaining  wall  TU  and  soon  reached 
the  full  height.  Shortly  thereafter,  a  heavy  and  sustained 
rainfall  occurred  for  about  3-4  days.  During  this  period, 
the  wall  was  noticed  to  be  moving  and  over  a  period  of 
foui  days,  the  total  movement  experienced  by  the  wall 
was  observed  to  be  1.60m  in  lateral  direction  and  1.50m 
in  the  vertical  direction.  It  was  found  that  the  displacements 
experienced  by  the  retaining  wall  were  of  the  rigid  body 
type.  The  retaining  wall  did  not  undergo  any  structural 
damage.  In  the  displaced  position,  the  wall  remained  vertical 
with  no  tilt. 

In  order  to  reduce  the  active  earth  pressure  behind  the 
retaining  wall  TU,  action  was  initiated  to  remove  the  backfill 
.  Surface  drainage  was  also  improved.  The  movement 
of  the  wall  ceased  following  these  measures. 

Fig.  1  shows  the  retaining  wall  TU  in  the  displaced  position. 
The  other  retaining  wall  sections,  behind  which  no  backfill 
was  placed,  are  also  seen  in  the  same  figure. 

In  the  following  section,  the  causes  for  the  displacement 
experienced  by  the  retaining  wall  are  brought  out.  Remedial 
measures  to  keep  the  regraded  slope  stable  over  entire 
area  are  also  described. 

GEOTECHNICAL  INVESTIGATIONS 

Geotechnical  investigations  were  conducted  in  two  phases. 
In  the  first  phace  5  boreholes  were  made  in  the  vicinity 
of  retaining  wall  TU.  which  had  undergone  displacement 
and  the  adjoining  slope  area.  The  results  from  these  investi¬ 
gations  are  summarised  Table  1. 


Fig.  1  General  View  of  the  Slope 


Table:  1.  Properties  of  Subsoil  in  Slope  area  TU. 


Layer  I  30  14  0  28 

Layer  2  48  23  10  20 


Fig.2.  shows  the  stratification  of  soil  in  this  area.  A  relati¬ 
vely  softer  pocket  of  soil  was  found  to  be  present  in  the 
slope  area  TU. 
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Table:  3.  Restuls  of  stability  Analysis  for  Slope  Area  TU. 


Fig.2,  Soil  Stratification  and  location  of 
Critical  Failure  Surfaces. 

In  the  second  phase,  soil  investigations  were  carried  out 
in  the  slope  area  behind  the  letaining  walls  PQ.  QR,  RS, 
ST.  The  results  from  these  investigations  are  summarised 
in  Table  2.  While  soli  type  in  both  the  areas  is  broadly 
similar  i.e.  sand-silt-clay  mixture  with  some  gravel,  the 
gravel  content  was  found  to  be  relatively  higher  in  this 
part  of  the  slope.  Accordingly  a  wider  variation  in  the 
shear  strength  value  was  noticed. 

Table  2  Subsoil  Properties. 


Retaining  Depth,  m  Shear  Strength  Para- 


Wall 

section 

below 

G.L. 

LL. 

PI. 

c' 

kPa 

meters. 

degrees 

FQ 

3.0 

30 

12 

0 

41 

3.5 

29 

11 

24 

28 

2.0 

35 

15 

10 

31 

QR 

2.0 

71 

18 

10 

27 

3.0 

34 

16 

4 

34 

3.3 

36 

15 

16 

34 

RS 

2.0 

34 

15 

0 

38 

ST 

2.0 

58 

29 

0 

20 

3.0 

36 

16 

24 

33 

RESULTS  OF  STABILITY  ANALYSIS 

The  stability  of  the  slope  containing  the  retaining  walls 
was  evaluated  using  Bishop's  method  of  analysis.  Computer 
programme  developed  at  CRR!  was  utilised  for  this  purpose. 

STABILITY  OF  SLOPE  AREA  TU. 

The  profile  used  in  stability  analysis  for  this  part  of  slope 
is  shown  in  Fig.2.  The  results  of  stability  analysis  for 
varying  piezometric  levels  are  shown  in  Tabic.  3. 


Fill  Level 

Piezometric  Level 

Factor  of  Safety 

RL  99.0  m 

G.L. 

0.98 

RL  99.0  m 

0.5  m  below  GL. 

1.19 

RL  99.0  m 

1.0  m  below  GL 

1.39 

RL  99.0 

1.5  m  below  GL. 

1.57 

RL  99.0  m 

3.0  m  below  GL 

2.13 

These  results  clearly  bring  out  that  the  stability  of  the 
slope  is  highly  sensitive  to  changes  in  peizometric  level 
and  a  rapid  increase  in  the  factor  of  safety  occures  when 
the  water  level  goes  down.  The  slope  is  likely  to  fail  when 
the  water  table  is  at  RL  99.0m  i.e.  at  the  top  of  the  fill. 
As  shown  the  critical  failure  surface  is  located  just  below 
the  retaining  wall  and  is  tangential  to  the  softer  layer 
found  in  the  region. 

It  has  been  concluded  on  the  basis  of  the  above  analysis 
and  field  evidence  that  the  natural  slope  on  which  the 
retaining  wall  was  located,  experienced  failure  along  a 
circular  surface.  The  primary  cause  of  the  failure  is  identi¬ 
fied  as  overloading  at  the  head  of  the  slide  due  to  fully 
saturated  fill.  As  the  soil  mass  experienced  an  outward 
movement,  the  retaining  wall  was  also  carried  alongwith 
»he  moving  soil  mass.  Since  t..e  rate  of  movement  was 
slow,  no  structural  damage  or  tilt  had  occured.  It  seems 
that  the  retaining  wall  has  in  all  possibility  slideti  along 
the  failure  surface  and  came  to  rest  at  the  lower  most 
position.  This  displacement  has  an  outward  and  an  downward 
component  each  of  the  order  of  about  1.5m  each. 

REMEDIAL  MEASURES 

In  order  to  keep  the  piezor.c‘ric  level  low  in  the  fill  area 
inspite  of  long  and  sustained  duration  of  rain  storms,  two 
rubble  drains,  one  inclined  and  the  second  vettical  are 
provided  as  shown  in  Fig.  3.  The  rubble  drains  are  covered 
with  permeable  geotextile  layer  that  would  serve  as  a 
separation  barrier.  These  drains  a-'-  located  such  that 
they  nearly  form  the  boundary  of  the  mass  susceptible 
to  failure.  Thus  the  mass  is  kept  in  a  well  drained  condition, 
thereby  limiting  the  driving  forces  to  a  minimum. 


USE  OF  SAW  DUST  IN  THE  BACKFILL. 

Diriving  forces  can  be  reduced  further  by  the  use  of  saw 
dust  as  backfill.  Saw  dust  was  available  as  a  waste  product 
at  the  local  timber  mills.  It  is  easy  to  compact.  It  is  pro¬ 
tected  against  any  changes  in  moisture  content  since  an 
impermeable  geomembrane  has  been  provided  as  envelope. 
Further,  in  this  area,  temperature  cnanges,  both  seasonal 
and  deurnal,  are  limited  in  magnitude.  The  chances  of 
saw  dust  decomposing  are  very  minimal. 

The  factors  of  safety  of  the  slope  area  TU.  for  different 
ambient  conditions  are  given  in  table  4. 


STABILITY  ANALYSIS  OF  AREAS  PQ,  QR,  RS,  ST. 

Stability  analysis  was  carried  out  for  the  rest  four  sections 
viz.  PQ.  QR,  RS,  ST  as  well.  The  slope  profiles  are  shown 
in  Figs.  7,5,6  and  7.  The  factor  of  safety  of  these  slope 
areas  assuming  piezometric  level  to  be  at  RL  99.0m  are 
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LEGEND 

I.  Im  SOIL  FILL. 

2  COMPACTED  SAW  DUST  ENCAPSULATED 
IN  IMPERMEABLE  GEOMEMBRANE. 

(2  LAYERS  PVC  SHEETING ) 

3,  IMPERMEABLE  PVC  SHEET  OR  GEOMEMBRANE 

4,  6.  RUBBLE  FILTER  DRAINS. 

5,  7.  PERMEABLE  GEOTEXTILE. 

8.  COLLECTOR  DRAIN  WITH  LONGITUDINAL  SLOPE 
TO  THE  NATURAL  NALLA . 

9.  WEEPHOLES. 


R.L.  99-0  IS  ASSUMED  TO  CORRESPOND  TO  THE 
TOP  OF  THE  RETAINING  WALL  IN  THE 
PRESENT  POSITION. 


Fig.  3.  Remedial  Measures. 

Table;  4.  Factor  of  Safety  of  Slope  area  TU  with  Remedial 
Measures. 


Fill  Level 

Piczometric 

Backfill 

Factor  of 
Safety 

98.2  -n 

G.L. 

Soil+Saw  dust 

1  17 

98.2  m 

0.5m  below  GL 

Soil+Saw  dust 

1.47 

98.2  m 

1.0m  below  GL 

Soil+Saw  dust 

1.75 

98.2  m 

1.5m  below  GL 

Soil+Saw  dust 

2.00 

given  in  Table  5. 

Table:  5.  Factors  of  safety  of  Slope  Areas  PQ.  QR,  RS, 
ST. 

c'=  10  kPa,  i>  =  30° 


Slope  area  near  Factor  of  Safety 

wall  section 

PQ  0.95 

QR  0.95 

RS  1.07 

ST  1.42 


REMEDIAL  MEASURES  FOR  SLOPE  AREA  PC 

3T 


Stability  analysis  have  clearly  shown  that  the  slope  is 
liable  to  fail  when  the  backfill  is  fully  saturated  i.e.  with 
piczometric  level  at  the  top  of  the  fill.  Simple  and  inexpen¬ 
sive  method  of  improving  the  stability  of  slopes  by  regulating 
the  height  of  backfill  has  been  onsidered  the  most  feasible 
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method  of  improving  the  overall  slope  stability  for  these 
areas.  The  factor  of  safety  with  different  levels  of  the  back¬ 
fill  proposed  and  addition  of  fill  material  in  the  front  of 
the  retaining  wall  (designated  as  lower  slope)  are  summarised 
in  table  6.  Piezometric  level  is  assumed  to  be  at  the  toD 
of  the  fill.  K 

Table:  6.Factors  of  Safety  of  Sections  PQ,  QR,  RS,  ST 
with  Remedial  Measures. 


Back  fill  Lower  Slope  Con-  Factor  of  Safety 

figuration  Sections  Sections 

PQ  &  QR  RS  &  ST 


RL  98. 5  m  Lower  Slope  dressed  1.49  1,48 

to  15°  and  starts 
at  RL  95.5  m  of 
walls. 

RL  99.0  m  Lower  Slope  dressed  to  1.50  1.50 

15°  and  starts  at  RL 
96.0  m  of  walls. 


To  ensure  that  the  fill  material  is  well  drained,  in  addition 
to  weep  holes,  a  vertical  rubble  drain  consisting  of  clean 
well  graded  gravel  is  provided  between  the  backfill  and 
the  retaining  wai,  with  permeable  geotextile  fabric  at  the 
interface  between  rubble  and  the  backfill.  Additional  provision 
s  has  been  made  for  draining  out  the  water  collected  in 
the  gravel  drain  at  levels  below  RL  95.5  m  by  providing 
a  porous  drain  pipe  running  along  the  le.'gth  of  the  retaining 
walls  and  discharging  water  so  collected  to  a  suitable  natural 
outlet  in  the  vicinity. 

CONCLUSION 

The  mechanism  by  which  the  retaining  wall  resting  on  a 
gently  sloping  ground  has  experienced  an  outward  and  down¬ 
ward  displacement  is  analysed.  Such  type  of  failure  as  dis¬ 
cussed  in  the  paper  where  the  retaining  wall  itself  exper¬ 
ienced  no  tilt  or  any  structural  damage  but  has  undergone 
rigid  body  displacement  has  only  been  rarely  reported  in 
literature. 

Analysis  have  shown  that  the  failure  of  the  slope  with  the 


backfill  have  occured  due  to  the  undissipated  pore  presure 
following  heavy  rains.  In  order  to  keep  the  slope  and  the 
retaining  wall  stable,  adequate  drainage  measures  have 
been  provided  for.  These  consists  of  graded  filter  at  the 
back  of  the  retaining  wall  singly  or  in  combination  with 
inclined  filter  as  shown  in  fig.  3.  It  has  also  been  found 
economical  to  ensure  safety  of  the  slope  by  resorting  to 
appropriate  rrgradation  both  at  back  and  front  of  retaining 
wall.  The  proposed  use  of  saw  dust  as  backfill  is  yet  another 
novel  feature.  Saw  dust  which  is  at  present  considered 
a  waste  material  has  been  found  to  be  a  suitable  light-weight 
fill  material  because  of  its  good  compactability  and  good 
shear  strength. 
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SYNOPSIS:  The  Jebba  Main  Dam  is  a  zoned  embankment  dam  founded  on  river  alluvium.  The  deformation  of 
the  dam/foundation  system  under  the  various  applied  loading  conditions  was  determined  by  finite 
element  analysis.  Series  of  in  situ  and  analytical  tests  were  performed  to  evaluate  the  coefficient 
of  permeability  of  the  riverbed  sediments.  Computer  solution  provided  results  of  seepage  quantities, 
velocity  of  the  groundwater  flow,  and  total  head  occurring  throughout  the  defined  finite  element  mesh. 

Results  of  instrumentation  permit  comparison  between  the  actual  deformations  and  those  determined  by 
analysis.  The  flow  from  pressure  relief  wells  can  be  utilized  in  connection  with  pore  pressure 
measurements  to  calculate  the  bulk  coefficient  of  permeability  of  the  foundation  materials  and  total 
discharge  under  the  dam. 


INTRODUCTION 

The  Jebba  Hydroelectric  Development  is  located 
on  the  Niger  River  about  400  km  north  of  Lagos, 
Nigeria.  The  Main  Dam  is  an  earth  and  rockfill 
structure  with  a  maximum  height  of  42  m,  crest 
length  of  650  m,  and  a  volume  of  2.89M  m° 
including  an  impervious  blanket  extending  550  m 
upstream  from  the  centre  line  of  the  dam.  The 
powerhouse  contains  six  90  MW  units.  In 
addition,  there  are  two  earth  and  rockfill 
auxiliary  dams,  one  saddle  dam,  two  concrete 
auxiliary  dams,  two  spillways  and  one  navigation 
lock. 

Construction  of  the  development  commenced  in 
March  1979  and  reservoir  impoundment  began  in 
August  1983.  The  first  unit  began  operation  in 
December  1983. 


SUBSURFACE  CONDITIONS 

The  Main  Dam  forms  the  closure  of  the  present 
day  Niger  River  channel.  Locally,  steep  rock 
slopes  characterize  both  the  right  bank  and  the 
buried  bedrock  surface  in  the  river  bed. 

The  alluvial  foundation  underlying  the  Main  Dam 
and  impervious  blanket  comprises  mostly 
uniformly  graded  fine  to  coarse  grained,  clean 
quartzitic  sands  with  traces  of  fine  gravel  of 
low  to  medium  hight  density.  It  is  primarily 
the  result  of  water  and/or  wind  deposition  and 
has  a  maximum  depth  of  some  30-70  m. 

The  densitites  of  the  river  sands  throughout  the 
foundation  for  the  Main  Dam  and  the  adjoining 
upstream  and  downstream  areas  were  established 
by  standard,  dynamic  and  static  cone  penetration 
tests.  Fig.  1  shows  some  typical  contours  of 
equivalent  relative  density  in  plan  at  el.  65  m 
and  in  section  along  the  centreline  of  the  Main 
Dam. 


Fig.  1  Relative  Density  Contours 


It  was  evident  from  these  results  that  the 
densiti.  ,  vary  appreciably  in  both  the  vertical 
and  horizontal  directions.  These  variation 
densities  indicated  that  differences  in 
compressibility  might  exist,  which  could  result 
in  unacceptable  differential  settlement. 

The  design  called  for  in-situ  compaction  of  the 
alluvial  foundation  of  the  Main  Dam  and  portions 
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of  the  blanket  to  prevent  any  such  occurrence. 
To  achieve  desired  densities,  the  Contract 
specified  that  compaction  below  25  m  would  be 
done  by  blasting  and  the  top  25  m  compacted  by 
vibrocompaction  (Fig.  2).  Details  of  the 
densif ication  program  are  presented  elsewhere 
(Solymar  et  al  1984a,  Solymar  1984b  and  Mitchell 
1986). 


mold  and  trimmed  to  triaxial  specimen  dimensions 
of  37  mm  diameter  and  76  mm  in  length.  The 
triaxial  tests  were  conducted  using  confining 
pressures  of  211,  352  and  563  kPa. 


Series  of  in-situ  and  analytical  tests  were 
performed  to  evaluate  the  coefficient  of 
permeability  of  the  riverbed  sediments.  The 
study  involved  falling  head  tests,  pumping  tests 
on  screened  wells  with  observation  piezometers, 
Lefranc  Mandel  tests  at  a  number  of  depths  in 
cased  boreholes,  slug  tests  in  piezometers, 
computer  model  simulating  aquifer  response  to 
river  fluctuation,  and  coefficient  of 
permeability  calculations  based  on  grain  size 
distribution  of  sand  samples. 


LABORATORY  TEST  RESULTS 

Grain  size  analyses  and  tests  for  specific 
gravity  and  maximum/minimum  density  were 
routinely  performed  to  samples  of  the  river 
sands,  while  representative  samples  were 
subjected  to  direct  shear,  consolidation, 
triaxial  and  permeability  testing.  Such 
representative  foundation  sand  samples  were 
mixed  to  simulate  depths  of  0-10  m,  10-20  m  and 
20-30  m  (Fig.  3).  Six  series  of  three  triaxial 
tests  each  were  performed,  three  at  70%  relative 
density  and  three  at  40%  relative  density. 
Since  the  foundation  treatment  was  required  to 
achieve  densif  ication  of  the  sand  to  70%,  60% 
and  50%  relative  density  (Dr)»  interpolations  of 
the  results  of  the  70%  and  40%  relative  density 
tests  were  required  to  obtain  the  60%  and  50% 
values.  Table  I  is  a  summary  of  the 
consolidated  drained  triaxial  shear  strength 
parameters  for  the  foundation  sands. 

The  triaxial  tests  on  the  impervious  core 
material  were  performed  with  a  back  pressure 
(saturation)  of  approximately  270  kPa  and 
resulting  pore  pressure  parameter  equal  to 
approximately  0.95.  The  samples  used  were 
compacted  to  a  maximum  modified  Proctor  density 
at  an  optimum  water  content  in  a  150  ram  Proctor 
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Fig.  3  Grain  Size  Envelopes 
TABLE  I 


Drained  Shear  Strength  Parameters  of  River  Sand 


Relative 

Density 

Strength 

Parameter 

Sample 

a 

Depth 
0-10  m 

Sample 

b 

Depth 
10-20  m 

Sample 

c 

Depth 
20-30  m 

70% 

Friction 

angle 

37* 

38* 

39* 

40% 

Friction 

angle 

33* 

35* 

35.5* 

Note  c'  = 

0  for  all 
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DEFORMATION  ANALYSIS 


The  computer  program  used  for  the  stress-strain 
deformation  analysis  on  the  Main  Dam  and  its 
foundation  is  entitled  "Finite  Element  Non- 
Linear  analysis  for  Two  Dimensional  Problems 
(FENA  2D)"  by  Krishnayya. 

This  computer  program  was  developed  for  an 
analysis  of  the  cracking  of  earth  dams  during 
construction  and  at  the  end  of  construction  with 
full  impoundment.  The  non-linear  analysis  of 
soils  is  performed  by  using  the  stress-strain 
relationships  obtained  from  the  conventional 
triaxial  tests.  Since  an  isotripic  elastic 
theory  with  piece  wise  linearity  is  assumed  in 
the  analysis,  the  dilatancy  effect  of  soils  is 
neglected.  The  triaxial  test  data  are  supplied 
to  the  program  in  a  digital  form  by  specifying 
the  deviator  stress  or  volumentric  strain  with  a 
corresponding  axial  strain  and  the  confining 
stress. 

It  was  not  practicable  to  perform  triaxial  tests 
on  rockfill  and  transition  materials. 
Accordingly  relationships  of  non-linear 
stress-strain  and  volumetric-axial  strain  curves 
for  the  rockfill  and  the  transition  materials 
were  developed  according  to  the  method  presented 
by  Duncan  and  Chang  (1970).  The  parameters 
reguired  by  these  stress-strain  relationships 
were  based  on  Jebba  rockfill  characteristics  and 
supplemented  with  some  values  taken  from  studies 
of  stress  defornrtion  of  the  Oroville  Dam  as 
documented  by  Kulhawy  and  Duncan  (1972).  This 
is  an  important  consideration  when  actual 
settlements  are  compared  with  the  predicted. 
The  confining  pressures  used  for  the  theoretical 
results  of  the  shell  material  triaxial  tests 
were  0,  211,  422  and  632  kPa. 

The  cross-sections  used  in  this  analysis  extend 
120  m  upstream  and  120  m  downstream  from  the 
centre  line.  The  profile  along  the  centre  line 
of  the  dam  is  565  m  in  length  and  extends  from 
station  1  +  20  to  station  6  +  85.  Table  II 
lists  the  various  parameters  for  all  materials 
used  in  the  computer  study. 


TABLE  II 

Material  Properties  for  Finite  Element  Analysis 
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Fig.  4  Material  Zones  Used  in  Analysis 
and  Computed  Settlements 


SEEPAGE  ANALYSIS 

The  control  of  seepage  through  the  alluvial 
foundation  of  the  Main  Dam  is  accomplished  by 
the  provision  of  an  impervious  blanket  extendin'’ 
upstream  from  the  base  of  the  impervious  core. 
A  row  of  relief  wells  is  also  provided  along  the 
downstream  toe  to  further  ensure  that  seepage 
pressures  in  the  toe  area  are  of  an  acceptably 
low  magnitude. 

A  computer  study  to  analyze  the  underseepage 
behaviour  for  a  wide  range  of  ■ assumptions 
corresponding  to  all  conceivable  conditions  of 
the  blanket/dam/foundation  system  was 
undertaken. 


Material 

Dry 

Density 
(kg/m3 ) 

Cohesion 
(kPa ) 

Friction 

Angle 

(degrees) 

Impervious  fill3 
Rockfill  and 

1900 

37 

25.2 

transition 

1800 

0 

38.0 

Sand  (Dr  =  70%) 

1779 

0 

37.9 

Sand  (Dr  =  60%) 

1749 

0 

36.8 

Sand  (Dr  =  50%) 

1718 

0 

35.7 

1  Based  on  samples 
Proctor  density 

prepared 

at  maximum 

modified 

The  results  representing  the  end  of  construction 
and  full  reservoir  impoundment  for  stations 
1+70  and  2+00  are  shown  (Fig.  4). 


The  analyses  were  performed  employing  the  finite 
element  method  in  a  computer  program  developed 
by  Verruijt,  entitled  "Plane  Flow  with  Sources 
and  Sinks  -  Program  LM4",  which  provides 
solutions  for  problems  of  two  dimensional  steady 
groundwater  flow  in  a  homogeneous  isotropic 
medium.  This  program  requires  the  idealization 
to  be  divided  into  a  mesh  consisting  of 
triangular  elements  to  which  effective  or 
weighted  coefficients  of  permeability  are 
assigned . 

A  typical  section  was  selected  to  model  the 
conditions  of  seepage  for  all  analyses.  The 
profile  of  the  riverbed  foundation  was  taken 
through  the  centre  of  the  dam  and  was  extended 
perpendicularly  some  900  m  and  300  m  upstream 
and  downstream  respectively.  All  irregularities 
in  the  elevations  of  the  underlying  bedrock  were 
correctd  to  obtain  a  smooth  linear  profile  on 
which  the  finite  element  mesh  was  superimposed. 
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Bedrock  was  thus  taken  to  lie  30-40  m  beneath 
the  riverbed  surface.  The  width  of  core  contact 
on  the  riverbed  surface  is  approximately  50  m. 
Relief  wells  located  68  m  downstream  from  the 
dam  axis  were  included  in  the  general  model. 

Seepage  through  the  main  dam  itself  was  not 
taken  into  account,  the  core  was  considered  to 
be  completely  impervious  and  therefore  the  nodes 
situated  along  the  core  contact  surface  were 
assumed  to  be  impermeable.  The  underlying 
bedrock  was  considered  in  the  same  manner  and 
its  boundary  nodes  were  defined  accordingly. 
The  end  and  surface  nodes  were  assigned 
appropriate  heads  corresponding  to  the  reservoir 
and  tail  water  levels. 

Since  the  purpose  of  the  computer  analyses  was 
also  to  provide  seepage  behaviour  for  the  most 
probable  occurrence  of  cracking  in  the  blanket, 
two  cases  we  e  selected,  one  with  a  crack  at 
130  m  and  one  with  a  crack  at  70  m  upstream  from 
the  main  dam  axis.  The  effects  that  cracking  in 
these  locations  would  have  on  seepage  were 
determined  for  all  assumed  foundation 
permeabilities.  In  the  event  that  cracks  do 
form  after  filling  of  the  reservoir,  it  is 
anticipated  that  this  would  be  a  temporary 
condition  that  would  tend  to  correct  itself. 
Openings  in  the  blanket  would  eventually  be 
sealed  by  infiltrating  particles  from  tne  sand 
layer  placed  on  top  of  the  blanket  (Fig.  2),  and 
by  the  filtering  action  of  the  sandy  alluvium  on 
which  the  blanket  is  founded.  The  coefficients 
of  permeability  and  foundation  conditions 
assumed  for  the  computer  analyses  are  presented 
in  Table  III. 

Computer  solutions  provided  results  for  seepage 
quantities,  velocity  of  groundwater  flow  and 
total  head  loss  occurring  throughout  the  defined 
finite  element  mesh.  Flow  nets  were  also 
drawn, facilitated  by  plots  of  total  head.  This 
enabled  computation  of  seepage  pressure 
potentials  along  the  foundation  surface  and  at 
selected  points  within  the  foundation.  Resuls 
of  the  computer  studies  indicated  that  seepage 
quantities  and  hydraulic  exit  gradients  were 
substantially  reduced  due  to  the  presence  of  the 
sand  infill  in  the  cracks  as  compared  to  seepage 
quantities  (Table  III)  and  gradients  obtained 
for  the  open  crack  conditions. 

TABLE  III 

Summary  of  Computer  Solutions  and 
Seepage  Discharges 


ks  Discharge  (m^/s)  with 


Case 

(xlO^ 

m/s) 

*h 

kv 

kf= 

50 

0. 
4  10 

5  x 

-4 

No  crack 

4 

i 

0.23 

4 

4 

0.47 

4 

9 

0.61 

2.5 

1 

1.30 

2.5 

4 

2.28 

Crack  in  blanket 

4 

1 

2.39 

0.71 

0.39 

0.28 

(130  r.i  upstream) 

2.5 

1 

4.57 

2.53 

1.42 

1.29 

2.5 

4 

7.95 

3.04 

2.40 

2.34 

Crack  in  blanket 

4 

1 

4.04 

0.61 

0.43 

0.28 

(70  m  upstream) 

4 

9 

4.95 

- 

0.81 

0,70 

ks  =  weighted  coefficient  of  permeability  = 
kfokv  of  foundation  materials  (m/s) 
kh  =  coefficient  of  horizontal  permeability  of 
foundation  materials  (m/s) 
kv  =  coefficient  of  vertical  permeability  of 
foundation  materials  (m/s) 
kf  =  weighted  coefficient  of  permeability  of 
in-fill  sand  (m/s) 


INSTRUMENTATION 

Finite  element  analyses  have  shown  that  the 
deformations  within  the  Main  Dam  embankment  and 
sand  foundation  will  not  be  significant. 
However,  to  permit  comparison  between  the  actual 
deformations  and  those  determined  by  analysis, 
the  dam/foundation  system  was  instrumented 
extensively.  Monitoring  would  confirm  that  the 
system  is  behaving  as  expected  or  would  help  to 
detect,  at  an  early  stage,  any  anomalies  that 
may  occur  so  that  measures  can  be  implemented  to 
ensure  continued  safety  of  the  structures. 

Settlement  monuments  used  for  measurements  of 
vertical  movement  are  installed  along  the 
upstream  edge  of  the  dam  crest  and  along  the 
upstream  edge  of  the  crest  of  the  downstream 
berm.  They  are  also  installed  along  the 
upstream  and  the  downstream  slopes  (Fig.  2). 

Measurements  of  internal  displacements  which  are 
required  to  detect  possible  differentail 
movement  of  the  core,  are  made  with  inclinometer 
probe  units  lowered  down  initially  vertical 
access  tubes.  These  inclinometer  tubes  are 
located  along  the  centre  line  of  the  dam  and 
a)ong  the  downstream  slope.  From  this  system, 
the  distribution  of  settlement  and  horizontal 
movements  within  the  dam  can  be  determined. 

Full  piezometer  instrumentation  has  been 
installed  along  three  cross  sections,  MA,  MB  and 
MC  (Fig.  4),  to  monitor  the  seepage  pressures  on 
the  alluvial  foundation  sands  and  within  the 
impervious  core  and  transition  zones. 

The  flow  from  pressure  relief  wells  can  be 
utilized  in  connection  with  pore  pressure 
measurements  to  calculate  the  bulk  coefficient 
of  permeability  of  the  foundation  materials  and 
total  discharge  under  the  dam. 


PERFORMANCE 

Settlements  in  the  foundation  have  been  very 
much  as  anticipated.  The  maximum  settlement 
recorded  during  construction  was  160  mm. 
Construction  of  the  embankment  resulted  in  a 
compression  of  0.19  to  0.27%  of  the  alluvial 
foundation.  The  impounding  of  the  reservoir 
resulted  in  an  additional  maximum  compression  of 
0.04%,  Compression  of  the  foundation  with  depth 
was  fairly  uniform,  indicating  that  the 
densif ication  program  achieved  its  aim.  The 
surface  and  embankment  settlements  are  Jess  than 
those  predicted  by  the  finite  element  analysis, 
except  in  the  transition  zones.  The  largest 
differential  settlement  within  the  core  is  30  mm 
and  occurred  between  Sections  MN  and  MA  and  the 
largest  differential  strain  is  0.06  percent. 
These  are  half  of  the  predicted  values  (Fig.  5). 
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Fig.  5  Settlement  of  the  Crest 


The  settlement  behaviour  of  the  rockfill  and  the 
transition  zones  at  inclinometer  locations  MN1, 
MBN1,  MBN2  and  MCN1  (Fig.  6)  varied  quite 
significantly,  which  was  contrary  to  the 
assumptions  made  in  the  analysis.  This  is 
surprising  since  the  filter  material  was  well 
compacted  and  the  average  retlative  density 
obtained  from  685  field  tests  was  84%.  Only  7 
of  the  tests  indicated  lower  than  the  specified 
70%  relative  density. 
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Fig.  6  Foundation  and  Embankment  Settlement 


Dtucan  be  concluded  from  the  comparison  between 
predicted  and  measured  deformations  that  the 
finite  element,  non-linear  analysis  is  a  useful 
tool  for  predicting  settlements  as  long  as  the 
input  parameters  are  correct.  This  was  the  case 
for  the  alluvial  sand  and  the  core  material, 
where  the  stress-strain  relationships  obtained 
from  triaxial  tests  on  small  samples  were 
representative  for  in-situ  behaviour  of  the 
materials.  Comparison  of  curves  for  rock  fills 
discloses  only  slight  differences  in 
deformability  of  these  materials  as  compacted  in 
the  embankment,  which  is  in  agreement  with 
experimentally  and  theoretically  derived 
results. 

The  principal  observations  for  monitoring  the 
performance  of  the  impervious  blanket  are  (1) 
the  readings  from  the  foundation  piezometers  and 
(2)  the  flows  from  the  relief  wells. 

A  comparison  between  theoretical  and  observed 
potentials  with  time  are  shown  in  Fig.  7. 
Generally,  at  the  beginning,  piezometric  levels 
followed  the  head  difference  between  reservoir 
level  and  tail  water.  At  approximately  8  m  head 
differential  the  piezometric  levels  started  to 
lag.  A  further  sharp  reduction  in  potential 
occurred  just  prior  to  completion  of  the 
impounding.  The  change  in  potential  indicates 
extension  of  the  blanket  by  natural  siltation  or 
reduction  of  permeability  due  to  filtation  of 
silt  into  the  sand  foundation.  The  result  is 
the  same.  In  effect,  the  length  of  the  blanket 
was  extened  by  approximately  150  percent  or  the 
average  coefficient  of  permeability  reduced  by 
the  same  percentage. 

This  phenomenon  can  be  explained  by  observing 
the  difference  in  clarity  of  the  water  between 
the  reservoir  and  the  discharge  from  the 
downstream  relief  wells.  The  water  in  the 
reservoir  is  loaded  with  fine,  clay  size  soil 
particles  while  the  discharge  from  the  relief 
wells  is  clear.  The  sand  foundation  under  the 
dam  works  as  a  filter  and  the  clay  size 
particles  become  trapped  in  the  pores  between 
sand  grains.  Gradually  the  pores  are  filled  and 
the  permeability  is  reduced.  The  net  effects 
are  reduced  pressure  under  the  blanket  and 
reduced  seepage. 
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Fig.  7  Comparison  Between  Calculated 
and  Observed  Potentials 

The  piezometric  head  can  also  be  plotted 
directly  (Fig.  8).  The  latest  readings  again 
indicate  lowre  pore  pressures  in  the  foundation 
than  those  assumed  in  the  design.  The  pressure 
above  the  blanket  equals  that  of  a  full 
reservoir  and,  since  the  pressure  underneath  the 
blanket  is  much  smaller  the  resulting 
differential  pressure  will  cause  some  settlement 
of  the  blanket,  where  the  differential  pressure 
is  greatest,  near  the  upstream  toe  of  the  dam, 
the  foundation  was  compacted  to  the  same  depth 
as  underneath  the  dam.  Therefore  differential 
settlement  or  cracking  of  the  blanket  is  not 
expected  to  occur  and  piezometer  readings  would 
immediately  detect  any  such  cracking. 


to  0.031  calculated  after  the  first  8  months, 
which  is  very  favourable.  The  exit  gradient 
near  the  downstream  toe  (between  the  last  row  of 
standpipe  piezometers  and  tailwater)  is  0.15 
which  gives  a  factor  of  safety  greater  than  5 
against  piping. 

The  calculated  coefficient  of  permeability 
ranges  from  2.3  x  10“4  to  1.1  x  10~3  m/s 
along  the  instrumented  sections  for  a  weighted 
average  of  5.4  x  10“4  m/s.  A  comparison 
between  coefficient  of  permeability  determined 
from  in-situ  tests  and  from  flow  and  piezometer 
data  obtained  impounding  is  shown  in  Fig.  9. 
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Fig.  9  Summary  of  Coefficient  of  Permeability 

Piezometers  installed  in  the  upstream  transition 
zone  reacted  instantaneously  and  are  following 
reservoir  level.  The  reservoir  has  not  yet 
affected  the  piezometric  levels  at  the 
piezometers  installed  in  the  impervious  fill, 
which  are  yielding  small  pressures  within  the 
expected  zero  reading  fluctuations.  It  is  now 
estimated  that  the  coefficient  of  permeability 


DESIGN 


Fig.  8  Pressure  Acting  on  the  Impervious  Blanket  and  Depth  of  Compaction 


Flow  from  relief  wells  has  stabilized  at  a  value 
of  about  0.06  mVs  per  well.  Total  flow  under 
he  dam  calculated  from  the  upstream  gradients  is 
about  0.2  mVs,  which  is  slightly  less  than  the 
predicted  lowest  value. 

The  average  gradient  under  the  dam/blanket 
system  after  3  years  operation  is  0.021  compared 


of  the  compacted  impervious  core  is  less  than 
1  x  10-9  m/s.  The  coefficient  of  permeability 
used  in  the  design  analyses  of  the  core  and 
blanket  was  conservatively  chosen  as  1  x  10-7 
m/s,  so  observations  have  now  confirmed  that  the 
core  is  100  times  less  pervious  than  assumed  in 
the  design. 
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CONCLUSIONS 

The  Jebba  Main  Dam  is  founded  on  river  alluvium 
and  is  constructed  of  earth/rockf ill  zones 
around  an  inclined  impervious  core  which  extends 
to  an  impervious  blanket  450  m  long  on  the 
upstream  side.  The  deformations  of  the 
dam/foundations  system  under  the  various  applied 
loading  conditions  were  determined  by  finite 
element  analysis. 

Series  of  in-situ  and  analytical  tests  were 
performed  to  evaluate  the  coefficient  of 
permeability  of  the  riverbed  sediments. 
Computer  solution  provided  results  of  seepage 
quantities/  velocity  of  the  groundwater  flow, 
and  total  head  occurring  throughout  the  defined 
finite  element  mesh.  The  flow  from  pressure 
relief  wells  can  be  utilized  in  connection  with 
pore  pressure  measurements  to  calculate  tne  bulk 
coefficient  of  permeability  of  the  foundation 
materials  and  total  discharge  under  the  dam. 

Settlements  in  the  foundation  have  been  very 
much  as  anticipated.  The  maximum  settlement 
recorded  during  construction  was  160  mm. 
Construction  of  the  embankment  resulted  in  a 
compression  of  0.19  to  0.27%  of  the  alluvial 
foundation.  The  impounding  of  the  reservoir 
resulted  in  an  additional  maximum  compression  of 
0.04%.  Compression  of  the  foundation  with  depth 
was  fairly  uniform,  indicating  that  the 
densif ication  program  achieved  its  aim.  The 
surface  and  embankment  settlments  are  about  the 
same  as  those  predicted  by  finite  element 
analysis,  except  in  the  transition  zones.  The 
largest  differential  settlement  within  the  core 
is  30  mm  and  the  largest  differential  strain  is 
0.06  percent. 

Generally,  at  the  start  of  impounding, 
piezometric  levels  followed  the  head  difference 
between  reservoir  level  and  tail  water.  At 
approximately  8  m  head  difference  the 
piezometric  levels  started  to  lag.  A  further 
sharp  reduction  in  potentail  occurred  just  prior 
to  completion  of  the  impounding.  The  change  in 
potential  indicates  extension  of  the  blanket  by 
natural  siltation  or  reduction  of  permeability 
due  to  filtration  of  silt  into  the  sar.d 
foundation.  The  result  is  the  same.  Total  flow 
under  the  dam  calculated  from  the  upstream 
gradients  is  about  0.2  m3/s,  which  is  slightly 
less  than  the  predicted  lowest  value. 

The  gradual  reductionin  permeability  of  the 
foundation  materials  due  to  siltation  resulted 
in  lowering  the  uplift  pressures  under  the 
blanket.  Since  the  pressure  above  the  blanket 
equals  that  of  full  reservoir,  the  resulting 
differential  pressure  increased  since  impounding 
and  it  is  considerably  greater  than  the  value 
assumed  in  the  design.  As  a  result  of  this,  the 
deformation  of  the  dam  and  its  foundation 
continue,  ever,  if  at  a  very  small  rate. 
Extension  of  the  foundation  densif ication 
upstream  of  the  dam  prevented  development  of 
large  differential  settlements  and  cracking  of 
the  blanket-core  contact. 

Comparing  measured  bulk  coefficient  of 
permeability  values  obtained  from  piezometer 
readings  and  relief  well  discharges  with  values 
obtained  from  laboratory  and  field  tests  it  is 
concluded  that  laboratory  tests  results  are  low 


by  a  magnitude  of  100  and  Lef ranc-Mandel  and 
falling  head  tests  in  piezometers  by  a  magnitude 
of  4-10.  The  upper  range  of  the  resuls  from  the 
falling  head  tests  in  cased  holes  and  the  pump 
test  results  have  been  the  most  reliable.  The 
simulationn  of  aquifer  response  to  river 
fluctuation  gave  values  that  were  higher  than 
those  found  with  the  prototype  during  operation 
of  the  reservoir.  The  analytically  derived 
results  using  the  Hazen  formula  show  a  great 
scatter.  More  than  430  samples  were  analyzed 
and  the  average  varied  from  borehole  to 
borehole.  The  overall  average  (8.67  x  10“4 
m/s)  is  remarkably  close  to  the  weighted  average 
(5.4  x  10-4  m/s)  obtained  during  operation. 
The  selection  of  the  constant  C  in  the  Hazen 
formula  introduces  a  great  unknown.  It  is  not 
suggested  that  the  results  obtained  using  the 
Hazen  formula  are  used  for  design;  however,  if  a 
large  number  of  samples  is  taken,  the  grain  size 
is  useful  in  indicating  the  wide  range  of 
permeabilities  to  be  expected. 
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SYNOPSIS:  A  low  test  embankment  have  been  constructed  on  a  soft  and  fibrous  peat  deposits.  The 

thickness  of  the  soft  peat  layer  is  about  2.5  m.  Under  the  peat  layer,  there  is  silty  clay  deposit 
with  thickness  of  about  13  m.  The  site  investigations  were  performed  for  both  the  layers.  The 
laboratory  soil  tests  on  undisturbed  samples  obtained  from  both  the  layers  were  carried  out. 

The  settlement  of  foundation  deposits  was  predicted  by  the  one  dimensional  consolidation  theory  using 
the  soil  parameters  obtained  from  laboratory  soil  tests.  The  results  of  field  observations  were 
compared  with  the  calculated  results  by  the  conventional  theory.  The  results  of  observations  and 
caluculation  do  not  agree.  If  the  settlement  of  foundation  deposits  under  embankment  loading  is 
predicted  by  a  monitoring  method,  it  appears  that  a  lot  of  case  records  of  settlement  give  the 
conclusion  that  the  agreement  of  the  prediction  and  the  field  observation  is  favourable. 


INTRODUCTION 

In  recent  years,  peaty  ground  is  often  utilized  as  the 
foundation  of  embankment  such  as  road,  residential  district 
and  others.  It  is  known  that  Deat  deposit  is  highly  com¬ 
pressible  compared  with  most  mineral  soils.  The  general 
condition  of  peaty  ground  is  typically  very  high  in  water 
content  and  is  usually  of  extremely  low  bearing  capacity. 
The  major  involvement  of  peat  in  engineering  work  is  in  its 
use  a  foundation  material.  In  this  role,  the  high  compre¬ 
ssibility  of  peat  stands  out  as  a  most  significant  engine¬ 
ering  property.  The  consolidation  settlement  of  peat 
will  now  be  considered  as  the  total  compression  resultinq 
from  volume  change  under  a  vertical  load. 

One  of  the  most  striking  differences  in  the  compression  of 
peat  deposit  as  compared  to  mineral  soils  is  the  long¬ 
term  compression  which  appears  to  be  an  almost  continuous 
process.  The  most  part  of  the  continuous  settlemert  have 
shown  a  straight-line  relation  with  the  logarithm  of  time 
[Hanrahan,1964,  Molisz  et  al . ,1973]. 

In  applying  the  conventional  theory  to  the  consolidation 
of  peat,  there  are  two  major  deviations  from  the  usual 
assumptions,  that  is,  the  compressibility  of  solids  and 
the  change  in  permeability  under  applied  load[Matsuo,1986]. 


These  two  anomalies  are  believed  to  account  for  the  signi¬ 
ficant  differences  in  consolidation  behaviour  between  peat 
and  mineral  soils.  Settlement  behaviour  of  peat  under 
embankment  loading  has  reported[Noto,1987,  Lefebvre,1984]. 
However,  the  prediction  of  settlement  remain  difficult 
owing  to  the  heterogeneity  of  peat  deposit. 

A  test  embankment  was  recently  bult  on  peat  deposit  to 
study  the  settlement  of  low  embankment.  The  site  where 
the  test  embankment  was  constructed  is  located  in  Saitama 
prefecture,  Japan.  The  peat  layer  is  about  2.6m  thick. 

There  is  underlying  silty  clay  layer  about  13  m  thick. 

The  water  level  in  the  peat  layer  was  about  40  cm  below 
the  groung  surface.  The  peat  and  undering  silty  clay 
samples  were  obtained  before  the  construction  at  the  loca¬ 
tion  of  the  test  embankment.  Various  identification  cests 
and  one-dimensional  consolidation  tests  were  conducted  on 
the  samples. 

The  fill  thickness  is  2.0  m.  Two  test  section  were  builted. 
In  the  first  test  section,  the  sand  mat  in  thickness  of  50 
cm  was  laid  between  the  ground  surface  and  the  bottom  of 
the  fill.  In  the  second  test  section,  the  sand  mat  was 
not  laid.  The  wide  and  length  of  the  fill  Is  45  m  and  120 
m  respectively.  The  instrumentation  consisted  of  settle¬ 
ment  plates,  inclinometers,  displacement  piles  and  pore- 
water  pressure  cells.  All  instruments  were  put  in  place 
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before  and  during  the  costruction.  The  results  of  settle¬ 
ment  observations  were  compared  with  the  results  calculat¬ 
ed  by  the  conventional  one-dimensional  consolidation  theo¬ 
ry  using  the  soil  parameters  obtained  from  laboratory 
tests.  The  field  observation  give  slower  settlement  than 
the  predicted  ones  by  the  laboratory  tests  for  peat  layer. 
However,  the  field  observations  give  faster  settlement 
than  the  predicted  ones  for  the  silty  clay  layer. 

If  the  settlement  of  the  peat  layer  under  the  low  embank¬ 
ment  loading  is  predicted  by  a  monitoring  method,  it 
appears  that  a  W  of  case  records  of  settlement  give  the 
conclusion  that  the  agreement  of  the  prediction  and  the 
field  observation  is  favourable. 


OUTLINE  OF  EMBANKMENT  CONSTRUCTION 

Soil  Profile  of  Foundation  Deposits 

The  low  test  embankment  was  constructed  in  Saitama  prefec¬ 
ture.  The  area  consists  of  the  terrace  ranging  from  +12  m 
to  14  m  above  sea  level  and  alluvial  valley  which  eroded 
the  terrace.  The  terrace  is  diluvial  deposit  and  called 
"Kanto  loam".  The  Kanto  loam  is  volcanic  sedimentary 
soil.  The  alluvial  deposit  is  featured  with  cohesive  soil 
of  drowned  valley  fill  and  the  upper  peat  soil  as  shown 
in  Figure  1. 

The  low  test  embankment  was  constructed  on  the  alluvial 
deposits.  From  the  site  investigations,  the  alluvial 
deposits  were  classified  into  two  layers.  That  is, 

(a)  upoer  peat  layer 

(b)  underlying  silty  clay  layer. 

In  this  study,  the  upper  peat  layer  and  the  underlying 
silty  clay  layer  is  called  Pt  layer  and  Sc  layer  respecti¬ 
vely.  The  thickness  of  the  alluvial  deposits  in  the  em¬ 
bankment  area  is  almost  constant  with  the  depth  of  about 
13  m  on  north-south  direction.  The  thickness  of  the  allu¬ 
vial  deposits  on  east-west  direction  varies  from  7  to  16 
m. 

In  soil  exploration  practice  drilling  and  sounding  have 
been  node  to  the  eirtbankment  area  at  required  interval  in 
both  the  north-south  and  the  east-west  directions. 

Figure  2  shows  the  soil  profile  and  the  other  soil  proper¬ 
ties.  N  and  qc  value  was  obtained  by  the  standard  penet¬ 
ration  test  and  the  Dutch  cone  penetration  test  respect¬ 
ively.  The  natural  water  content  wn  and  the  wet  density 
was  measured  from  the  sanple  obtained  by  thin-wall 
piston  sampler.  The  unconfined  compression  test  was 
carried  out  for  the  undisturbed  sample  and  the  unconfined 
compression  strength  qy  was  also  shown  in  Figure  2. 
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Figure  2  Soil  profile  arid  others  of  foundation  deposits 


Mechanical  Properties  of  Oeposits 

The  undisturbed  samples  of  peat  and  silty  clay  were  obtai¬ 
ned  by  the  thin-wall  piston  sampler  before  the  embankment 
construction.  Figure  3  shows  the  variation  of  the  precon¬ 
solidation  pressure  pc  in  relation  to  depth  . 
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Figure  3  Variation  of  preconsolidation 
pressure  in  relation  to  depth 
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It  is  observed  fro*:  Figure  3  that  the  preconsolidation 
pressure  pc  of  the  oeat  is  in  the  range  between  0.1  and 
0.35  kgf/ar£  and  the  average  value  is  0.25  kgf/cas^. 

The  value  is  considerably  larger  than  the  effective  over¬ 
burden  pressure  and  it  is  noticed  tha~  the  peat  layer  is 
overconsolidated.  The  overconsolidation  of  surface  layer 
in  this  case  is  attributed  to  desication.  The  preconsoli¬ 
dation  pressure  p.  of  the  silty  clay  is  ir,  the  rar.ge 
c  2 

between  0.32  and  1.05  kgf/cts  .  Ir,  the  silty  clay  layer, 

Pc  is  also  considerably  larger  than  the  effective  over¬ 
burden  pressure. 

the  relationships  between  the  coefficient  of  volume  compr¬ 
essibility  ay  and  the  consolidation  pressure  p  were  shown 
in  Figure  4.  It  is  found  that  the  relationships  are 
alaosc  linear  for  values  beyond  the  preconsolidation 
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Figure  4  Relationships  between  voluae  compressibility 
mv  and  consolidation  pressure  p 


Low  Test  Embankment 

The  plan  of  the  low  test  embankment  was  shown  in  Figure  6. 
The  gauge  arrangement  was  also  shown  in  Figure  6.  The 
embankment  can  be  divided  into  two  sections.  In  this  study, 
the  section  of  left  hand  side  in  Figure  6  is  called  section 
1.  In  the  section  1,  the  sand  mat  with  50  cm  thick  was 
laid  between  the  ground  surface  and  the  bottom  of  fill. 

Tne  section  of  right  hand  side  in  Figure  6  is  called 
section  2  and  the  sand  mat  was  not  laid  in  the  section  2. 


Figure  6  Plane  of  embankment  and  arrangement 
of  instruments 


pressure.  Figure  5  shows  the  relationships  between  the 
coefficient  of  consolidation  cy  and  the  consolidation 
pressure  p.  The  final  settlement  and  the  time-settlement 
relation  was  calculated  by  using  the  results  shown  3n 
Figures  4  and  5. 


Figure  5  Relationship  between  coefficient  of 
consolidation  c  and  consolidation 
oressure 


FIELD  OBSERVATIONS 

All  the  instruments  were  put  in  place  before  and  during 
the  construction.  The  arrangement  of  instruments  was 
shown  in  Figure  6.  The  settlements  of  the  foundation  de¬ 
posits  at  the  center  and  periphery  of  the  sertions  1  and 
2  were  observed  using  the  settlement  plates.  Using  the 
differential  settlement  gauge,  the  settlements  of  the  peat 
and  underlying  silty  clay  layers  were  separated. 

The  settlement  observations  separated  were  carried  out  at 
the  center  of  the  sections  1  and  2.  The  ground  surface 
movements  due  to  the  embankment  loading  were  surveyed 
using  the  displacement  piles  in  the  area  from  the  toe  of 
embankment  to  about  25  m  outside.  The  lateral  displace¬ 
ments  at  from  the  surface  to  the  depth  of  20  m  in  the 
foundation  deposits  were  measured  using  the  inclinometers 
in  the  area  from  the  toe  of  embankment  to  10  m  outside. 

The  porewater  pressures  in  the  peat  and  the  silty  clay 
were  measured  by  the  porewater  pressure  cells.  At  the 
center  of  sections  1  and  2,  the  groundwater  level  were 
measured  by  the  stand-pipe  with  strainer. 
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PREDICTION  OF  SETTLEMENT 


Prediction  methods  of  settleaent  can  be  class: ffied  in  two 
categories.  The  first  is  theoretical:  Settleaent  is  pre¬ 
dicted  by  theoretical  calculation  usinq  soil  paraseters 
obtained  from  soil  tests  and  boundary  conditions  obtain¬ 
ed  froa  soil  investigations.  The  conventional  one  diaen- 
tional  consolidation  theory,  the  analysis  by  finite  ele- 
aent  aethod(FEK)  and  others  fall  in  the  category.  The 
second  is  aonitoring  method:  Settleaent  is  predicted 
according  to  the  field  observations. 

For  the  first,  the  next  conditions  have  to  be  satisfied: 

(1)  Accurate  soil  parameters  are  obtained,  (2)  accurate 
boundary  conditions  are  obtained,  (3)  theory  is  reasonably 
established.  For  analiysis  by  r£M,  the  determination  of 
soil  paraseters  is  very  difficult.  From  the  reasons  menti¬ 
oned  above,  the  overestination  of  FEK  have  to  be  examined 
oneself[Shibata,1983].  The  methods  in  the  second  category, 
that  is,  monitoring  methods  are  useful 1  to  examine  the 
adequate  on  the  initial  design  and  to  revise  it.  Fran 
the  facts  mentioned  above,  the  prediction  by  tee  conven¬ 
tional  theory  is  compared  with  the  field  observations  and 
the  prediction  by  the  monitoring  method. 

The  hyperbolic  curve  method  and  others  have  been  proposed 
as  the  aonitoring  aethod[Krizek  et  cl, 1977,  Hoshino,1962, 
Asaoka,1978,  Mon den, 1553].  For  the  accuracy  of  these 
monitoring  methods,  a  interesting  results  have  been  report- 
ed[Yoshikuni  et  al,1981].  That  is,  if  the  final  settlement 
is  predicted  using  the  observations  after  the  degree  of 
consolidation  of  about  70  and  60  5,  the  range  of  the  pre¬ 
diction  error  is  in  about  10  and  20  Z  regardless  of  the 
monitoring  methods  used,  respectively.  The  hyperbolic 
curve  method  is  used  in  this  report. 

The  hyperbolic  curve  method  is  based  on  the  assumption  that 
the  rate  of  settlement  is  represented  by  a  hyperbolic  curve. 
It  is  assumed  that  the  relationship  between  settlement  S 
and  time  t  is  schematically  represented  by  a  huperbolic 
curve  as  shown  in  Figure  7(a). 


t 


Figure  7  Schematically  representation  of 
hyperbolic  curve  method 


The  hyperbolic  curve  is  expressed  as  follow: 


St  "  Si  + 


t 

a  +  bt 


where,  Sjis  settleaent  at  time  t,  S-  is  initial  settlement, 
a  and  b  are  constants  obtained  fro®  observations. 

Equation  (1)  is  written  as  follow: 

s  z  s  =  a  +  b  1  (2) 

3t  3i 

The  relationship  between  t/(St-S- )  and  t  can  be  plotted  by 
a  straight  line  as  shown  in  Figure  7(b).  The  slope  of  the 
straight  line  gives  the  value  of  b  and  the  interception  of 
t/tS^-S-)  axis  gives  the  value  of  a.  The  firal  settleaent 
Sf  is  given  as  tne  value  of  S,  when  t-»<*>  and  is  written 
as  follow: 

sf  =  si  +  T  (3) 


RESULTS  OF  OBSERVATIONS  AND  DISCUSSIONS 


Stability  of  Foundation  Deposits 

To  examine  the  stability  of  foundation  deposits  during 
construction,  the  diagram  for  construction  control  of  es- 
bankaent  have  been  proposed[Xatsuo  et  al,1978j.  It  is  very 
convenient  that  the  stability  of  foundation  deposits  is 
exasined  using  this  diagram.  It  was  confirmed  that  the 
foundation  deposits  under  the  low  esbankaent  loading  was 
stable  to  failure. 

Final  Settleaents 

The  results  of  settlement  observations  were  shown  in  Figures 
8  (a)  and  9(a).  The  relationships  between  t  and  t/(St-S.) 
are  plotted  in  Figures  10  and  11. 


Figure  8  Settlement  S,  porewater  pressure  au  and 

groundwater  level  ah  at  center  in  section  1 
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Figure  g  Settlement  S,  porewater  pressure  mu  and 

cnwndwater  level  ah  at  center  in  section  2 
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For  Pt  layers,  the  final  settlements  by  theoretical  method 
indicate  the  results  larger  than  these  by  the  hyperbolic 
curve  method.  On  the  other  hand,  for  the  SC  layers,  the 
final  settlements  by  the  hyperbolic  curve  method  are  larger 
than  these  by  the  theoretical.  The  prediction  of  final 
settlement  by  the  theoretical  was  found  to  be  far  from 
satisfactory.  Better  prediction  can  be  expected  if  more 
accurate  values  of  my  and  boundary  condition  are  employed. 

Tire-Settlement  Relations 

To  simplify  the  calculation  of  rate  of  consolidation  for 
the  culti-layered  foundation,  the  two  strata  were  converted 
to  a  single  stratum  by  the  method  previously  proposed[Pal- 
mer  et  al ,1957] .  Figures  3(a)  and  9(a)  show  the  compari¬ 
sons  between  the  observed  and  predicted  settlements.  For 
the  SC  layers,  the  observed  settlements  are  far  larger  than 
predicted  ones.  On  the  other  hand,  for  the  Pt  layers,  the 
predicted  settlecents  are  larger  than  observed  ones. 

The  degree  of  consolidation  U^-g  at  350  days  after  the  be¬ 
ginning  of  construction  is  calculated  and  shown  in 
Table  2.  In  Table  2’  S350  is  the  settlement  at  350 
days  after  the  beginning  of  construction.  For  Pt 
layers,  U^-g  is  more  than  about  90  5.  However,  the 

Table  2  Canoariscn  of  oearee  of  consolidation  U35D 
at  350  days  after  beginning  of  contraction 
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The  regression  lines  can  be  obtained  from  the  plots  shown 
in  Figures  10  and  11.  The  constants  a  and  b  can  be  obtain¬ 
ed  from  the  regression  line  and  are  shown  in  Figures  10  and 
11.  The  final  settlement  Sf  can  be  calculated  from  equati¬ 
on  (3)  and  the  values  of  Sf  calculated  are  also  shown  in 
Fiqures  10  and  11. 

The  final  settlements  of  the  sections  1  and  2  calculated 
by  the  theoretical  method(mv  method)  are  shown  in  Table  1 
with  the  results  by  the  hyperbolic  curve  method. 

Table  1  Coaparison  of  fina1  settlement 
_ _ final  settlement  Sf(c*) 
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degree  of  consolidation  of  SC  layers  is  lower  than  these 
of  the  Pt  layers.  There  is  a  considerable  difference  bet¬ 
ween  the  degrees  of  consolidation  by  the  theoretical  and 
hyperbolic  methods. 

Porewater  Pressures  and  Groundwater  Levels 

The  variation  of  the  porewater  pressure  au  in  the  Pt  and  SC 
layers  uneder  the  center  of  the  sections  1  and  2  are  shown 
in  Figures  8(a)  and  9(b).  It  is  seen  that  the  maximum 
porewater  pressure  occurs  at  the  end  of  construction  and 
the  values  are  from  0.19  to  0.29  kgf/cra2.  On  the  other 

2 

hand,  the  increment  load  by  the  embankment  is  0.35  kgf/cm 
The  maximum  porewater  pressure  occi red  in  foundation  depo¬ 
sits  are  smaller  than  the  increment  load.  For  both  the 
sections  1  and  2,  the  dispersion  of  porewater  pressure  in 
SC  layer  is  faster  than  it  in  Pt  layer.  The  maximum  pore¬ 
water  pressure  in  the  section  1  is  smaller  than  it  in  the 
section  2  due  to  the  effect  of  the  sand  mat. 
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The  grCundwater  level  in  che  stand  pipe  at  the  center  of 
the  sections  1  and  2  were  shown  in  Figures  8(c)  and  9(c). 
The  maximum  groundwater  level  in  the  section  1  is  lower 
than  it  in  the  section  2.  The  groundwater  levels  aporoxi- 
mately  correspond  to  the  porewater  pressures.  The  degrees 
of  consolidation  U^q  at  350  days  calculated  from  the 
porewater  pressure  measured  were  shown  in  Table  3. 


Table  3  Degree  of  consolidation  obtained  fron  porepressure 
at  350  days  after  beginning  of  constraction 
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Movements  of  Foundation  Deposits 

Figures  12  and  13  show  the  horizontal  movements  measured 
by  the  inclinometer  located  at  the  foot  of  the  slope  edge 
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and  ;>  n  away  froci  it  in  the  section  1  respectively.  At  the 
end  of  the  msasurenier.ts,  the  r-axinum  displacement  insasured 
was  about  12  cm  at  the  toe  of  slope  and  about  5  cm  at  5  m 
away  from  it.  It  is  noted  that  the  horizontal  displace¬ 


ment  is  considerably  small 
Figure  14  shows  the  verti¬ 
cal  movements  measured  by 
the  displacement  piles 
located  at  from  the  foot 
of  the  slope  edge  to  23  m 
away  it  in  the  section  1. 
At  the  toe  of  the  slope, 
a  considerable  settle¬ 
ment  occurred,  but  the 
vertical  displacement  do 
not  nearly  occurred  at 
from  5  m  to  20  m  away  it. 
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Fij-jre  U  Verticil  dispUceuefit  at  frca  toe 
of  erfunkaent  to  20  *  (section  1) 


SUMMARY 

In  this  report,  the  measured  results  of  the  settlement  and 
others  of  the  soft  foundation  deposits  due  to  the  low  em¬ 
bankment  were  shown.  The  observations  are  presently  conti¬ 
nuing.  Therefore,  the  final  conclusion  can  not  be  obtained. 
From  the  observations  until  the  present,  the  followings 
can  be  summarized. 

The  final  settlement  by  theoretical  method  do  not  agrees 
with  it  by  the  monitoring  method.  The  rate  of  settlement 
by  the  conventional  theory  do  not  also  agraes  with  the 
field  observations.  The  theoretical  prediction  must  be 
used  as  the  probable  value  at  the  initial  design  and  the 
prediction  during  and  after  construction  must  be  corrected 
by  the  monitoring  method. 

We  would  like  to  express  our  thanks  to  the  Japan  Hosing 
Corporation  for  having  made  available  their  observed 
data  for  inclusion  in  this  report. 
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SYNOPSIS:  Painted  Rock  Dam,  a  181  ft  (55.2  m)  high,  zoned  earth  embankment  detention  structure  near  Gila  Bend,  Arizona, 
retained  approximately  2.3  million  acre  ft  (2.8  x  109  nr5)  of  water  for  an  extended  period  during  the  winter  of  1978- 
1979. 


Several  areas  of  seepage  developed  over  major  portions  of  the  downstream  valley  and  in  a  minor  area  on  the  right 
abutment.  These  areas  were  monitored  while  instrumentation  was  installed  and  investigations  made  to  determine  the 
nature  of  the  seepage  and  provide  the  basis  for  evaluation  of  structural  performance  and  design  of  necessary  relief  and 
control  measures. 

Construction  of  seepage  relief  and  control  measures  and  stabilizing  berms  was  accomplished  in  the  fax  *  of  1979. 
Performance  of  the  project  has  been  evaluated  during  subsequent  storage  periods  through  1986,  with  the  conclusion  that 
the  control  measures  are  functioning  satisfactorily,  and  in  general  accordance  with  design  concepts.  Site  conditions, 
original  design  and  construction,  seepage  observations,  instrumentation,  investigations,  evaluations,  and  design  and 
construction  of  remedial  measures  are  summarized  and  lessons  learned  are  presented. 


PROJECT  DESCRIPTION 

Painted  Rock  Dam  is  a  compacted,  zoned  earth  embankment, 
flood  control  structure  located  on  the  Gila  Paver  about 
22  miles  (35.4  k)  northwest  of  the  Gila  Bend,  Arizona. 
Construction  of  the  project  was  initiated  in  1957  and  was 
completed  in  November  1959,  Figure  1.  The  length  of  the 
dam  is  4796  ft  (1461.8  n),  with  a  maximum  height  of  181 
it  (55.2  m)  (Elev  705  ft  osl)  above  the  streambed  and  the 
crest  width  is  20  ft  (6.09  m).  The  25  ft  (7.6  m) 
diameter  gated  outlet  structure  has  a  discharge  capacity 
of  30,500  cfs  (863.8  m3/s),  while  the  610  ft  (185.9  m) 
wide,  ungated,  broadcrested  weir,  rock  spillway  has  a 
discharge  capacity  of  405,000  cfs  (11,469.6  ar/s).  The 
reservoir  capacity  is  2,491,700  acre  ft  (3.1  x  10"  nr)  at 
spillway  crest  (Elev  661)  and  4,825,000  acre  ft  (5.9  x 
109  nr)  at  maximum  water  surface  (Elev  696.4). 

The  authorized  operation  plan  for  Painted  Rock  Dam  was 
established  to  reduce  peak  flood  flows  by  retaining  water 
for  only  short  durations  (several  months  at  most). 
During  nonflood  periods  the  reservoir  was  intended  to  be 
dry.  Unfortunately,  tv,  unimproved  downstream  channel  of 
the  Gila  River  has  a  relatively  small,  nondamgging  flow 
capacity,  approximately  5,000  cfs  (141.6  ar/s ).  To 
prevent  damages  and  hardship,  releases  have  been 
considerably  less  than  the  original  design  intended. 

Site  Conditions 

The  geologic  setting  of  the  site  is  volcanic,  with 
alluvial  deposits  in  valley  sections,  figure  2.  The 
complex  foundation  is  composed  of  several  rock  units,  and 
complicated  by  faulting.  Three  faults  were  exposed  in 
the  main  stream  channels  and  two  on  the  left  abutment 
saddle,  with  shear  zones  existing  in  all  units  at  various 
locations  across  the  site. 

The  pink  rhyolite  is  generally  hard  and  massive  with 
steeply  dipping  joints  oriented  la  an  intersecting 
pattern  near  north-south  and  east-west.  Most  of  the 
joints  along  the  dam  axis  are  relatively  tight  and  spaced 


an  average  of  about  one  foot  apart.  However,  several 
open,  near-horizontal  fractures  were  noted  in  the  upper 
portion  of  the  left  abutment  saddle.  The  tuff  and 
agglomerate  units  vary  from  porous  and  friable  to 
moderately  hard  and  dense,  and  are  generally  massive  with 
occasional  vertical  joints.  The  rhyolitic  andesite  is 
hard  and  dense,  but  deeply  weathered  where  vertical  flow 
bauds  intersect  the  surface,  with  a  contorted,  platey 
structure  due  to  flow  banding.  Joints  are  more  widely 
spaced  than  in  the  rhyolite,  and  tend  to  strike  north- 
south  with  near  vertical  dips.  These  joints  are 
especially  prominent  in  the  left  stream  channel  and  the 
adjoining  steep  left  abutment  ridge. 

The  alluvium  consists  of  recent  and  older  units  with  the 
recent  deposits  occurring  only  in  the  Gila  River  stream- 
bed,  where  it  was  60  ft  (18.3  m)  deep  in  the  right 
channel  and  80  ft  (24.4  m)  deep  in  the  left  channel  at 
the  dam  axis.  Under  the  dam  the  alluvium  consists  of 
clean  coarse  material,  including  sand,  gravel  and  cobbles 
with  irregular  lenses  of  open  gravel,  which  become  more 
coarse  with  depth. 

The  older  alluvium  is  composed  primarily  of  terrace 
deposits  containing  silts,  sands,  gravels  and  talus,  and 
occurs  only  in  the  left  abutment  saddle.  In  the  central 
portion  of  the  left  abutment  saddle  the  older  alluvium 
was  sufficiently  cemented  with  caliche  to  be  classified 
as  rock. 

Design 

In  light  of  the  short  duration  of  planned  storage,  it  was 
not  felt  that  steady-state  seepage  conditions  would  be 
fully  developed  during  project  operation.  Consistent 
with  contemporary  practice  and  the  purpose  of  the  pro¬ 
ject,  the  only  instrumentation  designed  into  the  project 
were  surface  settlement  monuments. 

To  accommodate  the  site  conditions  it  was  decided  to 
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figure  1.  Aerial  view  of  Painted  Rock  Dam  as  seen  from  approximately  1/2  mile  (0.8  k)  east  of  the  right  abutment. 


carry  the  impervious  and  transition  zones  through  the 
pervious  alluvium  to  rock,  figure  3.  The  pervious  shells 
were  to  be  founded  on  prepared  alluvium.  Materials  for 
all  zones,  except  the  impervious,  were  to  come  from  a 
downstream  borrow  area,  while  the  source  for  impervious 
materials  was  approximately  2  miles  (3.2  k)  upstream  of 
the  dam.  foundation  preparation  and  treatment  was 
performed  in  accordance  with  the  state  of  practice  at  the 
time.  A  single  grout  line  was  used  to  provide  for  a 
final  indication  of  the  quality  of  the  foundation  rock, 
with  a  split-spacing  process  tnd  expansion  of  lines 
planned  if  considered  necessary  during  construction. 

Construction 

Construction  proceeded  largely  as  envisioned  during  the 
design.  Excavation  of  the  cutoff  trench  was  in  the  dry, 
but  dewatering  measures  were  required  in  the  recent 
alluvium  of  the  left  and  right  stream  channels,  including 
the  installation  of  gravel  filled  collection  trenches  in 
the  rock  immediately  upstream  and  downstream  of  the 
impervious  zone  in  several  areas. 

Several  borings  and  exploration  trenches  were  made  during 
construction  to  confirm  the  condition  of  the  foundation 
and  the  extent  of  treatment  required  in  local  areas.  The 
single  grout  line  was  constructed  beneath  the  impervious 
zone,  approximately  along  the  centerline  of  the  section, 
with  an  average  take  of  0.3  sacks  per  linear  ft  (0.3  m) 
in  holes  ranging  from  10  to  60  ft  (3  to  18.3  m)  in  depth. 
Early  in  the  program  borings  were  made  to  evaluate  grout 
penetration,  which  was  found  to  be  good.  One  grout  hole 
in  the  right  abutment  (Sta  16+95)  took  173  sacks  with  no 
surface  leaks,  and  was  bracketed  with  additional  holes  to 
attain  closure. 

Rock  in  the  cutoff  trench  and  the  abutment--,  was  prepared 
for  fill  placement  by  removing  all  loose  and 
objectionable  material  to  obtain  suitable  foundation 
conditions.  Vertical  and  overhanging  rock  ledges  were 
removed  from  the  abutments  and  mid-valley  rock  ridge. 
Dental  concrete  was  required  only  in  scour  channels  and 


pockets  in  the  bedrock  of  the  left  stream  channel  cutoff 
trench. 

The  alluvium  was  prepared  for  embankment  placement  by 
removing  unsuitable  materials  in  the  sidewalls  of  the 
cutoff  trench  and  on  the  surface  underlying  the 
embankment.  Stripping  to  a  depth  of  several  feet  was 
required,  with  excavation  to  the  existing  water  table 
elevation  at  several  locations  in  the  stream  channels. 
The  alluvium  was  proof  rolled  prior  to  placing  fill. 

The  moisture  content  of  fill  materials  was  adjusted  by 
prewetting  and  mixing  in  the  borrow  areas.  These 
materials  were  hauled  and  placed  in  accordance  with  the 
specifications,  although  rapid  surface  drying  of  the 
impervious  materials  due  to  summer  sun  and  wind 
necessitated  a  change  of  procedures.  The  resulting 
construction  met  specification  requirements  with  regard 
to  both  moisture  content  3nd  material  gradation. 

THE  OCCURRENCE  CF  SEEPAGE 

After  a  prolonged  period  of  water  storage  at  about  Elev 
583,  on  December  20,  1978,  reservoir  inflows  of  up  to 
70,000  cfs  (1,982.4  m^/s)  caused  a  rapid  rise  of 
reservoir  surface  elevation,  which  reached  a  record  high 
of  Elev  613  on  December  26,  1978.  On  January  2  and  8, 
1979,  the  dam  operations  staff  noticed  isolated  seeps  in 
the  valley  downstream  of  the  toe.  Figure  4.  As  seeps 
occurred  they  were  numbered  sequentially  and  monitored 
for  quantity  and  sediment.  Visual  monitoring  of  the 
seeps  was  intensified,  and  on  about  Juanuary  19,  1979, 
the  reservoir  began  rising  again.  Seepage  rates 
increased  with  almost  no  time  lag  and  four  additional 
seeps  developed  over  the  next  two  weeks,  Table  1.  During 
this  period  foot  patrols  and  monitoring  efforts  were 
increased  using  additional  staff  temporarily  assigned  to 
the  project.  The  reservoir  reached  Elev  634.6  on 
February  7,  and  subsequently  dropped  and  then  raised  to 
the  maximum  peak  of  Elev  642.3  on  April  17,  1979. 

Since  the  early  seepage  carried  no  sediment,  it  was 
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Figure  2.  Cross-valley  section  of  the  geology  along  the  embankment  centerline 


Figure  3.  Cross-section  of  dam  at  Sta  20+00. 


decided  to  leave  the  areas  free  of  any  temporary  relief 
or  control  measures  so  that  visual  aonitoring  of  the  exit 
conditions  could  be  maintained  while  investigations  and 
studies  were  carried  out  to  determine  the  physical  basis 
for  the  seepage  and  provide  a  rationale  for  the  design  of 
permanent  relief  and  control  measures.  This  decision  did 
not  preclude  the  installation  of  temporary  measures,  and 
arrangements  were  made  for  quick  availability  of 
construction  personnel,  equipment  and  materials,  should 
they  have  been  needed.  As  the  reservoir  reached  the 
higher  levels,  Seeps  1  and  2  were  blanketed  with  gravel 
wrapped  in  filter  cloth  and  weighted  with  a  surcharge 
berm  as  a  preventive  measure. 

INVESTIGATIONS  AND  STUDIES 

Due  to  the  dispersed  seeps  and  the  apparent  complexity  of 
the  situation,  it  was  decided  to  execute  a  comprehensive 
program  of  complementary  investigations.  The  possible 
urgency  of  the  situation  dictated  that  the  most  expedient 
methods  be  used  as  quickly  as  possible,  to  be  followed  by 
programs  requiring  borings  or  more  time  consuming  instal¬ 
lations.  Table  2  summarizes  the  types  of  investigations, 
while  Figure  5  shows  locations  of  instruments  and 
surveys.  Several  of  the  investigations  occurred  concur¬ 
rently  in  the  January-February  time  period,  and  some  were 
completed  prior  to  the  high  water  conditions  in  early 
February.  These  results  contributed  to  decisions 
governing  operations  made  during  that  period. 

Seepage  Collection  and  Measurement 

As  soon  as  seeps  developed  the  water  was  collected  at 
points  where  monitoring  of  quantity  and  sediment  could 
occur.  An  attempt  was  made  to  maintain  this  capability 
throughout  the  study  period,  although  later  activities 
necessitated  combining  several  flows.  Temperature 
readings  were  taken  and,  later,  sampl's  for  chemical 
analysis  obtained.  This  effort  contributed  to  the  early 
decision  process  and  provided  continuous  information  on 
response  times  to  reservoir  changes  and  piping  potential. 

Obser  vatlons  Wells 

Corps  of  Engineer  staff  quickly  installed  a  total  of  22 
well  points  in  the  valley  alluvium  and  fill  downstream  of 
Che  toe.  Eleven  of  these  were  placed  in  the  general  area 


of  Seep  1,  between  Sta  43+75  and  Sta  49+80.  The  balance 
were  placed  in  the  vicinity  of  Seeps  3,  4  and  5,  between 
Sta  6+00  and  Sta  30+00.  In  addition  to  observing  water 
levels,  these  wells  were  also  pumped  to  gain  an 
indication  of  permeability. 

Electrical  Resistivity 

During  the  period  of  January  19  to  26,  1979,  electrical 
resistivity  surveys  were  performed  in  the  vicinity  of 
Seeps  1,  2  and  3.  The  use  of  Wenner  and  Bristow  arrays 
resulted  in  interpreted  seepage  paths  under  the  dam 
associated  with  the  rock  ridge  near  Seeps  2  and  3,  and  in 
the  foundation  near  Seep  1,  where  several  shallow  seepage 
paths  appear  to  converge. 

Geothermal  Monitoring 

Thermistors  were  installed  in  10  ft  (3  o)  deep  holes  as 
follows:  (1)  20  along  the  crest  of  the  dam  at  200  ft 
(61  m)  intervals,  (2)  13  along  the  lower  access  road  at 
100  ft  (30.5  n)  intervals,  and  (3)  12  along  the  access 
ramp  at  100  ft  (30.5  m)  intervals.  They  were  allowed  to 
stabilize,  and  readings  were  initially  taken  on  January- 
23,  1979.  Three  other  sets  of  readings  were  made  between 
January  26  and  February  4,  1979.  Interpretation  of  the 
temperature  anomalies  resulted  in  identification  of  six 
zones  of  potential  seepage.  Figure  5.  Temperature 
surveys,  accomplished  in  the  deep  borings  made  for 
piezometer  installations,  indicated  the  seepage  paths  to 
be  in  the  foundation  rock. 

Aerial  Imagery 

On  January  28,  1979,  two  flights  were  made,  at  0755  and 
1040  hours,  to  obtain  color,  color  infrared  and  thermal 
infrared  images.  The  intent  was  to  take  advantage  of 
thermal  differentials  to  confirm  the  location  of  seeps 
already  discovered,  possibly  locate  seeps  as  yet 
undiscovered  by  the  extensive  foot  patrols,  and  to  extend 
the  area  of  coverage  beyond  that  possible  by  foot. 
Temperatures  of  Seeps  1  and  2  were  determined  to  be  6  to 
8°  F  higher  than  the  reservoir,  while  the  balance  of  the 
detected  areas  were  nearly  the  same  temperature  as  the 
reservoir.  No  seeps  were  discovered  outside  of  the 
immediate  region  of  the  dam.  Existing  seeps  were  largely 
confirmed  and  two  seeps,  Seeps  7  and  8,  were  discovered 
before  surface  seepage  was  observed. 

Refraction  Seismic 

Refraction  seismic  surveys  were  performed  during  the 
period  of  February  2  to  8,  1979.  The  objective  was  the 
expedient  profiling  of  subsurface  conditions  to  use  in 
the  evaluation  of  seepage  and  the  selection  and  design  of 
relief  and  control  measures.  In  particular,  preliminary 
design  of  the  relief  well  systems  was  based  on  these 
results,  confirmed  by  some  boring  data. 

Chemical  Analyses 

On  April  20,  1979,  a  long  term  program  of  measuring 
reservoir  temperature  and  water  chemistry  (dissolved 
solids)  was  initiated  for  comparison  with  concurrrent 
evaluations  of  seepage  water  temperature  and  chemistry. 
In  the  seeps  a  broad  range  of  total  dissolved  solids, 
2,090  to  31,770  ppm,  was  measured  compared  with  400  to 
650  ppm  for  the  water  in  the  reservoir.  The  higher 
values  are  associated  with  the  cooler  water  in  Seep  6. 
By  August  14,  the  concentrations  had  dropped  in  all 
areas,  ranging  from  1,500  to  7,740  ppm,  the  higher  values 
remaining  associated  with  Seep  6.  The  interpretation  of 
shorter  seepage  paths  resulting  in  less  dissolution  of 
salts  from  the  geologic  units  was  consistent  with  the 
physical  conditions  at  the  site,  and  the  reduction 
overall  indicated  that  the  development  of  solution 
channels  was  improbable. 
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TABLE  1 


Summary  of  Seepage  Areas 


Number 

Surface 

Location  Elev,  msl 

Depth 
to  Rock 

Remarks 

1A 

Sta  47+00  at  base  of  downstream 
access  ramp. 

600 

15-20  ft 
(4.6-6  m) 

Natural  topographic  low  with 
rock  outcrop  as  one  boundary. 

IB 

Sta  47+00,  200  ft  (61  m)  north 
of  Area  1A. 

600 

15-20  ft 
(4.6-6  m) 

Natural  topographic  low  with 
rock  outcrop  as  one  boundary. 

2 

Sta  31+00  at  downstream  of  lower 
access  road. 

560 

0 

On  face  of  mid-valley  rock  ridge; 
north-south  joints. 

3 

200  ft  (61  m)  north  of  Area  2. 

565+ 

0 

On  face  of  mid-valley  rock  ridge; 
north-south  joints. 

4 

In  remote  spillway,  200  ft  (61  n) 
downstream  of  crest. 

600 

0 

Fractured  rhyolitic  andesite. 

5 

Sta  17+00  at  right  abutment  and 
lower  access  road. 

555+ 

0 

Rhyolitic  andesite  with  joints. 

6 

Sta  54+00  at  downstream  toe. 

615+ 

6  ft 
(1.8  m) 

Thin  alluvium. 

6A 

Sta  54+00  at  downstream  toe. 

615+ 

6  ft 
(1.8  m) 

Thin  alluvium. 

7 

Sta  47+00  to  51+00  at  about 
200-1000  ft  (61-305  m)  downstream 
of  toe 

600 

4  ft 
(1.2  m) 

Rock  ridge;  exposed  contact  of 
tuff-agglomerate  and  rhyolitic 
andesite. 

8 

Sta  20+00  at  600  ft  (183  m) 
downstream  of  toe. 

531 

60-80  ft 
(18.3-24.4  m) 

Main  channel;  foundation  rock 
faulted. 

Piezometers 

Multipoint  piezometers,  a  Casagrande  and  two  pneumatic, 
were  installed  in  each  of  nine  borings  ranging  from  41.4 
to  150  ft  (12.6  to  45.7  m)  in  depth  during  the  period 
February  through  June  1979.  The  Casagrande  device  was 
generally  installed  in  or  near  rock,  with  the  two 
pneumatics  above.  In  three  of  the  borings  all  nree 
devices  were  placed  in  rock.  Borings  made  from  the  crest 
of  the  dam  were  angled  downstream  to  avoid  the  impervious 
zone  and  surveyed  to  determine  location.  Initial 
readings  indicated  that  all  piezometers  were  operational, 
except  for  two  of  the  pneumatic  devices. 

EVALUATION  OF  SEEPAGE  CONDITIONS  AND  STABILITY 

Examination  of  the  design  exploration  data,  geologic 
information  collected  during  construction,  and  results  of 
the  various  investigations  confirmed  that  the  complex 
site  conditions  gave  rise  to  erratic  seepage  paths. 
There  was  general  agreement  between  the  data  and 
investigations  regarding  the  location  of  seepage  paths, 
correlating  to  the  joint  systems  in  the  foundation  rock. 
No  evidence  was  found  to  indicate  seepage  through  the 
embankmen*,  although  quasi-steady  state  conditions  could 
possibly  develop  during  long  storage  durations. 

In  addition  to  evaluation  of  seepage  and  stability  at 
each  defined  seepage  zone  by  Corps  staff,  an  independent 
evaluation  was  commissioned.  Both  evaluations  concluded 
that  seepage  pressures  developed  under  the  dam,  in  areas 
of  shallow  alluvium,  would  give  rise  to  conditions  of 
marginal  stability,  i.e.,  a  safety  factor  near  1.0  for 
pool  elevations  of  about  650  and  long  term  storage,  while 


in  areas  of  deeper  alluvium  pressures  would  be  dissipated 
in  the  foundation  alluvium  without  endangering  the 
embankment.  This  conclusion  was  based  on  flownets 
adjusted  to  piezometer  and  well  point  data  and  stability 
analyses.  The  decision  was  made  to  construct  relief, 
control  and  collection  systems  and  stability  berms  in  the 
downstream  seepage  areas. 

DESIGN  AND  CONSTRUCTION  OF  CONTROL  MEASURES 

Based  on  the  determination  that  the  seepage  was  under¬ 
seepage  in  the  rock  foundation  rather  than  seepage 
through  the  embankment,  the  decision  was  made  to 
incorporate  three  distinct  components  into  the  downstream 
relief  and  control  system.  (1)  A  series  of  relief  wells 
drilled  into  rock  and  angled  to  intercept  the  maximum 
number  of  joints  in  the  foundation  rock.  A  separate 
collector  and  discharge  system,  designed  to  accommodate 
over  200  gpm  (0.1  ar/s )  per  well  while  only  flowing  one- 
half  full,  was  provided  for  each  group  of  welxs.  (2) 
Graded  toe  drains  with  drainage  blankets  over  the  seep 
areas  where  exit  gradients  were  calculated  to  exceed  2, 
to  prevent  the  possibility  of  fines  being  piped  and 
provide  for  controlled  discharges.  (3)  A  drained 
surcharge  berm  over  the  toe/blanket  drains  and  embankment 
toe  to  provide  additional  stability  at  high  pool  levels. 

The  required  capacity  of  relief  wells  was  evaluated  by 
installing  three  wells  in  seep  areas  1  and  1A,  and 
pumping  to  observe  drawdown  and  flow  conditions.  A 
capacity  of  at  least  200  gpm  (0.1  mJ/s)  was  required  to 
effect  the  desired  amount  of  relief.  Due  to  construction 
considerations,  the  design  configuration  of  the  installed 
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TABLE  2 


Summary  of  Investigations 


Name 

Objective 

Date 

Results 

Observation  Wells 
(welipoints) 

Early  and  continued  monitoring 
of  conditions  in  the  vicinity 
of  seeps  and  in  the  valley 
section. 

1/79 

Provided  indication  of 
subsurface  flow  conditions, 
time  lags,  and  permeability 
(when  pumped). 

Electrical  Resistivity 

Early  identification  and 
location  of  seepage  paths, 

Areas  1,  2  and  3  only. 

Wenner  &  Bristow  arrays. 

1/19/79-1/26/79 

Identified  possible  seepage 
paths  contributing  to  Areas  1, 
2  and  3. 

Geothermal: 

-  10  ft  deep 

-  deep  profiles 

Early  identification  of 
seepage  paths  from  crest 
and  access  roads  by  thermal 
anomolies.  Vertical  surveys 
in  deep  piezometer  borings 
indicated  elevations. 

1/20/79-2/4/79, 
and  continuing 
into  1980 

Identified  possible  seepage 
paths  for  Areas  1,  2,  3,  5 
and  8. 

Aerial  Imagery: 

-  Thermal  IR 

-  Color  Photo 

-  Color  IR 

Early  identification  or 
verification  of  seepage 
locations  over  a  broad  area, 
taking  advantage  of  wide  daily 
thermal  variations  and  possible 
water  temperature  differentials. 

1/28/79 

Verified  seeps  1,  2,  3  and  4. 
Detected  seeps  7  &  8  before 
visual  detection.  Did  not 
detect  seeps  5  &  6.  Indicated 
seeps  1  &  2  to  be  6-8°  F 
warmer  than  reservoir. 

Refraction  Seismic 

Locate  depth  to  rock  across 
broad  area  to  aid  in  design 
of  piezometer  and  relief  well 
systems. 

2/2/79-2/8/79 

Provided  top  of  rock  data. 
Partially  saturated  flow 
conditions  negated  ability  to 
locate  paths. 

Thermal  &  Chemical 

Early  and  continued  evaluation 
of  seepage  and  reservior 
temperature  and  quality  to  aid 
in  identification  of  seepage 
conditions. 

4/79  into 

1980 

Provided  comparison  of 
temperature  and  dissolved 
solids  for  incorporation 
into  seepage  evaluations. 

Piezometers 

Long-term  monitoring  of  seepage 
conditions  in  the  embankment 
and  foundation.  Installation 
based  on  visual  observations, 
electrical  resistivity  and 
geothermal  surveys. 

4/79  to 
present 

Monitored  pressure  response 
and  lag  time  for  original 
seepage  condition  and  to 
evaluate  remedial  construction 
effectiveness. 

drainage  blankets  was  calculated  to  have  100  to  300 
percent  of  the  capacity  required  for  satisfactory 
performance.  Design  of  the  stability  berms  conserva¬ 
tively  assumed  that  relief  systems  were  ineffective,  a 
desirable  ind  relatively  inexpensive  approach  in  light  of 
the  comple.-  seepage  conditions. 

Seeps  were  grouped  to  form  three  areas,  identified  as 
Areas  A,  B,  and  C  in  Figure  6.  Typical  cross-sections 
for  the  systems  constructed  in  each  area  are  shown  in 
Figures  7  and  8. 

Area  A,  encompassing  the  right  abutment  contact  and 
extending  to  Sta  17+35,  contained  Seep  5  and  had  eight 
wells  drilled  at  least  40  ft  (12.2  m)  into  rock  on  20  ft 
(6  m)  centers  along  the  contact.  The  contact  was 
blanketed  with  a  drain  extending  over  the  abutment  and 
embankment  15  ft  (4.6  m)  in  each  direction,  and  a  15  ft 
(4.6  ra)  thick  stability  berm  constructed  over  the  area. 
Drainage  discharge  was  routed  through  a  headwall  located 
on  the  downstream  side  of  the  access  road  at  the  toe, 
Figure  9. 


Area  B  included  the  embankment-rock  ridge  contact  at  the 
left  side  of  the  main  valley,  extending  from  Sta  30+72  to 
32+76  and  encompassing  Steps  2  and  3.  The  system  is  the 
same  as  described  for  Area  A,  with  nine  wells  installed 
along  the  contact. 

Area  C  extends  from  Sta  40+00  to  54+70  and  contains  Seeps 
1  and  6.  It  was  considered  the  most  critical  area  due  to 
the  shallowness  of  the  foundation  alluvium  and  a 
contained  basin  in  the  rock  surface  at  depth.  Four 
gravel  packed  relief  well  systems  were  installed  in  this 
area,  totaling  40  wells  drilled  40  ft  (12.2  m)  into  rock 
at  20  ft  (6  m)  spacing.  Wells  were  deleted  when  the 
alluvium  exceeded  the  15  to  20  ft  (4,6  to  6  m)  depth. 
Discharge  froQ  each  group  of  wells  was  routed  into  a 
manhole  which  contains  silt  basins  and  provisions  for 
measuring  flow  quantities.  From  the  manholes  the  flow  is 
routed  to  a  headwall  for  discharge.  The  area  was  covered 
with  a  drainage  blanket  and  stability  berm  extending  onto 
the  embankment,  Figure  8. 
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Also  shown  are  tho  probable 


Plan  view  showing  areas  of  remedial  measures  and  all  instrumentation  which  is  presently  installed  and 
operating. 
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Figure  7.  Plan  and  section  of  seepage  control  systems  and  stability  berm 
constructed  in  Areas  A  and  B. 


Figure  8.  Section  of  seepage  control  systems  and  stability  berm  construction  in 
Area  C. 


Area  B  Area  C 


Figure  9.  Completed  headwalls  in  Areas  B  and  C.  The  weephole  discharge  is  from  the 
gravel  drainage  blankets  and  the  discharge  from  the  larger  pipes  is  from 
the  relief  wells. 


POST  CONSTRUCTION  PERFORMANCE 

Large  inflows  in  February  and  March  of  1980  resulted  in  a 
new  record  high  pool  at  Elev  647.7  on  March  6,  1980. 
Relief  wells  in  Area  C  started  flowing  on  February  25, 
followed  by  well  flows  in  Areas  A  and  B  on  February  27. 
Depth  to  the  gravel  pack  was  measured  in  Area  C  wells, 
and  three  wells  were  observed  to  have  had  some 
consolidation  of  the  pack. 

Seeps  appeared  on  the  right  abutment  downstream  of  Area 
A,  on  the  rock  ridge  downstream  of  Area  B,  and  downstream 
of  the  headwall  in  Area  C  on  March  3,  1980.  Additional 
seepage  appeared  in  Area  C  on  March  4,  expanding  down¬ 
stream  in  a  linear  fashion  a  distance  of  about  35  ft 
(10.7  m),  see  Figures  10,  11  and  12. 

Piezometer  readings  indicated  general  relief  of  pressures 
in  rock,  but  one  was  artesian,  demonstrating  that  flow  in 
the  complex  foundation  warranted  the  conservatism 
exercised  in  the  design  of  relief  and  control  measures. 
Overall  performance  of  the  relief,  control  and  stability 
measures  was  satisfactory  to  assure  safe  performance  of 
the  structure  at  design  pool  elevations,  but  the  relief 
wells  were  not  as  effective  as  anticipated,  due  largely 
to  flow  occuring  in  foundation  joints  which  were  not 
intercepted  by  wells. 

LESSONS  LEARNED 

1.  Continued  awareness  must  be  maintained  for  changes 
which  may  compromise  the  original  design  intent  and, 
hence,  safe  performance  of  a  project. 

2.  As  many  investigative  methods  as  needed  and 
reasonably  possible  should  be  used  to  obtain  information 
in  complex  situations  so  that  confidence  can  be  developed 
regarding  existing  conditions  and  proposed  solutions. 

3.  Geothermal  monitoring  can  be  an  effective  diagnostic 
tool  for  locating  complex  seepage  paths. 

4.  A  measure  of  conservativeness  should  be  maintained  in 
the  design  of  remedial  measures  to  accommodate  unknowns 
and  inaccuracies. 
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SYNOPSIS:  Performance  of  a  surface- treated  crushed  rock  pavement,  250  mm  thick  and  placed  over  a  weak 
subgrade,  is  predicted  using  mechano-lattice  analysis  and  the  results  are  compared  with  actual 
performance  after  the  passage  of  the  equivalent  of  800  000  standard  axles.  Input  is  in  terms  of  the 
deformation  characteristics  determined  from  repeated  loading  tnaxial  testing.  Performance  is 
measured  in  terms  of  pavement  profile,  roughness  and  permanent  deformation  or  rutting.  Predicted 
straight-edge  rutting  was  within  the  range  of  values  measured  in  the  field.  The  measured  profile  index 
and  roughness  count  were  consistent  with  a  pavement  showing  little  deformation  over  its  initial  six 
years  of  service.  Considering  the  possible  field  variation  of  material  properties  over  the  evaluation 
period  and  the  single  set  of  input  data  the  results  indicate  the  applicability  of  the  mechano-lattice 
method  for  the  prediction  of  the  performance  of  crushed  rock  flexible  pavements. 


INTRODUCTION 

The  mechano-lattice  method  of  analysis  has  been 
described  extensively  by  Yandeli  and  his  co¬ 
workers  (eg  Yandeli  1971a, b;  Smith  and  Yandeli 
1986a, b,  1987).  The  method  was  develcDt  i  by 
Yandeli  to  investigate  hysteretic  sliJi.  .g 
friction,  and  to  predict  the  behaviour  of 
elasto-plastic  roads  during  repeated  rolling. 


Space  precludes  a  detailed  description  of  the 
analysis.  The  method  is  a  type  of  finite  element 
method  but,  unlike  other  available  methods,  it 
utilises  the  elasto-plastic  properties  of  the 
constituent  materials  rather  than  elastic 
behaviour  only,  as  do  most  other  methods  such  as 
VESYS.  It  takes  into  account  the  loading  and 
unloading  moduli  of  the  various  materials. 


Residual  deflections 
and  element' forces 
from  1st  pass  are 
initial  conditions 
for  2nd  pass 


Iterative  joint  movements- 


DEFLECTION 


Fig.  1  Diagrammatic  Longitudinal  Section  of  the  Three  Dimensional  Pavement  Analysis  Showing  Boundary 
Conditions,  and  Computational  Process  (after  Smith  and  Yandeli,  1986a) 
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A  longitudinal  section  of  a  nechanc-lattice 
simulation  of  a  pavement  is  given  in  Fig.  1.  The 
hysteresis  loop  at  the  bottom  of  the  figure  was 
formed  by  plotting  sequential  load-deflection 
values  through  positions  A,3,C,D,E,F  and  G  of  a 
vertical  element  in  one  particular  unit.  A 
similar  but  more  complex  task  is  performed  by 
the  computer  after  each  cycle  of  element  length- 
load  calculations.  The  forces  at  each  joint  are 
resolved  into  vertical,  longitudinal  and  lateral 
components,  and  the  joint  is  then  moved  in  a 
damped  manner  in  the  direction  of  the  unbalanced 
forces.  The  calculation  damping  factor  is 
proportional  to  the  largest  force  that  is 
instantaneously  out  of  balance  at  any  free 
joint.  This  process  is  continued  until  all  out 
of  balance  forces  at  free  joints  become 
insignificant.  This  now  generally  occurs  after 
around  400  computational  cycles.  After  converg¬ 
ence,  and  after  stresses  have  been  calculated, 
the  wall  of  units  on  the  right  of  Fig.  1  is  used 
to  give  the  initial  condition  for  the  next 
simulation  wheel  pass.  The  above  process  is  then 
repeated  until  a  total  of  32  load-deflection 
histories  is  followed  for  each  mechano-lattice 
unit. 


THE  PAVEMENT 

The  pavement  consisted  of  250  mm  of  crushed  rock 
overlying  an  imported  subgrade  having  a  nominal 
4-day  soaked  CSR  value  between  2%  and  4%.  The 
latter  material  was  imported  because  the  natural 
subgrade  was  too  variable  and  it  was  considered 
that  a  200  mm  layer  of  material  having  a 
uniformly  low  CBR  would  be  more  appropriate  for 
evaluation  purposes.  The  full  construction 
details  and  an  evaluation  of  the  initial  service 
life  of  the  pavement,  after  the  passage  of  the 
equivalent  of  250  000  standard  axles  (esa),  have 
been  given  by  Smith  (1984,  1985,  1986). 

The  13C  m  long  pavement  was  constructed  in  1981 
as  one  of  six  experimental  pavements.  Electrical 
resistance  strain  gauges  were  installed  to 
measure  longitudinal  strain  under  the  transient 
load  (8.2t  standard  axle)  but  they  failed  after 
the  passage  of  the  equivalent  of  40  000  standard 
axles.  The  pavement  was  assessed  periodically 
using  a  profilograph,  NAASRA  roughness  meter, 
and  visual  assessment.  Rutting  (permanent 
deformation)  was  determined  using  a  1.2  m 
straight-edge  and  by  level  surveys. 

The  evaluation  reported  in  this  paper  covers  the 
period  from  construction  in  1981  to  the  complet¬ 
ion  of  an  estimated  800  000  esa  in  mid-1987. 

The  climate  in  the  area  is  temperate  with  warm 
to  hot  summers  and  mild  winters. 


MATERIAL  PROPERTIES 

The  crushed  rock  was  tested  at  4.5%  moisture 
content  and  95%  of  maximum  dry  density  using 
standard  compaccive  effort.  These  conditions 
approximated  the  field  conditions  at  compaction 
and  were  considered  to  represent  the  service 
condition  over  the  ensuing  six  years.  Long-term 
load/deformation  behaviour  was  determined  under 
repeated  loading  conditions  using  a  vertical 


stress  of  450  kPa  and  a  lateral  stress  of 
150  kPa  with  a  3  sec  loading  cycle.  The 
permanent  deformation  was  found  to  be  0.12  era 
after  22  OOO  cycles  in  a  200  era  high  specimen 
(Fig.  2). 

The  imported  subgrade  was  tested  at  95%  of 
maximum  <3ty  density  using  standard  compactive 
effort  which  was  close  to  the  construction 
figure.  The  long-term  load/deformation  data  were 
determined  at  a  vertical  stress  of  85  kPa  and  a 
constant  lateral  stress  of  30  kPa.  Testing  was 
carried  out  at  two  moisture  contents,  namely 
9.2%  which  was  probably  lower  than  the  field 
moisture  content,  and  14%  which  was  close  to  the 
moisture  content  at  compaction  in  the  field. 
Because  of  poor  drainage  in  the  area  it  is 
considered  that  the  field  condition  approximated 
the  higher  moisture  content  and  remained  fairly 
constant  over  the  six  year  evaluation  period. 

The  long-term  load/deformation  behaviour  was 
0.07  mm  in  36  000  cycles  for  material  compacted 
at  a  moisture  content  of  9.2%  and  0.60  mm  in 
22  000  cycles  for  material  compacted  at  a 
moisture  content  of  14%  (Fig.  3).  Specimens  were 
100  mm  high. 

Whilst  the  natural  subgrade  was  not  modelled  in 
the  computer  simulation  its  behaviour  is 
presented  here  for  completeness.  It  was  also 
compacted  at  95%  of  maximum  dry  density  using 
standard  compactive  effort  as  this  approximated 
the  field  condition.  Long-term  load/deformation 
data  were  determined  at  a  vertical  stress  of 
66  kPa  and  a  static  lateral  stress  of  30  kPa. 
Testing  was  carried  out  at  a  moisture  content  of 
11.6%  which  was  close  to  the  expected  service 
moisture  content.  The  permanent  deformation  was 
found  to  be  0.35  mm  in  40  000  cycles  m  a  100  mm 
high  specimen  (Fig.  4). 

The  deformation  data  were  then  plotted  on  a  log/ 
log  plot  and  extended  to  the  estimated  number  of 
wheel  passes  to  the  date  of  evaluation. 
Appropriate  unloading  moduli  were  assumed  based 
on  the  relative  plasticities  of  the  pavement 
materials.  In  this  case  the  mechano-lattice 
input  data  were  those  used  to  predict  perform¬ 
ance  after  the  passage  of  250  000  esa  (see  Smith 
and  Yandell,  1986c).  Appropriate  values  were 
also  assumed  for  use  in  the  model  for  the  semi¬ 
infinite  layer  -  in  this  case  the  imported  sub¬ 
grade.  Such  a  calculation  expedient  is  used  to 
keep  the  computer  time  to  a  minimum  without 
affecting  the  overall  accuracy  of  the  predict¬ 
ions.  The  mechano-lattice  input  data  are 
presented  in  Table  I. 


TABLE  X.  Mechano-lattice  Input  Data  (after 


Smith  and 

Yandell , 

1986a) 

Material 

Moisture 

Content 

(%) 

Poisson1 

Ratio 

's  Loading  Unloading 
Modulus  Modulus 
(MPa)  (MPa) 

Crushed 

Rock 

4.5 

0.30 

202 

204 

Imported 

Subgrade 

14.0 

0.20* 

0.459 

43 

207 

*  top  50  mm;  9  next  50  mm. 
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rig.  2  Total  Deformation  versus  Loading  Cycles  for  Crushed  Rock  (after  Smith  and  Yandell,  1986a) 


Fig.  3  Total  Deformation  versus  Loading  Cycles  for  Imported  Subgrade  (after  Smith  and  Yandell,  1986a) 
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Fig.  4  Total  Deformation  versus  Loading  Cycles  for  Imported  Subgrade  (after  Smith  and  Yandell,  1986a) 
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FIELD  PERFORMANCE 

Field  performance  was  measured  in  terms  of 
profile  index,  HAASRA  roughness,  visual 
assessment,  and  rut  depth  nased  on  survey  level 
data  and  1.2  ra  straight-edge  values.  The  two 
methods  of  rut  depth  prediction  both  provide  a 
measure  of  the  depth  of  the  rut  in  the  wheelpath 
relative  to  the  untrafficked  part  of  the 
pavement.  In  the  case  of  the  1.2  m  straight-edge 
any  deformation  (such  as  heaving  or  shoving) 
within  the  length  of  the  straight-edge  is 
incorporated  in  the  measurement.  In  the  case  of 
the  survey  data  the  datum  for  each  day  of 
measurement  was  the  mean  of  the  values  at  the 
centre-line  and  and  of  the  values  on  the  pave¬ 
ment  300  nan  from  the  pavement  edge.  The  mean 
value  for  each  of  the  wheelpaths  was  then 
subtracted  from  the  datum.  These  values  were 
then  used  to  determine  the  progress  of  rutting 
over  time.  This  method  is  unlikely  to  include 
permanent  deformation  other  than  the  gradual 
decrease  in  the  level  of  the  wheelpath  unless 
shoving  in  the  wheelpaths  becomes  quite 
significant  and  affects  the  values  used  in 
determining  the  datum. 

On  most  occasions  the  visual  assessment  was 
performed  at  the  same  time  as  the  roughness 
survey.  The  initial  visual  assessments  included 
measurement  of  the  rut  depth  to  the  nearest  mm. 
Later  surveys  only  included  band  widths  because 
of  the  difficulty  of  accurately  measuring  a  rut 
depth,  particularly  over  a  chip  seal  surface.  In 
the  latter  case  the  minimum  band  was  0  to  10  mm. 
Roughness  data  are  presented  in  Table  II. 


TABLE  II.  NAASRA  Roughness 


Date 

Roughness 

(C/km) 

160981 

62 

050783 

53 

211283 

60 

110286 

26 

150786 

57 

When  the  first  visual  assessment  was  performed 
in  July  1983  (250  000  esa)  the  average  1.2  m  rut 
depth  was  2  mm  in  the  outer  wheelpath  (standard 
deviation  [sd]  =  2.0)  and  4  mm  in  the  inner 
wheelpath  (sd  =  2.4).  The  roughness  had  dropped 
slightly  from  an  initial  value  at  construction 
of  62  Counts/km  (C/km)  to  53  C/km.  Little  change 
was  observed  up  to  December  1983  (300  000  esa) 
although  there  was  a  perceived  drop  in  1.2  m  rut 
depth  in  both  the  outer  (mean  =  0.4  mm; 
sd  =  0.6  mm)  and  inner  (mean  =  2  mm; 
sd  =  1.5  mm)  and  a  slight  increase  in  the 
roughness  to  60  C/km. 

Visual  surveys  were  also  carried  during  1985, 
1986  and  the  last  in  September  1987 
(approximately  800  000  esa).  Each  time  it  was 
reported  that  the  pavement  was  in  good  condition 
with  100%  rutting  0  to  10  mm  deep  in  each  wheel- 
path.  No  pot-holes,  cracking  or  other  signs  of 


distress  other  than  slight  bleeding  of  the  seal 
were  found.  Two  further  roughness  surveys  were 
conducted.  In  February  1986  an  abnormally  low 
value  of  26  C/kra  was  recorded  whilst  in  July 
1986  (650  000  esa)  the  count  was  57  C/km. 

Three  profilograph  surveys  were  undertaken  and 
confirmed  the  initial  1.2  m  rut  depth  surveys  in 
that  the  values  in  the  outer  wheelpath  were 
lower  than  those  in  the  inner  wheelpath.  The 
values  remained  fairly  low  throughout  the 
period.  At  construction  the  average  profile 
index  was  308  mm/km  in  the  inner  wheelpath  and 
285  mm/km  in  the  outer  wheelpath.  After  the 
passage  of  the  equivalent  of  110  000  esa  the 
average  profile  index  was  474  mm/km  in  the  inner 
wheelpath  and  252  mm/km  in  the  outer  wheelpath. 
After  the  final  survey  at  510  000  esa  the  index 
was  323  mm/km  in  the  inner  wheelpath  and  192 
mm/km  in  the  outer  wheelpath. 

The  rut  depths  calculated  from  the  survey  data 
were  somewhat  difficult  to  interpret.  This  is 
considered  to  be  partially  due  to  the  swelling 
nature  of  both  the  imported  subgrade  and  the 
heavy  clay  subgrade  and  the  fact  that  the 
measured  differences  in  the  levels  over  time 
were  almost  within  the  order  of  accuracy  of  the 
survey  in  which  levels  were  measured  to  the 
nearest  1  mm.  The  results  indicated  that  the 
increase  in  rutting  was  very  gradual  and  for  the 
passage  of  at  least  the  first  500  000  esa 
rutting  of  2  to  4  mm  was  experienced  in  both 
wheelpaths.  Data  are  too  incomplete  to  attempt 
to  determine  change  in  the  rut  depth  over  the 
ensuing  300  000  esa. 

These  assessments  all  show  that  whilst  rutting 
and  deformation  are  no  doubt  occurring  the 
degree  of  deformation  is  relatively  minor  and 
the  pavement  has  considerable  service  life  left. 
This  is  reinforced  by  the  fact  that  the 
roughness  even  after  the  passage  of  the 
equivalent  of  650  000  was  at  level  of  the  order 
of  the  desirable  initial  roughness  required  of  a 
heavy  duty  pavement. 


COMPARISON  BETWEEN  PREDICTED  AND  FIELD  BEHAVIOUR 
Rut  Depth 

In  the  mechano-lattice  analysis  the  rut  depth  is 
calculated  by  plotting  the  predicted  rut  depths 
after  each  calculation  rolling  pass  and 
extending  the  line  through  these  points  (a 
log/log  plot  was  appropriate  in  this  case)  until 
the  point  corresponding  to  the  required  number 
of  standard  axles  is  reached  (800  000  in  this 
case).  The  point  is  determined  from  the  residual 
strain  (R)  from  the  loading  and  unloading 
modulus  used  as  input  in  the  model ,  and  the 
calculated  cumulative  strain  (S)  extrapolated 
from  the  repeated  loading  test.  The  number  of 
calculation  passes  to  reach  800  000  esa  is  then 
determined  by  dividing  the  residual  strain  by 
the  cumulative  strain  (ie  S/R).  In  this  case  the 
appropriate  number  of  calculation  passes  was  90. 
The  prediction  for  the  absolute  rut  depth  is 
given  in  Table  III.  It  had  been  ascertained  by 
plotting  the  rut  profile  after  the  third 
calculation  rolling  pass  that  the  1.2m 
straight-edge  was  only  75%  of  the  absolute  rut 
depth  as  the  pavement  was  calculated  to  drop 
0.1  mm  after  the  third  calculation  rolling  pass. 
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TABLE  III.  Determination  of  Absolute 
Rut  Depth  at  800  000  esa 


Calculation 

Calculated  Absolute 

Rolling 

Pass 

Rut  Depth  (mm) 

1 

0.2 

2 

0.3 

3 

0.4 

90* 

3.5 

♦equivalent  to  800  000  esa  (see  text) 


The  absolute  rut  depth  predicted  after  the 
passage  of  the  equivalent  of  800  000  esa 
(3.5  mm)  was  only  0.5  mm  greater  than  that  after 
the  passage  of  the  equivalent  of  250  000  esa 
indicating  that  the  progress  of  rutting  was  very 
gradual.  The  1.2  m  straight-edge  rutting  was 
found  to  be  between  2  mm  and  4  mm  at  250  000 
with  a  predicted  value  of  around  2  mm.  At  the 
equivalent  of  800  000  esa  the  predicted  value  is 
around  2.6  mm.  Although  the  field  observations 
provided  a  U  to  10  mm  rutting  bandwidth  in  the 
observations  during  the  latte"  part  of  the 
evaluation  period,  the  consistent  roughness  and 
profile  values  over  the  service  life  would 
indicate  that  the  ruttir.g  and  deformation  had 
not  increased  markedly  over  the  life  of  the 
pavement  to  date.  In  line  with  this  it  is 
considered  that  the  1.2  m  straight-edge  values 
would  be  at  no  more  than  the  middle  of  the  band 
width  (le  no  more  than  5  mm) . 


Transient  Longitudinal  Strain 

The  strain  gauges  failed  after  the  passage  of 
the  equivalent  of  40  000  esa  so  it  is  not 
possible  to  make  comparisons  later  in  the 
service  life.  Smith  and  Yandell  (1986b, c) 
compared  the  results  at  the  time  of  failure  with 
predicted  values  after  the  passage  of  the 
equivalent  of  250  000  esa.  Results  are  presented 
in  Table  IV.  All  values  are  m  tension. 


TABLE  IV.  Predicted  and  Measured  Transient 
Longitudinal  Strain  under  Loading 
(after  Smith  and  Yandell,  1986b, c) 


Field 

Values 

Predicted  Values 

Gauge  Depth 

at  40 

000  esa 

at  250  000  esa 

(mm) 

(microstrain) 

(microstrain) 

mean 

sd 

125 

-1290 

61 

-400 

250 

-1915 

650 

-750 

As  can  be  seen  the  mechano-lattice  analysis 
predicted  that  the  tension  at  the  mid-height  of 
the  crushed  rock  layer  would  be  approximately 
half  that  at  the  interface  between  the  crushed 
rock  and  the  imported  subgrade.  Because  of  the 


relatively  consistent  roughness  and  rutting 
results  it  is  considered  that  the  strain  results 
would  remain  fairly  consistent  over  the 
evaluation  period. 


Rebound  Deflections 

For  a  discussion  of  the  predicted  rebound 
deflections  at  250  000  esa  the  reader  is 
referred  to  Yandell  and  Smith  (1986c).  Smith  and 
Hewitt  (1984)  discuss  the  problem  of  applying 
correction  factors  for  cyclic  variations  in 
deflection  measurements,  in  the  general 
area  of  the  study,  even  where  accurate  rainfall 
and  evaporation  data  are  available. 


DISCUSSION 

The  significance  of  these  predictions  is  not  so 
much  in  the  fact  that  they  were  close  to  the 
field  results  but  rather  that  they  predicted  a 
very  slow  deterioration  in  pavement  performance 
and,  that  this  relatively  thin  pavement  placed 
over  a  weak  imported  subgrade  would  have  a  long 
service  life.  It  is  doubtful  whether  anyone  who 
was  involved  with  the  design  and  construction  of 
the  experimental  pavements  would  have  predicted 
that  it  would  have  provided  in  excess  of  six 
year's  service  and  be  successfully  subjected  to 
the  passage  of  at  least  800  000  esa.  Even  after 
the  passage  of  the  equivalent  of  250  000  esa  one 
would  have  been  considered  to  be  optimistic  in 
predicting  a  long  service  life  for  this 
pavement . 

No  doubt  the  accuracy  of  the  predictions  can  be 
improved  by  using  a  greater  range  of  input  data 
and  taking  account  of  moisture  variation  in  the 
subgrade.  One  could  also  perform  a  sensitivity 
analysis  to  ascertain  the  impact  of  the 
variation  of  the  material  properties  on  the 
predictions.  In  this  case  it  is  considered  that 
further  runs  are  not  warranted  as  the  results 
are  probably  for  a  "worst"  case  situation  and  as 
they  predict  a  long  service  life  further 
analyses  are  not  warranted.  Such  is  not  the  case 
for  the  thin  (100  mm)  crushed  rock  pavement 
reported  by  Smith  and  Yandell  (1986b, c)  where 
the  mechano-lattice  rut  depth  predictions  were 
significantly  higher  than  the  measured  values. 

In  that  case  further  refinements  of  the  input 
data  would  be  warranted. 


CONCLUSIONS 

In  this  study  the  mechano-lattice  method  of 
analysis  has  been  shown  to  accurately  predict 
the  rutting  of  a  relatively  thin  (250  mm) 
crushed  rock  pavement  placed  over  a  weak 
subgrade.  More  importantly  the  mechano-lattice 
analysis  predicted  that  pavement  performance 
would  only  reduce  very  slowly  and  would  still 
be  providing  good  service  after  the  passage  of 
the  equivalent  of  800  000  esa.  The  predictions 
were  confirmed  by  the  field  measurements. 
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Hydrostatic  Pressure  at  a  Soil-Structure  Interface 
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SYNOPSIS:  A  case  history  of  hydrostatic  pressure  development  along  the  soil-structure  interfaces  of 
a  water  retaining  structure  is  discussed  in  this  paper  to  illustrate  the  use  of  instrumentation  to 
verify  expected  performance  during  construction.  For  the  project  described,  the  development  of 
hydrostatic  pressure  along  the  soil-structure  interface  during  and  after  head  pond  watering  was 
monitored  using  pneumatic  piezometers.  Monitoring  of  the  piezometers  detected  a  high  hydrostatic 
pressure  caused  by  a  leaky  contraction  joint  seal.  Subsequent  repair  of  the  seal  reduced  water 
levels  along  the  interface  to  expected  levels,  resulting  in  successful  operation  of  the  facility. 


INTRODUCTION 

The  recently  completed  Pontook  Hydroelectric 
Project  is  located  north  of  Berlin,  New  Hamp¬ 
shire  on  the  Androscoggin  River.  The  project 
was  was  designed  by  E.C.  Jordan  Company  and 
was  constructed  by  C-E  Hydro  Power  Systems, 

Inc.  the  project  turnkey  contractor.  The 
project  included  construction  of: 

o  an  800  foot  (244  m)  long  timber  crib  and 
earthen  embankment  dam  retaining  a  head 
of  about  10  feet  (3  m); 

o  a  concrete  canal  headworks  structure; 

o  a  6,000  foot  (1,829  m)  long  unlined  power 
canal  consisting  of  an  earth  cut  up  to  70 
feet  (21  m)  deep  as  well  as  side  hill 
diked  portions  at  the  headworks  and  at 
the  approach  to  the  powerhouse  penstock 
intake  structure; 

o  a  concrete  penstock  intake  structure 

which  trains  water  from  the  diked  canal 
into  three  short  steeply  sloped  8-foot 
(2.5  m)  diameter  penstocks;  and 

o  a  concrete  powerhouse  containing  3  CE/ 
Neyrpic  tubular  turbines  with  a  total 
installed  capacity  of  approximately  10 
MW. 

This  article  focuses  on  the  development  of  the 
hydrostatic  pressure  along  the  soil-structure 
interface  between  the  canal  dikes  and  the 
penstock  intake  structure.  A  schematic  plan 
and  sectional  view  depicting  the  configuration 
of  the  soil- structure  interface  along  the 
penstock  intake  structure  are  presented  as 
Figure  1. 

SITE  AND  PROJECT  DESCRIPTION 

The  Pontook  Project  is  situated  in  the 
Androscoggin  River  Valley,  located  in  northern 
New  Hampshire.  The  area  is  a  mountainous 
region  characterized  by  northeast  trending 


bands  of  metamorphic  rocks  lying  in  tight 
folds,  produced  by  past  mountain  building 
events.  The  most  significant  of  those  events 
was  the  collision  of  the  North  American  and 
European  crustal  plates,  some  350  million 
years  ago.  More  recently,  during  the  Wiscon¬ 
sin  glaciation,  regional  ice  flow  was  sus¬ 
tained  in  the  Pontook  project  area,  with 
outwash  accumulating  further  downstream.  The 
ice  eventually  retreated  in  this  valley  and 
left  sequences  of  stratified  ice  contact, 
outwash,  and  glacial  till  deposits  above 
bedrock.  Borings  made  for  site  development 
indicated  the  penstock  intake  area  was 
underlain  by  a  thick  deposit  of  glacial  till 
which  was  interbedded  with  braided  gravel 
outwash  deposits  of  up  to  a  few  feet  in  thick¬ 
ness.  Bedrock  was  encountered  over  150  feet 
(46  m)  below  the  existing  ground  surface  by 
exploratory  borings. 

The  glacial  till  at  the  site  was  found  to  be  a 
non-plastic,  unsorted  mixture  of  silt,  sand, 
gravel,  cobbles,  and  boulders  which  was  widely 
graded  with  from  25  to  35  percent  by  weight 
passing  the  No.  200  sieve  and  had  a  coeffi¬ 
cient  of  uniformity  of  more  than  10.  Although 
the  native  deposits  of  the  glacial  till  con¬ 
tained  some  boulders  greater  than  one  cubic 
yard  (1  cu.  m)  in  size,  no  particles  over 
eight-inches  (20  cm)  in  diameter  were  permit¬ 
ted  in  the  glacial  till  which  was  reused  for 
construction  of  dikes  and  structural  fills. 
Testing  of  the  glacial  till  included  a  long 
term  (two  month)  constant  head  permeability 
test  in  a  fixed  wall  permeameter  done  on  a 
remolded  sample,  the  results  of  which  indicat¬ 
ed  the  glacial  till  had  a  hydraulic  conduc¬ 
tivity  (permeability  to  water)  of  about  5  x 

10"'  centimeters  per  second  (1  x  10"’  ft/min. ) 
at  a  dry  density  of  about  125  pounds  per  cubic 
foot  (1,204  Kg/m* )  or  about  92  percent  of 
maximum  dry  density.  Other  testing  included 
pinhole  dispersion  testing,  which  indicated 
the  till  to  be  non-dispersive  (not  highly 
piping  susceptible),  however,  observations  on 
site  indicated  the  till  would  generally  ravel 
and  erode  when  unconfined,  until  a  self- 
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armoring  of  till  stones  prevented  further 
erosion. 

The  penstock  intake  consists  of  two  parts. 

These  two  parts  are  a  water  training  structure 
and  a  gate  structure.  The  training  structure 
consists  of  two  25-foot  (8m)  high  reinforced 
concrete  retaining  walls  and  a  base  slab  which 
act  as  a  transition  from  the  earth-dike  por¬ 
tion  of  the  canal  to  the  intake  gate  struc¬ 
ture.  The  gate  structure  is  also  constructed 
of  reinforced  concrete,  and  in  addition  to 
providing  gate  control  of  the  downstream 
terminus  of  the  canal,  it  also  acts  to  channel 
water  from  the  training  structure  into  three  8 
foot  (2.5  m)  diameter  penstocks.  The  training 
and  gate  portions  of  the  penstock  intake 
structure  retain  a  25  foot  (8m)  of  water. 

The  two  portions  were  designed  structurally 
separate  using  a  contraction  joint  to  reduce 
adverse  stresses  which  could  develop  in  an 
otherwise  monolithically  constructed  single 
structure.  This  contraction  joint  was  de¬ 
signed  to  be  water  tight,  using  fused  center 
bulb  water  stops  and  special  caulking.  By 
design,  it  is  imperative  that  the  joint  not 
leak  because  of  the  relatively  large  retained 
head  of  water  and  the  short  distance,  about  10 
to  50  feet  (3  to  15  m)  from  the  contraction 
joint  to  the  downstream  side  of  the  abutting 
dike  slope.  If  significant  leakage  were  to 
occur,  the  potential  for  piping  along  the  soil 
structure  interface  would  be  significantly 
increased,  with  the  possible  resi’Lt  of  a 
breach  of  the  canal  dike.  As  a  :esult,  it  was 
determined  that  careful  monitor: ng  of  the 
hydrostatic  pressure  developmer ;  along  the 
soil-structure  interface  durin  ,  and  after 
canal  filling  was  necessary. 

The  penstock  intake  structure  was  constructed 
on  undisturbed  and  recompacted  glacial  till  as 
shown  on  Figure  1.  The  canal  dikes  were 
constructed  of  recompacted  glacial  till  exca¬ 
vated  from  the  cut  areas  of  the  6,000  foot 
(1829  m)  long  canal  which  channels  water  to 
the  penstock  intake.  These  dikes  directly 
abut  the  penstock  intake  forming  a  soil- 
structure  interface.  The  penstock  intake  was 
designed  to  have  piping  resistance  by  counter- 
forting  the  structure  side  walls  and  provision 
of  cut  off  keys  along  the  base  of  the  struc¬ 
ture  (see  Figure  1),  thus  providing  a  serrated 
interface  with  the  dike  and  base  soils  and 
effectively  increasing  the  seepage  path. 
Because  of  concern  for  piping  potential  along 
the  soil-structure  interface  and  the  large 
head  drop  (62  feet  or  19  meters)  between  ths 
canal  and  tailwater,  four  pneumatic 
piezometers  (two  on  each  side  of  the  intake 
structure,  as  located  on  Figure  1,  denoted  as 
1CN,  IAN,  ICS,  and  IAS)  were  installed  to 
monitor  the  development  of  the  hydrostatic 
pressure  across  the  soil-structure  interface 
during  and  after  initial  canal  watering.  The 
piezometers  were  the  double  tube  type,  with  a 
pressure  range  of  0  to  60  pounds  per  square 
inch  (0  to  4.2  Kg/cm1 ),  actuated  and  monitored 
using  dry  nitrogen  gas  from  a  portable  indica¬ 
tor  box. 


CONTRACTION  JOINT  SEAL 

The  penstock  intake  was  constructed  in  numer¬ 
ous  concrete  pours  during  the  late  summer  and 
early  fall  of  1986.  After  concrete  placement 
for  the  training  walls  and  intake  structure 
had  been  completed  and  form  work  stripped, 
inspection  of  the  contraction  joint  revealed 
that  the  fused  center  bulb  water  stop  had 
apparently  slipped  out  of  position  during 
concrete  placement,  having  been  cast  parallel 
to  the  contraction  joint  rather  than  across 
the  joint.  This  slippage  of  the  water  stop 
resulted  in  a  non-positive  seal  against  water 
passage  through  the  joint.  To  rectify  the 
situation,  an  exterior  seal  was  designed  and 
retrofitted  on  the  water  side  of  the  contrac¬ 
tion  joint.  The  retrofit  seal  was  composed  of 
a  Hyplon  strip  which  covered  the  joint,  held 
against  the  concrete  and  the  joint  by  adhesive 
and  plate  metal  strips  which  were  through- 
bolted  into  the  concrete.  A  protective  steel 
shielding  was  secured  over  the  seal  to  protect 
from  abrasion  by  waterborne  debris  and  the 
teeth  of  an  adjacent  trash  rack  cleaning  rake. 

INITIAL  FILLING 

After  placement  of  the  retrofit  seal,  the 
training  walls  and  gate  structure  were  par¬ 
tially  filled  with  water  for  the  first  time. 
This  initial  filling  was  done  without  filling 
the  entire  canal  by  constructing  an  earthen 
cofferdam  across  the  canal  just  upstream  of 
the  intake  structure.  The  canal  area  between 
the  cofferdam  and  intake  structure  was  thus  a 
relatively  smaller,  confined  head  pond  of 
water  for  initial  watering  of  the  intake  which 
could  be  drawn  down  rapidly  if  need  be  This 
confined  headpond  area  was  filled  with  water 
to  elevation  1156  feet  (normal  canal  level  is 
1162  feet)  over  a  period  of  about  36  hours. 
Elevation  1156  feet  is  equivalent  to  about 
17.5  feet  (5m)  of  water  in  the  headpond.  As 
the  headpond  was  filled,  pneumatic  piezometers 
outside  of  and  adjacent  to  the  contraction 
joint  (piezometers  IAN  and  IAS)  registered 
pore  pressure  readings  equivalent  to  the 
rising  headpond  level.  Because  of  the  poten¬ 
tial  of  piping  which  could  otherwise  have 
occurred  if  the  head  condition  were  allowed  to 
continue,  the  decision  was  made  to  immediately 
empty  the  confined  headpond  area  and  inspect 
the  contraction  joint  rather  than  to  continue 
filling  the  head  pond  to  proposed  normal 
levels.  During  drawdown  of  the  headpond, 
which  was  dewatered  at  a  rate  of  about  1  foot 
per  hour  (0.3  m/hr),  the  piezometers  indicated 
a  direct  response  with  the  decreasing  water 
level.  At  all  times  during  filling  and 
dewatering,  the  other  piezometers  (piezometers 
1CN  and  ICS)  registered  pore  pressures  well 
below  the  headpond  level,  indicating  seepage 
along  the  sides  of  the  structure  were  not 
likely  responsible  for  the  high  readings  of 
piezometers  IAN  and  IAS.  After  dewatering  the 
headpond,  careful  inspections  were  made  of  the 
seal  in  an  attempt  to  determine  the  cause  of 
the  apparent  leakage.  The  inspections  indi¬ 
cated  that  areas  where  the  concrete  surface 
was  irregular,  including  the  corners  where  the 
retaining  walls  meet  the  base  of  the 
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structure,  were  not  adequately  sealed.  Dye 
was  injected  on  the  soil  side  of  the  seal  in 
an  effort  to  see  if  the  zones  of  leakage  could 
be  positively  identified.  The  dye  came 
through  the  seal  in  numerous  locations  indi¬ 
cating  an  inadequate  seal.  Prior  to  identify¬ 
ing  the  leaky  seal,  there  was  concern  that 
underseepage  below  the  structure  may  have 
occurred,  contributing  to  the  high  measured 
pore  pressures.  Down  stream  drains  and  ditch¬ 
es  located  at  the  toes  of  the  canal  dikes  were 
inspected  to  see  if  and  observable  piping  had 
taken  place.  No  evidence  of  such  piping  was 
noted.  Further  investigation  of  underseepage 
was  done  utilizing  pump  tests.  These  tests 
were  conducted  by  digging  sump  pits  at  the 
upstream  edge  of  the  water  training  structure 
base  slab,  followed  by  continuous  pumping  of 
the  pits.  The  piezometers  were  monitored 
before,  during  and  after  the  pumping  to  see  if 
a  response  of  the  piezometers  could  be  ob¬ 
served,  which  would  indicate  that  underseepage 
might  have  occurred.  The  tests  indicated  no 
response.  Based  on  all  the  observations,  it 
was  concluded  that  the  cause  of  the  high 
measured  pore  pressure  adjacent  to  the  con¬ 
traction  joints  was  leakage  of  the  contraction 
joint. 

The  retrofitted  seal  was  redesigned  and  re¬ 
paired  to  accommodate  the  difficult  sealing 
conditions.  The  revised  seal  was  essentially 
identical  to  the  original  retrofit  seal  except 
that  a  1/4-inch  (0.6  cm)  thick  hydrophylic 
membrane  material  was  placed  behind  the  steel 
plate  strips.  This  material  swelled  to  almost 
double  its  original  size  in  the  presence  of 
water,  forming  a  positive  seal  between  the 
concrete,  Hyplon  and  the  metal  strips.  To 
monitor  potential  development  of  hydraulic 
pressure  which  could  be  an  indication  that 
underseepage  below  the  structure  may  have 
developed,  four  additional  piezometers  (num¬ 
bered  Nl,  N2,  SI,  and  S2)  were  installed 
through  the  base  slab  of  the  training  struc¬ 
ture,  located  as  shown  on  Figure  1,  to  measure 
hydrostatic  pressure  below  the  structure. 

HEADPOND  REFILLING 

After  the  m >difications  to  the  retrofit  seal 
were  made,  .he  canal  was  refilled  at  an  aver¬ 
age  rate  of  about  1.5  feet  per  hour  (0.5  m/hr) 
to  an  elevation  of  about  1156  feet.  During 
this  refilling,  the  piezometers  readings  were 
monitored  about  once  per  hour,  however, 
piezometers  1CN  and  Nl  were  malfunctioning  and 
did  not  provide  usable  data.  Readings  of  the 
functioning  piezometers  during  the  first  500 
hours  are  presented  on  Figure  2.  During  the 
refilling,  hydrostatic  pressures  as  indicated 
by  the  piezometers  remained  below  headpond 
level.  Piezometer  ICS  registered  a  head 
unexpectedly  less  than  IAS  and  IAN,  probably 
due  to  its  somewhat  more  isolated  location 
within  the  glacial  till  beside  the  structure 
and  away  from  the  flow  path  of  least  resis¬ 
tance  which  is  likely  to  be  along  the  bottom 
of  the  water  training  structure  and  then  along 
the  sides  of  the  gate  structure.  After  fill¬ 
ing  the  confined  headpond  to  elevation  1156 
feet,  refilling  was  terminated  and  the 


elevation  of  the  headpond  was  monitored  with 
time  over  a  40  hour  period.  During  this  hold 
period,  the  piezometers  initially  indicated 
continued  increase  in  the  hydrostatic  pressure 
at  the  soil- structure  interface,  generally 
followed  by  a  leveling  off  or  decrease  in 
pressure.  Also  during  the  hold  period,  the 
headpond  level  decreased  by  1.8  feet  (0.5  m) . 
The  volume  of  water  lost  as  indicated  by  the 
headpond  level  reduction  was  of  the  same 
magnitude  as  would  be  expected  by  the  estimat¬ 
ed  normal  gate  leakage,  so  it  appeared  that 
leakage  through  the  contraction  joint  had  been 
substantially  eliminated,  reducing  the  previ¬ 
ous  concern  that  underseepage  and  piping  may 
have  developed  during  initial  filling.  After 
the  hold  period,  head  pond  filling  continued 
to  about  elevation  1162  feet,  which  was 
achieved  about  100  hours  after  refilling  of 
the  headpond  began.  At  this  time,  the 
cofferdam  across  the  canal  was  removed. 

The  piezometers  were  closely  monitored  until 
it  became  apparent  that  steady  state  condi¬ 
tions  had  been  achieved  and  that  the  contrac¬ 
tion  joint  was  not  leaking.  The  hydrostatic 
pressure  along  the  soil-structure  interface, 
as  indicated  by  the  piezometers,  appeared  to 
come  into  equilibrium  (indicating  steady  state 
flow)  about  400  hours  (17  days)  after  the 
headpond  was  filled,  except  for  piezometer 
ICS,  which  continued  to  rise  for  about  1100 
hours,  finally  equilibriating  about  a  foot  or 
so  in  hydrostatic  head  above  IAN  and  IAS.  The 
final  equilibrium  levels  of  the  hydrostatic 
pressure  were  at  the  approximate  elevations 
predicted  by  steady-state  seepage  through  an 
earthen  embankment  of  similar  profile  to  the 
soil-structure  interface,  however,  this  equi¬ 
librium  occurred  many  magnitudes  faster  than 
would  be  indicated  by  the  measured  laboratory 

permeability  (about  10-*  centimeters  per 
second),  indicating  the  permeability  along  the 

soil-structure  interface  is  likely  about  10_I 
to  10-‘  centimeters  per  second  (2  x  10  5  to  2 

x  10~*  ft/min).  The  piezometer  readings  were 
monitored  frequently  for  a  six  month  period  to 
assure  the  steady  state  conditions  remained 
constant,  and  that  seal  leakage  did  not  re¬ 
start.  Currently  monitoring  is  done  on  a 
seasonal  basis  by  the  station  operators  with 
no  change  from  the  expected  steady  state 
conditions  as  yet  observed. 

CONCLUSIONS 

The  following  conclusions  were  made  as  a 
result  of  the  experience  of  the  Pontook 
penstock  intake  structure: 

o  water  retaining  structures  with  joints 
requiring  mechanical  seals  and  whose 
stability  is  sensitive  to  piping  should 
be  equipped  with  a  means  of  determining 
if  such  seals  are  functioning  as 
designed; 

o  such  seals  should  be  initially  tested 

under  controlled  circumstances  (a  situa¬ 
tion  where  drawdown  can  be  implemented 
quickly,  if  necessary,  is  desirable); 
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o  adequate  redundancy  in  instrumentation 
(Piezometers,  in  this  case)  should  be 
provided  as  a  safe  guard  against  inevita¬ 
ble  malfunctions;  and 

o  under  normal  circumstances  (no  leakage  at 
the  contraction  joint)  the  development  of 
the  hydrostatic  pressure  at  the  penstock 
intake  along  a  soil-structure  interface 
appears  to  develop  significantly  faster 
than  would  be  indicated  by  the  permea¬ 
bility  of  the  soil  placed  at  the 
interface. 
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SYNOPSIS:  For  profitability  steep  overall  slope  angle  is  essential  for  openpit  mines  without 
endangering  the  safety  for  the  life  time  of  the  pit.  Openpits  have  been  designed  to  depths  of  150  to 
200  metres.  K>r  optimum  slope  angles  of  the  footwall  and  the  hanging  wall  of  a  rock  phosphate  mine, 
near  Udaipur,  Rajasthan  ,  geotechnical  investigation  covering  discontinuity  mapping, 

analysis  of  data,  testing  of  geo-mechanical  properties  in  laboratory  and  in  in-situ  condition  were 
conducted.  Slope  monitoring  was  done  by  precise  surveying  instruments  to  give  advance  warning  of 
impending  ground  movement.  On  the  basis  of  geotechnical  studies  the  mine  has  been  designed  with  an 
overall  slope  angle  of  33  degrees  upto  200  metres  depth. 


INTRODUCTION 

Growing  depths  and  increase  in  overburden  rock 
handling  have  become  recent  characteristic  fea¬ 
tures  of  openpit  mining.  The  slope  angle  of  an 
openpit  is  the  most  important  factor  influcing 
the  profitability  of  deep  mines. Data  pertinent 
to  rock  discontinuities,  rock  mass  strength  and 
ground  water  pressure  should  be  collected  and 
analysed  while  recommending  optimum  slope  angle. 

The  rock  phosphate  mine  near  Udaipur  in 
Rajasthan  is  hill  side  mine  proposed  to  operate 
above  the  water  table  for  the  major  part  of  the 
life.  The  deposit  extends  over  a  strike  length 
of  about  16  kms.  For  the  sake  of  convenience  in 
mining  the  deposit  has  been  devided  into  12 

blocks  viz.  A  exten.  A,  B,  . K.  Block  -  D 

constitutes  the  most  important  in  respect  of 
length,  width,  quality  of  the  ore  body.  The 
present  case  study  is  limited  to  this  block 
only  which  extends  to  a  strike  length  of  1500 
metres  and  average  width  of  20  metres.  Dip  of 
the  ore  body  varies  from  30  to  50  degrees.  At 
present  the  depth  of  the  block  is  100  metres 
with  top  reduced  level  of  580  metres.  The  pre¬ 
dominant  rock  type  is  dolomitic  limestone.  The 
paper  describes  the  geotechnical  study  con¬ 
ducted  for  determining  the  optimum  slope  angle. 

GEOLOGY  OF  THE  AREA 

The  area  shows  a  succession  of  geosynclinal 
sediments  deposited  during  precambrian  period 
over  an  uneven  surface  of  banded  gneissic  com¬ 
plex.  The  rocks  of  the  block  are  of  Pre-Ara- 
valli  and  Aravalli  system. Geological  succession 
of  rocks  in  the  area  is  as  follows  s 

Aravalli  System  Dolomitic  and  silicified 
limestone.  Phosphorite, 
Dolomitic,  ferruginous,  and 
siliceous  limestone. 
Quartzites. 

-  Uncoformity  - 

Pre-Aravalll  Eanded  gneissic  complex 

Dolomitic  limestone  is  a  predominent  lithounit 
in  the  area  and  as  such  constitutes  the  bulk  of 


the  overburden.  This  unit  is  important  due  to 
the  fact  that  it  contains  a  thick  bed  of  phos¬ 
phorite.  At  places  silicification  has  taken 
place  in  dolomitic  limestone. 

GEO-MECHANICAL  PROPERTIES 

For  slope  stability  analysis  geo-mechanical 
properties  of  the  slope  forming  rocks  must  be 
known.  In-situ  shear  tests  were  conducted  in 
the  footwall  and  hanging  wall  side  of  the  mine 
by  a  specially  fabricated  equipment.  Typical 
test  values  of  shear  strength  have  been  pre¬ 
sented  ir.  Table-  1. 

TABLE  1.  Shear  Strength  Parameters  for  the 
Dolomitic  Limestone 


Si. 

No. 

In-Situ  Shear  Strength  Parameters 

Cohesion 

KPa 

Friction  Angle 
(  Degrees  ) 

1 

9.807 

30 

2 

11.  77 

31 

3 

12.  75 

32 

4 

11.  77 

35 

5 

15.  70 

28 

6 

11.  77 

30 

Till  now  no  failure  has  taken  place  in  block-D 
mine,  but  few  small  (bench)  failures  in  dolo¬ 
mitic  limestone  in  block  -B  and  E  has  taken 
place.  So,  to  check  the  reliability  of  in-situ 
shear  strength  tests  conducted  in  block  -  D, 
back  analysis  of  the  small  failures  in  block-  B 
and  E  has  been  done.  It  was  found  that  the 
cohesion  and  friction  angle  comes  to  be  5.2  to 
9.8  KPa  and  24  degrees  to  28  degrees  respect¬ 
ively.  Although  dolomitic  limestone  is  highly 
weathered  in  block-  B  and  S,  Vhile  in  block  -  D 
it  is  not  weathered  to  that  extent.  So,  the 
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most  appropriate  value  of  cohesion  and  fric  - 
tion  angle  of  dolomitic  limestone  for  block-  D 
of  rock  phosphate  mine  was  considered  to  be  9.8 
KPa  and  30  degrees  respectively,  which  was  used 
for  slope  stability  analysis.  The  unit  weight 
of  dolomitic  limestone  was  measured  in  labora¬ 
tory,  which  comes  to  be  24.52  KN/m3. 

The  histogram  of  compressive  strength  of 
dolomitic  limestone  (Fig.  1)  of  the  block  show 
high  strength  to  low  strength  rock  (Bieniawski, 
1973). 

GEOTECHNICAL  STUD?  CONDUCTED 

Data  pertinent  to  rock  structures  of  the  mine 
were  collected  from  field  to  evaluate  the  type 
of  failure  which  is  likely  to  take  place  during 
the  life  of  the  mine. 

Around  three  hundred  joint  data  were  record¬ 
ed  during  field  work.  Joint  poles  were  plotted 
on  equatorial  equal-area  stereonet  and  then 
contoured  to  get  contourplot  of  the  joint  poles 
(Fig.  2).  It  shows  the  existence  of  four  joint 
sets  in  D-block.  The  dip  amount  and  dip  direc¬ 
tion  of  different  sets  which  are  identified 
from  this  plot  is  presented  in  Table-  2. 

TABLE  2.  Joint  Sets  with  Dip  Amount  and 
Direction 


Joint  Set 

NO. 

Dip  Amount 
( Degrees  ) 

Dip  Direction 
(  Degrees  ) 

74 

N  172 

'2 

40 

N  055 

J3 

66 

N  245 

'4 

80 

N  301 

All  these  joint  sets  have  been  analysed  with 
respect  to  different  slope  angles  to  recognise 
joint  sets  likely  to  cause  failure  (Fig.  3). 

For  this  analysis  slope  direction  for  the  foot- 
wall  and  hanging  wall  was  taken  to  be  N  30 
degrees  E  and  S  30  degrees  W  respectively. 

Wedge  Failure  Analysis 

The  essential  condition  for  the  wedge  failure 
is  -  the  inclination  of  the  slope  fd'pe  sh'puld 
always  be  more  than  the  of  tlrie  intersection 
line  of  the  two  j'oiVit  planes,  forming  the  wedge, 
which  in  turn  should  always  be  more  than  the 
angle  of  internal  friction  of  the  rock  in  which 
ttie  wedge  has  been  formed. 

From  Fig.  3  it  is  clear  that  total  six 
wedges  have  been  formed  (W.  to  W.)  with  four 
joint  sets,  mentioned  in  table  1?  The  only 
wedge  fulfilling  the  essential  condition  for  the 
wedge  failure  is  w.,  i.e.,  it  is  unfavourably 
oriented  in  the  slope  ,  rest  of  the  five  wedges 
are  favourably  oriented  in  the  slope  and  failure 
along  them  are  unlikely. 

Wedge  failure  analysis  of  W-  wedge  has  been 
done  separately  (Fig.  4)  and  the  calculation 
has  been  presented  below. 
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FIG  i  HISTOGRAM  FOR  COMPRESSIVE  AND  TENSILE  STRENG’ 
OF  DOLOMITIC  LIMESTONE 


ROCK  PHOSPHATE  MINE 

BLOCK  0 


E3  <12/ 

FIG  Z  STEREOCONTOUR  PIOT  OF  JOINT  POLES 


ROCK  PHOSPHATE  MINE 

BLOCK- 0 


PIG  3  8TCRE0M.0T  FOR  THE  ANALYSIS  OF  TYPE  OP  RMUJK 
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Input  data  available  from  fig.  4  are  - 


Va=  40°'  V  80°'  ?5=  36°'  ’fna.nb= 
0.  .=  28°.  9.  ,=  24°.  9„  =  90°, 


°2.4 

93.5 


=  28°,  04>5=  24\ 
-  60°'  9l.nb=  74°- 


2.na 


=  90°,  e1>3=  76°, 


Input  data  available  after  testing  of  geo¬ 
mechanical  properties  of  dolomitic  limestone 
are  - 


0  =  30°,  =  24.52  KN/m3,  C  =  9.8  KPa 

Factor  of  Safety  (F)  (Hoek  and  Bray,  1981)  is- 
For  Wet  Slope  - 

y 

F  =  (X  +  Y  )  +  (  A  -  j—  x  >  Tan  0 

V 

+  (  B  —  2  Y' "  7  )  Tan  0..  (1) 

For  Dry  Slope  - 

F  =  (X+Y )  +Tan0 (A+B )  ..  (2) 

where:  Cos  ya-Cos  yb.Cos  9na>nb _ 

A_Sin  V5-Sin29na.nb 

Bm  Cos  Vb-Cos  ya.Cos  9na<nb _ 

•  "  Sin  V5.Sin2  9na>nb 

x=  Sln  92.4 _ 

Sin  9.  c • Cos  0_ 

4.5  2.na 

Sin  0,  , 

Y_  - - - - — 

Sin  93i6.Cos  91>nb 


Notes  (1)  na  and  nb  are  poles  of  plane  J,  and 
J4  respectively,  which  form  W1  wedge. 

(2)  Va'Vb  and  ¥5  3X6  diP  amount  of  plane 

j„,  J,  and  the  line  of  intersection  of 
2  4 

J2  and  J4  planes  respectively. 


ROCK  PHOSPHATE  MINE 

BLOCK  0 


FIG  li-STEREOPLOT  FOR  THE  ANALYSIS  OF  WEDGE  FAILURE 
ALONG  W,  WEDGE 


Plane  Failure  Analysis 

It  occurs  along  a  single  discontinuity  plane 
which  strikes  parallel  to  the  slope  face  and 
dips  in  to  the  excavation  at  an  angle  greater 
than  the  angle  of  friction.  From  fig.  3  it  is 
clear  that  not  a  single  discontinuity  fulfils 
the  above  mentioned  criteria.  So,  for  an  over¬ 
all  slope  angle  of  33  degrees  plane  failure  is 
unlikely. 

Toppling  Failure  Analysis 

Steeply  dipping  joint  sets  (Ji  &  J4)  either 
alone  or  in  combination  with  the  shallow  dipp¬ 
ing  joints  may  cause  toppling  failure. Blasting 
vibration  and  water  pressure  behind  the  joints 
may  assist  in  getting  the  blocks  loose  from  the 
slope.  The  only  remedy  of  this  instability  is 
periodic  loose  dressing  of  slope  faces  to  get 
rid-off  loose  hanging  blocks. 


From  equation  1  and  2  the  factor  of  safety  of 
W.  wedge  in  wet  condition  comes  to  be  0.4  at 
an  overall  slope  angle  of  40  degrees  and  in 
dry  condition  (when  slope  i3  fully  drained)  it 
comes  to  be  0.9. 

So,  the  overall  slope  angle  of  40  degrees 
is  not  safe,  even  if  the  slope  is  fully  drained 
.  The  only  solution  to  the  problem  is  to  go  for 
a  flatter  slope.  From  fig.  3  it  can  be  seen 
that  for  overall  slope  angle  of  35  degrees  the 
line  of  intersection  of  Wj  wedge  does  not  day¬ 
light  in  the  slope  face  and  also  does  not  ful¬ 
fill  the  essential  condition  for  wedge  failure. 

For  35  degrees  slope  angle  Wi  wedge  is  no 
more  unstable  and  the  slope  is  free  from  any 
wedge  failure.  So,  35  degrees  overall  slope 
angle  comes  to  be  safe  for  the  200m  depth  of 
the  mine,  from  this  analysis.  To  account  for 
weathering  effect  and  damage  due  to  pro¬ 
duction  blasting  it  was  decided  to  have  33 
degrees  overall  slope  angle. 


BENCH  SLOPE  AND  OVERALL  SLOPE 

Rock  phosphorite  is  a  low  cost  mineral, Econo¬ 
mics  dictates  steep  slopes  from  the  starting 
stage  to  that  of  ultimate  slopes.  The  design  of 
pit  slopes  and  bench  slopes  is  dictated  by  the 
Indian  Mines  Regulation  during  the  major  part 
of  the  operations.  Before  1976  the  phosphorite 
had  been  mined  for  50  to  60m  without  cutting 
any  benches  in  the  footwall  and  the  benching  of 
the  footwall  was  insisted  upon. 

The  individual  benches  were  designed  accor¬ 
ding  to  the  predominant  joint  dip  and  the  maxi¬ 
mum  digging  height  of  shovel  employed.  The  hei¬ 
ght,  width  and  slope  angle  of  individual  bench 
were  adopted  to  be  10m,  6m  and  75-80  degrees 
respectively. 

This  pattern  gives  an  overall  slope  angle 
of  45  degrees.  To  reduce  the  overall  slope 
angle,  as  deciphered  after  analysis  of  geo¬ 
logical  data,  bench  width  has  been  increased  to 
10-12  metres  after  every  30  metres  for  safety 
berms  or  transport  berms  to  get  33  degrees  over¬ 
all  slope  angle. 
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Experiments  are  being  carried  out  with 
steep  bench  slopes  as  the  rock  discontinuity 
in  the  footwall  dips  predominantly  vertical. 

It  has  also  been  planned  to  experiment  with 
double  benching  at  the  final  stage  of  mining. 

INSTRUMENTATION  AND  MONITORING 

Slope  monitoring  should  be  done  at  all  stages 
of  mining  for  ensuring  the  stability  of  the 
pit.  It  can  establish  the  position  of  the 
slipping  surface,  the  rate  of  displacement  of 
individual  parts  of  the  deforming  mass,  and 
the  effect  of  climatic  and  hydrogeological 
conditions  on  increased  speed  of  displacement. 

Slope  monitoring  of  the  footwall  slopes  was 
(  hill  side  )  done  by  using  Wild  DI  4  Electro¬ 
nic  Distance  measuring  (EDM)  instrument  and 
Wild  NA2  Precise  level.  One  year  intensive 
monitoring  did  not  show  any  movement. 

Inclinometers  are  likely  to  be  installed 
in  drill  holes  below  500m  R.L.  to  know  sub  - 
surface  movements.  Installation  of  Piezometers 
in  drill  holes  below  500m  R.L.  have  been 
planned  to  establish  water  pressure  and  to 
monitor  change  in  level  of  ground  water  during 
mining. 

CONCLUSION 

The  rock  phosphate  mine,  near  Udaipur  in  Raj¬ 
asthan  has  been  designed  to  200  metres  depth 
after  extensive  geotechnical  studies.  Ceo- 
mechanical  properties  of  rocks  were  determined 
in  laboratory  and  in  in-situ  condition,  and 
collection  of  geological  data  related  to  slope 
stability  of  the  pit.  The  results  obtained  fron 
geotechnical  study  were  utilized  for  slope 
stability  analysis  to  get  maximum  safe  slope 
angle  for  the  openpit,  which  come,  to  be  33 
degrees  for  200  metre  depth. 

Slope  monitoring  work  was  also  done  to 
ensure  the  stability  of  slopes  by  very  precise 
surveying  instruments.  Till  date  no  failure 
has  taken  place  in  the  pit.  At  present  the 
depth  of  the  pit  is  100  metres.  Slope  monito¬ 
ring  should  be  continued  with  growing  depth  of 
the  pit.  It  is  recommended  that  proper  drainage 
pattern  should  be  adopted  in  and  around  the  pit 
so  that  no  water  should  enter  in  the  slope 
which  is  very  detrimental  to  the  slope  stabi¬ 
lity.  Drainage  as  well  as  blasting  pattern 
should  also  be  suitably  modified  time  to  time 
depending  upon  the  requirements  as  the  pit  goes 
to  greater  depth.  Periodically  loose  dressing 
of  the  slope  face  should  also  be  done  to  ensure 
the  safety  from  toppling  or  sliding  of  loose 
hanging  blocks  in  slope  face. 
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ABSTRACT:  The  piping  failure  of  the  Senekal  dam  and  many  other  small  dams  in  South  Africa,  despite 
the  use  of  apparently  sound  material  and  good  control  during  construction,  emphasizes  the  need  for  a 
method  to  unambiguously  identify  dispersive  soils.  Physical  and  chemical  tests  of  one  hundred  and 
seventy  soil  samples  were  evaluated  against  the  double  hydrometer  method,  after  removal  of  free 
salts.  The  chemical  methods  based  on  characterization  of  the  exchange  complex  (CEC  and  ESP)  gave 
consistently  more  reliable  results  than  the  physical  tests,  such  as  the  pinhole,  crumb  and  sticky 
point  tests  and  even  the  double  hydrometer  test  when  free  salts  are  not  removed. 


INTRODUCTION 


The  Senekal  dam,  an  off-channel  storage  re¬ 
servoir,  is  situated  in  th*  Sand  River  ap¬ 
proximately  3  km  upstream  from  the  town  of 
Senekal  in  the  Orange  Free  State,  South  Af¬ 
rica. 

The  country  rock  underlying  the  alluvium, 
which  is  also  the  parent  material  of  the 
soils  used  for  construction,  compromises 
mustones  and  arkosic  sandstones  of  the  Ade¬ 
laide  Subgroup  (Beaufort  Group),  of  the 
Karoo  Sequence.  The  foundations  are  situ¬ 
ated  on  alluvial  soils  and  the  wall  was  con¬ 
structed  using  the  B-horizon  and  subsurface 
horizons  of  a  solonetzic  soil  excavated  from 
a  borrow  pit  500  m  away.  The  material  was 
blended  and  the  moisture  content  and  den¬ 
sity  were  checked  at  regular  intervals  du¬ 
ring  construction  (Wagner,  et  al_,  1981). 

The  earth  wall  which  has  a  maximum  height  of 
8  m,  is  1100  m  long  and  contains  a  reservoir 
of  approximately  19  ha  with  a  capacity  of 

1.4  x  10^  m3  (Wagner,  et  al^,  1981). 


Filling  of  the  reservoir  commenced  in  No¬ 
vember  1974  by  pumping  water  into  the  dam, 
but  was  stopped  a  week  later  when  leaks  were 
detected  on  the  downstream  toe  of  the  em¬ 
bankment.  The  water  level  was  about  3  m  a- 
bove  the  floor.  The  flow  increased  rapidly 
and  failure  through  piping  occurred  approxi¬ 
mately  four  days  later  (Wagner,  et  al_, 
1981).  A  detailed  geotechnical  investiga¬ 
tion  to  determine  the  cause  of  failure  was 
initiated  by  Jones  and  Wagner  during  1975. 
The  results  of  the  geotechnical  investiga¬ 
tion  are  described  in  detail  by  Wagner,  et 
al ,  (1981).  After  an  initial  physical,  che¬ 
mical  and  physical -chemical  analysis  of  9 
samples  from  the  core  (Table  1)  it  was  con¬ 


cluded  that  the  cause  of  failure  was  dis¬ 
persive  clays.  Subsequent  and  earlier  in¬ 
vestigations  confirmed  that  piping  failure  in 
small  dams  and  the  soil  erosion  associated 
with  dispersion  is  of  widespread  occurrence 
in  South  Africa  (Donaldson,  1973;  Harmse, 
1973).  The  piping  failure  of  the  Senekal  dam 
and  many  other  small  dams,  as  well  as  the 
influence  of  dispersion  on  the  erodibility  of 
soils,  emphasized  the  need  for  a  method  to 
identify  soils  which  may  be  susceptable  to 
dispersion  unambiguously. 


DISPERSION 


Although  the  behaviour  and  characteristics  of 
dispersive  soils  are  reasonably  well  under¬ 
stood  and  adequately  explained  by  the  double 
layer  theory  (Bolt  and  Bruggenwert,  1976),  a 
satisfactory  and  analytical  method  for  the 
identification  of  dispersive  so.is  remains  a 
problem.  This  is  probably  mainly  due  to  the 
fact  that  dispersion  is  a  physical  manifesta¬ 
tion  of  chemical  and  mineral -dependent  phy¬ 
sico-chemical  properties  of  soils  (Green¬ 
land  and  Hayes,  1978).  The  relative  influ¬ 
ences  of  these  factors  has  not  been  con¬ 
sidered  in  the  past,  especially  the  influence 
of  the  clay  mineralogy. 

The  clay  mineralogy  of  soils  is  the  result  of 
several  factors  acting  upon  the  parent  mate¬ 
rial,  such  as  climate  and  associated  intensi¬ 
ty  of  weathering.  Accumulation  and  loss  of 
the  products  of  weathering  within  soil  pro¬ 
files  are  often  related  to  their  position  in 
the  landscape,  vegetation  and  the  duration  of 
these  weathering  Influences. 

Only  for  a  limited  number  of  combinations  of 
conditions  do  soil  forming  factors  and  pro¬ 
cesses  have  a  uniquely  determining  effect  on 


the  clay  mineralogy.  The  clay  mineralogy  of 
soils  therefore  depends  only  rarely  upon  the 
direct  influence  of  the  parent  material  from 
which  it  developed.  Most  of  the  physical 
properties  of  mineral  soils,  including  dis¬ 
persion,  hydraulic  conductivity,  swelling 
and  erodibility,  can  be  related  to  the 
interaction  between  the  composition  of  the 
soil  solution  and  the  clay  mineralogy  (Low, 
1968;  Bolt  and  Bruggenwert,  1976). 


from  broken  edges  and  protonization  of 
exposed  oxygen  and  OH-groups. 

3.  Oxides,  hydrous  oxides  and  hydroxides  of 
iron  and  aluminium  of  tropical  areas  with 
low  net  negative  charge  or  cation 

exchange  (1-5  melOOg  1  of  clay).  Dis¬ 
persion  is  expected  to  be  virtually  non 
existent  in  natural  soils  containing 


TABLE  1.  Average  physical  and  chemical  properties  of  19  Samples  from  the  core  of  the  Senekal  dam 


Chemical 

Properties 

Index  Properties 

Grading 

pH 

EC 

ESP 

LL 

PI 

Si  1 1% 

Cl  ay% 

* 

** 

Avarage 

8,3 

14,6 

24,8 

42,5 

26,5 

31 

53 

Std.  Deviation 

0,4 

50,4 

12,5 

10,1 

7,7 

5,1 

9,8 

Coeff.  Deviation 

0,06 

0,35 

0,50 

0,24 

0,29 

0,16 

0,19 

*  EC  =  Electric  conductivity  in  mSm’1 

**  ESP  =  Exchangeable  sodium  X  100 
-  - 


In  general,  soil  clays  are  mixtures  of  mine- 
ralogically  related  clay  components. 

Some  of  these  clay  components,  however,  have 
an  irregular  structure  that  makes  unique 
identification  in  terms  of  the  mineralogical 
components  difficult.  Futhermore,  identifi¬ 
cation  of  the  minerals  in  the  clay  fraction 
of  the  soil  requires  complex  procedures  and 
expensive  equipment.  It  cannot  be  applied 
for  routine  analysis  of  large  numbers  of 
samples,  especially  in  semi-arid  countries 
where  mixed  layer  minerals  and  dispersive 
soils  are  widespread.  The  cation  exchange 

capacity  CEC,  expressed  in  melOOg"1  of 
clay),  or  net  negative  charge  on  the  col¬ 
loidal  fraction  of  mineral  soils  may,  how¬ 
ever,  be  used  to  define  broad  categories 
within  which  certain  minerals  in  the  soil 
could  be  expected  to  have  related  properties 
(Dixon  and  Weed,  1977).  This  can  be  applied 
during  routine  analysis  for  the  positive 
identification  of  dispersive  soils.  These 
categories  are: 

1.  The  2:1  types  of  phyl 1 osi 1 i cates  which 
include  hydromica,  vermiculite,  chlo¬ 
rites  and  smectites.  The  CEC  (40-150  me 

lOOg'1  clay)  of  these  clay  minerals  is 
mainly  derived  from  ionic  substitution 
in  either  the  octahedral  or  tetrahedral 
layer,  or  both. 

2.  The  1:1  types  of  phyl losi 1 icates,  such 
as  kaolinite  and  halloysite,  with  inter¬ 
mediate  to  low  CEC-values  (5-40  melOOg"1 
of  clay).  The  negative  charges  of  these 
clays  are  pH  dependent  and  arise  mainly 


these  minerals  as  dominant  components  of 
the  clay  fraction. 

This  case  history  reports  on  an  investigation 
of  the  phenomena  of  dispersion  to  determine 
an  unambiguous  method  for  the  positive  iden¬ 
tification  of  dispersive  soils. 

The  approach  adopted  was  to  apply  and 
evaluate  the  results  of  various  dispersion 
tests  in  order  to  investigate  the  interaction 
of  soil  properties.  This  approach  resulted 
in  a  reduction  of  the  number  of  tests  and  led 
to  the  selection  of  a  limited  number  of  re¬ 
liable  methods  which  give  consistent  results 
for  the  identification  of  dispersive  soils. 
The  results  of  these  tests  are  also  in¬ 
dispensable  for  the  determination  of  the 
amount  of  gypsym  required  for  the  reclamation 
of  dispersive  soils. 


METHODS  AND  MATERIALS 


One  hundred  and  seventy  soil  samples  ranging 

in  CEC  lOOg"1  clay  from  5  to  140,  and  in  ESP 
values  from  0  to  20  per  cent,  were  selected 
and  prepared  and  subjected  to  both  physical 
and  chemical  methods  of  evaluation.  Cation 
exchange  capacity,  exchangeable  cations,  par¬ 
ticle-size  distribution  and  electric  con¬ 
ductivity  were  determined  by  standard 
procedures  (Hess,  1971). 

The  results  of  nine  physical  and  five 
chemical  dispersion  tests  were  evaluated. 
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From  these  fourteen  methods,  four  were 

selected  on  the  basis  of  consistency  of  the 

results  (Gerber  and  Harmse,  1986). 

The  four  methods  chosen  were: 

1.  The  sodium  concentration  in  a  saturated 
paste  (Sherard,  Dunningan  and  Decker, 
1972). 

2.  The  percentage  exchangeable  sodium  (ESP 
method)  (Sherard,  Decker  and  Ryker, 
1972). 

3.  The  ESP  +  PEMg  method  (PEMg  =  percentage 
exchangeable  magnesium)  (Harmse,  1980). 

4.  The  percentage  dispersion  or  double 
hydrometer  method  (Anderson,  1951;  van 
Zyl ,  1973)  was  used  as  a  criterium  for 
dispersion  after  removal  of  free  salts. 
This  method  was  selected  because  of  the 
fact  that  the  amount  of  clay  in  sus¬ 
pension  in  distilled  water  is  a  measure 
of  dispersion  (Anderson,  1951)  and  be¬ 
cause  of  the  consistency  of  the  results. 


RESULTS  AND  DISCUSSION 


During  the  re-evaluation  of  67  of  the  sam¬ 
ples,  46  of  which  were  dispersive  (Table  2) 
and  21  non-dispersive  (Table  3)  by  the  dou¬ 
ble  hydrometer  method,  attention  was  also 
given  to  the  influence  of  clay  content,  CEC 
value,  phosphate,  pH,  electric  conductivi¬ 
ties  and  type  of  cation  adsorbed  on  the  ex¬ 
change  complex.  The  curves  shown  in  Figure 
1  were  established  from  these  results.  The 
influence  of  free  salts  in  the  soil  solution 
on  the  flocculation  of  dispersive  soils  is 
shown  in  figure  2.  The  threshold  values  of 
free  salts  at  which  flocculation  occurs  are 
also  clearly  dependent  upon  the  clay  mine¬ 
ralogy  as  manifested  in  the  CEC  lOOg’1  clay. 


From  figure  1  it  is  evident  that  variation 

in  clay  mineralogy  (CEC  lOOg’1  of  clay) 
influences  the  ESP  values  at  which  total 
dispersion  will  occur.  All  samples  with  ESP 
values  above  15  per  cent  were  dispersive 
(Figure  1 ) . 

Soils  with  low  cation  exchange  values  of  15 

me  100g'^  of  clay  were  completely  non-dis¬ 
persive  at  ESP-values  of  6  (Figure  1).  Soils 
with  high  CEC-values  and  plasticity  indices 
greater  than  35  (PI),  swell  to  such  an  extent 
that  the  influence  of  dispersion  on  the 
stability  of  structures  are  expected  to  be 
insignificant.  This  explains  why  these  soils 
can  be  used  for  hydrosealing  if  judiciously 
placed.  From  the  research  it  became  evident 
that  the  results  of  the  physical  methods, 
namely  the  pinhole,  double  hydrometer,  sticky 
point  and  crumb  tests,  will  be  invalid  if  the 
water  quality  is  not  considered,  or  if  the 
soil  solution  contains  soluble  free  salts. 
This  is  due  to  the  influence  of  free  salts  in 
the  soil  and  water  on  dispersion  (Bolt  and 
Bruggenwert,  1976)  (Figure  2).  The  inability 
of  these  methods  to  identify  dispersive  soils 
unambiguously  was  proven  in  all  instances 
where  free  salts  were  present,  which  is  more 
often  than  not  the  case  with  sodium  saturated 
natural  soils  (Gerber  and  Harmse.,  1986). 


FIGURE  2.  The  influence  of  free  salts  with 

a  high  sodium  content  on  floccula¬ 
tion  and  dispersion  as  influenced 
by  the  composition  of  the  colloidal 
fraction  of  mineral  soils. 


FIGURE  1.  Diagram  illustrating  the  influence 
of  composition  of  the  clay  fraction 

as  manifested  in  CEC  lOOg"1  of  clay 
and  ESP  on  dispersion  (according  to 
all  four  methods  evaluated). 


Determination  of  CEC  by  the  summation  of 
extractable  cations  (Sherard,  Dunningan  and 
Decker,  1972)  may  lead  to  conflicting  re¬ 
sults.  This  method  can  be  invalid  if  soluble 
salts  occur  in  the  soil  solution  or  if  the 
base  saturation  of  the  soil  is  less  than  100 
per  cent.  Application  of  the  results  re¬ 
presented  in  figures  1,  2  and  3  enables  easy 
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TABLE  2.  Analytical  data  of  soils  with  a  percentage  dispersion  of  more  than  25%  according 
to  the  double  hydrometer  method  (free  salts  removed) 


Sample 

No 

pH 

h2o 

EC 

CEC 

ESP 

Clay 

% 

(me) 

(me  1  OOg  ~ 1 ) 
Clay 

Dispersion 

% 

•k 

A3573 

8,1 

5,3 

21,4 

9,6 

59 

36 

26,8 

A4767 

7,2 

6,5 

16,7 

14,6 

60 

28 

27,1 

A4813 

8,3 

22,8 

26,6 

11,9 

63 

42 

28,5 

A4773 

7,8 

22,  j 

10,9 

14,2 

65 

29 

29,1 

A2514 

7,8 

10,0 

11,4 

12,7 

68 

17 

29,6 

A3770 

8,6 

11,5 

27,6 

8,1 

44 

63 

32,7 

A3731 

7,1 

7,7 

17,9 

17,2 

46 

39 

33,0 

A2472 

6,8 

2,7 

9,4 

8,2 

44 

21 

33,5 

A3204 

8,0 

8,4 

25,3 

11,6 

62 

41 

36,7 

A2744 

7,1 

6,3 

29,0 

13,1 

36 

81 

38,5 

A4753 

8,4 

24,0 

24,8 

12,0 

65 

38 

39,0 

A4594 

8,3 

28,3 

23,3 

13,6 

65 

36 

39,4 

A 1 56  5 

7,2 

5,4 

9,0 

7,6 

53 

17 

41,9 

A3946 

8,2 

15,5 

25,6 

6,9 

43 

60 

43,0 

A4729 

7,4 

31,9 

18,7 

7,4 

64 

29 

43,8 

A3289 

6,8 

3,2 

21,4 

7,6 

54 

40 

43,9 

A3633 

8,8 

8,6 

18,7 

7,6 

36 

52 

44,0 

A4688 

7,5 

19,0 

22,4 

10,9 

61 

37 

49,5 

A1654 

9,1 

10,5 

28,0 

8,1 

44 

64 

49,5 

A3005 

7,7 

4,4 

27,1 

4,8 

45 

60 

50,0 

A1535 

8,2 

13,9 

25,6 

11,1 

60 

43 

52,8 

A3908 

8,2 

10,6 

37,3 

7,9 

63 

59 

54,8 

A2884 

7,3 

4,3 

17,2 

19,0 

65 

26 

56,3 

A2754 

7,8 

8,5 

30,9 

5,0 

45 

69 

57,9 

A3184 

8,31 

6,1 

24,1 

5,7 

46 

52 

59,3 

A2804 

6,8 

5,3 

20,0 

16,5 

50 

40 

59,8 

A3755 

9,0 

10,8 

26,1 

15,5 

55 

48 

60,1 

A4793 

7,7 

17,5 

22,0 

17,6 

55 

40 

60,8 

A3514 

8,4 

10,5 

35,4 

14,9 

49 

72 

63,6 

A 1 5  92 

9,2 

40,6 

41,6 

11,6 

65 

64 

64,9 

A3603 

8,1 

18,9 

18,3 

16,5 

64 

29 

66,7 

A2674 

6,9 

8,7 

20,0 

18,7 

52 

38 

69,2 

A 1 6  5  5 

9,1 

13,0 

31  ,8 

6,7 

42 

76 

69,7 

A3425 

8,7 

20,4 

28,6 

15,0 

58 

49 

70,9 

A4744 

7,8 

10,5 

13,4 

11,0 

53 

25 

74,6 

A2524 

8,8 

8,8 

24,7 

11,7 

41 

60 

80,0 

A2764 

7,4 

8.5 

14,2 

22,4 

57 

25 

86,2 

A4693 

8,1 

17,8 

18,7 

20,0 

61 

31 

86,2 

A 1 5  9  5 

9,3 

64,5 

21,2 

36,6 

65 

33 

93,9 

EC  -  Electrical  conductivity  in  mSm" 

CEC  -  Cation  exchange  capacity  (melOOg’  soil) 

ESP  Exchangeable  sodium  percentage  , 

CEC  100g*  clay  -  Cation  exchange  capacity  per  lOOg  of  clay  (me  lOOg"  ) 

*  -  Percentage  dispersion  (double  hydrometer  method,  free  salts  removed) 


and  unambiguous  determination  of  the  dis¬ 
persive  potential  of  a  soil,  even  in  water 
containing  free  salts.  The  following  pro¬ 
cedure  should  be  followed: 

1.  With  the  aid  of  figure  3  determine  if 
the  soil  is  dispersive. 

2.  Determine  the  degree  of  dispersivity 
with  the  aid  of  figure  1 . 

The  presence  of  lithium  on  the  adsorption 
complex  can  be  expected  to  have  the  same  in¬ 


fluence  as  sodium.  The  effect  of  magnesium 
alone  and  of  magnesium  with  sodium  on  dis¬ 
persion  has  not  been  quantified  succesfully 
nor  has  the  influence  of  organic  material 
been  researched  but  should  receive  further 
attention. 


TABLE  3.  Analytical  data  of  soils  with  a  percentage  of  dispersion  according  to  the  double 
hydrometer  method  (free  salts  removed)  of  less  than  25% 


Sample 

No 

pH 

h2o 

EC 

* 

CEC 

* 

ESP 

* 

%  Clay 
* 

CEC  lOOg'1 
clay  * 

%  Oispersion 
* 

A5740 

4,9 

3,0 

6,1 

4,9 

35 

17 

12,3 

A5750 

5,8 

7,9 

20,1 

2,2 

47 

43 

12,8 

A 1  6  7  0 

7,2 

4,5 

17,5 

3,2 

47 

37 

14,2 

A3268 

5,6 

5,4 

17,4 

2,5 

60 

29 

14,4 

A3428 

6,4 

7,5 

23,0 

1,7 

45 

51 

14,8 

A3368 

5,9 

8,7 

15,2 

3,1 

46 

33 

15,1 

A3313 

5,7 

2,7 

17,2 

2,4 

62 

28 

16,7 

A2391 

7,3 

4,0 

22,7 

2,5 

30 

76 

20,0 

A2715 

6,8 

14,5 

28,4 

2,8 

62 

43 

18,4 

A3549 

6,5 

6,3 

19,8 

2,2 

60 

33 

18,9 

A2854 

6,5 

9,6 

23,0 

2,3 

68 

34 

19,0 

A2391 

7,9 

10,0 

23,4 

2,9 

32 

73 

17,5 

A3134 

7,4 

6,5 

22,2 

2,4 

31 

72 

20,0 

A2300 

6 , 6 

5,2 

23,1 

2,4 

40 

58 

20,9 

A3613 

6,0 

9,5 

25,6 

2,0 

51 

50 

21 ,8 

A3444 

6,4 

8,4 

13,8 

2,3 

69 

27 

22,4 

A5749 

6,6 

7,9 

10,0 

3,7 

41 

24 

24,2 

A2726 

6,2 

8,0 

17,6 

2,4 

58 

30 

25,0 

A3074 

7,2 

8,0 

19,2 

3,4 

60 

32 

25,6 

A2814 

6,3 

5,5 

21,1 

1,8 

54 

39 

26,2 

*  For  explanation  of  abbreviations  see  Table  2. 


FIGURE  3.  Proposed  procedure  for  identi¬ 
fication  of  dispersive  soil 
from  which  free  salts  were  not 
removed  (Harmse,  1980). 


of  soils.  It  is  therefore  logical  that  these 
factors  be  considered  in  evaluating  the 
potential  of  soils  to  disperse  to  the  degree 
where  it  would  render  earth  structures  un¬ 
safe.  The  results  of  the  anfalytical  proce¬ 
dures  proposed  in  this  study,  lead  to  the 
conclusion  that  the  tendency  for  the  poten¬ 
tial  of  soils  to  disperse,  especially  those 
containing  free  salts,  may  be  evaluated  more 
consistently  with  the  aid  of  physi cal -che¬ 
mical  methods.  The  results  should  enable  in¬ 
vestigators  to  identify  potentially  dis¬ 
persive  soils  with  greater  reliability  and  to 
determine  the  amount  of  gypsum  required  for 
reclamation  of  dispersive  soils  readily. 
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CONCLUSION 


Dispersion  is  a  phenomenon  which  is  mainly 
controlled  by  the  chemical  and  mineralogical 
composition  as  well  as  the  free  salt  content 
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SYNOPSIS:  This  paper  mainly  discusses  the  stability  of  the  slope  of  the  four  sections  of  railway 
embankments  of  expansive  soils,  describes  their  basic  condition  and  the  properties  of  the  soil 
materials,  analyzes  the  types  and  causes  of  slope  failures,  discusses  the  repair  of  such  slopes, 
and  the  remedial  measures  to  prevent  recurrent  of  the  slides,  and  sums  up  experience  of  using 
expansive  soils  to  construct  railway  embankments. 


PREFACE 

In  China,  there  are  extensive  deposits  of 
expansive  clays.  It  is  almost  impossible  to 
avoid  using  them  to  construct  railway 
embankents.  It  is  estimated  that  at  present 
there  are  many  hundreds  of  kilometers  of 
railway  embankments  constructed  of  this  soil, 
which  is  particularly  susceptible  to  sliding. 
Railway  traffic  is  endangered  or  delayed,  and 
sometimes  there  are  accidents  caused  by  the 
slides. 

The  repair  of  such  slopes,  and  the  remedial 
measures  to  prevent  recurrence  of  the  slides 
is  the  topic  of  this  paper.  Four  case 
histories  illustrate  the  problem  and 
solutions. 

THE  XIANG-YU  RAILWAY  K317+280  -  K317+366 

An  86  meter  long,  24m  high  section  of  a  long 
embankment  was  constructed  with  a  local 
expansive  clay  fill.  Its  properties  were: 

LL  =  45.3%,  PL  =  17.4%,  PI  =  27.9, 

SL  =  10.2% 

<5u  soil  particle  content  X5  =  47.5%, 

<2U  soil  particle  content  X2  =  38.0%, 
free  swell  of  disturbed  sample  FS  =  65.0%, 
percent  of  volume  change  from  saturation 
to  air-dry  <5m  =  26.2%,  swelling  pressure 
ps  =  150KPa. 

The  shear  strength  parameters  of  the  compacted 
soil  (w  =  wOB,  Y(j  =  Ydmax)  * 

undrainea  shear  test:  c  =  50KPa,  $  =  12°  ; 
saturated  undrained  shear  test:  c=25KPa, 

«■  =  8°. 

There  are  three  sets  of  tracks  on  the 
embankment,  which  was  completed  in  1973.  The 
upper  approximately  ten  meters  of  the 
embankment  at  lv:1.5h  are  steeper  than  the 
lower  portion  at  lv:1.75h.  Transverse  2.5m 
wide  stone-filled  drains  have  been  placed  in 
the  slope,  spaced  at  approximately  8  meters. 
The  drains  are  approximately  1.5  to  2.0m 
deep.  Between  them  are  arch-shaped  drains.  A 
retaining  wall  was  constructed  at  the  foot  of 
the  slope. 


Figure  1 


The  rainy  season  in  the  region  of  the 
embankment  is  from  July  to  September.  On  the 
11th  of  October,  1980  a  slide  occurred  on  the 
slope  of  the  embankement.  See  Fig.  2.  The 
slide  was  about  50m  wide,  and  about  4  to  5m 
thick.  The  slide  scarp  was  about  0.3m  on  the 
12th,  2.0m  on  the  19th,  and  was  about  4  to  5m 
high  by  the  21st  of  October.  The  drains  on  the 
slope  and  the  retaining  wail  at  the  foot  of 
the  slope  were  damaged,  and  the  rails  were 
suspended  from  their  ends,  due  to  the  removal 
of  support  by  the  embankment. 
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Figure  2 


Reasons  for  the  failure: 

1.  It  is  unstable  to  construct  such  a  high 
embankment  with  the  expansive  soil  with  a  slope 
of  1:1.5  to  1:1.75.  A  stability  analysis  based 
on  the  saturated  undrained  shear  strength  shows 
that  the  factor  of  safety  is  less  than  1. 

2.  Since  there  was  poor  drainage  on  the 
surface  of  the  embankment,  water  accumulated 
under  the  ballast  bedding.  Such  accumulation 
seeped  into  the  embankment,  softening  the  soil. 

3.  Water  accumulation  under  the  ballast 
bedding  softened  the  embankment  and  allowed 
penetration  of  ballast  into  the  bedding, 
causing  a  ballast  pocket.  See  Fig.  3.  In 
turn,  this  pocket  became  a  reservoir  for 
further  accumulation  of  water  and  fed  the  water 
into  the  embankment. 


Figure  3 


4.  The  original  density  of  the  embankment 
was  low  and  not  uniform,  since  compaction  had 
been  attempted  with  earth-hauling  machinery, 
and  probably  without  proper  rolling.  Moreover 
the  slope  surface  was  not  well  protected  so 
that  shrinage  cracks  formed  in  the  dry  season, 
with  rain  infiltrating  these  cracks  during  the 
rainy  season. 

5.  The  rock  drains  on  the  slopes  were 
apparantly  too  shallow. 

The  main  repair  measures  that  were  adopted 
are  shown  in  Fig.  4. 


0  M  H 


Figure  4 


1.  A  lime-soil  mixture  with  a  ratio  of 
lime  to  sand  to  soil  of  1:5:10  was  used  as  a 
0.8  meter  thick  bedding  just  below  the 
ballast.  A  longitudinal  ditch  was  set  on  the 
embankment  to  drain  surface  water. 

2.  After  removing  the  slide  materials, 
local  expansive  soil  was  mixed  with  25%  sand 
and  recompacted,  with  overall  slope  steepness 
reduced  and  three  small  berms  introduced. 

3.  Nine  transverse  rock  drains,  2m  wide, 
and  spaced  8m  apart  were  built  to  extend 
one-half  meter  below  the  slip  surface.  Between 
the  transverse  drains,  rock  arch-drains  were 
constructed.  See  Fig.  5. 
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4.  A  seven  to  eight  meter  high  retaining 
wall  with  a  base  width  of  3.8n  was  built  at  the 
foot  of  the  slope. 

The  embankment  was  repaired  in  November 
1983.  Since  that  time  the  slope  has  been 
stable  and  the  embankment  has  been  completely 
serviceable. 

THE  XIANG- YU  RAILWAY  K310+325  TO  310+480 

This  embankment  is  155m  long,  with  a 
Maximum  height  of  26.7m.  The  upper  six  meters 
of  the  embankment  has  a  slope  of  lv:1.5h;  from 
6  to  18m  below  the  crest  the  slope  is  lv:1.75h; 
and  where  the  embankment  is  higher  than  18 
meters,  all  below  that  height  is  lv:2h.  There 
was  no  slcpe  protection  built  into  the 
embankment  in  1973,  when  it  was  constructed  of 
local  expansive  clays.  The  properties  of  this 
clay  were: 

LL  =  43.6%,  PL  =  18.5,  PI  =  25.1, 

SL  =  11.0%, 

X5  =  48.3%,  X2  =  35.3%, 

FS  =  68.0%  =  27.4%,  ps  =  120K?a. 

The  shear  strength  parameters  of  the  compacted 
(W  =  WCp ,  Y^=  Y<3max)  " 

undrained  shear  test:  c  =  55.0KPa,  =  10.5°, 

saturation  undrained  shear  test:  c  =  36.0KPa, 

$  =  7.6°. 

The  failure  consisted  of  multiple  shallow 
slides  in  the  middle  sections  of  the  slope 
during  the  rainy  season  of  1974.  These  slides 
covered  more  than  half  the  area  of  the  slope 
between  the  above  referenced  stations.  The 
slides  initially  took  the  shape  of  a  horse's 
hoof,  and  were  relatively  small  in  area.  See 
Fig.  6.  The  individual  slides  were  about 
10~20m  wide,  and  0.8-2.0m  thick.  As  they 
developed,  several  of  the  slides  joined  and 
overrode  one  another,  and  then  continued  to 
expand  up  the  slope.  It  was  anticipated  that 
if  not  repaired  promptly,  sliding  would  result 
in  the  rails  losing  support. 


Figure  6 


It  was  evident  that  this  failure  resulted 
from  a  shallow  layer  of  the  slope  becoming 
saturated  due  to  water  seepage,  rapidly 
reducing  the  shear  strength  of  the  soil. 
Specifically: 

1.  The  rainy  season  of  1974  was  long  and 
rainfall  was  heavy. 


2.  Compaction  of  the  embankment  had  been 
done  using  hauling  equipment  rather  than  with 
rollers,  and  the  compaction  was  poor  and 
non-uniform. 

3.  Shrinkage  cracks  had  appeared  before 
the  rainy  season,  and  had  not  been  repaired  at 
the  time  of  the  rains. 

4.  The  slope  was  too  steep.  Soil  tests  on 
a  sample  which  had  been  permitted  to  swell  in 
water  gave  shear  parameters  of  C  =  10  XPa 

and  0=4  degrees-  A  stability  analysis  was 
made  with  the  assumption  that  the  slip  surface 
was  a  plane,  and  the  factor  of  safety  of  the 
slope  was  determined  to  be  less  than  one. 

Measures  to  repair  the  slope  were  as  follows: 

1.  Fifteen  transverse  scone  drains  were 
constructed  on  the  slope  at  10a  spacing.  The 
drains  were  1.5m  wide  and  2m  deep.  Between  the 
transverse  drains  arch-drains  were  constructed 
as  shown  in  Fig.  7. 


\ 


Fig.  7 

2.  Between  the  drains  were  planted  a  bvsh 
called  False  Indigos  which  has  roots  that  can 
reach  2-3m  deep.  These  bushes  were  expected  to 
reinforce  the  slope. 

3.  A  longitudinal  ditch  was  built  at  the 
foot  of  the  slope. 

Repairs  were  completed  in  1977.  In  the 
intervening  ten  years  the  slopes  have  remained 
in  good  condition  and  there  has  been  no 
evidence  of  sliding  or  distress. 

THE  JIAO-ZHI  RAILWAY  K703+700  TO  K704+300 

The  embankment  is  600m  long  with  a  height  of 
8-14m.  The  upper  10m  of  the  slope  are  at 
lv:1.5h,  and  below  this  lv:1.75h.  The  fill  is 
local  expansive  soil  without  slope  protection. 
Two  soils  were  used,  a  gray  clay  and  a  brown 
clay.  Their  properties  are  given  in  tables  1 
and  2. 

The  embankment  was  completed  in  1970.  The 
slopes  began  to  fail  during  the  rainy  season 
during  the  first  year  that  it  was  open  to 
traffic. 

The  failures  appeared  chiefly  in  the  form  of 
shallow  slides.  Generally  these  slides  were 
limited  to  the  top  two-thirds  of  the  embankment 
with  a  width  of  10-30m  and  usually  about  1  to 
1.5m  in  thickness.  Slide  scarps  were  generally 
1.0-1. 5m  in  height.  Fig.  8  shows  details. 
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There  were  very  many  slices  along  the  slopes  of 
the  embankment. 

Table  1.  Basic  Properties  of  the  Soil  Materials 


soil  type 

LL 

□ 

Q 

a 

a 

a 

a 

a 

m 

H 

H 

a 

a 

* 

« 

H 

XFa 

gray  clay 

58.7 

EE 

ns 

□ 

brewi  clay 

41.5 

15. 4 

27.1 

13.2 

23.5 

55.9 

19.7 

iL2 

*9 

cole;  X, - <5p  soil  particle  cosiest; 

X, - <2p  soil  particle  cosiest; 

- perceat  of  voles?  charge  fro*  salsraiios 


to  air-^rj; 

js - SKlIisj  ;:titue. 

Table  2.  Shear  Strength  Properties  of  the 
Compacted  Soil 


soil  type 

sairaised  shear 

ssSsratics  zailrxia  rirxrj 

C  (E?z) 

*  (*  1 

C  ($?a) 

| 

gray  clay 

*9.5  |  t.S 

21.5 

5.S 

brews  clay 

99.9 

19.2 

49.9 

(.3 

Tig. 
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In  addition,  slices  occurred  with  slide  scarps 
2-3a  high  beneath  the  tracts,  with  slide  bodies 
3E— 4Cm  in  width  and  2-3m  thick.  These  formed 
because  the  saturated  ballast  pockets  1-1.  Sac 
deep  were  squeezed  outwards  under  the  loading 
of  the  trains-  Both  surface  water  and  water 
that  had  accumulated  in  the  ballast  pockets 
served  to  saturate  the  earhankment- 

For  this  embankment  the  repair  was  effected  by 
placing  sand  on  the  surface  off  the  embankment 
to  a  depth  of  2-5-2m,  as  shown  in  Fig.  10. 


cross  seel; oa 


lateral  view 


Fig.  10 


Fig.  8 

It  was  obvious  that  the  failures  of  the  slopes 
were  the  results  of  poor  connection  of  the 
slopes,  lack  of  protection  for  the  slope 
surface,  and  surface  water  seeping  into  the 
slope  through  shrinkage  cracks  or  hollows  in 
the  slope  and  shoulder  of  the  crest.  In  sore 
cases  water  had  accunulated  in  ballast  pockets, 
and  was  aggravating  the  problem. 

As  shown  in  Fig.  9,  at  some  places  the  surface 
water  caused  successive  shallow  slides  which 
eventually  undermined  the  track  at  the  top  of 
the  embankment. 


1.  The  sand  layer  was  designed  to  be  1.5n 
in  thickness  where  the  embankment  was  less  than 
10m  high,  and  2m  in  thickness  for  a  higher 
embankment  section.  Oncer  the  ballast,  sand 
was  Is  thick. 

2.  Where  there  were  deep  ballast  ruts  or 
pockets,  transverse  stone-drains  were 
constructed. 

3.  The  slope  gradient  was  changed  so  that 
the  upper  10m  of  the  embankment  had  lv:1.75 
slopes,  and  below  this  lv:2h-  A  berm  of  1 - 5-2m 
in  width  was  constructed  where  the  slope 
gradient  changed  10a  below  the  top  of  the 
embankment. 

4.  Naturally  occurring  grass  was  planted 
for  protection  on  the  slope. 

It  has  been  well  over  ten  years  since  the 
embankment  was  repaired  in  1975.  The 


embankment  has  been  completely  serviceable 
curing  this  time.  The  sand  of  the  shoulder  at 
the  crest  ate  along  the  slope  surface  has 
slipped  somewhat,  but  not  sufficiently  to 
warrant  concern  or  repair. 

THE  XIAXG-YC  RAILWAY  K309*536  TO  k309A701 

This  65a  long  section  of  30a  maximum  height  is 
part  of  a  long  enhancement  across  a  valley.  As 
with  the  other  cases  cited,  the  upper  slope  was 
lv:1.5h  with  a  2.5a  wide  bera  and  a  lower  slope 
of  iv:!.75h.  On  the  bera  a  ditch  was  built. 
There  was  no  other  slope  protection.  The 
embankment  material  was  again  an  expansive  clay 
with  the  following  properties: 

LL  =  43-6%,  ?L  *  18.5%,  PI  =  25.1%, 

SL  =  11.0%, 

X$  =  57.0%,  I-»  =  32.5%, 

PS  =  57.0%.  em  =  25.5%,  ps  =  100  K?a. 

The  shear  strength  parameters  of  the  ccmnaeted 
soil  IW  =  Wfej,,  Td  =  Yej^l : 

cadrained  shear  test:  c  =  63-5SPa,  ®  =  14.1 
saturation  cmdrained  shear  test: 
c  =  23-G5?a,  =  7.5®. 

Three  railway  lines  were  placed  on  the 
embankment.  The  project  was  completed  in  1973. 


Three  shallow  layer  slides  oocarred  cn  the 
slopes  in  the  rainy  season  of  1931.  A  large 
amount  of  surface  water  had  seeped  into  the 
slope.  Makeshift  measures  were  taken  to  effect 
a  quick  repair;  tinner  piles  were  driven 
through  the  slide  and  straw  bags  packed  with 
soil  were  placed  to  he  a  counterweight  for  the 
side.  Each  of  the  three  shallow  layer  slides 
began  to  migrate  upwards,  so  that  the  slide 
body  became  about  3 Cm  wide,  !-5-2m  thick  with 
slide  scarps  about  1.5m  high.  Fig.  11  depicts 
this. 


ixllist-l 


Figure  11 

In  September  1984,  as  the  slide  was  being 
repaired,  it  rained  almost  continually  for  20 
days.  A  large  slide  about  60a  vide,  4-5a  thick 
with  a  slice  scar ?  3a  high  occurred  from  the 
top  of  the  embankment,  resulting  is  loss  of 
support  and  suspension  of  20a  of  rail. 


The  causes  of  the  slide  appeared  to  be: 

1.  The  design  slope  was  too  steep.  Using 
the  saturated  undrained  shear  strength  of  the 
embankment  soil,  a  stability  analysis  showed 
that  the  factor  of  safety  was  less  than  1. 

2.  Neither  drainage  ditches  on  the 
embankment  surfaces  nor  slope  protection  was 
provided.  Large  ballast  pockets  had  formed 
under  the  track  and  surface  water  had  seeped 
into  the  slope  from  the  pockets. 

Fig.  12  shows  the  remedial  measures  taken  to 
repair  the  slope. 


Fig.  12 


1.  The  slope  gradient  was  reduced.  The 
upper  9m  was  lv:1.3h,  from  9  to  18m  below  the 
crest  of  the  embankment,  the  slopes  were  lv:2h, 
and  all  embankment  below  18m  was  made  with  a 
lv:3h  slope.  At  the  nine  meter  level  a  berm  2m 
wide  was  constructed.  Two  hundred  twelve  rail 
piles  12.5m  long,  at  3m  spacing  were  driven 
belcw  the  berm.  Reinforced  sbtone  baskets  were 
placed  on  them.  Just  below  the  piles  and  stone 
basket  on  the  slope  were  placed  four  large 
reinforced  concrete  anti-slide  piles  of  3.7m  by 
2.5m  section  25m  long. 

2.  After  removal  of  the  slide  material,  on 
the  top  1:1.3  portion  of  the  slope  sandy  gravel 
was  placed  on  the  surface  with  loose 
rectangular  stone  as  surface  protection. 

3.  From  the  level  of  the  berm  down,  nine 
transverse  stone-filled  drains  were  built  at  8m 
spacing,  3m  wide,  extending  below  the  sliding 
surface.  3etveen  the  drains  the  slope  surface 
was  placed  a  1m  thick  layer  of  soil  mixed  with 
39%  sand  and  rammed  in  place.  False  Indigo  was 
also  planted  on  the  slope. 

4.  A  retaining  wall  5m  high  with  a  3m  vice 
base  was  built  at  the  base  of  the  slope. 

The  repairs  were  made  in  the  first  half  of 
1986.  Since  then  it  has  been  subjected  to  two 
rainy  seasons.  Performance  has  been  excellent. 


421 


CONCLUSIONS 

1-  There  are  two  basic  types  of  slope 
failures  in  embankments  constructed  of 
expansive  clay,  normal  slides  and  shallow  layer 
slides.  The  former  is  large  in  scale  and  quite 
severe.  Shallow  layer  slides,  the  more  common, 
must  be  promptly  repaired  or  they,  too,  will 
become  severe. 

2.  In  expansive  soils  shear  strength 
rapidly  decreases  after  the  soil  swells  upcn 
saturation  with  water.  The  effects  of  this 
shear  strength  decrease  have  not  been 
considered  in  design  and  construction  in  the 
past.  The  immediate  causes  of  failure  are  too 
steep  a  slope,  improper  slope  protection,  poor 
drainage,  formation  of  ballast  pockets  and 
their  saturation,  rutting  of  the  ballast,  poor 
compaction  and  improper  maintenance. 

3.  Provided  that  proper  measures  are  taken 
in  the  design  and  construction,  it  is  possible 
to  ensure  the  slope  stability  of  an  expansive 
soil  embankment.  If  is  sot  impossible  to 
construct  a  proper  embankment  of  expansive 
soil.  Restraining  the  use  of  expansive  soils 
in  embankments  results  in  higher  costs. 

4.  The  most  important  consideration  in  the 
design  of  such  an  embankment  on  expansive  soil 
is  to  use  the  proper  saturated  shear  strength 
of  the  soil,  to  perfect  the  slope  protection 
and  drainage  system,  to  treat  the  bedding  for 
the  ballast  to  prevent  rutting  and  ballast 
pockets,  and  to  ensure  proper  compaction  during 
the  construction. 
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SYMBOLS  AND  NOTATIONS  LIS? 

PS  Free  Swell 
LL  Liquid  Limit 
PL  Plastic  Limit 
PI  Plasticity  Index 
SL  Shrinkage  Limit 
C  Cohesion  fXPa) 

Dry  Unit  Height  CKN/m^) 

!dmax  Maximum  Dry  Unit  Height  _(KM/m3) 
ps  Swelling  Pressure  (SPa) 

H  Hater  Content 
Hop  Optimum  Hater  Content 
*2  2  Soil  Particle  Content 

?5  5  Soil  Particle  Content 

°n  Percent  of  Volume  Change  from 
Saturation  to  Air-Dry 
O’  Angle  of  Internal  Friction 
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SYNOPSIS  -  2s. 0  m  high  ~ooed  Rarem  dam  in  Indonesia  was  instrumented  with  hydraulic  piezometers.,  electrical  Carlson  type 
piezometers  Cassagrande  type  vertical  stand  pipe  piezometers,  inclinometers,  and  surface  settlement  points.  The  analysis  of 
observational  daia  has  indicated  that  settlement  took  place  almost  simultaneously  with  construction  of  dam  and  reservoir  filling.  Very 
low  cons* ruction  pore  pressures  were  observed  and  phreatic  line  developed  almost  simultaneously  with  reservoir  filling.  The  results 
of  efficiency  of  gTou*  curtain  based  on  electrical  analogy  model  studies  are  also  discussed  in  the  paper. 

INTRODUCTION  is  covered  by  young  sediments  of  andesite  tuff  formation  -  a 

product  of  quartern  ary  volcanic  activities.  The  andesite  tuff(oed 

Kith  a  view  io  irrigate  22,600  ha  area  in  North  Lamoung,  rock)  is  a  complex  of  various  layers  varying  in  thickness  less 

Sumatra,  in  Indonesia,  62  Million  Cum  reservoir  capacity  than  1.0  m  to  10.0  m  comprising  of  braccia,  conglomerate  tuff, 

has  been  created  by  constructing  23.0  m  high  and  1550  m  long  tuffaceous  sandstone  and  tuff ac ecus  clay  stone.  Geological  pro- 

zoned  earthen  cam  section  at  Petal  run  located  about  twenty  five  file  along  dam  axis  is  shown  in  Fig.  2. 

kilometers  sees.! west  of  town  Kotabami.  The  construction  of  dam 

embankment  was  started  in  November  19S1  and  completed  ;n  Vertical  central  clay  core  of  Rarem  dam  section  having  upstream 

early  October  1333.  Impounding  of  water  into  the  reservoir  and  downstream  slopes  as  0. 2H:1V  is  protected  by  suitable  filter 

started  tv  's  weeks  after  completion  of  dam.  The  reservoir  filling  transition  zone.  The  shells  are  of  rockfill  having  upstream  and 

was  complete  by  mid  January  1984.  The  layout  of  works  together  downstream  slopes  as  31:1V  and  2H:LV  respectively.  Typical 

with  instrumentation  plan  is  shown  in  Fig.  1.  The  project  area  cross-section  of  dam  alongwith  instrumentation  details  is  shown 


sp  :  Stand  pipe  piezometer  ep  :  Electric  piezometer  hp  :  Hydraulic  piezometer  cs  :  Crest  measuring  point 

ime :  Inclinometer/magnetic  extensiometer  sd  :  Seepage  discharge  sr  :  Surface  measuring  roint 

Fig.  1  :  Plan  of  Instrumentatior  Installation  at  Rarem  Dam 
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in  Fig.  3.  Material  for  cla.7  core  comprises  reddish  brown  clay 
dominated  by  Kaolinite  with  high  plasticity  belonging  to  CH 
classification  of  soil.  Material  for  sand  filter  ?nd  sand  gravel 
transition  zcne  was  borrowed  from  Rarem  river  deposit 
whereas  rochfill  was  quanted  from  andesite  bed  from  a  dista¬ 
nce  of  about  6  fcm  from  dam  site.  Tfce  properties  of  mater¬ 


ial  used  in  the  dam  are  given  in  Tab!e-1. 

Foundation  treatment  comprises  curtain  grout  as  well  £3  conso¬ 
lidation  grouting.  Curtain  grouting  was  done  along  dam  areas  in 
two  rows,  each  1.0  m  apart  in  staggered  position  and  spacing 
of  the  boles  on  each  line  was  1.5  m  with  depth  ranging  from  5 


SI 


ffiTtTt] 


to  20  m.  Consolidation  and  blanket  grouting  was  done  in  upstream 
and  downstream  sides  of  curtain  grout  at  the  bottom  of  cut  off 
trench  for  sections  between  Station  1  and  Sta.  28.  The  grout  boles 
were  arranged  at  3m  interval  on  six  parallel  lines,  1.5  m  an  art 
from  each  other.  The  holes  were  drilled  upto  10m  depth  on  the 
lines  adjacent  to  the  grout  curtain  and  5  m  on  other  lines.  Con¬ 
solidation  and  blanket  grouting  was  done  prior  to  curtain  grout. 

2.0  INSTRUMENTATION 

Harem  dam  has  been  instrumented  with  the  following  Instruments: 

1)  Electrical  resistance  Carlson  type  27  piezometers  at  Sta. 

25  + 10  to  measure  pore  pressures, 
ii)  Bishop  type  hydraulic  piezometers  27  numbers  embedded 
at  Sta.  23  +  15. 

ill)  Cassagrandc  type  vertical  stand  pipe  5  piezometers, ins¬ 
talled  at  Sta.  14,  about  180  m  away  from  the  section  of 
Bishop's  type  hydraulic  piezometers. 

Out  of  27  nos.  electrical  piezometers,  7  were  damaged  during 
calibration  stage  and  out  of  remaining  20  nos,  14  nos. became 
out  of  order  during  construction  period.  The-readings  obtained 
by  these  six  Carlson  type  piezometers,  were  irratlc  and  unreli¬ 
able.  The  causes  ef  damage  were  suspected  as  under: 

1)  .  The  wire  gauges  were  broken  due  to  vibrations  or  sudden 

shocking  or  hitting  during  transportation  from  manufactu¬ 
rer  to  the  site. 


ii)  After  embedment,  the  seal  might  have  leaked  thus  allow¬ 
ing  the  water  entry  into  the  cell  causing  short  circuiting 
in  the  system. 

Hydraulic  tips  were  embedded  both  in  embankment  fill  and  in  1 
foundation  of  dam.  Tips  in  foundation  were  Installed  in  drilled 
hole3  while  in  embankment,  were  placed  at  specified  locations 
as  fill  progressed.  Tips  were  carefully  saturated  with  deaired 
water  and  taken  to  the  site  under  water.  The  connecting  tubes 
which  were  also  deaired  from  the  observation  room  by  flushing 
with  deaired  water,  were  connected  to  the  tip  underwater.  The 
location  of  tips  In  dam  section  is  shown  in  Fig.  3(b). 

From  this  figure,  it  can  be  seen  that  five  foundation  tips  have 
been  installed  in  tuff  rock  foundation.  Piezometers  FHP  1,  2  & 
5  have  been  embedded  at  H.  +  28.0  where  as  FHP  3  is  at  H. 
+25.0  and  FHP 4  at  El.  +  21.0.  In  all  22  piezometers  have  been 
installed  in  embankment  in  6  tiers  viz.  7  nos.  (HP1  to  HP  7)  in 
first  tier  (H.  <•  32.0  m),  3  nos.  (HP  8  to  HP  10)  in  second  tier 
(El.  +  35,0),  5  ncs,  (HP  11  to  HP  15)  In  third  tier  (E1.+  40,0), 
2nos.  (HP  15  k  HP  17)  in  fourth  tier  (E1.+  45.0),  4nos.  (HP  18 
to  HP  21)  in  fifth  tier(El.+  59.0)  and  one  piezometer  HP  22  in 
sixth  tier  at  El.  +  54.  C.  Piezometers  HP  1  &  HP  7  are  install¬ 
ed  in  alluvium ,  HP  11,  HP  15  HP  18  and  HP  21  are  in  sand 
filter  zone  and  balance  are  la  clay  core.  Though  the  construc¬ 
tion  of  dam  started  in  November  1981  but  the  installation  of 
foundation  type  piezometers  could  be  started  in  July  1982  after 
completion  of  grouting.  By  that  time,  the  fill  attained  the  ele¬ 
vation  cf  +  37.0  m. 
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and  39.00  for  downstream  slope. 


Stand  pipe  piezometers  were  installed  by  drilling  holes  SP1  and 
SP2  at  the  crest  in  core  zone,  SP3  and  SP4  on  downstream  slooe 
of  rock  zone  and  SP5  on  crest  of  downstream  cofferdam.  The 
location  of  these  tips  is  shown  in  Fig.  3(a).  These  piezometers 
were  installed  in  January  1984. 

Inclinometers 

One  set  of  uniaxial  inclinometer/extensiometer  was  installed  at 
Sta  23+10  vertically  on  the  centre  line  of  core  zone.  The  instru¬ 
ment  consisted  of  access  tubes  of  alluminium  with  grooves  in 
four  directions  perpendicular  to  each  other,  magnetic  settle¬ 
ment  plates  surrounding  the  access  tube,  a  torpedo  with  electric 
cable  and  a  digital  read  out  unit.  By  lowering  the  probe  into  the 
access  tube,  it  can  show  the  inclination  of  the  access  tube  on 
the  read  out  digital  unit  and  the  signals  from  magnetic  plate 
would  show  the  settlement.  The  installation  was  completed 
during  20th  July  1982  to  20th  March  1983. 

Surface  Settlement  Runts 

For  monitoring  the  displacement  at  the  surface  of  dam,  37  poi¬ 
nts  at  crest  and  61  points  on  slope  of  dam(24  on  upstream  slope 
and  37  on  downstream  slope)  were  provided.  These  points  were 
made  of  suitably  embedded  2.0  m  long  galvanized  steel  pipe  of 
100  mm  and  150  mm  diameter  for  crest  and  slope  surface  mea¬ 
surement  respectively.  On  slope,  these  points  were  located  in 
rows  at  aooroximately  40  m  spacing  on  lines  parallel  to  the 
centre  line  of  dam  at  elevation  +  55. 0  for  upstream  and  at  E1.53 


Because  of  non-availability  of  reliable  observational  daia(mag- 
nltude  of  movement  being  within  the  limit  of  error  of  the  meas¬ 
uring  method),  no  further  analysis  was  done  for  surface  move¬ 
ment  points. 

Monitoring 

For  observation  of  instruments,  three  periods  have  been  speci¬ 
fied  viz.  (1)  loading,  (ii)  stabilization  and  (ili)  maintenance, 
loading  test  means  one  month  prior  to  impounding  to  one  year 
after  filling  the  reservoir.  Stabilization  period  follows  upto 
four  years  after  filling  whereas  maintenance  period  is  after 
stabilization.  The  recommended  frequency  of  observations  is 
shown  in  Table-2. 


Table  -  2  F  requency  of  Observation 


Measuring  device 

Frequency 

Loading 

Stabilization 

Maintenance 

period 

period 

period 

Piezometers 

twice  a  week  once  a  week 

once  a  month 

Inclinometer 

once  a  week 

once  a  month 

twice  a  year 

Surface  monuments 

twice  a 
month 

once  a  month 

twice  a  year 

Fig.  4  :  Bore  Pressure  Observations  in  First  Tier 


and  HP16  &  17  located  in  clay  core  at  different  elevations  have 
recorded  nil  or  very  insignificant  construction  pore  pressures. 


The  observations  on  Bishop's  type  hydraulic  piezometers  were 
taken  from  August  1982  and  continued  upto  December  1985 
except  a  gap  from  January  to  October  1983.  Readings  on  vertical 
stand  pipe  piezometers  were  started  from  January  1984. 

ANALYSIS  OF  OBSERVATIONAL  DATA 

Construction  Pore  Pressures 

Observed  pore  pressures  from  August  82  to  December  1982  and 
from  mid  October  1983  to  December  1985  for  embankment  piezo¬ 
meters  HP1  to  HP7  are  shown  in  Fig.  4.  A  study  of  pore  pressu¬ 
res  recorded  from  August  82  to  December  1982,  Indicates  that 
tips  no.HPl  and  HP2  embedded  in  river  alluvium  and  filter  zone 
respectively  upstream  of  clay  core  at  El.+32.0m,  have  recorded 
almost  constant  pore  pressures  of  the  order  of  2  to  2. 5m  of  water 
head.  Since  the  water  level  in  the  river,  was  at  E1.+34.  Om,  ob¬ 
viously  these  tips  recorded  pressures  corresponding  to  river 
water  level.  Pore  pressures  recorded  by  tips  N0.HP6  and  HP7 
burried  downstream  of  core  in  filter  zone  and  alluvium  respecti¬ 
vely,  are  of  the  order  of  0  to  1  m  and  are  thus  lesser  than  those 
recorded  by  tips  located  upstream  of  clay  core  in  similar  type  of 
strata.  Pore  pressures  measured  by  HP3  and  HP4  embedded  in 
the  clay  core  show  that  their  values  tend  to  follow  the  increasing 
trend  as  height  of  embankment  fill  increases.  Their  values  vary 
from  El.  35. 0  to  37. 0  m  i.  e.  core  pressure  head  of  3  to  5  m  of 
water  head.  At  5m  pore  pressure  head ,  corresponding  dam 
height  is  19m  indicating  thereby  development  of  pore  pressures 
of  the  order  of  0.4H  only.  Other  tins  viz.  HP8  to  10,  HP12  to  14 
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The  core  material  consists  of  high  plasticity  reddish  clay  belong-  a 

ing  to  CH  group  having  PI  about  4®  indicating  thereby  that  clay  j 

core  should  be  highly  compressible  and  high  construction  pore  2 

pressures  should  have  developed  but  observed  data  has  shown  low  | 

pore  pressures.  Had  the  observations  continued  till  March  1983,  j 

the  period  during  which  the  dam  height  was  raised  further  by  8n^  i. 

more  positive  conclusions  could  have  been  drawn.  a 

Theoretical  analysis  by  Hilf 's  approach(1948)  using  one  dimen-  f 

sional  consolidation  test  data,  has  shown  that  corresponding  to  -] 

dam  height  of  19m,  without  any  drainage,  the  pore  pressures  \ 

should  have  been  of  the  order  of  12. 5m  whereas  maximum  obser-  ■’ 

ved  value  is  about  5.0m.  This  shows  the  dissipation  of  construe-  ij 

tion  pore  pressure  by  603L  Since  core  material  consists  of  high  J 

plastic  clay,  this  dissipation  factor  value  seems  to  be  too  high  'j 

specially  when  time  duration  for  dissipation  was  only  4  months  f 

and  the  rate  of  construction  was  considerably  high(3.25m/month).  .1 

Development  of  low  construction  pore  pressures  may  be  due  to 
fill  placement  on  dry  side  of  OMC (-1. 5&),low  placement  densl- 
ties(r,j=l.  12  t/m^), nearness  of  filter  zones  and  possibility  of  j 

arching  action  because  of  lesser  thickness  of  core  and  dam  being  | 

of  low  height.  \ 

j 
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Pore  Pressures  in  Foundation 

Pore  pressure  observations  in  FHP1  to  5  alongwith  reservoir 


filling  pattern  are  shown  in  Fig.  5.  During  reservoir  filling  period 
(October  to  December  1983),  these  tips  have  recorded  increase 
in  pore  pressures  following  the  pattern  of  reservoir  level  raising 
almost  simultaneously.  Since  the  reservoir  level  has  remained 
almost  constant  from  January  1984  onward,  the  pore  pressures 
recorded  by  these  five  foundation  tips  are  also  almost  constant 
during  this  period  and  the  variation  of  the  order  of  +  1. 0  m  of 
water  head  may  be  due  to  inherent  limitation  of  the  instrumenta¬ 
tion.  Observations  during  and  after  reservoir  filling  indicate 
that  for  FHP1,  2  &  5  located  at  El.+27.0m,  the  pore  pressures 
reduce  from  tip  no.  1  to  5  indicating  thereby  the  effect  of  conso¬ 
lidation  grouting  done  upto  El. +27.0.  The  pore  pressures  at  tips 
Nos.FHPl  &  5  are  of  the  order  of  16m  and  12m.  respectively 
against  reservoir  head  of  28.0  m.Tip  no.FHP4  located  down¬ 
stream  of  grout  curtain  and  at  lowest  level(El.+21. 0m)  has  reco¬ 
rded  highest  pore  pressures  which  are  higher  by  about  2m  head 
of  water  from  those  recorded  by  FHP1.  Similarly  tip  no.FHP3 
also  located  downstream  of  grout  curtain  at  El.+lo.Om,  has  also 
recorded  higher  pore  pressures  by  about  2.0m  as  compared  to 
tip  no.FHP2.  Recording  of  higher  pore  pressures  by  tips  no. 
FHP3  &  4,  is  contrary  to  the  expectations. 

Effectiveness  of  Grout  Curtain 

The  effectiveness  of  grout  curtain  is  judged  by  the  reduction  of 
seepage  discharge(Cassagrande  1961).  In  the  absence  of  any  data 
regarding  seepage  quantity,  the  efficiency  of  grout  curtain  was 
determined  from  decrease  in  pressure  heads(Hari  Krishna  and 
Goel,1978)  using  following  formula  - 


Efficiency  =  (— — )  xlOO  (in%)  (1) 

P 

where 

Pj  &  P2  are  the  pressure  heads  upstream  and  downstream  of 
grout  curtain  respectively. 

P  is  effective  reservoir  head. 

The  efficiency  of  grout  curtain  has  been  calculated  by  taking 
total  head  corresponding  to  observed  piezometer  head  in  tip  no. 
FHP1  and  tail  water  level  as  recorded  in  a  stand  pipe(SP5)  em¬ 
bedded  at  toe  of  dam  at  Sta.14,  which  is  about  180  m  from  the 
section  of  these  piezometers.  The  recorded  tail  water  level  is 
at  El.  +32. 50m  and  recorded  pore  pressure  in  FHP1  is  at  El. 
+43. 30m.  Based  on  this  approach,  the  results  of  calculations 
of  grout  curtain  efficiency  are  shown  in  Table-3. 

Table  3  -  Grout  Curtain  Efficiency  Based  on  Observed  Data 


Eleva¬ 

tion 

Tip 

No. 

Obs.pore  pressure 
(m) 

P1-P2  at 
El.  28.0 

Efficiency 

ft) 

+28 

FHP1 

15.3 

0 

0 

+28 

FHP2 

11.5 

3.8 

35.19 

+28 

FHF5 

10.5 

4.8 

44.45 

+25 

FHP3 

15.7 

2.6 

24.07 

+21 

FHP4 

23.2 

-0.9 

—8. 3o 

Since  the  base  of  core  has  been  provided  with  consolidation  grout¬ 
ing  and  thus,  it  is  a  case  of  multiple  permeabilities  in  zoned  dam 
section  and  foundations,  and  the  excess  recording  of  pore  press¬ 
ures  by  FHP3  &  4  is  not  explained,  electrical  analogy  experi¬ 
ments  to  simulate  the  anisotropy  in  permeability,were  conducted. 

Steady  Seepage  Pore  Pressures 

A  study  of  pore  pressures  recorded  by  tips  nos.HPl  &  HP2 
located  in  upstream  sand  filter  at  El. +32.  i)m  shown  in  Fig.  4  & 
that  of  tip  no.HP18  again  located  in  uostream  sand  filter  at  El. 
+50.0m(Fig.6)  indicates  that  the  pore  pressures  are  rising  with 
reservoir  filling  with  no  time  lag.  This  indicates  that  upstream 
filter  is  working  satisfactorily.  Recording  of  negative  pore  pre¬ 
ssures  by  tip  no.HP21  situated  downstream  of  core  in  filter 
chimney  at  El.+50.0m(Fig.  6)  and  that  of  tip  no.  HP15  at  El.  +40, 
confirms  that  downstream  filter  chimney  has  been  able  to  lower 
the  phreatic  line  within  core  of  die  dam.  Pore  pressures  record¬ 
ed  for  tips  no.HP6  and  HP7  located  downstream  of  core  in  filter 
are  of  the  order  of  +2.0m(El.+34.0m)  upto  November  1984  but 
thereafter  the  pressures  have  further  increased  by  2  to  3  m  and 
by  end  of  December  1985,  the  excess  pore  pressures  are  of  the 
order  of  5m. 

A  study  of  pore  pressures  recorded  by  piezometers  no.HP3, 

HPt  and  HP5(FIg.4)  located  at  tier  no.  1  atEl.+32.0m,  HP8,  HP9 
and  HP10  at  tier  no.  2  at  El.+35.0m,  HP12,  HP13  and  HP14  at 
tierno.3(El.+40.0m)(plotnot  shown  in  this  paper),  HP16  and  17 
at  tier  no.  4  at  E1.+45.  Om  and  HP19  and  HP20  at  tier  no.  5  at  El. 
+50.0m(Fig.6),  embedded  in  clay  core,  reveals  that  during  water 
impounding  period,  pore  pressure  increased  simultaneously 
with  reservoir  filling  with  practically  no  time  lag.  A  close 
look  of  the  pore  pressures  recorded  by  these  tips  indicate  that 
from  January  1984  onward  when  the  reservoir  has  been  filled 
upto  E1.+54.2,  the  readings  of  pore  pressures  of  all  the  tips  are 
almost  constant  and  the  steady  seepage  pore  pressures  develop¬ 
ed  follow  the  flownet  pore  pressure  pattern. 

As  exoected,  vertical  stand  pipe  piezomete.s  SP3  to  SP5  located 
in  downstream  shell  of  dam  section, have  not  recorded  any  pore 
pressures  thus  indicating  that  downstream  shall  is  dry  and  chim¬ 
ney  filter  is  working  satisfactorily,  piezometer  SP2  located  in 
clay  core  at  El. +37.0  has  recorded  pore  pressures  of  the  order 
of  7.0m(El.  +44. 0m).  Hydraulic  piezometer  tip  no.HPIO  located 
at  El.+35.0m  and  almost  at  the  location  of  SP2,has  also  record¬ 
ed  pore  pressures  of  the  same  order(El.+44.0m).  Thus,  the 
observational  data  of  hydraulic  twin  tube  Bishoo's  type  piezometers 
is  confirmed  by  the  observational  data  of  Cassagrande  type  porous 
tube  vertical  stand  pipe  piezometers.  Tip  no.SPl  has  been  repor¬ 
ted  to  be  chocked  and  hence  no  reliable  data  is  available  from 
this  tip. 

Equipore  pressure  contours  for  readings  taken  after  fifteen 
months  of  reservoir  filllng(March  1985)  are  shown  in  Fig. 7.  A' 
study  of  this  figure  would  indicate  that  the  effect  of  anisotropy 
in  the  permeabilities  of  clay  core,  foundation  treated  by  conso¬ 
lidation  grouting  and  that  of  untreated  foundation  ,is  noticeable. 

Free  surface  line  as  obtained  from  observations  of  twin  tube 
hydraulic  piezometers  and  that  obtained  by  vertical  stand  pipe 
piezometers  no.SP2  is  shown  in  Fig, 7.  From  this,  It  can  be 
seen  that  free  surface  line  obtained  by  twin  tube  piezometers 
is  higher  as  comoam!  to  that  given  by  vertical  stand  pipe  no. 

SP2.  Free  surface  line  has  also  been  drawn  byL.Oassagrande's 
apo roach  presuming  foundations  to  be  imoervious.  Free  surface 
line  with  this  method  lies  in  between  the  two  observed  free  sur¬ 
faces.  Free  surface  line  has  also  been  drawn  by  electrical 


analogy  method  taking  oermeability  of  clay  core,consolidated 
grouted  foundation  zone  and  ungrouted  foundations  as  6x10-6, 
6xl0-4  and  lxl 0-3  cm/sec.  respectively  and  the  same  is  also 
shown  in  Fig.  7.  It  is  seen  that  the  free  surface  obtained  by 
electrical  analogy,  coincides  fairly  well  with  the  free  surface 
obtained  by  twin  tube  piezometers.  Thus  the  observational  data 
of  Bishop’s  type  piezometer  can  be  treated  as  reliable. 

Vertical  Movement 

A  study  of  Fig.  6  showing  settlement  data,indicates  that  during 
construction  period(August  to  December  1982),  the  settlement 
recorded,  varied  from  0.5  cm  to  2.5  cm,  the  smallest  value 
was  recorded  by  settlement  plate  no.l  embedded  at  bottom  most 
level  at  32. 773  and  highest  by  plate  no.  4  at  E1.+46. 736  m.  No 
significant  settlement  was  recorded  by  plates  no.  5  &  6  from 
their  installation  in  February  and  March  1983  until  October  1983 
when  reservoir  filling  started.  At  the  end  of  construction  in 
October  1983,  the  settlement  of  the  order  of  8  cm  to  10. 5  cm 
was  recorded  by  plates  no.l,  2,  3  and  4. 

During  reservoir  filling  from  October  to  December  1983, a  steep 
■rise  in  settlement  is  recorded  by  almost  all  plates.  In  case  of 
plate  no.  4,  the  settlement  increased  from  10  cm  to  27  cm.  For 
plate  nos.  5  &  6(E1.50.90  and  56.411m),  increase  in  settlement 
was  of  the  order  of  12-13  cm  by  end  of  December  1983,  Plates 
no.l,  2{E1. 37.439)  and  no.  3(E1.41. 924),  indicated  rise  during 
this  period  from  8.5  to  10  cm,  9  cm  to  20  cm  and  10  to  23  cm. 
respectively.  This  shows  that  depending  upon  the  location  of 
plate,  maximum  settlement  has  been  recorded  during  reservoir 
filling  which  is  of  the  order  of  13  to  17  cm  for  plates  located  in 
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Fig. 7  :  Equipore  Pressure  Contours  and  Phreatic  Surface 
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upper  height  of  dam.  Nod  recording  of  settlement  by  top  plates 
nos.  5  and  6  during  construction  period(March,  September  1983) 
may  be  due  to  some  arching  action  of  core  by  adjoining  shell 
zones  which  might  have  reduced  during  reservoir  filling  because 
of  lubrication  due  to  saturation  and  thus  during  reservoir  filling, 
settlement  is  recorded  by  these  plates  as  well.  It  is  interesting 
to  note  that  for  plates  no.l  to  4,  settlement  after  completion  of 
filling(December  1983  upto  October  1985)  has  increased  only  by 
about  2  to  3  cm  whereas  in  case  of  plates  no.  5  &  6,  the  settle¬ 
ment  recorded  in  post  filling  period  is  of  the  order  of  5  to  6  cm. 
This  shows  that  from  the  date  of  starting  reservoir  filling,  the 
total  settlement  recorded  by  olates  nos.  4,  5  &  6  is  of  the  same 
order  i.e. about  19-20  cm.  It  may  further  be  noted  that  beyond 
April  1984,  settlement  recorded  is  practically  negligible  and 
thus  the  settlements  are  also  taking  place  almost  simultaneously 
or  with  little  time  lag. 

Theoretical  settlement  calculations  based  on  Terzaghi's  one¬ 
dimensional  consolidation  theory  were  also  done  taking  coeffici¬ 
ent  of  consolidation  cv  value  as  6xl0~3  cm  2/sec,  initial  void 
ratio  e0  as  1.407  and  compression  index  cc  as  0.118  determined 
from  laboratory  tests.  The  analysis  has  indicated  that  for  9(% 
consolidation,  total  settlement  of  53  cm  is  anticipated  in  a  period 
of  18  years  where  as  for  50  percent  consolidation  29  cm  shall 
take  4  years  period.  The  total  observed  settlement  is  of  the 
order  of  30  cm  which  is  almost  50  percent  of  estimated  total 
settlement.  This  has  been  attributed  to  possible  deficiencies  in 
experimental  results  and  quick  settlement  is  due  to,  two  dimen¬ 
sional  effect  in  the  prototype. 

Horizontal  Movement 

Horizontal  movement  was  measured  by  a  torpedo  moving  in  four 
mutually  perpendicular  grooves  in  alluminium  casing  of  inclino¬ 
meter.  Two  grooves  are  aligned  in  upstream  an-d  downstream 
direction  and  the  other  two  in  diversion  canal  and  spillway  direc¬ 
tion.  Fig.  8  shows  a  plot  in  between  observed  displacement  and 
depth  measured  initially  on  16th  November  1982  on  the  comple¬ 
tion  of  dam  and  continued  untill  25th  Sept.  1985.  During  reservoir 
filling  period  at  01. 54. 20,  maximum  displacement  of  4. 1  cm 
(5. 7-1. 6)  in  diversion  canal  direction  at  about  14  m  depth, was 
recorded  on  25th  Sept.  1985  and  6  cm(4+2)  deformation  in  down¬ 
stream  of  dam  direction  at  about  17  m  depth  was  also  measured 
on  29th  October  1984  and  27th  March  1985.  This  shows  that  dis 
placement  of  dam  is  taking  place  both  along  the  dam  axis  as  well 
as  in  upstream  downstream  direction. 

A  close  look  of  Fig.  8  indicates  that  height  wise,  there  are  three 
distinct  regions  so  far  as  horizontal  movement  is  concerned.  One 
is  from  top  of  dam  to  4  m  depth, second  is  4  m  to  10  m  depth  and 
third  is  10  ra  depth  to  bottom  most  anchor  point  in  foundation.  In 
second  zone,  there  is  practically  no  movement  either  along  the 
axis  or  perpendicular  to  it.  In  first  region(top  4.0m),  downward 
I  movement  of  about  1.5  cm  is  recorded  alter  4  months  ot  reservoir 

filling  but  It  has  returned  to  normal  position  by  Sept.  1985  con¬ 
firming  that  there  is  no  downward  movement.  Similar  is  the 
trend  for  movement  along  dam  axis  in  this  region.  However,  in 
region  3(10  m  from  top  until  foundation),  maximum  downward 
movement  of  the  order  of  4  cm  from  normal  has  been  recorded 
after  10  months  of  filling  (29th  October  1984)  which  has  subse¬ 
quently  reduced  to  2.0  cm  after  one  year  (29th  Sept.  1985).  The 
movement  towards  diversion  canal  is  Increasing  with  time  and 
has  attained  deflection  of  the  order  of  6.0  cm. 

Normally  no  lateral  movement  should  bs  expected  and  the  beha¬ 
viour  of  inclinometer  readings  in  third  zone  needs  further 
investigations. 
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Fig.  8  :  Observational  Data  for  Horizontal  Movement 
ELECTRICAL  ANALOGY  EXPERIMENTAL  RESULTS 

Experimental  Set  Up 

With  a  view  to  find  answer  for  the  falacy  In  the  observational 
data  of  foundation  piezometers  FHPl  to  FHP5  and  to  determine 
the  efficacy  of  grouting,  electrical  analogy  experiments  using 
conductive  tray  were  performed.  The  conduct!  vities  of  four 
different  electrolytes  representing  four  different  permeabilities 
in  four  zones  (Table-4)  were  obtained  by  mixing  sodium  v>'or!dc 
in  distilled  water  or  tap  water  depending  upon  the  range  of  con¬ 
ductivity.  It  was  observed  that  maximum  change  in  the  conducti¬ 
vity  of  electroiite  for  clay  core  prepared  in  distilled  water,  was 
7, 4k  during  experimentation  and  thus  electrolyte  can  be  said  to 
have  remained  stable  even  though  the  range  of  maximum  conduc¬ 
tivity  was  300  times  that  of  minimum  tested  conductivity. 

The  tests  were  conducted  for  six  conditions  of  grout  curtain 
efficiencies  viz.(i)  100*  effective,  (ii)  7 Eft  effective, (iii)  50% 
effective,  (iv)  2E%  effective,  (v)  grout  curtain  completely  in¬ 
effective  and  (vi)  grout  curtain  as  well  as  consolidation  grout 
completely  ineffective.  First  case  was  represented  by  using 
perspex  sheet  showing  grout  line  whereas  for  fifth  and  sixth 
case,  no  perspex  sheets  were  used.  For  other  cases,  corres¬ 
ponding  percent  area  of  perspex  sheet  was  perforated  to 
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Table  4  -  Permeabilities  and  Conductivities  of  Different  Zones 


Permeability(k)  Relative  Conductivity 


Table  6  -  Model  Test  Results  with  Variable  Itermeabilities  in 
Consolidation  Grouting  Zone 


(cm/sec) 


play  core 

6xl0-6 

1 

Consolidation  grouting 

5.6xl0-4 

1( 

Foundation 

1x10-3 

2( 

Downstream  filter 

1.8x10-3 

3( 

Tip  No. 

El. 

Rare  pressure  of  Relative  Permea¬ 
bility  of  consolidation  grout  zone(%) 

Observed  J 
pore  pressure 

10K 

50K  | 

100K 

200K 

(%> 

FHP1 

+28 

91 

91 

90 

87 

51 

FHF2 

+28 

50 

54 

55 

50 

35 

FHK 

+28 

14 

14 

15 

13 

30 

FHP3 

+25 

37 

42 

45 

39 

43 

FHF4 

+21 

36 

38 

46 

35 

53 

Table  5  -  Percent  Grout  Efficiency  and  Percent  Observed  Pore  Pressures  for  Foundation  Tips  FHP  to  1 FHP5 


Tip  No.  Elesation  Observed  Pore  Pressure  %  Pore  Pressures  from  Model  Experiments 

March  1985  Efficiency 


represent  the  efficacy  of  grout  curtain.  For  example  for  case 
(ii),  to  represent  75%  effectiveness  of  grout  curtain,  29%  area 
of  perspex  sheet  was  punctured  by  equi-spaced  small  holes. 

Analysis  and  ComDarison  of  Experimental  Data 

Electric  potentials  of  grid  points  were  obtained  using  wheat 
stone  bridge  for  all  the  six  cases  and  equipotential  lines  were 
drawn(not  shown  here  because  of  paucity  of  space).  From  these 
equipotentials,  percent  potentials  at  location  of  piezometers 
FHP1  to  FHP5  were  determined  for  all  six  cases  of  grout  effici¬ 
ency.  Using  observational  data  on  prototype  of  these  piezometer:, , 
the  relationship  of  percent  grout  efficiency  and  percent  pore 
pressures  are  worked  out  in  Table-5  and  plotted  in  Fig.  9.  The  t 
model  test  results  shown  in  Table-5,  are  for  relative  permeabl-  I 
lltles  of  clay  core,  consolidation  grout  zone  and  foundation  z 
zone  as  K,  100K  and  200K  respectively.  o 

From  Table  5,  it  is  seen  that  percent  pore  pressures  of  FHP1  0 
from  model  studies  are  almost  constant  for  various  cases  of  " 
grout  efficiencies  and  are  of  the  order  of  90%  irrespective  of  the  5 
fact  that  even  if  the  grout  curtain  as  well  as  consolidation  grout  j£ 
is  fully  Ineffective  where  as  observed  pore  pressure  in  field  is  Q- 

only  51%.  This  observed  value  seems  to  be  too  low  and  is  not  £ 

explainable  even  by  model  test  results.  Recording  of  low  obser-  ^ 
ved  values  may  be  either  due  to  malfunctioning  of  tip  or  due  to 
creation  of  some  what  iranervious  zone  due  to  grouting  around 
the  tip.  Observed  pore  pressure  of  FHP2  located  downstream 
of  grout  curtain,  is  of  the  order  of  30%  whereas  those  observed 
on  model,  vary  from  5 9%  to  70%.  Tho  pore  pressures  as  observ¬ 
ed  in  the  model  are  Increasing  as  the  efflciencyof  grout  curtain 
is  increasing.  Reasons  for  low  observed  pore  pressures  record 
ed  by  tip  no.FHP2  may  be  the  same  as  for  FHP1.  Perhaps  conso¬ 
lidation  grout  is  very  effective  below  dam  core.  Observed  pore 
pressure  of  piezometer  no.  FHP5  located  at  same  elevation  as 
that  of  tip  no.FHPl  and  FHP2  (+28.  Om)  is  of  the  order  of  30% 
whereas  those  observed  on  model,  vary  from  19%  to  65% .  If  it 
is  presumed  that  actual  field  observation  is  correct,  it  may  be 
concluded  that  grout  curtain  is  efficient  only  to  the  extent  of  21% 


)  iO  20  30  40  50  60  70  80  90  100 

efficiency  of  grout  (  •/. )  - > 

Fig. 9  :  Grout  Efficiency  vs  Percent  Pore  Pressure 
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(Fig.  9).  Reason  for  higher  observed  Dore  pressures  In  this  tip, 
maybe  poor  quality  of  consolidation  grouting  In  this  region, 
Permeability  of  foundation  varies  from  7xl0-5  em/see.  to 
0,84x10"3  cm/sec  and  the  assumption  of  average  permeability 
of  consolidated  area  as  6xl0“4  cm/sec(100K)  uniformly  through¬ 
out,  may  not  be  correct. 

To  explore  this  matter  further,  model  studies  were  extended 
with  relative  permeability  of  10K,  50K,  100K  and  200K  in  con¬ 
solidation  grout  zone  and  10(%  grout  curtain  efficiency  and  the 
results  of  these  studies  are  shown  in  Table-6. 

From  Table  6,  it  can  be  seen  that  percent  pore  pressures 
from  test  data  for  all  the  tips  are  practically  of  the  same  order 
for  different  permeabilities  in  consolidation  grout  zone  indicat¬ 
ing  thereby  that  if  permeability  in  consolidation  zone  is  taken 
uniform,  by  and  large,  there  is  no  significant  change  in  pore 
pressures  recorded  by  foundation  piezometers. 

Percent  pore  pressures  measured  by  piezometer  tip  no,FHP3 
from  model  increases  from  45  to  80S  as  the  grout  curtain 
efficiency  decreases  (Table-5)  whereas  observed  pore  pressure 
is  4 5S.  Thus  it  can  be  said  that  efficiency  of  grout  curtain  is 
almost  1O0S.  Similarly  percentage  of  pore  pressure  measured 
by  FHP4  (located  also  in  the  downstream  of  grout  curtain  at 
El. +21.0)  from  model  studies,  Increases  from  46  to  85%  with 
decreasing  efficiency  of  grout  curtain.  Observed  pore  pressure 
is  5 3X  which  corresponds  to  89&  efficiency  of  grout  curtain 
(Fig.  9). 

Keeping  in  view  the  readings  recorded  by  tips  in  foundation, 
it  can  be  said  that  both  grouting  viz.  consolidation  as  well  as 
curtain,  are  by  and  large  successful  at  Rarem  Dam. 


CONCLUSIONS 

Based  on  the  observational  data  of  instrumented  Rarem  dam  and 

the  electrical  analogy  model  studies,  following  conclusions  are 

drawn: 

i)  Bishop's  type  twin  tube  hydraulic  piezometers  are  more 
sturdy  and  reliable  as  compared  to  Carlson  type  electrical 
resistance  and  strain  gauge  type  piezometers. 

ii)  At  Rarem  dam,  the  recorded  construction  pore  pressures 
are  of  very  low  magnitude  even  though  the  core  comprises 
of  highly  plastic  clay. 

ill)  The  steady  seepage  pore  pressures  have  developed  almost 
simultaneously  with  reservoir  filling  with  practically  no 
time  lag. 

iv)  Major  settlement  has  coincided  with  construction  of  dam 
and  reservoir  filling.  Total  settlement  of  30  cm  has  taken 
place  which  is  5(%  of  anticipated  settlement.  No  further 
settlement  Is  expected  in  future. 

v)  There  is  no  movement  in  direction  perpendicular  to  dam 
axis.  Whatever  initial  movement  was  there  during  Initial 
reservoir  filling,  the  same  has  been  recovered  back.  How¬ 
ever,  there  is  some  evidence  of  little  movement  along  dam 
axis  towards  diversion  canal  side. 

vi)  Electrical  analogy  model  studies  coupled  with  observational 
data  of  piezometers  in  foundation,  have  indicated  that  grout¬ 
ing  done  at  Rarem  dam  Is  effective. 
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SYNOPSIS:  7. 3  m  high  and  280  m  long  Manggar  Besar  homogeneous  earthen  dam  resting  on  12. 0  m  thick  soft  silty  clay,  is  under 
construction  to  supply  water  to  the  city  of  Balikpaoan  in  Kalimantan  island  of  Indonesia.  To  accelerate  the  anticipated  1.6  m  settle¬ 
ment  of  dam ,  30  c.n  wide  strio  type  drains  (Coibond  CX  10C0)  using  polyster  no-woven  fabric  are  being  used  3  m  centre  to  centre. 
It  is  expected  that  70  percent  consolidation  shall  take  place  within  thirteen  months  of  construction  by  these  drains. 


INTRODUCTION 

The  drinking  water  requirement  for  Balikoaoan  city  located  in 
east  Kalimantan  island  of  Indonesia  is  forecasted  for  2000  AD 
based  on  i.980  census(l,09,900  persons)  with  a  growth  rate  of 
5. 3  percent  per  year  assuming  that  each  house  and  yard  conn¬ 
ection  would  serve  one  family  of  eight  persons.  Water  con¬ 
sumption  for  each  house  and  yard  is  expected  to  increase 
from  145  to  160  2nd  60  to  90  litres  per  day  respectively  during 
1985-2000.  Water  requirement  for  industrial,  purposes  and  for 
other  public  purposes  such  as  schools, hospitals  .offices  etc. , 
has  been  assumed  to  be  20  percent  of  total  domestic  water 
consumotion.  Due  to  limited  availability  of  water,  60  percent 
of  population  would  be  served  by  Balikpaoan  water  supply 
project,  30  percent  by  Pertamlna  water  supply  project  and 
balar.ee  10  percent  by  shallow  wells. 

Baliknaoan  water  supply  system  comprises,  (i;  a  storage  dam 
on  Manggar  Besar  river  to  supply  raw  water  throughout  the 
year,  (ii)  raw  water  intake  stations  on  Klandasan  and  Manggar 
Besar  rivers,  (iii)  a  treatment  plant  with  a  nominal  design 
caoacity  of  400  ios,  and  (iv)  distribution  system.  The  catch¬ 
ment  area  of  Manggar  Besar  reservoir  is  48.5  sq.km,  with 
an  average  rainfall  of  230  mm /month. 

Manggar  Besar  homogeneous  earth  dam  is  7. 3  m  high  and  280 
m  long  requiring  100,000  m3  of  fill  material  to  bridge  the 
valley.  4.0  m  high,  600  m  long  dyke  requiring  10,000  m3  of 
fill  material  is  also  constructed  on  the  left  bank  of  river. 

GEOLOGY  AND  SOIL  INVESTIGATIONS 

Foundation 

Based  on  subsoil  Investigations  conducted  from  December 
1978  to  October  1982,  geological  formo'lon  in  foundation  along 
dam  axis  is  shown  in  Fig.  1.  From  this  figure  it  can  be  seen 
that  foundation  comprises  the  following  three  layers: 

l)  A  soft  silty  clay  stratum  of  12  m  in  the  centre  of  flood 
plain  and  of  5.0  m  on  the  hill  sides(called  soil  type  A). 

ii)  A  stiff  clay  layer(called  soil  type  B)  below  soil  type  A 
with  a  thickness  of  4.0  m  In  the  centre  of  flood  plain 


and  of  2  to  3  m  on  hilt  side. 

iii)  A  very  stiff  clay  or  dense  silty  sand(soil  type  C)  below 
soil  type  B. 

It  implies  that  main  dam  is  founded  on  very  compressible  soft 
silty  clay.  After  construction  of  dam  overall  settlement  in  foun¬ 
dation  is  expected  to  be  1.75  m  in  a  period  of  270  years  out  of 
which  1. 6  m  is  expected  to  take  place  in  first  27  years. 

Fill  Material 

There  are  two  borrow  areas  for  embankment  fill  material. 
Borrow  area  I  situated  500  m  away  from  dam  site  comprises 
hard  and  stiff  silty  clay  with  some  sand  and  gravel.  Optimum 
water  content  for  proper  compaction  (95  percent  of  Proctor's 
density)  has  been  assessed  at  25  percent  on  an  average  giving 
dry  density  of  1440  kg/m3  and  permeability  of  the  order  of 
6  x  10"8  cm/sec.  Borrow  area  II  is  situated  just  adjacent  to 
dam  site  comp  rising  silty  clay  layer(18,000  m3  )  similar  to 
borrow  area  I.  Clayey  sand  (55, COO  m3)  Is  also  available  at 
this  site. 

DESIGN  CONSIDERATIONS  FOR  DAM  SECTION 

The  elevation  of  the  valley  at  dam  alignment  is  0  5mMP  and  the 
height  of  dam  is  7. 3  m.  Dam  has  been  designed  at  full  supply 
level  of  4. 0  mMP  (FSL 1)  during  the  period  when  subsoil  Is  not 
yet  sufficiently  consolidated  to  withstand  the  higher  water  level. 
This  will  last  for  about  5  years  after  completion  of  works. 

After  ihts,  spillway  gates  will  become  operational  and  full 
supply  level  will  be  maintained  at  5. 8  mMP(FSL  II).  The  top 
of  the  dam  would  be  constructed  at  9. 4  mMP  after  taking  into 
account  settlement  of  1. 6  m  (  0.5  mMP  +  7.  30  m  +  1.6  m). 

To  speed  up  the  consolidation  process,  vertical  drains  have 
been  provided  in  the  foundation.  The  top  width  of  dam  Is  4.5  re 
ar.d  the  design  side  slopes  are  3  H  :  IV  bat  during  the  construc¬ 
tion  stage  when  consolidation  has  not  yet  been  completed ,  side 
slopes  would  be  2. 4  H  :  IV.  Two  beims  each  of  5. 0  m  width 
have  been  provided  at  ultimate  design  elevation  of  4. 9  mMP. 

As  natural  stone  for  rip  rap  is  not  available  in  Balikpapan 
area  at  reasonable  cost,  upstream  slope  is  being  protect¬ 
ed  by  sand  cement  bags  consisting  of  gunny  bags  filled 
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FIG.1.  GEOLOGICAL  FORMATION  DETAILS  ft  FOUNDATION  ALONG  AXIS  OF  MAN’GGAR 

GESAR  DAM 


with  one  volume  of  cement  with  six  volumes  of  sand.  A 
typical  cross-section  of  dam  is  shown  in  Fig.  2. 


DESIGN  OF  VEETICAL-  D 8 ADCS 


Three  stages  are  considered  for  stability  analysis  of  embank¬ 
ment.  Stage  I  refers  to  end  of  construction  stage  when  embank¬ 
ment  is  constructed  upto  top  (3.4  mMP)  with  no  consolidation, 
no  earthquake  and  no  drawdown.  The  aimed  factor  of  safety 
against  sliding  Is  1.0  for  this  stage.  Stage  2  refers  to  one  year 
after  completion  when  70  percent  consolidation  has  taken  place 
and  dam  top  is  at  8.5  mMP.  At  this  stage,  factcrof  safety  of 
1.5  Is  required  for  normal  steady  seepage  condition(FSL  I  at 
4.0  mMP).  With  earthquake  (0.1  g)  or  rar-id  drawdown,  factor 
of  safety  of  1  was  aimed  at.  Stage  3  is  the  final  condition  when 
100  percent  consolidation  has  taken  place  attaining  crest  level 
of  7. 80  mMP  and  full  supply  level  at  5. 80  mMFfFSL  II).  The 
desired  factors  of  safety  in  this  stage,  are  the  same  as  for 
stage  2. 


Various  Alternatives 

For  structures  resting  on  compressible  soils,  with  large  founda¬ 
tions,  such  as  dams,  the  usual  practice  is  to  consolidate  the 
soft  foundation  strata  in  the  minimum  possible  time  by  providing 
suitable  drainage, as  piles,  wells  and  cassions  are  uneconomical. 
Earlier  practice  was  to  form  ssnd  columns  by  filling  sunken  lost 
head  casing  with  coarse  sand  and  subsequently  withdrawing  the 
casing.  Dost  head  driven  casing  was  replaced  by  jetting  because 
the  former  has  adverse  effect  on  horizontal  flow  of  excess  pore 
water  towards  drain  due  to  densification  and  remoulding  or  soil 
around  driven  casing. 
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FIG.- 2  TYPICAL  CROSS  SECTION  OF  MANGGAR  8ESAR  DAM 
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For  the  purpose  of  calculations,  of  eadvalesidndc  diameter, 
foe  drain  is  assessed  cyiinaerical.  For  stria  tyne  drain,  foe 
draining  effect  depends  upon  absorbent  surface  i.e.  foe  periphery. 
The  effective  periphery  of  sttio  tjoedrain  is  2  xwiclbxf,  where 
¥'  is  correction  factor  allowing  for  (i)  less  faumrfole  idinr  of 
water  to  foe  drain  because  of  rectangclar  section,  and  (ii)  a 
Dossible  disturbance  due  to  densifi cation  and  remoulding  of  foe 
soil  when  installing  foe  drain. 

Based  on  foe  theoretical  apo roach  discussed  above,  design  mono¬ 
grams  for  10,  15  and  30  cm  wide  Cotton.!  drains  are  given  in 
Fig.  3. 

StripDralnsforManggarBesar  Project 

Tests  under  semifield  conditions  were  carried  out  by  Royal 
Ad  rain  Walker  Group  Akzo  Research  under  supervision  of  Delft 
Laboratory  of  Soil  Mechanics,  Netherland  to  decide  foe  best 
design  of  drains  for  Manggar  Besar  project.  Hence  the  drainage 
effect  of  30  cm  wide  Colbond  drain  was  compared  with  that  of 
traditional  sand  drains  under  3  m  layer  of  sand  with  base  area 
of  20  x  80  tr.2.  The  area  was  split  up  into  four  sections  of  equal 
sizes,  three  of  which  were  provided  with  Colbond  drains  at 
different  spacings  and  fourth  for  conventional  sand  drains.  From 
measurements  of  40  settlement  plates  and  piezometer  readings 
taken  for  600  days,  it  was  concluded  that  Colbond  drains  accele¬ 
rated  consolidation  process  at  least  as  much  as  that  from  tradi¬ 
tional  sand  drains.  Tests  conducted  on  4  mm  thick KF  650 
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FIG.  3.  DESIGN  MONOGRAMS  FDR  COLBOND  DRAIN 


Colbond  drains /polys  ter  non-woven  fabric)  indicated  some  pro¬ 
blem  of  reduction  in  drainage  capacity  in  case  of  thick  deposits 
of  compressible  layers.  To  produce  a  drain  suitable  for  use  in 
thick  deoosits,  the  drain  was  modified  by  (i)  increasing  the 
thickness  to  5  mm,  (ii)  making  core  more  coarser  and  (iii)  im¬ 
proving  its  rigidity.  This  modified  drain  is  named  as  CX1000 
and  retains  80  Dercent  of  its  original  volume  under  3  kg/cm2 
pressure. 

Laboratory  tests  on  soft  silty  clay  in  foundation  of  Manggar 
Besar  project  has  shown  that  on  an  average  the  value  of  horizon¬ 
tal  coefficient  of  consolidation  (Ojj)  is  2.4  m2/year.  The  total 
base  area  of  dam  is  18725  m2  and  70  percent  consolidation  is  to 
be  attained  in  13  months  period  after  construction  of  dam.  Using 
design  monograms  given  in  Fig.  3,  it  was  found  that  for  10,  15 
and  30  cm  wide  CX1000  Colbond  drains,  the  spacing  required 
is  2.527,  2.673  and  2.989  m  respectively  and  the  corresponding 
number  of  drains  are  2932  ,  2621  and  2096  respectively.  This 
shows  that  number  of  10  cm  drains  would  be  1. 4  times  that  for 
30  cm  wide  drains.  For  Manggar  Besar  dam,  Colbond  CX1000  , 
30  cm  wide  drains  at  3m  centre  to  centre  spacing  were  adopted. 

CONSTRUCTION  OF  COLBOND  DRAINS 

Preparation  of  A  rea 

Temporary  cofferings  were  provided  on  left  and  right  side  of 
the  river  by  making  1. 5  m  high  dykes  with  side  slopes  of  1H:1V 
and  area  dewatered  by  six  pumps.  Then  top  soil  was  removed 
and  the  material  dumped  in  spoil  dump  area  located  at  1. 5  km 
downstream  of  dam.  This  was  backfilled  by  stiff  clay  and  work 
was  done  by  machines.  Horizontal  trenches  (100  x  100  mm) 
were  excavated,  along  the  path  of  vertical  drains  manually. 

For  preparation  of  area,  following  equipment  was  used: 


Bulldozer 

15t 

1  unit 

Swamp  dozer 

13t 

1  unit 

Wheel  loader 

1.3  m3 

1  unit 

Backhoe 

0.7  m3 

1  unit 

Dump  trucks 

8t 

6  units 

Choice  of  Equipment  and  Installation  of  Drains 

After  taking  into  account  relative  merits  and  demerits  of  differ¬ 
ent  construction  equipment,  it  was  decided  that  Colbond  CX1000 
30  cm  vertical  drains  be  Installed  by  vibrations  using  light  drag¬ 
line  and  mandrel.  For  this,  the  following  equipment  was  requir¬ 
ed. 


Dragline  and  attachment 

(drawler  crane) 

30t 

1  unit 

Vibrohammer 

4. 8t 

1  unit 

Mandrel 

13.5m 

1  unit 

Generator  set 

250  KVA 

1  unit 

For  easier  movement,  generator  set  required  for  vibrohammer 
was  fitted  with  crawler  crane  unit.  Rolls  of  Colbond  CX1000 
were  fitted  to  the  front  of  crawler  crane.  Mandrel  was  prepar¬ 
ed  at  job  site  and  its  details  are  shown  in  Fig. 4.  Colbond  drain 
was  fitted  to  the  shoe  of  mandrel  to  be  left  in  situ  after  pushing 
the  drain  unto  required  depth  of  vibrations  and  then  mandrel 
was  withdrawn.  After  installation  of  vertical  drain,  it  was  cut 
off  about  20-30  cm  above  ground  surface  level  of  horizontal 
drain  and  the  trench  of  the  same  was  filled  manually  by  sand 
of  suitable  grade. 


FIG.-4  MANDREL  DETAILS 


CONCLUSION 

To  accelerate  the  consolidation  process  of  12.  0m  thick  soft  silty 
clay  foundation  layer  of  7. 3m  high  Manggar  Besar  dam, Colbond 
CX1000-30  cmx5mm  polyster  no-woven  fabric,  2096  nos.  verti¬ 
cal  drains  have  beenprovided  which  are  3m  centre  to  centre 
spaced  in  square  grid.  These  drains  have  been  Installed  by  light 
weight  crawler  crane  using  vtbro  hammer  and  mandrel. 

REFERENCES 

ACHMAD  ZAINIKO(1986)  -  Report  on  Soecial  Problem  -’Verti¬ 
cal  Drains  of  Manggar  Besar  Dam  Project' .M.E.WRDTC, 
1986. 

bellman, W.(1948),'Accelerating Consolidation  of  Fine  Grained 
Soils  by  Means  of  Card  Wicks'  2nd  ICSMFE, Rotterdam. 


436 


Proceedings:  Second  International  Conference  on  Case  Histories  in  Geotechnical  Engineering,  June  1-5, 1988,  St  Louis,  Mo.,  Paper  No.  3.18 


Problems  and  Behaviour  of  a  Dam  Founded  on  a  Weak  Zone 

K.V.  Rupchard 

Executive  Engineer/Civil,  Tamil  Nadu  Electricity  Board,  Madurai, 

India 


SYNOPSIS  :  Any  fault  in  the  foundation  of  a  dam  presents  a  problem  which  has  to  be  tackled  in  the 
proper  way  considering  many  aspects.  This  paper  deals  with  such  a  foundation  problem  faced  at 
Upper  Aliyar  Dam  in  South  India  in  the  shape  of  a  weak  zone.  Several  alternatives  were  thought  of 
for  tackling  the  weak  zone.  Ultimately  a  simple  concrete  plug  with  cut-offs  was  adopted  considering 
the  limited  working  season  available  and  the  fairly  good  in-situ  compressive  strength  of  the  weak 
material.  This  was  in  preference  to  a  raft  foundation  or  a  massive  arch. 

The  methods  adopted  for  tackling  the  problem  have  been  elaborated.  The  performance  of  the  dam 
during  the  past  more  than  20  years  has  been  quite  satisfactory  considering  that  no  leakage  or 
settlement  has  occured  after  the  treatment  of  weak  zone.  The  conclusions  reached  at  the  end  provide 
significant  points  in  the  field  of  geotechnical  engineering. 


INTRODUCTION 

General 

Dams  to  impound  water  and  use  it  for  generation 
of  electricity  are  the  most  important  struc¬ 
tures  in  Hydro  Electric  Projects.  The  criteria 
for  fixing  the  locations  of  dams  are  storages 
required  and  Geological  aspects.  But,  due  to 
other  considerations,  dams  are  located  at 
places  not  so  ideal.  Very  often,  numerous 
foundation  problems  are  encountered  while 
building  dams  at  such  locations.  Faults  at  dam 
sites  present  the  most  difficult  problems.  This 
paper  deals  with  the  foundation  problem  faced 
at  Upper  Aliyar  Dam  in  South  India,  the  methods 
adopted  for  tackling  the  problem  and  the 
behaviour  of  the  dam  after  construction. 

The  Project 

The  Parambikulam-Aliyar  Project  in  South  India 
is  a  multipurpose  project  for  development  of 
irrigation  and  power.  This  composite  project 
consists  of  several  dams,  tunnels  and  hydro¬ 
electric  power  houses.  The  project  works  were 
started  in  1962  and  completed  in  1972.  The 

project  lies  at  about  longitude  77°  and 

latitude  10°.  One  of  the  key  structures  for 
this  complex  project  is  the  Upper  Aliyar  Dam. 
This  dam  is  the  head-works  of  the  Aliyar  Power 
House  (60  MW). 

The  Upper  Aliyar  Dam  of  this  project  has  been 
integrated  with  the  Kadamparai  Hydro  Electric 
Project  under  construction  now.  The  Kadamparai 
Project  is  a  mammoth  pumped  hydro  electric 
project  (400  MW)  with  reversible  turbines,  the 
first  of  its  kind  in  Asia.  Hence,  the  Upper 
Aliyar  Dam  is  a  very  crucial  component  catering 
to  two  projects. 

Upper  Aliyar  Dam 

Upper  Aliyar  Dam  is  300  m  long,  80  m  high 


and  was  constructed  from  1962  to  1969.  This 
dam  is  of  solid  gravity  type  and  is  built  of 

random  rubble  masonry  totalling  280,000  m^. 

2 

It  intercepts  a  catchment  area  of  105  km  . 
The  spillway  provided  in  the  dam  is  designed 

for  a  maximum  flood  discharge  of  1540  m^/sec. 

The  dam  was  located  at  the  present  site  consi¬ 
dering  the  storage  required  and  geological 
aspects  based  on  the  preliminary  investigations. 


FOUNDATION  FOR  DAM 
Geology 

The  rock  types  exposed  in  and  around  the  dam 
site  are  hornblende  biotite  gneisses  and  char- 
nockites  belonging  to  the  Archaeans  of  South 
India.  The  gneisses  are  pink  in  colour  and 
medium  grained.  The  foliation  trend  is  N  60  W- 

S  60  E,  the  dip  being  27°  in  S  30°  W.  The  rocks 
are  generally  fresh  but  jointed.  Close  frac¬ 
turing  is  also  noticed  in  the  pink  granite 
gneisses  of  the  left  flank.  The  joint  patterns 
in  gneisses  observed  at  the  dam  sites  are 
as  in  Table  1 . 

TABLE  1 .  Joint  Pattern  in  Gneisses 


,,  '  Trend  Direction  Remarks 

No . 


1 . 

East-West 

Vertical 

— 

2. 

N  60°  W  - 

S 

O 

o 

E 

-do- 

Almost 

parallel  to 

river  course 

3. 

N  10°  W  - 

S 

10° 

E 

-do- 

— 

Outcrops  of  granite  gneisses  were  exposed  in 
the  right  flank  as  well  as  in  the  river  section. 


437 


Tiie  left  flank  was  covered  with  soil.  The 
straight  course  along  which  the  river  flows  in 
the  vicinity  of  the  dam  site  possibly  indicated 
that  the  deep  channel  might  lie  along  the 
weak  zone. 

Exploratory  Drilling 

A  number  of  bore  holes  were  drilled  m  the 
river  bed  or.  the  left  flank.  This  established 
the  existece  of  a  3C  m  wide  shear  zone  close  to 
the  left  flank.  The  trend  of  the  shear  zone  is 
parallel  to  the  foliation  in  the  gneisses.  The 
shear  zone  was  more  than  30  m  in  the  middle 
reaches  and  gradually  decreased  to  12-15  m  on 
either  side.  The  sheared  material  comprised  of 
pink  granite  gneisses  and  pegmatite  in  the  top 
portion  and  schistose  material  at  depth.  It  was 
indicated  that  this  reach  containing  weak  zone 
was  not  suitable  for  construction  of  a  masonry 
dam,  the  core  recoveries  from  the  bore  holes 
being  poor,  ranging  from  0%  to  15%. 

Weak  Zone 

The  longitudinal  section  across  the  weak  zone 
is  shown  m  Fig . 1 . 


LONGITUDINAL  SECTION. 


Fig.  1 

UPPER  ALIYAR  DAM 


For  easy  recognition  of  the  different  types  of 
strai a  met  with,  the  sections  were  indicated  as 
Member  1,2  etc.  The  numbering  of  the  members 
is  ir.  the  descending  order  of  their  apparent 
strength.  Member  1  was  the  strongest  and 
Member  4  the  weakest. 

Member  1  and  2  on  either  side  of  the  weak  zone 
were  sufficiently  strong  and  solid.  There  was  a 
sub-fault  inside  the  major  fault.  Member  3 
represents  the  base  of  the  wider  fault  and  is 
of  fractured  rock.  Member  4  was  the  weakest, 
consisted  of  crushed  pegmatite  and  appeared  to 
extend  very  deep.  The  beanng  capacities  of 
Members  3  and  4  were  quite  adequate  to  found 
the  dam.  But  the  geological  opinion  necessi¬ 
tated  the  study  of  the  percolation  before 
proceeding  further. 


TREATMENT 

Influencing  Factors 

The  weak  zone  was  located  m  the  river  bed  and 
was  excavated  upto  24  m  belcw  the  river  bed . 
The  water  diversion  arrangements  during  the 
work  consisted  of  coffer  dam  which  could  be 
designed  only  for  moderate  floods.  Hence,  during 
flash  floods,  there  was  the  threat  of  the  river 
water  spilling  over  the  coffer  dam  and  inun¬ 
dating  the  entire  weak  zone  area.  Such  sudden 
flooding  was  dangerous  to  the  safety  of  the  men 
working.  In  addition,  such  a  flooding  brought 
forth  in  its  wake,  thousands  of  tonnes  of 
debris  and  slush  which  ..d  to  be  removed  all 
over  again  after  the  flood  subsided. 

Also,  Member  1  on  left  flank  was  over-hanging 
by  as  much  as  9  m  at  some  places,  threatening 
to  collapse  due  to  exposure. 

In  view  of  all  these  reasons,  any  treatment  to 
be  given  to  the  weak  zone  had  to  be  done  with 
utmost  expedition.  The  dam  area  was  prone  to 
monsoon  floods  and  the  working  season  was 
restricted  to  about  6  to  8  months  onlv  in  a 
year.  Hence  the  method  of  treatment  had'  to  be 
evolved  considering  these  restrictive  factors. 

Initial  Proposals 

One  of  the  alternatives  suggested  was  a  rein¬ 
forced  concrete  raft  to  spread  the  superimposed 

load  for  limiting  stresses  to  about  0.7  t/m2. 
3ut  this  idea  was  dropped  considering  the 
actual  disposition  of  the  various  members 
in  the  weak  zone. 

The  second  alternative  was  to  span  the  weak 
zone  with  a  massive  reinforced  concrete  arch  to 
transfer  the  weight  of  the  dam  to  the  sides. 
This  alternative  was  also  considered  not 
suitable  due  to  the  following  reasons: 

a.  Time  required  for  such  a  treatment  was  more 
than  the  working  season  available  to  avoid 
flooding  of  the  weak  zone  and  consequent 
loss  of  time  and  money. 

b.  Portion  of  the  arch  had  to  rest  on  the 
jointed  rock  Member  3.  Heavy  cutting  to  the 
extent  of  5  m  was  required  and  this  could 
not  be  done  by  the  normal  method  of  blasting, 
but  only  by  chipping  and  wedging  '  requ-' ring 
considerable  time). 
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c.  The  arch  would  require  blasting  of  Members  1 
and  2 .thereby  shattering  tr.e  foundation  rock. 

d.  Even  the  arch  would  require  a  concrete  fill 
to  prevent  percolation. 

e.  The  materials  of  Members  3  and  4  were  strong 
in-situ  requiring  only  confinement . 

Hence,  the  idea  of  arch  was  dropped. 

Further  Approach 

It  was  found  that  the  bearing  capacity  of  the 
weak  zone  Member  No. ^  was  a  significant  factor 
while  deciding  the  exact  course  of  treatment 
to  be  given  to  the  weak  zone.  Hence,  load- 
bearing  rests  we/e  conuuc».ed  at  site.  It  was 
found  that  the  weak  zone  Member  4  was  capable 

of  taking  a  load  of  more  than  260  t/m'~,  in-situ. 

Another  important  factor  was  the  permeability 
of  Member  Mo. 4.  Field  tests  were  conducted  and 
it  was  found  that  the  permeability  factor  was 
withjn  reasonable  limits  and  was  not  large 
enough  to  cause  any  anxiety. 

Final  Decision 

After  the  conclusive  evidence  of  favourable 
values  of  bearing  capacity  and  permeability  of 
Member  No. 4,  At  was  decided  ro  merely  plug  the 
weak  zone  with  concrete  jusr.  as  any  other  fault. 
The  final  decision  was  arrived  at  based  on  the 
opinion  of  several  senior  engineers.  It  was 
considered  thit  the  mass  of  concrete  fill  can 
be  expected  to  act  together  as  flat  arch  and 
distribute  the  load  properly. 

Precautions 

Having  decided  to  merely  plug  the  weak  zone 
with  concrete,  the  following  precautions  were 
taken: 

a.  Construction  Joints 

It  is  the  practice  to  provide  construction 
joints  at  about  30  m  intervals  to  take  care 
of  settlement  etc.,  in  dams  built  of  random 
rubble  masonry. 

Originally,  it  was  decided  to  locate  one  of 
the  construction  joints  in  a  portion  over 
the  weak  zone.  It  was  considered  that 
it  is  advisable  to  have  construction  joints 
on  either  side  of  the  weak  zone  so  that  a 
single  block  of  masonry  would  rest  mono- 
lithically  over  the  weak  zone  and  any  settle¬ 
ment  of  weak  zone  would  not  affect  the 
adjacent  blocks  later.  The  normal  spacing  of 
construction  joints  was  30  m.  In  this  case, 
this  was  increased  to  about  40  m  so  that  a 
separate  block  of  masonry  exists  over  the 
weak  zone. 

b.  Clay  Blanket 

A  clay  blanket  for  a  length  of  about  30  m 
was  provided  on  the  upstream  side  of  the 
dam  in  order  to  increase  the  percolation 
path. 

c.  Cut-offs 

Deep  cut-offs  were  provided  both  on  the 
upstream  and  downstream  side  of  the  weak 
zone.  These  served  the  twin  purposes  of 
increasing  the  percolation  path  and  also  of 
confining  the  weaker  material. 


d.  Gallery 

A  transverse  drainage  gallery  was  provided 
in  such  a  way  that  it  would  run  along  the 
weak  zone  so  that  drilling  of  bore  holes  and 
grouting  for  consolidation  can  be  done 
easily.  Also,  the  rate  of  leakage  (perco¬ 
lation-  could  be  gauged  later. 

e.  Shear  Reinforcement 

It  can  be  seen  from  the  Fig.1  that  Members  1 
and  3  vrare  overhanginq  and  it  was  difficult 
to  provide  for  the  normal  jaggal  features 
required  for  the  foundation  of  a  dam.  Hence, 
there  was  necessity  to  increase  the  shear  or 
sliding  resistance  of  L.ie  concrete  over  rock. 
This  was  achieved  by  provision  of  reinforce¬ 
ment  in  many  shapes  and  sizes  covering  the 
surface  of  the  weak  zone  members  and  also 
properly  anchoring  the  reinforcement  mat  and 
propping  from  suitable  places.  The  design  of 
reinforcement  was  empirical.  Incidentally, 
the  props  considerably  reduced  the  fear  of 
collapse  of  the  overhanging  ledge  rocks  on 
either  side  of  the  weak  zone. 

f.  Grouting 

The  block  containing  the  weak  zone  was 
grouted  extensively.  The  grout  curtain  at 
the  heel  of  the  dam  consisted  of  40  holes  in 
3  rows,  18  to  30  m  deep.  The  consoi Jdation 
holes  from  the  axis  to  toe  of  dam  (numbering 
90)  were  6  to  18  m  deep.  The  entire  grouting 
operation  was  done  extensively  and  meti¬ 
culously  after  elaborate  air  and  water  tests. 


PERFORMANCE 

The  Upper  Aliyar  Dam  and  its  various  components 
are  being  examined  periodically  according  to  a 
schedule  of  maintenance.  The  observation  of 
leakage  from  drainage  gallery  is  one  of  the 
aspects  observed.  The  construction  joints  are 
also  examined  visually.  It  has  been  observed 
that  the  condition  of  the  dam  is  quite  stable, 
particularly  in  the  weak  zone  area.  The  dam  is 
in  service  for  the  past  20  years  and  there  has 
been  no  untoward  development.  Hence,  the  treat¬ 
ment  given  to  the  weak  zone  must  be  considered 
satisfactory  and  adequate. 

It  has  been  the  practice  to  plug  the  weak  zones 
with  mere  concrete  at  most  of  the  sites.  This 
treatment  was  found  quite  satisfactory.  But,  in 
the  instant  case  of  Upper  Aliyar  Dam,  the  major 
difference  in  the  situations  is  the  enormous 
width  of  the  weak  zone  which  caused  doubts 
about  the  efficacy  of  treating  it  with  mere 
concrete  plug,  to  serve  as  a  flat  arch. 


DISCUSSION 

Investigation 

The  admissible  extent  of  investigations  depends 
in  part  on  the  magnitude  of  the  project  and  in 
part  on  how  obvious  the  sub-surface  conditions 
are.  Considering  the  successful  treatment  of 
the  weak  zone,  the  investigations  done  at  Upper 
Aliyar  Dam  can  be  reckoned  as  adequate. 


Treatment  of  Faults 

Creager  et  al.  state  that  "most  unweathered 
cemented  rocks  possess  sufficient  strength  to 
support  dams  of  usual  height.  However,  special 
consideration  should  he  given  to  rocks  in  which 
seams  or  faults  and  weathered  or  crushed  zones 
have  resulted  in  sep—ated  or  partly  separated 
foundation  blocks  which  might  move  slightly  as 
a  whole  undar  the  load  of  fhe  dam. 

"Narrow  seams  and  faults  frequently  can  be 
washed  out  and  grouted.  For  wide  seams  the 
gouge,  weathered  or  broken  rock,  or  other 
material  which  fills  them,  can  be  excavated 
and  the  seams  refilled  with  concrete". 

"For  low  dams,  small  areas  of  relatively  weak 
rock  are  sometimes  left  in  place  on  the  assump¬ 
tion  that  the  dam  will  span  over  them.  In 
several  cases,  vertical  transverse  faults  of 
considerable  size  have  been  cleared  out  and 
filled  witn  concrete  for  a  depth  only  suffi¬ 
cient  to  provide  an  arch  to  span  the  openinq, 
care  being  taken,  of  course, that  the  excavating 
or  grouting  extends  far  enough  to  obtain  a 
tight  cut-off  at  the  upstream  side". 

Faults  in  Seismic  Areas 

While  treating  the  subject  of  design  of  dams 
for  faults  with  reference  to  earth  quakes, 
Creager  et  al.  state  that  "a  dam  built  across 
a  fault  on  which  slippage  occurs  may  be 
subjected  to  an  immeasurable  force,  and  disrup¬ 
tion  can  be  avoided  only  by  providing  sufficient 
flexibility  to  absorb  the  motion  without  damage. 
Dam  foundation  crossed  by  active  faults  should 
be  avoided.  Fault  movement  is  not  necessarily 
confined  by  the  fault  on  which  the  earth  quake 
originates,  but  secondary  movements  may  occur 
on  any  active  fault  in  the  disturbed  area.  It 
is  not  possible  to  injure  that  any  prominent 
fault,  although  apparently  dead,  may  not  be 
subjected  to  some  movement  during  an  earth  quake. 
However, secondary  fractures  bearing  no  evidence 
of  movement  in  recent  geological  times,  involve 
with  danger.  Slight  movements  are  not  necessari¬ 
ly  disastrous" . 

The  design  of  Upper  Aliyar  Dam  was  not  made 
considering  any  forces  due  to  earth  quakes 
as  the  region  is  classified  as  non-seismic. 
However,  the  seishes  during  the  sudden  on-rush 
of  waters  into  the  reservoir  during  flash 
floods  would  cause  effects  similar  *">  an  earth 
quake  but  their  magnitude  would  be  q.  te  small. 

It  is  pertinent  to  note  that  it  is  now  statutory 
to  provide  for  earth  quake  forces  also  at  0.1  g 
in  the  designs  of  all  major  engineering  struc¬ 
tures  in  projects.  Hence,  the  treatment  of  a 
weak  zone  shall  bear  all  these  aspects  in  mind. 

Interface  Problems 

There  are  several  instances  of  the  foundation 
problems  containing  weak  zones  being  treated  as 
an  interface  problem.  Various  additional  factors 
like  sliding  resistance  and  stability  are 
considered  before  taking  a  decision.  But,  these 
expositions  are  all  of  recent  origin.  The 
treatments  have  been  simple. 

Casinader  (1974)  has  described  the  foundation 
problems  faced  at  Sugarloaf  Rockfill  Dam, 
Australia  as  consisting  of  several  seems  of 


clay  occur ing  in  a  highly  weathered  zone.  A 
concrete  plinth  had  to  be  founded  on  this 
doubtful  foundation  at  an  acceptable  depth. 
Clearly,  total  removal  of  the  entire  weathered 
stuff  was  not  adopted. 

Logani  (1979)  describes  the  techniques  during 
foundation  treatment  of  the  Ullum  Dam, Argentina. 
The  dam  67  m  high  is  founded  on  a  foundation  of 
slaking  and  expansive  type  sedimentary  rock 
that  consists  of  compaction  type  claystone  and 
siltstone,  sandstone  with  clay  and  silt  matrix, 
and  loosely  cemented  conglomerate.  The  treat¬ 
ment  consisted  of  laying  a  concrete  slab,  cut¬ 
offs  and  grouting. 

Pong  Nai-Gouan  (1979)  has  described  the  treat¬ 
ment  of  a  broad  fractured  zone  in  the  foundation 
rock  under  the  concrete  dam  of  Tanchangkou 
Project,  China.  The  110  m  high  dam  had  several 
fractured  zones,  20  to  30  m  wide.  Part  of 
the  weak  bed  rock  was  excavated  and  back-filled 
with  concrete  to  form  a  plug.  A  shallow  cut-off 
wall  with  chemical  grouting  curtain  was  adopted. 
The  behaviour  of  the  dam  was  found  normal  after 
being  in  service  for  several  years. 

Rock  Parameters 

A  revised  'state  of  art'  paper  on  rock  para¬ 
meters  has  been  described  ay  Bhawani  Singh 
(1985).  Attention  has  been  focussed  on  useful¬ 
ness  of  quantitative  lock  mass  classification 
systems  in  assessing  va* ious  chi ;acteristics  of 
rock  mass  eg.  standup  time,  modulus  reduction 
factor,  cohesion  angle,  angle  of  internal 
friction,  allowable  bearing  pressure,  slope  of 
rock  cut  and  great  intake.  Bieniawski's  and 
Barton's  classification  systems  are  considered 
practicable  in  India.  However,  these  findings 
are  of  recent  origin  and  were  not  available  at 
the  time  when  Upper  Aliyar  Dam  was  constructed. 
It  will  be  quite  interesting  to  apply  the 
various  norms  to  the  different  rock  masses 
met  with  in  the  weak  zone  of  Upper  Aliyar  Dam 
and  strive  for  their  proper  classification. 
This  would  constitute  a  separate  study  by 
itself.  Albeit,  the  treatment  to  be  given  for 
weak  zones  will  remain  a  speciality  and  cannot 
ba  stereo  typed . 

Critical  Factors 

It  can  be  safely  assumed  that  crushed  rock  need 
r.ot  cause  any  worry  for  founding  a  structure 
as  long  as  it  has  adequate  bearing  capacity 
and  low  permeability.  The  instant  case  of  weak 
zone  in  the  Upper  Aliyar  Dam  and  the  experience 
gained  thereon  can  be  extrapolated  to  other 
medium  and  minor  structures  as  well. For  example, 
instances  of  meeting  soils  of  varying  degree 
along  the  foundation  of  the  walls  of  a  building 
are  too  common.  Normally,  it  is  the  practice 
to  completely  excavate  such  doubtful  soils  and 
provide  a  uniformly  deep  foundation.  It  will  be 
worthwhile  to  experiment  by  providing  shallow 
foundations  that  would  provide  for  proper 
confinement  of  the  doubtful  soil  which  might  be 
otherwise  strong  for  founding  a  structure. 

Alternative  Solutions 

It  would  be  also  worthwhile  to  try  for 
providing  piles  spread  over  such  doubtful 
locations  in  the  dam  sites  to  take  care  of  the 
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major  problems  of  bearing  capacity.  There  are 
several  methods  available  for  tackling  the 
other  problem  viz.  reducing  percolation. 


CONCLUSION 

a  Simple  concrete  plugs  are  adequate  for 
treating  weak  zones  at  dam  sites. 

b.  The  in- situ  bearing  capacity  of  the  weak 
material  is  the  criterion  for  design  rather 
than  its  unconfined  compressive  strength. 

c.  Confinement  of  weak  material  prevents  perco¬ 
lation  resulting  in  a  foundation  which  is 
adequate. 

d.  It  is  preferable  to  isolate  the  portion  of 
dam  over  weak  zone  by  having  construction 
joints  on  either  side. 

e.  It  is  necessary  to  have  an  observation 

gallery  right  over  the  top  of  weak  zone. 

f.  It  is  preferable  to  mstal  sensitive  instru¬ 
ments  for  monitoring  the  performance  of 
the  weak  zone. 

g.  Random  rubble  masonry  appears  to  be  a  more 

reliable  material  for  construction  of  dam 
as  it  affords  some  sort  cf  flexibility 

during  settlement  etc.  however  minor  they 
may  be.  Solid  concrete  dams  are  more  rigid. 
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SYNOPSIS 


An  instrumentation  program  to  monitor  deformations  and  pore  pressures  in  foundation  soils  during 
construction  of  a  container  wharf  and  backlands  fill  at  the  Port  of  Los  Angeles  is  described  in  this 
paper.  Inclinometers,  vertical  settlement  systems,  and  pneumatic  pore-pressure  transducers  were 
used  to  monitor  the  performance  of  a  silty  clay  during  various  phases  of  container  wharf  and  back- 
lands  construction.  Results  of  the  monitoring  program  and  their  impacts  on  wharf  construction  are 
presented  and  discussed.  Instrumentation  program  refinements  that  were  required  during  data 
gathering  and  interpretation  are  also  noted. 


INTRODUCTION 

A  geotechnical  instrumentation  program  was 
carried  out  in  1986  and  1987  for  the  Port  of 
Los  Angeles  (POLA)  as  part  of  a  container  wharf 
and  backlands  improvement  project.  The  program 
involved  placing  instrumentation  in  and  beneath 
a  quarry-run  dike  that  had  been  constructed 
across  a  berth  in  Los  Angeles  Harbor.  This  in¬ 
strumentation  was  used  to  monitor  soil  settle¬ 
ment,  lateral  soil  displacement,  and  excess 
pore  water  pressures  as  a  function  of  time 
after  dike  and  backlands  construction. 

Information  collected  during  this  program  was 
used  to  decide  whether  or  not  sufficient  set¬ 
tlement  and  lateral  movement  had  taken  place  in 
fine-grained  soil  to  allow  installation  of  pro¬ 
duction  piles  through  the  quarry-run  dike. 
Information  from  the  instrumentation  program 
also  was  used  to  evaluate  whether  or  not  verti¬ 
cal  and  lateral  movement  of  the  pile-dike 
system  was  within  anticipated  and  tolerable 
magnitudes  following  the  installation  of  pro¬ 
duction  piles. 

This  paper  describes  procedures  used  to  instru¬ 
ment  the  dike  and  soil  and  presents  instrumen¬ 
tation  data  collected  through  October  1987. 
Effects  of  dike  and  backlands  construction, 
production  pile  installation,  and  the  1987 
Whittier  Narrows  earthquake  on  soil  response 
are  discussed. 

BACKGROUND 

The  POLA  project  involved  expansion  of  an  ex¬ 
isting  marine  terminal  located  along  the  main 
channel  of  Los  Angeles  Harbor.  Improvements  to 
the  terminal  included  constructing  a  600-foot- 
long  quarry-run  (rockfill)  dike  across  the 
front  of  a  40-feeu-deep  berth  and  filling  the 
berth  behind  the  dike  with  approximately 
450,000  cubic  yards  of  sand  fill.  Over  500 
twenty-four-inch  octagonal,  prestressed  con¬ 
crete  piles  were  installed  through  the  quarry- 
run  dike  to  support  a  new  concrete  deck. 


Field  explorations  and  laboratory  testing  of 
soil  during  the  design  phase  of  the  project 
revealed  that  foundation  soil  beneath  the 
quarry-run  dike  is  composed  of  nearly  60  feet 
of  low  plasticity  silty  clay  and  clayey  silt 
over  a  very  dense  sand  (Erickson,  et  al., 

1986) .  The  fine-grained  soil  is  moderately 
over-consolidated  with  undrained  shearing 
strengths  typically  greater  than  1000  psf.  The 
underlying  sand  is  very  dense,  with  blow  counts 
from  the  Standard  Penetration  Test  (SPT)  typi¬ 
cally  greater  than  100  blows  per  foot  (bpf)  and 
friction  angles  in  excess  of  35  degrees. 

In  the  berth  area,  construction  of  the  dike  and 
filling  of  the  backlands  resulted  in  the  addi¬ 
tion  of  nearly  60  feet  of  soil  and  rock.  The 
change  in  stress  from  the  backlands  fill  mate¬ 
rial  and  the  quarry-run  dike  was  predicted  to 
cause  up  to  27  inches  of  vertical  movement  and 
13  inches  of  horizontal  movement  in  the  fine¬ 
grained  soil  over  the  50-year  design  life  of 
the  structure.  Approximately  70  percent  of 
this  movement  was  estimated  to  occur  during 
primary  consolidation.  Ninety  percent  of  the 
primary  consolidation  was  expected  to  occur 
within  60  days  of  placing  the  quarry-run  dike 
and  backlands  fill. 

The  magnitude  of  predicted  horizontal  movement 
created  a  significant  design  issue.  If  piles 
were  driven  before  this  horizontal  movement 
occurred,  they  would  be  subjected  to  lateral 
loads  from  the  displacing  soil.  Lateral  pile 
load  analyses  using  COM624  (Reese  and  Sullivan, 
1980)  revealed  that  allowable  bending  stresses 
in  the  piles  might  be  exceeded  because  of  the 
soil  loading. 

In  view  of  the  potential  effects  of  lateral 
soil  movement,  it  was  decided  that  the  quarry- 
run  dike  should  be  built  and  the  backlands 
filled  before  the  piles  for  the  wharf  were  in¬ 
stalled.  Furthermore,  it  was  decided  that  the 
amount  and  rate  of  vertical  soil  movement, 
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lateral  soil  movement,  and  pore  water  pressure 
dissipation  should  be  monitored  to  assure  that 
at  least  70  percent  of  the  primary  consolida¬ 
tion  and  associated  lateral  movement  had  oc¬ 
curred  before  production  piles  were  driven. 
Lateral  soil  movement  occurring  after  70  percent 
primary  consolidation  would  result  in  stresses 
within  the  piles,  but  those  stresses  were  pre¬ 
dicted  to  be  within  allowable  levels. 

INSTRUMENTATION 

Four  clusters  of  instruments  were  installed  in 
the  quarry-run  dike  (Figure  1) .  Each  cluster 
included  one  inclinometer  casing,  one  Sondex 
system,  one  surface  settlement  plate,  and  two 
pneumatic  piezometers.  Instrumentation  was 
manufactured  by  the  Slope  Indicator  Company 
(SINCO) . 

The  casing  used  in  the  inclinometer  installa¬ 
tion  extended  from  the  top  of  the  dike  (eleva¬ 
tion  +6  mllw)  through  the  fine-grained  soil 
into  the  dense  sand,  ending  at  approximately 
elevation  -125  feet.  Figure  2  shows  a  cross 
section  of  the  soil  profile  and  inclinometer 
locations. 

The  Sondex  system  extended  from  the  top  of  the 
dike  to  elevation  -105  feet.  The  Sondex  system 
consists  of  a  corrugated  plastic  tube  fitted 
with  stainless  steel  sensing  rings.  Sensing 
rings  were  attached  to  the  tubing  at  approxi¬ 


mately  2.5-  and  5-foot  intervals  through  the 
fine-grained  material  zone.  As  the  soil  set¬ 
tles,  the  corrugated  tubing  collapses  in  pro¬ 
portion  to  the  soil  settlement,  causing  the 
sensing  rings  to  move  together.  The  change  in 
position  of  the  sensing  rings  is  measured  by 
lowering  a  sensing  probe  down  the  tubing.  Set¬ 
tlement  is  determined  by  measuring  the  relative 
distance  between  rings  located  in  the  fine¬ 
grained  soil  and  a  bottom  "anchor"  ring  which 
is  located  (fixed)  in  the  lower  dense  sand. 

Settlement  monuments  were  used  to  record  set¬ 
tlement  caused  by  densification  of  the  dike 
material  and  settlement  caused  by  consolidation 
of  the  underlying  fine-grained  soil.  During 
the  field  monitoring  phase  of  the  program,  sur¬ 
vey  elevations  were  also  taken  on  top  of  6-inch- 
diameter  steel  casirgs  that  were  installed  to 
protect  the  instrumentation  systems  within  the 
quarry-run  dike. 

Pore  water  pressur .  was  monitored  using  pneu¬ 
matic  push-in  pore  pressure  transducers.  These 
were  conventional  SINCO  pneumatic  transducers 
that  were  fitted  with  a  pushing  mandrel  and  a 
stainless  steel  push  tip. 

INSTALLATION 

The  instruments  were  installed  through  6-inch- 
diameter  steel  casings  that  were  driven  through 


the  quarry-run  material.  The  purpose  of  the 
casing  was  to  protect  the  instrumentation 
through  the  quarry-run  dike  and  provide  a  cased 
hole  through  which  a  rotary  mud  drill  rig  could 
be  used  to  drill  in  the  soil  beneath  the 
quarry-run  material. 

For  each  cluster  of  instrumentation,  the  bore¬ 
hole  for  the  inclinometer/Sondex  system  was 
drilled  and  sampled  first  since  this  was  the 
deepest  borehole  of  a  cluster,  extending 
through  the  fine-grained  soil  into  the  lower 
dense  sand.  The  inclinometer  casing  was  placed 
inside  the  Sondex  tubing  and  the  two  were  in¬ 
stalled  as  a  single  unit.  This  combined  in¬ 
stallation  isolated  the  inclinometer  casing 
from  downdrag  caused  by  soil  settlement,  elim¬ 
inated  the  need  for  telescoping  couplings  in 
the  inclinometer  system,  and  reduced  the  number 
of  boreholes,  thus  allowing  data  to  be  gathered 
at  an  earlier  date.  The  accuracy  of  the  Sondex 
sensing  probe  was  not  affected  by  the  inclino¬ 
meter  casing. 

The  anchor  point  for  the  inclinometer  casing 
was  approximately  20  feet  into  the  lower  dense 
sand  layer.  A  Sondex  ring  was  mounted  on  the 
inclinometer  casing  below  the  bottom  of  rhe 
Sondex  tubing  and  just  above  the  bottom  of  the 
hole.  Since  the  inclinometer  casing  is  rela¬ 
tively  rigid  from  top  to  bottom,  any  changes 
measured  in  this  distance  represented  Sondex 
cable  stretch.  The  outside  of  the  Sondex  tub¬ 
ing  was  grouted-in  using  a  low  strength  grout 
mix. 


The  pore  pressure  transducers  were  installed  in 
boreholes  that  were  drilled  to  approximately 
24  inches  above  the  desired  depth  of  the  trans¬ 
ducer.  The  soil  profile  revealed  during  drill¬ 
ing  for  the  inclinometer/Sondex  system  was  used 
as  a  basis  for  selecting  the  installation 
depth.  Once  the  borehole  was  drilled  to  the 
appropriate  depth,  the  transducer  was  tied  to  a 
push  mandrel  that  was  mounted  on  a  section  of 
drill  rod,  lowered  to  the  bottom  of  the  bore¬ 
hole,  and  pushed  into  the  soil.  Prior  to  in¬ 
stallation,  the  porous  stone  for  the  transducer 
was  saturated  for  24  hours.  The  transducer  as¬ 
sembly  was  sealed  in  a  thin,  water-filled  plas¬ 
tic  bag  to  protect  it  from  drilling  mud  and  to 
maintain  tip  saturation.  After  installation 
the  borehole  was  filled  to  the  surface  with  a 
bentonite-cement  grout. 

DATA  MONITORING  AND  INTERPRETATION 

Data  from  each  instrumentation  system  were  re¬ 
corded  immediately  after  installation  and  at 
regular  intervals  thereafter.  Initially,  the 
recording  intervals  were  relatively  close, 
i.e.,  weekly  to  biweekly.  The  interval  was  in¬ 
creased  to  monthly  and  later  every  3  months 
when  the  change  in  data  indicated  that  settle¬ 
ment,  pore  pressure  change,  and  lateral  move¬ 
ment  were  relatively  slow. 

The  inclinometer  data  were  interpreted  using 
the  computer  program  PC-SLIN.  The  PC-SLIN  pro¬ 
gram  is  a  proprietary  program  developed  by 
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Geo-Slope  Programming  Ltd.  of  Calgary,  Alberta. 
This  program  is  written  so  that  the  accuracy  of 
input  data  can  be  checked,  the  performance  of 
the  inclinometer  probe  can  be  evaluated,  and  a 
variety  of  data  sets  can  be  obtained  and 
plotted. 

The  Sondex  data  were  interpreted  by  determining 
the  distance  between  the  anchor  ring  and  the 
reference  rings.  In  November  1986  it  was  real¬ 
ized  that  the  instrument  cable  used  to  record 
the  depths  of  the  Sondex  rings  was  undergoing 
"negative  stretch."  Apparently  as  the  cable 
aged  some  of  its  elastomers  evaporated,  making 
the  cable  stiffer  and  hence  shorter  under  the 
same  sensor  probe  weight.  This  problem  was 
corrected  by  using  a  steel  measuring  tape  to 
lower  and  measure  the  location  of  the  Sondex 
probe. 

The  total  pore  water  pressure  was  recorded  by 
each  piezometer.  To  evaluate  the  percentage  of 
settlement  that  had  occurred,  it  was  necessary 
to  determine  the  excess  pore  water  pressure. 
This  involved  subtracting  the  hydrostatic  com¬ 
ponent  of  pore  pressure  from  the  total  pore 
pressure  reading  after  apply:  g  a  tidal  cor¬ 
rection.  The  tidal  correction  factor  was  de¬ 
termined  by  monitoring  the  pressure  change  over 
a  tidal  cycle  on  two  occasions. 

RESULTS 

The  instrumentation  system  has  been  monitored 
for  over  400  days,  as  of  mid-October  1987. 
During  this  period,  the  backlands  area  was 
filled,  test  piles  were  driven,  and  production 
piles  were  installed.  Table  1  summarizes  key 
events,  dates,  and  elapsed  time  during  the  mon¬ 
itoring  period. 

Inclinometer  profile  plots  for  clusters  1,  2, 
and  3  at  five  different  times  after  installa¬ 
tion  are  shown  in  Figure  3.  Two  of  the  five 
profiles  for  each  inclinometer  show  measure¬ 
ments  before  production  piles  were  driven,  and 


three  show  measurements  after  production  piles 
were  driven.  These  plots  summarize  the  change 
in  horizontal  location  of  the  inclinometer  cas¬ 
ing  relative  to  initial  installation.  Movement 
to  the  right  (positive  values)  indicates  move¬ 
ment  towards  the  main  channel;  i.e.,  outward 
from  the  axis  of  the  dike.  The  depths  shown  on 
these  plots  are  the  distances  below  elevation 
+6  feet,  which  was  the  top  of  the  dike  at  the 
time  of  installation. 

Settlements  for  each  cluster  recorded  during 
the  Sondex  program  and  during  level  surveys  are 
summarized  as  a  function  of  time  since  instal¬ 
lation  in  Figure  4 .  Figure  5  shows  the  change 
in  excess  pore  water  pressure  with  time. 


Table  1 

KEY  EVENTS  DURING  MONITORING  PERIOD 


Event 

Date 

Elapsed  Time 

Dike  Instrument 

Start  of  dike  construction 

6/13/86 

0 

- 

Dike  at  elevation  +6  feet 

7/20/86 

37 

~ 

Instrumentation  Installed 

8/12/86  to 
8/28/86 

60-76 

0 

Test  piles  driven 

10/01/86  to 

110 

34-50 

10/27/86 

136 

60-76 

Production  piles  driven 

12/19/86  to 

189 

113-129 

4/15/87 

307 

231-247 

Hhittier  Narrows  EQ 

10/01/87 

476 

400-416 

Last  data  set 

10/14/87 

490 

414-430 

CLUSTER  3 
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Figure  5 
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as  a  Function  of  Time 
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DATA  REVIEW 

The  monitoring  period  was  broken  into  four  time 
periods  for  the  purpose  of  data  review.  These 
periods  include  initial  (baseline)  conditions, 
before  and  after  test  pile  installation,  before 
and  after  production  pile  installation,  and 
post  construction. 

Baseline  Conditions 

A  set  of  data  was  collected  for  each  instrument 
immediately  after  all  instruments  within  the 
cluster  had  been  installed.  The  baseline  data 
represented  conditions  on  the  day  that  each 
cluster  of  instruments  was  read  and,  therefore, 
served  as  initial  conditions  for  subsequent 
readings. 

The  baseline  data  did  not  represent  initial 
conditions  at  the  end  of  dike  construction, 
since  they  were  first  monitored  approximately 
3  to  5  weeks  after  the  dike  reached  an  eleva¬ 
tion  of  +6  feet.  One  of  the  objectives  of  the 
instrumentation  program  was  to  decide  whether 
or  not  sufficient  settlement  and  horizontal 
movement  had  taken  place  to  install  the  produc¬ 
tion  piles;  therefore,  it  was  necessary  to  es¬ 
timate  what  the  settlement  and  excess  pore 
pressure  would  have  been  if  the  instrumentation 
had  been  installed  before  construction.  This 
information  was  then  used  to  decide  how  much 
additional  pore  pressure  dissipation,  settle¬ 
ment.  and  horizontal  movement  would  have  to 
occur  before  production  piles  could  be  driven. 

Based  on  the  ratio  of  measured  excess  pore 
pressure  to  the  estimated  value  of  initial  ex¬ 
cess  pore  pressure,  the  average  degree  of  con¬ 
solidation  was  estimated  to  range  from  60  to 
70  percent  at  the  time  of  baseline  monitoring. 
This  suggested  that  6  to  8  inches  of  settlement 
had  probably  occurred  before  the  instrumenta¬ 
tion  system  had  been  installed. 

Test  Pile  Installation 

Test  piles  were  installed  during  October  of 
1986,  approximately  35  to  75  days  after  instru¬ 
ment  installation.  The  rate  of  soil  settlement 
before  test  pile  installation  was  fairly  small. 
Typically  1^2  inch  or  less  of  soil  settlement 
was  recorded  by  the  Sondex  system.  This  is 
consistent  with  pore  pressure  data,  which  sug¬ 
gested  that  much  of  tha  excess  pore  pressure 
had  dissipated  before  the  instrumentation  was 
placed. 

Typically,  the  test  piles  were  driven  40  feet 
or  more  from  the  nearest  instrument  cluster 
(Figure  2) .  A  test  pile  was  driven  approxi¬ 
mately  10  feet  from  cluster  4  on  October  2, 
1986.  During  installation  of  the  test  pile, 
water  from  the  pile  jetting  operation  was  ob¬ 
served  to  spout  from  the  top  of  the  inclinom¬ 
eter  casing.  Later  when  an  attempt  was  made  to 
obtain  inclinometer  readings  in  cluster  4, 
sediment  was  found  to  be  accumulating  in  the 
casing.  The  cluster  4  location  was  subse¬ 
quently  abandoned. 

The  effects  of  test  pile  driving  included  in¬ 
creased  settlement  and  excess  pore  water  pres¬ 
sure.  The  amount  of  -lettlement  ranged  from 
less  than  1/2  inch  to  more  than  2  inches;  ex¬ 
cess  pore  pressures  increased  by  several  pounds 
per  square  inch  (psi) .  The  settlement  was  most 


pronounced  for  the  surface  monuments.  Very 
little  settlement  was  recorded  by  the  Sondex 
system.  This  suggests  that  most  settlement 
resulted  from  densification  of  the  quarry  run 
material.  No  visible  effects  occurred  in  the 
inclinometer  readings. 

It  was  concluded  from  these  measurements  that 
test  pile  driving  caused  localized  increases  in 
pore  pressure  in  the  fine-grained  soil  and  lo¬ 
calized  settlement  of  the  quarry-run  material, 
but  no  permanent  horizontal  movement  or  notice¬ 
able  increases  in  fine-grained  soil  settlement. 

Production  Pile  Driving 

Production  pile  driving  began  on  December  19, 
1986,  and  concluded  in  mid-April  of  1987.  Dur¬ 
ing  this  period  over  500  piles  were  driven. 
Driving  was  initiated  approximately  25  feet 
south  of  cluster  4  and  continued  north  along 
the  dike  section  passing  cluster  3  on  approxi¬ 
mately  January  12,  1987;  cluster  2  on  approxi¬ 
mately  January  23,  1987;  and  cluster  1  on 
February  10,  1987. 

By  the  start  of  production  pile  driving  approx¬ 
imately  1.5  to  2.5  inches  of  settlement  had 
been  recorded  by  the  Sondex  settlement  system 
and  by  taking  elevations  on  the.  top  of  the  pro¬ 
tective  casing.  This  meant  that  total  settle¬ 
ment  from  the  start  of  dike  construction  was 
roughly  8  to  11  inches.  The  required  amount  of 
settlement  before  pile  driving  could  begin  was 
estimated  to  be  9  to  10  inches;  hence  the  set¬ 
tlement  data  suggested  that  production  pile 
driving  could  begin  with  minimum  risk.  Excess 
pore  water  pressure  data  indicated  that  excess 
pore  pressures  were  less  than  3  psi  by  Decem¬ 
ber  19,  1986,  This  corresponded  to  an  average 
consolidation  of  80  percent,  which  was  greater 
than  the  70  percent  required  for  production 
pile  driving  to  start.  Inclinometer  data  sug¬ 
gested  that  horizontal  movement  of  the  soil 
between  installation  and  the  last  recording 
date  before  production  pile  driving  varied  from 
1/2  to  3/4  inch  in  the  fine-grained  coil.  An 
additional  1/2  to  1  inch  of  horizontal  movement 
apparently  occurred  in  the  quarry-run  material. 

Production  pile  driving  had  significant  effects 
on  all  of  the  instrumentation.  Settlement  data 
indicate  that  5  to  15  inches  of  soil  settlement 
occurred  as  a  result  of  production  pile  driv¬ 
ing.  Settlement  at  clusters  1  and  2  was  ap¬ 
proximately  5  inches,  whereas  settlement  at 
clusters  3  and  4  was  nearly  x5  inches.  Survey 
data  for  the  surface  monument  and  the  instru¬ 
mentation  casing  clearly  showed  that  settlement 
increased  as  pile  driving  approached. 

Excess  pore  pressures  increased  dramatically 
during  production  pile  driving.  At  cluster  4 
the  excess  pore  pressure  was  35  psi  immediately 
after  driving.  A  maximum  pore  pressure  in  ex¬ 
cess  of  30  psi  was  also  recorded  at  cluster  3. 
These  levels  of  pore  pressure  nearly  exceed  the 
effective  overburden  stress  at  the  transducer 
elevations.  Dissipation  times  for  the  excess 
pore  pressures  were  greater  than  2  months. 

The  inclinometer  data  show  that  13  to  15  inches 
of  movement  occurred  at  the  top  of  the  quarry- 
run  dike  during  production  pile  driving.  This 
movement  decreased  somewhat  linearly  with 
depth,  with  no  appreciable  movement  occurring 
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below  elevation  -80  feet.  Closer  inspection  of 
the  inclinometer  data  suggests  that  the  steel 
protective  casing  in  the  quarry-run  material 
rotated  approximately  1  degree  during  produc¬ 
tion  pile  installation  and  that  the  soil 
beneath  the  quarry-run  material  displaced 
approximately  4  to  5  inches. 

Post  Construction 

The  last  production  pile  was  driven  on  approxi¬ 
mately  April  15,  1987.  Since  that  date  numer¬ 
ous  construction  activities  have  taken  place  at 
the  project  site,  but  none  cf  these  involved 
subsurface  work  such  as  pile  driving  or  the 
addition  of  appreciable  foundation  loads.  With 
the  exception  of  the  Whittier-Narrows  earth¬ 
quake  on  October  1,  1987,  the  foundation  soil 
was  subjected  to  constant  stresses  from  the 
dike  and  backland  fills  during  this  post¬ 
construction  period. 

Pore  pressure  values  from  mid-April  to  mid- 
October  of  1987  continue  to  decrease  slightly 
or  are  relatively  constant.  The  magnitude  of 
the  excess  pore  pressures  as  of  October  14  was 
typically  1.5  psi  or  less.  This  represents 
roughly  90  percent  consolidation  or  more.  At 
least  u  portion  of  the  remaining  excess  pore 
pressure  could  be  attributed  to  uncertainties 
in  correcting  for  tidal  pressure  effects.  One 
excursion  occurred  consistently  on  all  records 
approximately  400  days  after  the  start  of  moni¬ 
toring.  This  slight  increase  of  approximately 
0.5  psi  was  measured  at  about  2:45  p.m,  on  Oc¬ 
tober  1,  1987,  approximately  7  hours  after  the 
Whittier-Narrows  earthquake.  The  epicenter  for 
this  earthquake  was  over  20  miles  from  the 
project.  These  excess  pore  pressures  returned 
to  levels  recorded  before  October  1,  1987,  by 
the  next  data  recording  period,  which  was 
2  weeks  later. 

Results  of  Sondex  measurements  suggest  that 
approximately  1  inch  of  settlement  has  occurred 
in  the  soil  since  the  end  of  production  pile 
driving.  The  rate  of  Sondex  settlement  appears 
to  be  decreasing  with  elapsed  time,  consistent 
with  the  normal  consolidation  and  secondary 
compression  processes.  Settlements  from  the 
protective  casing  are  generally  consistent  with 
the  Sondex  data.  Significant  jumps  in  the  pro¬ 
tective  casing  data  in  September  are  thought  to 
be  caused  by  construction  activities.  No  in¬ 
creases  in  settlement  were  noted  after  the 
Whittier-Narrows  earthquake. 

Inclinometer  data  suggest  that  approximately 
1  inch  of  outward  movement  has  occurred  at  the 
top  of  the  dike  since  mid-April.  Less  than 
3/4  inch  of  outward  movement  has  been  recorded 
in  the  fine-grained  soil  (below  elevation 
-60  feet)  during  the  same  period.  No  horizon¬ 
tal  movement  was  detected  during  the  earthquake. 

DISCUSSION  OF  RESULTS 

Results  of  the  instrumentation  program  were 
relatively  consistent  with  settlement  predic¬ 
tions  for  dike  and  backlands  loads.  These  pre¬ 
dictions  were  based  on  results  of  laboratory 
consolidation  tests  and  three-dimensional  elas¬ 
tic  stress  estimates.  The  computer  program 
FEADAM84  (Duncan  et  al.,  1984)  was  also  used  to 
estimate  stresses  for  different  stages  of  con¬ 
struction.  The  magnitude  of  settlements  and 


lateral  soil  movement  during  production  pile 
driving  was,  however,  much  greater  than  antic¬ 
ipated.  This  observation,  along  with  the  ob¬ 
served  pore  pressure  increase  during  the 
Whittier-Narrows  earthquake  warrants  additional 
comment . 

Production  Pile  Driving 

It  was  clear  from  the  recorded  data  that  pro¬ 
duction  pile  driving  caused  very  large  in¬ 
creases  in  pore  pressure.  These  increases  were 
attributed  to  the  combined  effects  of  soil  dis¬ 
placement  during  driving  and  the  large  jetting 
pressures  that  were  used  to  assist  in  pile 
installation.  While  both  conditions  can  logi¬ 
cally  result  in  pore  pressure  increase,  the 
magnitude  of  increase  was  surprising.  It  was 
originally  postulated  that  the  vent  channel 
associated  with  jetting  would  minimize  the  cav¬ 
ity  expansion  component  of  pore  pressure  in¬ 
crease.  This  vent  channel  was  also  expected  to 
dissipate  most  excess  pore  pressures  immedi¬ 
ately  after  the  end  of  pile  driving.  Pore 
pressure  data  indicate  that  excess  pressures 
did  not  immediately  dissipate.  Rather,  they 
dissipated  m  much  the  same  manner  as  was  re¬ 
corded  for  dike  loading.  This  suggests  that 
the  entire  area  underwent  a  pore  pressure 
increase. 

A  substantial  amount  of  settlement  was  also 
recorded  as  a  result  of  pile  installation. 
Changes  in  pore  pressure  in  the  soil  do  not 
appear  to  explain  the  magnitude  of  these  set¬ 
tlements.  It  is  believed  that  at  least  some 
settlement  could  be  due  to  remolding  and  actual 
loss  of  soil  during  the  pile  jetting  sequence. 

Up  to  13  inches  of  movement  in  the  quarry  run 
material  were  recorded.  Movement  of  the  steel 
casing  probably  resulted  from  a  combination  of 

(1)  densification  of  the  quarry-run  material, 

(2)  lateral  stresses  from  the  fill  material  on 
the  shoreward  side  of  the  dike,  and  (3)  pore- 
pressure-related  losses  *  bearing  support  be¬ 
neath  the  channel  side  of  the  dike.  Movement 
of  the  soil  in  excess  of  an  inch  starts  approx¬ 
imately  at  elevation  -80  feet.  This  indicates 
that  the  lower  clay  layer  was  being  stressed 
sufficiently  to  deform.  Movement  seems  to  in¬ 
crease  in  the  upper  clay  layer  that  exists 
between  elevation  -65  and  -75  feet.  It  is 
postulated  that  immediately  after  pile  driving 
shearing  forces  induced  by  the  sand  fill  behind 
the  dike  temporarily  exceeded  the  strength  of 
this  clay  layer.  This  would  require  that  a 
loss  in  soil  strength  occurred  somewhere  along 
the  shearing  plane  during  pile  driving,  pos¬ 
sibly  at  the  toe  of  the  embankment  where  over¬ 
burden  stresses  were  low  and  high  pore  pressures 
had  developed.  This  loss  in  soil  strength 
could  have  resulted  from  a  combination  of 
liquefaction  within  the  sand  layer,  high  pore 
pressures  within  the  clay  layer,  and  material 
loss  during  jetting.  Figure  6  illustrates  this 
concept. 

Whittier-Narrows  Earthquake 

The  Whitter-Narrows  earthquake  appears  to  have 
caused  an  increase  in  pore  pressures  within  the 
fine-grained  soil  of  approximately  0.5  psi. 

The  magnitude  of  this  increase  is  somewhat  sur¬ 
prising,  given  the  distance  from  the  epicenter 
and  the  magnitude  of  the  earthquake  (M=5.9). 
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Figure  6 

Potential  Mechanism 
for  Dike  Movement 


It  was  estimated  that  accelerations  at  the  top 
of  the  dense  sand  layer,  nearly  100  feet  below 
the  ground  surface,  would  be  less  than  0.05  g. 
The  shearing  strain  in  the  fine-grained  soil 
was  estimated  to  be  as  high  as  0.05  percent. 
This  level  of  shearing  strain  was  apparently 
high  enough  to  result  in  residual  excess  pore 
pressures.  The  level  of  pore  pressure  increase 
was  small  enough  that  no  horizontal  or  vertical 
movements  were  recorded  with  the  Sondex  settle¬ 
ment  system  and  the  inclinometer  system. 

CONCLUSIONS 


o  Production  pile  driving  caused  large 
increases  in  pore  pressure,  signifi¬ 
cant  settlement,  and  lateral  move¬ 
ment.  The  amount  of  pore  pressure 
increase  was  as  high  as  35  psi. 

Nearly  10  inches  of  settlement  oc¬ 
curred  at  some  cluster  locations. 
Inclinometer  data  showed  that  approx¬ 
imately  12  inches  of  lateral  movement 
occurred  at  the  top  of  the  dike  and 
from  4  to  5  inches  in  the  soil  be¬ 
neath  the  dike. 

o  Very  little  settlement  or  horizontal 
movement  has  taken  place  since  the 
end  of  production  pile  driving.  Set¬ 
tlements  have  typically  been  less 
than  2  inches;  lateral  movement  has 
been  less  than  an  inch.  Excess  pore 
pressures  are  generally  ’esc  than 
2  psi.  Secondary  compression  of  the 
soil  appears  to  be  under  way. 

The  instrumentation  program  was  a  significant 
benefit  to  the  Berths  225-229  project.  For 
future  projects  involving  the  same  design  is¬ 
sues,  consideration  should  be  given  to  install¬ 
ing  a  similar  instrumentation  array  to  monitor 
soil  behavior.  If  feasible,  instrumentation 
used  in  any  future  array  should  be  installed 
before  dike  construction. 


Results  of  the  instrumentation  program  were 
used  to  decide  that  production  piles  could  be 
driven  beginning  in  mid-December  of  1986.  In¬ 
strumentation  data  collected  before  and  after 
production  pile  driving  indicated  that  ground 
movements  occurring  during  production  pile 
driving  were  within  tolerable  levels  in  terms 
of  pile  capacity.  Data  also  suggested  that  the 
wharf-dike  system  should  continue  to  perform 
satisfactorily  in  the  future. 

The  following  additional  specific  conclusions 
were  reached  during  this  instrumentation 
program. 

o  The  instrumentation  proved  to  be  rel¬ 
atively  easy  to  install  and  very 
reliable  from  the  standpoint  of  oper¬ 
ation.  The  only  change  in  monitoring 
procedure  involved  using  a  steel 
measuring  tape  rather  than  the  Sondex 
instrument  cable  to  measure  depths. 

o  Baseline  measurements  taken  approxi¬ 
mately  3  to  5  weeks  after  completion 
of  the  dike  to  an  elevatic  of 
+6  feet  indicated  that  60  to  70  per¬ 
cent  of  the  excess  pore  pressure  had 
dissipated  in  the  various  fine¬ 
grained  soil  layers  beneath  the  dike 
by  che  start  of  the  monitoring  period 
and  that  6  to  8  inches  of  settlement 
had  occurred.  Pore  pressure  readings 
determined  that  excess  pore  pressures 
were  from  4  to  8  psi,  representing 
60  to  70  percent  consolidation. 

o  Test  pile  driving  caused  localized 
buildups  in  excess  pore  pressures. 
These  pore  pressures  dissipated 
quickly.  Settlement  also  occurred. 
Most  of  the  settlement  appeared  to  be 
within  the  quarry-run  material. 
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ABSTRACT:  An  existing  30  feet  high  debris  basin  embankment  has  been  found  to  be  severely  cracked  longitudinally.  Few 
investigations  or  analysis  of  longitudinal  cracking  are  reported.  This  paper  presents  the  results  of  a  finite  element 
analysis  using  in  situ  properties  of  the  soils  and  gives  recommendations  tor  future  use  of  the  FEM  for  cracking  studies  at 
existing  dams. 


INTRODUCTION 

Cracking  has  been  a  problem  for  earth  dams  in  many  loca¬ 
tions  of  the  southwestern  United  States.  Generally,  the 
cracking  causing  most  concern  has  been  transverse  to  the 
center  line  of  the  dam  and  has  been  felt  to  be  the  result 
of  desiccation  or  differential  settlement.  Little 
investigation  or  analysis  has  been  done  when  longitudinal 
cracking  is  the  major  problem  and  the  foundation  mate¬ 
rials  are  coarse  grained  and  moisture  sensitive. 

Sand  H  Debris  Basin,  Monroe,  Utah,  typifies  an  earthen 
dam  experiencing  significant  longitudinal  cracking  on  the 
downstream  slope  with  minor  cracking  on  the  upstream 
slope.  The  evaluation  of  the  safety  of  this  dam,  using  a 
conventional  c  and  0  approach,  has  not  been  satisfactory. 
It  can  not  correctly  predict  the  stresses  and  strains 
associated  with  cracked  zones  in  the  embankment  together 
with  the  kinematics  of  displacement  and  modeling  of  these 
zones  when  using  c  and  0  parameters  m  the  model.  This 
paper  presents  the  results  of  a  finite  element  (FEM) 
evaluation  of  this  site  using  quality  in  situ  data 
directly  in  the  FEM  model. 


LOCAL  GEOLOGY  AND  EMBANKMENT  HISTORY 

The  site  is  located  at  the  eastern  edge  of  the  Basin  and 
Range  Province  in  the  Colorado  Plateau-Sevier  Plateau 
physiographic  area  of  Utah.  The  embankment  is  construc¬ 
ted  on  fan  debris  flow  deposits  in  the  upper  area  of  an 
alluvial  fan  developed  at  the  confluence  of  Sand  Canyon 
and  H  Canyon  ephemeral  steams.  A  commercially  operated 
hot  spring  is  located  north  and  upstream  of  the  structure 
in  the  proximity  of  the  Sevier  Fault  which  is  about  1,000 
feet  upstream  of  the  center  line  and  is  considered  to  be 
an  active  fault. 

The  materials  comprising  the  foundation  are  stratifed 
gravels,  sands,  and  silts.  The  gravels  contain  less  than 
15  percent  silt-size  particles  with  12-mch  maximum  size. 
The  sands  contain  approximately  30  percent  silt-size 
particles  with  3-inch  maximum  size  and  the  silt  has  a  low 
plastic  consistency  with  some  clay-size  particles.  The 
classification  of  these  materials  using  the  Unified  Soil 
Classification  classifies  the  gravels  as  GP-GC  and  GM, 
the  sands  as  SP-SM,  SM-SC,  and  SM  and  the  silts  as  ML-CL 
and  ML. 

The  debris  basin  was  designed  m  1969,  and  constructed  in 
1971,  as  a  zoned  embankment  with  a  14-foot  top  width,  2H 


to  IV  downstream  slope,  3H  to  IV  upstream  slope  and  had  a 
maximum  height  at  the  center  line  of  30  feet.  The  central 
zone  (Zone  1),  consisted  of  a  uniformly  blended,  well- 
graded  mixture  of  small  cobbles,  gravels,  sands,  and  silts 
with  a  minimum  of  15  percent  passing  the  No.  200  sieve. 

The  shell  zones  (Zone  III),  consisted  of  a  uniformly 
blended  mixture  of  cobbles,  gravels,  sands,  and  silts  con¬ 
taining  a  maximum  rock  size  of  twenty-four  (24)  inches.  A 
vertical  and  horizontal  drainage  zone  (Zone  II),  down¬ 
stream  of  the  center  line  of  the  embankment  consisted  of  a 
graded  gravel  filter  containing  no  more  than  3  percent 
passing  the  No.  200  sieve,  85  to  55  percent  passing  the  IJj 
inch,  and  10  to  30  percent  passing  the  No.  20. 

In  1984,  it  was  reported  that  significant  cracking  was 
observed  on  the  downstream  slope  of  the  embankment 
between  the  two  outlet  channels  for  the  two  principal 
spillways.  In  addition  to  the  cracking  on  the  embank¬ 
ment,  several  depressions  were  found  on  a  football  prac¬ 
tice  field,  constructed  in  1979,  and  on  the  reservoir 
floor.  The  major  depression  on  the  practice  field  and 
the  reservoir  floor  are  located  downstream  and  upstream 
in  the  general  area  of  the  major  cracking  on  the 
embankment.  These  features  are  located  on  a  line  that  is 
approximately  perpendicular  with  the  center  line  of  the 
structure. 

The  cracking  consists  of  three  (3)  major  longitudinal 
cracks  at  approximately  10  feet,  12.5  feet,  and  17  feet, 
vertically,  above  the  downstream  toe.  The  crack  traces 
are  generally  parallel  to  the  center  line  but  are  wavey 
and  splintered  in  some  places  with  all  of  the  cracks  con¬ 
verging  into  one  major  crack  which  curves  down  across  the 
left  principal  spillway  berm.  Since  discovery  in  1984, 
the  cracks  have  enlarged  to  a  total  displacement  of  12- 
inches  wide,  with  a  depth  of  54  inches.  Additionally,  a 
new  crack  was  found  on  the  upstream  slope  of  the  embank¬ 
ment.  This  illustrates  the  kinematics  of  the  situation. 


FEM  'FEADAM'  MODELING 

The  program  used  throughout  this  study  was  an  IBM  PC  ver¬ 
sion  of  a  computer  program  written  by  Duncan  et  al. 
(1980a)  and  is  titled  Finite  Element  Analysis  of  Dams 
(FEADAM).  The  output  includes  information  on  tension 
zones  and  shear  failure  zones  which  is  of  particular 
interest  for  the  Sand  H  Basin  study,  but  represents  only 
an  analysis  during  (  .  as  a  result  of),  the  construction 

sequence.  However,  valuable  qualitative  information  can 
be  gained  on  a  number  of  the  Sand  H  Basin  characteris- 
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tics,  including  sinkhole  developnent,  downstream  toe 
removal,  and  the  potential  for  crack  development. 

The  finite  element  code  FEADAM  assumes  that  no  cracking 
is  present  and  continuity  of  the  soil  mass  is  main¬ 
tained.  In  addition,  and  compounding  the  problem,  FEADAM 
cannot  model  post-construction  dam  behavior  due  to 
changes  in  soil  properties.  FEADAM  only  permits  post¬ 
construction  loading  (both  positive  and  negative)  to  take 
place.  Therefore,  the  application  of  FEADAM  to  Sand  H 
Debris  Basin  represents  the  limit  of  our  existing  tech¬ 
nology  when  using  accepted  available  computer  codes 
designed  for  geotechnical  application.  Highly  special¬ 
ized  codes  do  exist  for  cracking  studies  which  have  been 
adapted  for  geotechnical  use.  The  theoretical  develop¬ 
ment  of  the  governing  constitutive  relationships  is  still 
in  its  infancy,  however. 

Soil  Properties  from  In  Situ  Testing 

Due  to  the  nature  and  grain  size  of  both  the  embankment 
and  foundation  soils,  no  triaxial  tests  could  be  per¬ 
formed  at  the  debris  basin  site.  However,  a  total  of  41 
pressuremeter  tests  were  successfully  completed  and 
yielded  data  of  equal  quality  to  guide  selection  on  the 
nine  non-linear  soil  parameters  (including  Mohr  Coulomb 
parameters)  required  in  the  Duncan  and  Chang  (1970)  and 
Duncan  et  al.  (1980b)  soil  models. 

Both  Mechanical  Fncton  Sleeve  Cones  and  prebored  pres¬ 
suremeter  testing  were  completed  during  the  summer  of 
1986.  Pressuremeter  testing  proved  extremely  valuable 
with  testing  in  collapsed  and  uncollapsed  zones  using 
prebored  and  slotted  tube  techniques. 

Many  different  theories  and  correlations  exist  to  calcu¬ 
late  cohesion  c  and  friction  angle  9  from  both  pressure¬ 
meter  testing  and  cone  testing.  In  general,  the  methods 
proposed  by  Menard  (Baguelin  et  al.  1979)  for  pressure¬ 
meter  testing  in  sands,  together  with  recommendations 
from  Robertson  and  Campanella  for  the  cone,  have  been 
used.  By  direct  analogy  between  the  hyperbolic  soil 
model,  relating  confining  pressure,  and  Initial  Tangent 
stiffness  to  that  relating  Pressuremeter  Menard  Modulus 
(Em)  with  effective  overburden  pressure  (vertical  con¬ 
finement),  guidance  on  the  hyperbolic  parameters  can  be 
obtained.  Based  on  this  approach,  and  the  recommenda¬ 
tions  given  by  Duncan  et  al.  (1980)  the  hyperbolic  para¬ 
meters  used  are  given  in  table  1 . 
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Parametric  Study  on  Material  Properties 

One  of  the  stated  goals  of  this  study  is  the  attempt  to 
predict,  analytically,  the  observed  cracking  and  other 
distress  features  on  the  dam.  The  evaluation  and 
selection  of  material  properties  in  FEADAM  gives  a  wide 
range  of  valid  parameters.  To  determine  the  sensitivity 
of  the  predicted  stresses  and  possible  tension  zones 
(output),  a  material  parametric  study  was  conducted  on  the 
unit  weight,  the  modulus  number,  the  modulus  exponent  and 
the  cohesion  for  dam  and  foundation  materials. 

Of  particular  relevance  was  the  determination  of  the 
amount  of  non-linearity  the  dam  exhibited  until  the  onset 
of  tension  zones  were  predicted.  Both  cone  and  pressure¬ 
meter  testing  showed  the  dam  material  to  be  of  very  high 
stiffness  with  very  little  change  in  properties  with 
depth,  i.e.,  at  the  present  time  it's  behaving  elasti¬ 
cally,  up  to  yield. 

All  of  the  parametric  studies  used  a  model  consisting  of 
a  non-linear  dam  on  a  non-linear  soft  foundation  growing 
horizontally  as  a  realistic  sceneno.  The  parametric 
study  of  the  dam  properties  consisted  of  reducing  the 
unit  weight  to  90  ib/cu  ft,  increasing  the  modulus  expo¬ 
nent  to  n  =  0.4,  introducing  a  small  cohesion  (c  =  200 
Ib/sq  ft)  and  using  friction  angles  of  36  and  45  degrees. 
The  foundation  properties  evaluated  consisted  of  reducing 
the  unit  weight  from  120  lb/cu  ft  to  90  lb/cu  ft,  using  a 
modulus  exponent  of  n  =  0.4  and  reducing  the  modulus  num¬ 
ber  to  K  =  200.  The  soft  zone  properties  studied  con¬ 
sisted  of  reducing  the  modulus  exponent  to  0.0  and  leaving 
K  as  is,  using  a  modulus  number  of  K  =  86  and  n  =  0.0  and 
reducing  the  modulus  number  to  K  =  22  and  n  =  0.0. 

Reduction  of  the  dam  unit  weight  initiates  extensive  shal¬ 
low  slope  failure  consistent  with  an  infinite  slope  anal¬ 
ysis.  This  zone  of  shear  failure  extends  approximately  1- 
to  ?-foot  thick  on  the  D/S  face  but  up  to  8-foot  thick  on 
the  0/S  face.  Little  change  in  the  amount  of  shear  and 
tension  failure  within  the  dam  and  foundation  is  ob¬ 
served.  Therefore,  the  distress  feature  results  within 
the  areas  of  interest  show  no  significant  change. 

Increases  in  the  modulus  exponent  n  shows  the  most  sensi¬ 
tive  response  from  all  model  studies.  By  increasing  n 
from  0.1  to  0.4,  thus,  strengthening  the  link  between  con¬ 
fining  pressure  and  modulus  causes  low  stressed  elements 
to  quickly  undergo  tension  failure.  Over  50  percent  of 
the  U/S  face  now  shows  tension  failure  in  a  single  zone. 
This  appears  to  verify  that  field  measured  modulus  values 
(from  the  Pressuremeter)  are  important.  Increasing  the 
cohesion  from  zero  to  only  200  psf  immediately  produces  a 
more  ’comfortable”  dam,  better  able  to  maintain  the  pro¬ 
file  without  any  distress  features.  It  follows  then  that 
the  models  employing  c  =  (5  are  worse  case  studies. 
Increasing  9  gives  a  very  different  response,  but  a  reduc¬ 
tion  in  9  shows  extensive  U/S  shear  failure  and  D/S  shear 
failure  as  conditions  approach  ’infinite  slope’  failure. 

Revisions  were  made  to  the  ’wet’,  during  collapse  proper¬ 
ties.  If  it  is  speculated  that  the  amount  of  collapse 
increases  with  higher  overburden  pressures,  it  follows  the 
equivalent  non-linear  soil  model  stiffness  may  have  to 
decrease  with  depth  (or  decrease  with  confining  pres¬ 
sure)!  To  uncouple  stiffness  from  confining  pressure  in 
all  models  the  modulus  exponent  is  taken  as  zero. 

The  parametric  study  of  the  collapsed  properties  produced 
LESS  settlement  since  the  soil  stiffness  is  fixed  in  elas¬ 
tic  behavior  with  modulus  values  HIGHER  than  the  model 
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with  horizontal  soft  zones  (since  the  low  stresses  in 
elements,  representing  post  collapsed  properties  are  now 
not  used  in  the  analysis  for  soil  stiffness).  The 
increase  in  K  by  50  percent  in  the  model  again  shows  no 
settlement  change  but  most  of  the  U/S  face  suffers  ten¬ 
sion  failure.  This  supports  the  conclusion  that  there  is 
a  strong  relationship  between  the  D/S  toe  foundation 
soils  and  U/S  face. 


MESHES  AND  MODELS 

A  series  of  models  were  assembled  to  study  a  variety  of 
realistic  scenerios,  these  included  removal  of  the  down¬ 
stream  toe,  vertical  and  horizontal  sinkhole  development, 
and  elasticity  closed  solution  checks.  A  mesh  was  also 
designed  to  indicate  the  confidence  with  which  displace¬ 
ment  magnitudes  could  be  assesed  and  confirmed  that  pres- 
suremeter  soil  parameters  are  appropriate.  Observed 
field  surface  displacements  are  of  the  order  of  2  feet. 
Cumulative  addition  of  the  surface  depression  settlements 
from  this  model,  for  a  three  stage  development  of  a  10- 
foot  wide  sinkhole,  reached  a  total  of  approximately  1 
foot.  This  settlement  results  from  the  incremental 
depression  when  the  dam  weight  is  added  as  a  post  con¬ 
struction  surcharge  of  a  30-foot  width.  It  may  be  stated 
then  that  the  general  order  of  movements  may  be  reason¬ 
able  and  the  pressuremeter  estimate  of  this  phenomenon  is 
acceptable  as  an  approximation.  The  most  significant 
models,  using  the  mesh  shown  in  figure  1,  are  then  sum¬ 
marized  below. 
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Figure  1.  Basic  Mesh  (FEM) 

Dan>..Bctiayior.-Wi,th  Fixed. Foundation 

This  model  was  used  to  perform  elasticity  checks  to  the 
solutions  provided  by  Poulos  and  Davis  (1974)  and  to  give 
the  reference  settlements  of  the  dam  with  a  rigid  founda¬ 
tion  only.  This  provided  a  series  of  nodal  displacements 
and  stress  states  to  be  used  as  a  datum  in  checking  the 
effects  studied  in  the  other  models. 

Using  a  comparable  closed  form  model  and  the  same  elastic 
parameters  used  in  the  FEM  model,  maximum  center  line 
deflections  where  calculated  at  13  feet  and  19  feet. 

From  the  base  level,  these  settlements  were  0.01375  and 
0.0101  feet,  respectively.  The  side  slopes  for  Sand  H 
Debris  Basin  Dam  were  comparable  with  the  closed  form 
model  (16.6  degrees  upstream  and  24.4  degrees  down¬ 
stream)  . 

The  elastic  models,  construction  in  four  layers  and 
eleven  construction  layers,  respectively,  showed  FEM  set¬ 
tlement  predictions  8  percent  low  and  17  percent  high, 


and  7.6  percent  high  and  17  percent  high,  when  compared  to 
the  closed  form  model  at  13  feet  and  19  feet,  respective¬ 
ly.  These  comparisons  are  perfectly  satisfactory  when  the 
difference  in  dam  profile  is  recognized. 

Non-linear  behavior  models  with  two  materials  using  four 
(4)  construction  layers  and  eleven  (11)  construction 
layers,  respectively,  were  compared.  Very  significant 
differences  in  displacements,  strains,  stresses,  and  ele¬ 
ment  modulus  values  resulted,  particularly  in  the  top 
eight  feet.  The  model  with  eleven  (11)  construction 
layers,  represents  the  datum  model  for  evaluation  of  all 
other  effects  in  later  models.  However,  the  general  pat¬ 
tern  of  displacements  and  stresses  is  similar  except  on 
the  side  slopes.  Local  shear  failure  is  predicted  in  six 
elements  due,  in  all  cases,  to  low  confining  pressures. 

Non-Linear  Behavior  With. Sinkhole  in  Foundation 

This  model  introduced  a  foundation  50-feet  deep  (below 
the  downstream  toe),  and  was  primarily  used  to  study 
sinkhole  growth  in  vertical  and  horizontal  directions. 

This  type  of  study  reports  what  settlements  and  stresses 
would  be,  had  the  dam  been  constructed  on  collapsing 
soils.  It  should  be  recalled  that  the  actual  chronology 
of  events  is  somewhat  different.  The  actual  observed 
behavior  of  the  dam,  over  time,  is  probably  the  result  of 
two  time  dependent  phenomena  (which  may  be  coupled) — the 
spread  of  moisture  initiating  collapse  and  the  rate  of 
collapse.  However,  it  is  expected  that  an  indication  of 
tension  and  shear  failure  locations  would  be  found. 

The  model  incorporated  soft  zones  (sinkhole),  growing 
both  horizontally  and  vertically,  to  simulate  the  pro¬ 
gressive  collapsing  foundation  in  what  is  considered  the 
most  realistic  locations.  A  simple  sand  "box'  50-feet 
square  was  developed  to  correlate  material  three  (3)  pro¬ 
perties  with  the  observed  approximate  2-foot  settlement 
in  the  downstream  sinkhole.  Both  elastic  and  non-linear 
dam  on  non-linear  dry  foundation  control  analyses  were 
made  for  comparison  purposes.  The  elastic  behavior  high¬ 
lights  the  tension  zone  development.  For  a  linear  elas¬ 
tic  material  tension  stresses  are  permitted  and  no  ulti¬ 
mate  strength  is  assigned,  hence,  the  development  of  ten¬ 
sion  zones  represent  potential  crack  zones  in  the  embank¬ 
ment.  It  should  be  recalled  that  construction  practice 
on  the  embankment  has  produced  a  stiff,  brittle,  soil 
type  which  may  well  exhibit  strong  elastic  characteris¬ 
tics  up  to  yield.  Elastic  embankment  stiffness  for  this 
model  is  an  order  of  magnitude  higher  than  unaltered 
foundation  soil  type. 

The  output  showed  a  dramatic  increase  in  horizontal  dis¬ 
placements  throughout  the  model  sinkhole  zone,  this 
clearly  is  the  result  of  the  'during  construction'  model¬ 
ing.  The  dam  foundation  undergoes  local  shear  failure  in 
the  soft  zones  and  the  material  is,  in  effect,  being 
'squeezed'  out  from  between  the  dam  above  and  the  stiff 
foundation  below. 

A  node  at  the  downstream  toe  shows  ten  times  more  horizon¬ 
tal  movement  compared  to  vertical  movement  while  a  node  at 
the  upstream  toe  shows  five  times  the  vertical  movement 
compared  to  horizontal  movement.  In  fact  the  attempt  to 
reproduce  a  vertical  soft  zone  (sinkhole)  resulted  in  the 
soft  zone  being  'squeezed'  out.  Nevertheless,  stresses, 
critical  zones,  and  movements  away  from  the  soft  zone  area 
may  show  valid  effects  from  the  development  cf  a  soft  zone 
(sinkhole) . 


453 


The  50-foot  wide  sinkhole,  which  undercuts  the  toe  by  20 
feet,  appears  to  contain  ail  observed  features  and  shows 
significant  onset  oi  tension  railure.  If  settlements  at 
the  crests  are  approximately  the  same  magnitude  as  the 
dam/ foundation  interface,  this  model  suggests  movements  of 
the  order  9  to  12  inches.  In  addition,  the  output  shows 
that  when  the  soft  zone  horizontal  propagation  approaches 
the  center  line  of  the  dam  the  number  of  elements  with  low 
confining  pressure  and  she<-r  failure  doubles.  In  effect, 
this  shows  the  extent  of  the  soft  zone  at  its  most 
critical  position. 

It  may  be  concluded  that  vertical  sinkhole  development 
phenomena  is  less  likely  to  cause  the  dam  cracks  to  conti¬ 
nue,  Horizontal  sinkhole  development  is  expected  Lc  pro¬ 
pagate  continuing  cracks  at  the  same  section  The  almost 
vertical  cracking  exhibited  on  the  D/S  face  produces  iso¬ 
lated  blocks  due  to  the  lack  of  tensile  strength  for  the 
in  place  embankment. 

Downstream  Toe  Removal 

The  only  post  construction  boundary  condition  change  per¬ 
mitted  by  the  FEADAM  program  are  applied  nodal  forces  or 
element  boundary  pressures.  The  recent  removal  of  mate¬ 
rial  from  the  toe  of  the  downstream  slope  (during  regrad¬ 
ing  for  construction  of  the  football  practice  field)  is 
felt  by  the  dam  as  a  removal  of  pressure.  This  scenario 
represents  one  that  can  be  modeled  by  FEADAM.  However, 
changes  in  the  mesh  to  show  the  new  ground  surface  profile 
after  toe  removal  cannot  take  place  during  a  program  exe¬ 
cution. 

To  accomodate  this  model  the  mesh  was  locally  revised  so 
that  the  boundary  to  elements  in  the  area  of  the  embank  - 
ment  that  was  removed  represents  the  final  ground  pro¬ 
file,  shown  in  figure  2.  Overburden  removal  of  the  toe 
is  then  accomplished  by  applying  a  release  of  stress  from 
the  nodes  representing  the  removed  area.  The  magnitude 
and  direction  of  these  stresses  must  be  those  to  give 
zero  stress  along  the  above  stated  boundary.  Stresses 
too  high  result  in  tensile  loading  (or  suction)  applied 
to  the  toe. 
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take  place  between  executions  to  refine  the  input.  The 
effects  of  toe  removal  are  shown  from  the  incremental 
results  of  the  post-construction  stress  application. 

The  runs  made  were  (1)  revised  mesh  to  establish  the 
stress  state  to  be  removed  by  post-construction  loads, 

(2)  using  stress  relief  calculated  from  post-construction 
load  removal  trial,  and  (3)  final  run  with  further 
refinement  of  input  and  vertical  overburden  relief  along 
the  boundary. 

The  output  clearly  has  shown  that  horizontal  stresses 
around  the  downstream  toe  are  well  above  a  simple  Ko  con¬ 
dition.  The  stress  relief  applied  in  the  final  run  is 
believed  to  be  within  10  percent  of  that  from  construc¬ 
tion  (it  shculii  be  recognized  that  element  stresses 
appear  on  the  output  at  element  centers,  not  at  the 
boundaries).  Dramatic  distress  is  caused  to  the  dam  by 
regrading  the  toe  back  to  a  l;i  slope.  A  significant 
increase  in  the  extent  of  the  zones  in  shear  failure, 
tension  failure,  and  those  with  low  confining  pressure 
occurred.  At  the  present  time,  this  toe  removal  repre¬ 
sents  the  single  most  critical  activity  which  is  most 
likely  to  initiate  and  propagate  further  cracking,  based 
on  tne  FEADAM  uodeling. 


The  best  estimate  of  all  known  conditions  to  model  the 
construction  with  the  exception  of  the  cutoff  was  used. 

The  1:1  D/S  toe  slope  was  accommodated  by  using  extremely 
soft  properties  (i.e.,  close  to  air)  in  the  wedge  to 
ensure  no  load  would  oe  taken  by  this  zone  (not  by  apply¬ 
ing  the  post-conscruct.ion  forces).  The  output  differences 
between  this  model  and  the  previous  are  dramatic.  If  the 
extra  zoning  is  ignored  (not  considered  significant),  the 
output  shows  the  dan  displays  far  less  distress  features 
when  the  contruction  to  the  1986  profile  is  modeled. 
Removal  of  this  downstream  wedge,  and  hence  the  loss  of 
horizontal  support  after  construction  was  complete,  IS 
HIGHLY  SIGNIFICANT.  I.  comparison  of  stresses  between  this 
and  the  previous  model  is  shown  in  figure  3. 

Element  Failure  Legend 
n-  Symbol  Failure  Type 


Figure  2.  Revised  Mesh  (Toe  Removal) 

Therstore,  the  stress  relief  applied  must  be  equal  to  the 
internal  stresses  in  the  dam  along  that  boundary  at  the 
time  of  foe  removal  These  can  be  approximated  by  the 
FEADAM  program  by  assuming  the  end  of  construction 
stresses  still  exist  Since  tne  end  of  construction 
stresses  represent  part  of  the  output,  some  calculations 
(based  on  given  principal  stresses),  and  manipulations 


Figure  3.  Increase  in  Distress  Zones  When  Stress  Relief 
is  Considered. 

Both  models  clearly  demonstrate  that  CONSTRUCTION  OF  THE 
Dam  IN  ITS  PRESENT  CONDITION  AND  PROFILE  WOULD  QUICKLY 
RESULT  IN  SIMILAR  DISTRESS  FEATURES  BEING  CREATED.  This 
would  occur  despite  the  more  conservative  approach  of 
using  ‘air’  properties  in  the  D/S  too. 
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CONCLUSIONS 

Based  on  the  extensive  FEM  modeling  undertaken  on  the 
Sand  H  Debris  Basin  Dam  study,  the  following  conclusions 
may  be  drawn: 

1 .  The  use  of  m  situ  tools  has  enormous  potential  tor 
measuring  high  quality,  small  and  large  strain  data  for 
use  in  FEM  analysis. 

2.  Recording  pre-  and  post-collapse  properties  using  a 
variety  of  pressuremeter  techniques  gives  settlement 
prediction  of  the  correct  order  of  magnitude. 

3.  It  is  of  vital  importance  that  the  limitations  of  FEM 
codes  are  understood  and  not  violated.  In  applying  the 
method,  a  full  geologic  investigation,  description,  and 
interpretation  must  be  available  and  applied  to  model 
realistic,  geologic,  and  chronologic  scenerios  (where 
possible) . 

4.  The  existing  Duncan  and  Chang  Hyperbolic  soil  models 
has  only  a  limited  ability  to  represent  the  actual  col¬ 
lapse  phenomenon.  It  is  anticipated  that  routine  use  of 
such  codes  by  unskilled  or  unexperienced  users  will  lead 
to  erroneous  results.  Research  studies  should  be  initi¬ 
ated  to  develop  an  appropriate  soil  model  (hence,  a  new 
code) ,  to  analytically  model  the  moisture  sensitive  col¬ 
lapse  phenomenon  as  it  relates  to  dam  distress  after  con¬ 
struction. 
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SYNOPSIS:  This  article  deals  witn  the  failure  of  a  railway  embankment  in  North  Pelopor.ese.  The 
geothechical  investigation  that  followed  aimed  to  specify  the  causes  of  the  failure.  The  results 
of  the  above  investigation  are  presented,  an  evaluation  of  the  causes  cf  failure  is  discussed  and 
the  remedial  measures  which  have  been  taken  are  thoroughly  described. 


INTRODUCTION 

In  the  north  part  of  Peloponese  (Greece)  ,  20  Km 
after  the  city  of  Corinthos,  a  road  rail  juction 
was  constructed.  The  juction  was  consisted  of 
the  railway  embankment  and  a  concrete  fly  -  over 
The  reasons  for  this  structure  were  first  to 
eliminate  further  collisions  and  second  to  redu¬ 
ce  the  distance  by  3Km.  T.i  rail  embankment  pro¬ 
ject  begun  in  1983  and  by  October  1985  was  com¬ 
pleted,  having  max  height  18m  and  length  350  m. 
Theborrow  pit  area,  situated  one  mile  north  to 
the  rail  line,  consisted  of  two  horizontal  lay¬ 
ers,  one  with  well  graded  clay-gravel  and  one 
with  red  clay.  Consequently  it  was  necessary  to 
mix  the  materia...  from  the  two  layers  into  one, in 
place.  The  excavation  was  carried  out  by  bull¬ 
dozer  ar.d  then  a  shovel  tyred  tractor  loaded  the 
material  directly  in  trucks, passing  under  a  me  - 
tal  screen  to  separate  the  boulders.  The  fill 
was  hauled  to  the  embankment's  site,  spread  by  a 
bulldozer  D7  in  layers  50  cm  thick  along  the 
axis  and  subsequently  compacted  with  a  vibratory 
half  tyred  roller,  to  the  90-95  percent  Mod 

AASHTO  density. 

Next  summer  (1986)  on  the  top  of  the  embamkment, 
longitudinal  cracks  appeared,  along  the  axis, 
having  length  2-3m  and  width  varying  from  nun  to 
3cm  i  Fig  1) .  After  this  occurence  and  before 
the  lining  of  the  rail  steel  bars.  Public  Works 
Recearch  Laboratory-Soil  Division,  was  asked  by 
the  inspector  supervising  the  works,  to  proceed 
a  geotechnical  investigation,  in  order  to  iden  - 
tify  the  causes  of  the  failure  and  propose  mea  - 
sures  to  restore  the  embankment. 

THE  GEOLOGY  UF  THE  NEAR  BY  AREA 

The  surrounding  the  project  area  is  mainly  consi¬ 
sted  of  brackish  to  lacustrine  deposits, contain¬ 
ing  clay  and  clayey  gravel,  yellowish  to  white 
Marls,  intercalations  and  lenses  of  loose  or  den¬ 
se  conglomerates,  coarse  sandstone  and  marly  li¬ 
mestones,  having  Pliocenic  age. 

The  embankment  was  lodged  on  a  conglomerate  lens 
as  it  was  identified  after  visual  inspection  and 
two  shafts  made  as  deep  as  possible,  by  a  mecha¬ 
nical  digger.  No  borehole  logging  investigation 
was  done. 


Fig.  1.  Longitudinal  cracks  on  the  embankment. 


LABORATORY  INVESTIGATION 

A  laboratory  testing  program  was  initiated  to 

identify  the  problem  and  design  remedial  measures. 

Soil  samples  were  obtained  from  the  embankment 

and  tested  for  : 

classification 

linear  shrinkage 

swell  potential 

mineralogy  by  x-ray  dif fraction 
shear  strength  tests 

Classification  Test 

Particle  size,  liquid  limit,  plastic  limit,  plas¬ 
ticity  index,  were  determined  in  accordance  with 
ASTM  test  procedure.  The  coarse  fraction  passing 
US  3/8  sieve  ranges  between  32-66  percent.  The 
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fine  material  passing  US  200  sieve  varies  between 
21-92  percent. The  liquid  limit  ranges  between  32- 
43  percent.  The  plastcity  index  varies  between 
18-27  percent.  The  colloidal  content  (minus  2 
micron)  varies  between  16-34  percent.  So  the  soil 
samples  were  identified  as  GO, SC, CL  material,  by 
the  Unified  Soil  Classification  System  (AUSCS) . 

Linear  Shrinkage 

Eight  bar  linear  shrinkage  tests  were  carried  out 
according  to  BS.1377.  For  this  semi  spherical 
soil  bars  were  prepared  in  moulds,  out  of  the 
liquid  limit  test.  The  obtained  values  were  : 

10.3  14.2  11.4  12.4 

10.7  12.3  8.5  14.3 

According  to  Altmeyer  (1955)  and  Chen  (1975)  all 
the  above  values  (  >  8)  are  in  the  critical  stage 
of  potential  volume  change. 

Swell  Potential 

Load  expansion  swell  tests  were  performed  on  re  - 
moulded  soil  samples, taken  out  of  Proctor  tests. 
The  moisture  contents  were  the  optimum  and  above 
optimum.  Half  inch  thick  samples  were  placed  bet¬ 
ween  air  dry  porous  stones  of  a  2.5  inch  diameter 
consol idometer.  The  samples  were  subjected  to 
loaded  and  Expanded  test. 

Loaded  tests  :  Initial  dial  reading  was  recorded 
after  applying  a  small  load  of  0.0703  Kg  /  cm2 
(1  psi) .  The  specimen  was  saturated  under  zero 
swelling  condition  by  applying  small  increments 
of  load,  until  the  full  swelling  pressure  was  de¬ 
veloped. 

Expanded  test  :  Initial  dial  reading  was  recorded 
after  applying  a  load  of  0.0703  Kg/cmJ .  The  spe¬ 
cimen  was  saturated  and  expanded,  until  the  ex¬ 
pansion  was  completed  under  full  swell  conditions 
The  results  of  swell  potential  are  illustrated  on 
table  I. 


TABLE  I.  Range  of  Engineering  Parameters 


-  w.c. 

% 

D. Density 

KN/m3 

Swell  Press. 

Kg/cm3 

Swell 

% 

11.5 

19.0 

2.25 

14.3 

18.6 

- 

7.0 

14.0 

18.7 

- 

7.5 

15.8 

17.9 

2.38 

- 

16.0 

17.9 

1 .80 

- 

16.1 

18.0 

“ 

3.5 

X  -  Pay  Diffraction  test 

The  mineralogical  composition  of  the  fine  parti  - 
cle'i  was  determined  by  x-ray  di‘""ractlon  analy 
sis,  as  inscribed  by  Brown  (1980).  The  sample 
vc,  allowed  to  air  dry,  powdered,  saturated  with 
glycerin,  heated  to  550°C  to  decompose  caibcna  - 
tes  ,'nd  tested  by  Cuka  radiation.  The  following 
minerals  were  identified  by  their  characteristic 


x-ray  peaks  : 

C'uartz  30  % 
Calcite  30  % 
Mon tmoril Ionite  15  % 
Illite  15  % 
Chlorite  10  % 


Shear  Strength  Tests 

The  material  of  the  embakment  contained  a  large 
proportion  of  coarse  grained  fraction  (gravel  and 
cobbles) ,  which  made  the  use  of  conventional  tri- 
axial  and  direct  shear  box  testing  apparatuses 
extremely  difficult  or  even  impossible.  In  order 
to'  overcome  this  problem  and  model  the  actual  fi¬ 
eld  conditions,  as  closely  as  possible,  it  was 
decided  that  the  large  shear  box  apparatus, (300mm 
square  by  160  mm  thick) ,  mainly  used  for  testing 
aggregates,  offered  a  great  advantage. 

Two  series  of  tests  were  performed  on  prepared 
specimens  with  different  water  content  and  densi¬ 
ties  (Yb  =  18.5  KN/m3,  Yb  =  20.5  KN/m3 ) .  Field 

densities  and  water  content  were  previously  dete¬ 
rmined  in  situ  at  different  points  and  deaths. 

The  results  from  these  shear  tests  are  shown  in 
figure  2. 


Fig.  2.  Shear  Strength  Envelopes  of  fill  material 


SLOPE  STABILITY  ANALYSES 

Slope  stability  analyses  were  performed  on  a  ty¬ 
pical  cross  section  of  the  embankment,  using  as 
shear  stress  parameters  the  results  of  the  large 
shear  box  tests.  In  the  analyses  we  considered 
circular  failure  surfaces.  The  slope  stability 
analyses  were  carried  out  for  sixty-four  possible 
centers  of  rotation  and  various  slip  circles. Dif¬ 
ferent  radius  for  each  center  were  used. 

Factors  of  safety  in  excess  of  3.0  were  computed, 
indicating  adequate  factor  of  safety  against  slo¬ 
pe  stability  failure. 

CAUSES  OF  FAILURE 

The  above  mentioned  investigation  showed  that 
there  was  no  problem  of  slope  stability  failure 
because  : 

i.  No  signs  of  slope  slides  were  observed  and 

ii.  Slope  stability  analyses  carried  out  using  as 
shear  strength  caracteristics  the  results  of 
shear  box  tests  on  prepared  soil  samples,  in¬ 
dicated  adequate  factors  of  safety  (  >  3) .  The 
densities  and  water  content  of  the  samples  we¬ 
re  previously  determined  in  situ,  by  the  sand- 
cone  replacement  method. 
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From  the  linear  shrinkage,  the  x-ray  diffraction, 
the  swelling  percent  and  the  swelling  pressure 
tests,  was  revealed  that  the  fine  portion  of  the 
fill  material  contained  swelling  clay  minerals. 
In  this  area  there  are  remarkable  sequences  of 
wet  and  dry  seasons  (Fig. 3).  After  the  impregna  - 
tion  of  the  embankment  during  the  wet  season,  in¬ 
tense  shrinkage  of  the  material  followed,  during 
the  dry  period,  caused  the  appearance  of  cracks 
(Fig.1).  In  order  to  avoid  the  rainwater  percola¬ 
tion,  through  the  cracks  and  fissures, which  would 
cause  the  material  to  swell  and  slake,  the  follo¬ 
wing  remedial  measures  have  been  taken. 


(m  m) 

80i 


60 


■ 

— 
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be  continued.  Afterwards  each  layer  was  turned  o- 
ver  by  a  grader  Cat  14.  For  this,  each  layer  was 
separated  longitudinally  in  two  strips,  starting 
from  the  middle  towards  the  edges.  In  order  to 
succeed  good  mixing,  thirty  five  passes  of  gra¬ 
der  were  necessary  per  layer.  During  the  mixing 
several  plasticity  index  tests  were  carried  out 
in  our  project  laboratory , until  the  material  had 
achieved  a  non-plastic  index. 

Each  layer  was  compacted  by  a  roller  Galion(14T) 
and  one  vibrating  roller  Hamm-Asdag  (35T) .  In  or¬ 
der  to  achieve  hundred  percent  Mod  AASHTO  densi¬ 
ty,  fifteen  passes  per  layer  were  necessary.  The 
ASTM  sand-cone  method  was  used  to  test  the  compa¬ 
ction  of  each  layer.  The  rest  of  the  fill,  up  to 
the  top,  was  substituted  with  selected  crushed 
gravel,  having  dry  unit  weight  22-23  KN/m3,  opti¬ 
mum  moisture  content  6-7  percent,  and  fine  mate¬ 
rial  passing  US  N200  sieve  5-7  percent.  The  mate¬ 
rial  was  hauled  by  trucks,  spread  by  a  grader  to 
layers  30cm  thick,  wetted  to  optimum,  scarified 
for  better  mixture,,  with  water  and  compacted  by 
six  passes  of  the  vibrating  roller,  to  hundred 
percent  of  Mod  AASHTO  density  (Fig. 5) . 


Fig.  3.  Average  Rainfall  of  Decade  1970-80 


REMEDIAL  WORKS 

The  top  three  meters  of  fill  material  were  remo¬ 
ved  by  a  bulldozer  D8  and  carried  away  by  trucks 
loaded  by  a  tyred  shovel  tractor.  For  the  next 
layer,  the  first  25cm  were  removed  and  kept  in 
place.  The  other  25cm  were  scarified  by  a  grader 
ripper  and  mixed  with  five  percent  lime  (Fag. 4) . 


Fig.  4.  Soil-Lime  Mixing  by  Grader 

To  obtain  uniform  mixture  a  disc  harrow  pulled 
by  a  tractor  was  used  in  eight  passes.  After  the 
first  pass,  it  was  noticed  that  an  amount  of  li  - 
me  was  taken  away  by  the  wind.  So  it  was  decided 
to  stop  the  mixing  and  wet  the  layer  up  to  opti¬ 
mum.  Dry  unit  weight  of  the  material  plus  lime 
was  19  KN/m5 , optimum  moisture  content  13  percent. 
For  this,  six  water  tanks  per  layer  were  used 
and  then  the  mixing  by  the  disc  harrow  ought  to 


Fig.  5.  Final  Leveling  of  Embankment  with 
Selected  Crushed  Material 

After  the  final  level  was  reached, the  full  length 
of  the  embankment  was  protected  from  water  perco¬ 
lation  and  moisture  changes.  For  this,  the  surfa¬ 
ce  was  covered  by  a  membrane  of  hot  petrol  emul¬ 
sion  (3.5  lit  per  mJ )  and  then  an  asphalt  membra¬ 
ne  was  applied  by  a  man-carried  springier  (  7  Kg 
per  m3 ) .  Finally  because  the  whole  stucture  was 
too  dark  in  colour,  a  thin  layer  of  crushed  sto¬ 
ne  (0. 0-5.0  mm)  was  spread  and  stuck  on  top  of 
the  asphalt  membrane. The  above  remedial  measures 
are  outlined  in  figure  6. 

The  works  were  completed  by  December  1986.  Until 
August  1987  no  complementary  works  have  been  car¬ 
ried  out,  that  is  placing  ballast  and  rail-steel 
bars,  in  order  to  attend  the  behaviour  of  the  em¬ 
bankment.  No  cracks  or  any  other  signs  of  failu¬ 
re  have  been  noticed  since  then. 

CONCLUSIONS 

The  absence  of  investigation  for  expansive  soils 
during  the  design  of  embankments  might  have  unfa¬ 
vorable  consequences  concerning  the  behaviour  of 
the  project. 


The  existence  of  expansive  soils  in  relation  to 
the  peculiar  climatological  conditions  in  Greece 
(certain  dry  months  are  followed  by  periods  of 
heavy  rain  and  vice  versa)  Have  as  result  to  ac¬ 
tivate  the  destructive  action  of  the  clay  mine¬ 
rals. 

A  proper  geotechnical  investigation  should  con¬ 
tain  all  the  relevant  laboratory  tests  in  order 
to  identify  the  existence  of  swelling  soils. 


©  Lime  stabilized  layers 
©  Tar  membrane 


Fig.  6.  Cross  Section  of  Embankment  after 
Remedial  Works. 
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SYNOPSIS:  Earth  and  rockfill  dams  became  popular  in  the  1960's  primarily  because  of  increased 
heights  of  dams,  poor  foundation  conditions  that  rule  out  concrete  dams,  and  vast  improvements  in 
excavation  and  vibratory  compaction  equipment.  Such  equipment  made  excavation  and  processing  of 
rock  and  placement  of  rockfill  much  more  economical  chan  in  the  past. 

Due  to  the  unique  composition  and  the  critical  zone  construction  of  earth  and  rockfill  dams,  they 
are  subject  to  different  types  of  problems.  Some  problems  may  be  discovered  and  corrected  during 
construction.  Such  problems  cause  changes  in  contract  documents  and  delays  in  work,  as  in  the  case 
of  B„y  Springs  Dam  on  the  Tennessee-Tombigbee  Waterway.  Other  serious  problems  may  cause  complete 
failure  of  the  embankment,  as  in  the  case  of  Teton  Dam  in  Idaho  which  failed  in  1976. 

This  paper  presents  a  case  history  of  problems  that  were  experienced  during  the  construction  of  Bay 
Springs  Lock  and  Dam,  Figure  1. 


Figure  1.  Aearial  View  of  Bay  Springs  Lock  and  Dam. 


INTRODUCTION 

Earth  and  rockfill  embankments  are  by  necessity 
constructed  of  different  sizes  and  types  of 
materials;  each  must  be  compacted  by  equipment 
compatible  with  the  type  of  material  involved 
to  obtain  the  optimum  density  to  limit 
settlement  and  meet  design  assumptions. 

The  embankment  consists  of  zones:  the  core,  the 
filters,  and  the  shell.  The  core  is  the 
internal  zone.  It  consists  of  impervious 
material  and  provides  the  water  retention 
capability  of  tee  dam.  The  core  is  relatively 
thin  and  must  function  as  an  impermeable 
barrier  to  the  passage  of  water.  The 
transition  zones  or  filters  are  located  on  both 
sides  of  the  core.  They  are  designed  as  graded 
filters,  composed  of  rock  materials  changing 
gradually  from  fine  on  the  side  of  core,  to 
coarse  on  the  side  of  shell.  Their  function  is 
to  retain  the  core  material  and  to  provide 
internal  drainage  control.  Properly  designed 
and  constructed  filters  will  act  to  heal  the 
core  if  internal  cracking  should  occur.  The 
shells  are  the  exterior  zones  adjacent  to  the 
filters.  They  slope  outward  forming  the 
upstream  and  downstream  slopes  of  the 
embankment.  The  shells  retain  the  interior 
zones  and  give  the  dam  bulk  and  stability. 

Because  of  the  critical  function  of  each  zone, 
as  outlined  above,  it  is  essentia’  that  the 
embankment  be  designed  and  constructed 
properly  to  prevent  failure  through  erosion 
and  piping.  Therefore,  special  care  and 
attention  should  be  given  to  the  selection, 
gradation,  placement,  and  compaction  of  the 
construction  materials. 

DAM  LOCATION 

Bay  Springs  Lock  and  Dam  is  located  on  the 
Tennessee-Tombigbee  Waterway  which  connects 
the  north-flowing  Tennessee  River,  at  Pickwick 
Lake,  to  the  south-flowing  Black 
Warrior-Tombigbee  Waterway  at  Demopolis, 
Alabama,  Figure  2.  The  Waterway  runs  south 
from  Pickwick  Lake  across  the  Tennessee  Valley 
Divide  in  a  deep  cut,  south  down  Mackey's  Creek 
to  the  Tombicbee  River,  and  down  the  Tombigbee 
River  to  Demopolis.  Then,  the  existing  Black 
Warrior-Tombigbee  Waterway  runs  south  217  miles 
from  Demopolis  to  Mobile.  The  distance  from 
Pickwick  Lake  to  Demopolis  is  232  miles  which 
makes  the  total  length  of  the  waterway,  from 
the  Tennessee  River  to  Mobile  449  miles.  It 
provides  a  continuous  navigation  route  from  the 
Tennessee,  Upper  Mississippi,  and  Ohio  River 
Valleys  to  Mobile,  Alabama,  on  the  Gulf  of 
Mexico.  The  Waterway  provides  savings  of  829 
miles  in  navigation  distance  from  the  Tennessee 
River  to  Mobile,  as  it  reduces  the  distance 
from  1278  miles  via  the  Mississippi  River  to 
449  miles  via  the  Waterway.  The  Tennessee- 
Tombigbee  Waterway  was  designed  and  constructed 
by  the  U.S.  Army  Corps  of  Engineers.  The 
channel  width  varies  from  280  to  300  feet. 
Construction  commenced  in  1972  and  it  was 
completed  in  1984,  at  a  cost  of  about  2  billion 
dollars . 


Figure  2.  Tennessee-Tombigbee  Waterway  Locality  Map. 

The  water  level  difference  between  the  Black 
Warrior-Tombigbee  Waterway  at  Demopolis  and 
the  Tennessee  River,  just  above  Pickwick  Lock 
and  Dam,  is  341  feet.  Bay  Springs  is  the 
tenth  and  last  Lock  and  Dam  on  the  Waterway 
above  Demopolis.  The  dam  has  a  600-foot  long 
by  110-foot  wide  lock  with  a  normal  lift  of  84 
feet  to  provide  navigation  through  the  Divide 
Cut.  The  dam  is  located,  on  Mackey's  Creek, 
in  the  Southwest  corner  of  Tishomingo  County, 
Mississippi.  Construction  of  Bay  Springs  Dam 
commenced  in  1979  and  it  was  completed  in 
1983. 

GEOLOGY 

General  information  on  the  geology  of  the  area 
was  obtained  from  the  U.S.  Geological  Survey, 
Tennessee  State  Geological  survey,  Mississippi 
Geological  Survey,  Alabama  Geological  Survey, 
and  Tennessee  Valley  Authority.  Additional 
data  were  obtained  from  exploratory  drilling 
at  the  dam  site  conducted  by  the  Mobile  and 
Nashville  Districts  of  the  U.S.  Army  Corps  of 
Engineers. 

To  supplement  the  drilling,  an  electric 
logging  device  was  used  in  a  number  of  the 
early  Nashville  District  borings,  prior  to 
1952,  and  downhole  geophysical  equipment  was 
used  in  77  borings  drilled  in  the  second  phase 
of  Nashville  District  Exploration  which 
started  in  1973. 
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The  dam  is  located  in  the  extreme  eastern  part 
of  the  Mississippi  Embayment,  a  synclinal 
structure  which  is  part  of  the  Gulf  Coastal 
Plain.  This  embayment  has  been  divided  into  a 
number  of  physiographic  districts.  The  dam 
site  is  located  in  the  Fall  Line  Hills  District 
which  occupies  the  periphery  of  the  embayment 
from  Alabama  to  southern  Tennessee.  In  this 

district,  outcrops  of  Mississippian, 
Cretaceous,  and  Quaternary  sediments  are 
exposed.  Most  of  the  Mississippian  rocks  are 
overlain  by  Cretaceous  and  Quaternary  clays, 
silts,  sands,  and  gravels.  The  Mississippian 
rocks  crop  out  only  along  the  valleys,  and  like 
the  Cretaceous  and  Quaternary  sediments,  have  a 
westwardly  regional  dip  toward  the  axis  of  the 
syncline. 

The  valley  floor  at  the  dam  site  is 

approximately  2, GOO  feet  wide  at  Elevation  385 
feet,  with  Mackey's  Creek  occupying 
apDroximately  35  feet  of  the  flood  plain  and 

flowing  on  bedrock.  In  general,  bedrock  is 
covered  by  15  feet  of  overburden  except  in  the 
abutment  areas  of  the  dam  where  the  average 
thickness  is  about  40  feet.  Vertical  cliffs 
of  sandstone,  rising  approximately  50  feet 
above  stream  level,  are  common  in  the  area 

upstream  from  the  dam  axis. 

OVERBURDEN 

Materials  overlying  the  Mississippian  rocks  at 
the  dam  site  consist  of  clays,  silts,  sands, 
and  gravel  of  Cretaceous  age  as  well  as 
alluvial  sands  and  gravels  of  Quaternary  age. 
Immediately  and  unconformably  overlying  the 
Mississippian  rocks  are  unconsolidated 
sediments  of  the  Gordo  formation  (Tuscaloosa 
Group).  This  formation  is  thin  in  the  site 
area,  averaging  20  feet  in  thickness.  These 
varicolored  sands,  gravels,  and  clays  are 
overlain  by  interbedded  and  1  nterl ami nated 


micaceous  clays  and  glauconitic  sands  of  the 
McShan  formation  that  averages  40  feet  in 
thickness.  Overlying  the  McShan  formation  are 
approximately  30  feet  of  slightly  glauconitic 
and  micaceous  sands  and  dark  gray  clays  of  the 
Eutaw  formation.  Also  present  along  the 
valley  slopes  of  Mackey's  Creek  are  thin  and 
intermittent  terrace  deposits  which  are  not 
easily  distinguished  from  the  underlying 
sediments.  Materials  overlying  the  valley 
section  along  the  axis  of  the  dam  are  alluvial 
deposits  of  mostly  sands,  clays  and  some 
gravel.  These  deposits  were  mostly  derived 
from  the  Eutow  formation,  and  partly  from  the 
McShan,  Gordo,  and  Mississippian  formations. 
In  addition,  large  detached  blocks  of 
Mississippian  sandstone  have  separated  along 
joint  and  bedding  planes  and  are  common  along 
the  base  of  the  bluffs. 

EMBANKMENT  DESCRIPTION 

Bay  Springs  Dam  has  a  zoned  earth  and  rockfill 
embankment  consisting  of  a  central  core, 
transition  filters,  select  rockfill  shells, 
and  a  cutoff  trench,  Figures  3  and  4. 

The  core  has  a  top  width  of  10  feet  with  4V  on 
1H  side  slopes.  It  consists  of  low  plasticity 
clay  compacted  in  a  nine-inch  loose  lift  by 
tamping  or  sheepfoot  roller.  The  filters, 
fine  and  coarse,  are  eight  feet  wide  with  the 
fine  filter  No.  2,  adjacent  to  the  core, 
placed  in  12-inch  lifts  compacted  by  a 
vibratory  roller  and  having  a  gradation 
ranging  from  a  No.  4  to  a  No.  100  standard 
sieve  size.  The  coarse  filter  No.  1,  between 
the  shell  and  the  fine  filter  is  placed  in 
12-inch  lifts  compacted  by  a  vibratory  roller, 
and  ranges  in  size  from  four  inch  to  No.  4. 
The  shells  are  placed  in  24-inch  lifts 
compacted  by  a  vibratory  ro'ler  and  ranging  in 
size  from  a  maximum  size  of  16  inches  to  not 
more  than  5%  passing  the  3-inch  screen. 
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A  cutoff  trench  extends  to  rock  in  locations 
where  the  dam  is  founded  on  overburden.  A 
qrout  curtain  is  provided  to  reduce  seepage 
through  the  foundation.  Measures  were  taken  to 
dewater  the  area  around  the  cutoff  trench  to 
reduce  seepage  during  grouting  and  foundation 
preparation . 

The  embankment  is  2750  feet  long  with  a  crest 
width  of  40  feet.  Upstream  and  downstream 
slopes  are  IV  on  2.5H  and  IV  on  2H, 
respectively.  The  embankment  is  approximately 
80  feet  high  throughout  most  of  its  length, 
with  a  maximum  height,  located  in  the  Mackey's 
Creek  valley,  of  approximately  120  feet. 

CONTRACT  REQUIREMENTS 

Some  of  the  contract  requirements  that  pertain 
to  the  problems  discussed  in  this  paper  are  as 
follows : 

a.  Filters  No.  1  and  2  are  each  to  be  8  feet 
wide  (measured  horizontally)  with  the  following 
gradations : 

HI  ter  No.  1  Filter  No.  2 


ieve  No. 

%  Passinq 

Sieve 

No. 

%  passinq 

4" 

100 

No. 

4 

92-100 

3" 

85-95 

No. 

8 

75-  95 

1  1/2" 

60-90 

No. 

16 

35-85 

3/4" 

35-60 

No. 

30 

10-63 

3/8" 

7-32 

No  . 

50 

5-45 

No.  4 

0-  7 

No. 

100 

0-15 

b.  Select  rockfill 

material 

i  s 

required  to 

be  sound  sandstone  which  is  reasonably  well 
graded  from  a  maximum  dimension  of  16  Inches  to 
not  more  than  5  percent  passing  a  3-inch 
screen.  This  gradation  requirement  is  to  be 
met  prior  to  placing  select  rockfill  in  the 
embankment. 


c.  The  rockfill  portions  (select,  random, 
and  filters)  of  the  embnakment  are  required  to 
be  constructed  of  processed  sound  sandstone, 
dumped,  and  pushed  into  place  in  specified 
lifts.  Rockfill  is  to  be  placed  in  such  a 
manner  as  to  produce  a  reasonably  well-graded 
mass,  with  the  smaller  stones  adjacent  to  the 
contacts  with  the  intern,  1  zones  of  the  dam. 
The  larger  size  material  is  to  be  dispersed 
within  the  mass  of  the  rockfill.  The  resulting 
embankment  should  have  no  pockets  of  small 
stones  or  clusters  of  larger  stones.  The 
placing  shall  be  supplemented  by  whatever  hand 
methods  required  to  obtain  even  surfaces.  A 
tolerance  of  plus  or  minus  6  inches  from  the 
slope  and  grade  lines  shown  on  the  drawings  is 
required  at  the  boundaries  of  the  internal 
zones  of  the  embankment. 

d.  The  lift  thicknesses  of  the  embankment 
materials  before  compaction  are  required  to  be 
not  more  than  12  inches  for  the  filters,  and 
not  more  than  24  inches  for  the  select  and 
random  rockfill  materials. 

e.  Minimum  compaction  for  filters,  select-, 
and  raridom-rockf  i  11  materials  requires  6 
complete  passes  of  a  vibratory  roller  weighing 
10-12  tons,  operating  at  a  maximum  speed  of  3 
mph  having  a  drum  vibration  frequency  between 
1,100-1,500  frequencies  per  minute. 

f.  Unless  otherwise  directed,  the  embankment 
is  requ;red  to  be  maintained  at  approximately 
the  same  level  throughout  its  construction, 
regardless  of  the  number  of  types  of  materials 
being  placed. 

THE  PROBLEMS 

The  problems  encountered  in  this  project 
fall  under  two  categories:  rock  gradation  and 
zone  construction. 
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ROCK  GRADATION 

Soils  and  rock  fragments,  minus  6  to  3  inches, 
are  usually  graded  by  the  sieve  size  which  is 
the  size  of  a  square  opening. 


the  embankment.  Placement  must  be  done  in  a 
manner  to  minimize  segregation.  The  core  and 
filters  should  always  lead  the  outer  shell 
rockfill,  but  not  far  enough  to  cause  spilling 
of  the  leading  zones  over  those  lagging. 


The  contractor  obtained  his  rocks  by  blasting 
from  a  designated  area  near  the  dam,  where  he 
set  up  a  grizzly  operation  for  rock  processing. 
The  grizzly  is  a  rugged  machine  or  platform 
with  sloping  rails  and  bars  that  are  set  at  the 
desired  spacing.  The  specifications  for  the 
shell  material  called  for  a  maximum  size  of  16 
inches.  The  contractor  interpreted  maximum 
size  as  the  size  of  his  grizzly  spacing.  As  a 
result  of  the  fast  grizzly  operations,  the 
contractor  was  stockpiling  flat  and  long 
oversize  rocks  that  did  not  meet  gradation 
specifications.  Work  was  stopped  to  discuss 
the  specifications  and  to  establish  the  meaning 
of  the  term  maximum  size.  Artec  lengthy 
discussions  and  checking  the  specifications  of 
other  organizations,  it  was  established  that 
larger  rock  fragments  have  been  graded  in 
several  ways,  including  size  and  weight.  The 
terms  maximum  size  and  maximum  dimension  have 
been  used  interchangeably,  and  they  are 
intended  to  mean  the  size  of  a  square  opening; 
a  terminology  borrowed  from  soils  gradation. 
However,  the  terms  may  be  taken  literally  to 
mean  the  maximum  dimension  in  any  direction. 

After  about  two  months  of  work  delay,  a 
compromise  was  reached.  The  contractor  was 
allowed  to  use  any  piece  of  rock  that  fits 
into  the  2-foot  lift  thickness,  provided  that 
its  maximum  dimension  is  not  greater  than 
three  times  any  other  dimension. 

ZONE  CONSTRUCTION 

Placement  of  material  in  the  zones  became  the 
most  critical  factor  in  the  construction  of 


The  contractor  rockfill  placement  proceeded 
faster  than  the  core  and  filter  placements  due 
to  weather  conditions.  Site  visits  during 
early  construction  indicated  that  there  were 
larger  rock  clusters  adjacent  to  the  filters. 
Areas  of  concern  were: 

a.  The  filters  did  not  appear  to  be  the 
full  width,  and  they  appeared  to  extend  into 
each  other. 

b.  The  shell  appeared  to  contain  zones  of 
segregation  and  numerous  oversize  rocks. 

Further  discussions  led  to  questions 
concerning  the  integrity  of  the  embankment. 
In  order  to  determine  the  extent  of  the 
problem,  work  was  stopped  to  conduct  the 
investigations.  Test  pit  excavations  were 
made,  at  randomly  selected  locations  at  the 
shell  and  coarse  filter  conta't.  Excavations 
extended  from  the  surface  of  the  inplace 
embankment  fill  down  to  the  top  of  the 
drainage  blanket.  Trenches  were  then  extended 
from  some  of  the  pits,  through  the  two 
filters,  into  the  impervious  core.  Results  of 
the  test  pit  excavations  revealed  the 
fol 1  owing : 

a.  The  filter  zones  were  not  constructed  to 
specified  lines  and  grades. 

b.  The  shell  rockfill  was  badly  segregated 
and  it  contained  up  to  \1%  of  oversize  (  +  16 
inch)  rock. 

c.  The  select  rockfil  was  not  as  dense  as 
would  be  expected  for  rockfill  placed  as 
specified. 

d.  The  filter  zones  and  the  core  were 
intermingled  and  overlapping  as  shown  in 
Figures  5  and  6. 


Figure  G.  Overlapping  Zones  on  Upstream  Side  of  Embanxment. 


CONCLUSIONS 

The  findings  of  the  investigation:.  rendered 
portions  of  the  embankment  in  place 
unacceptable.  The  contractor  was  directed  to 
proceed  with  the  remedial  work.  He  removed  the 
unacceptable  portions  and  replaced  them 
according  to  specifications  under  rigid 
control.  For  the  continued  construction,  the 
zones  were  constructed  as  near  level  as 
possible.  Continuous  monitoring  of  the  proper 
location  for  the  zones  was  maintained. 

Periodic  inspection  reports  indicate  that  the 
embankment  condition  and  performance  have  been 
satisfactory.  No  problems  have  been  detected 
since  the  dam  was  completed  in  1983. 

The  embankment  construction  problems  could  have 
resulted  in  the  ultimate  failure  of  the 
structure,  if  they  had  not  been  discovered 
early  and  corrected  properly.  This  incident 
illustrates  a  very  important  geotechnical 
engineering  fact.  It  shows  that  critical 
design  parameters,  including  shear  strength, 
compressibility,  and  permeability  come  under 
the  control  of  the  Resident  Engineer  and  his 
inspection  team,  once  construction  has  begun. 

Finally,  very  important  lessons  can  be  learned 
from  this  valuable  experience : 

1.  Specifications  must  be  followed. 

2.  Close  attention  must  be  paid  to  details, 
because  many  details  that  tan  become  critical 
can  easily  be  overlooked. 

3.  Inspectors  must  be  qualified, 
experienced,  and  they  must  maintain  a  watchfu1 
presence  in  the  field. 

4.  Quality  assurance  inspection  must  be 
thorough  to  insure  that  ail  details  are  being 
met. 
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SYNOPSIS:  The  deformability  properties  of  all  the  materials  of  Pefiitas  Dam  (43-m  high)  are  estimated 
based  upon  the  measurement  of  total  stresses,  pore  pressures  and  strains  by  means  of  the  instrumenta¬ 
tion  placed  inside  the  embankment.  The  results  of  these  measurements  indicate  that  all  the  materials 
show  octahedral  stress-octahedral  strain  caasilinear  relationships  as  if  they  were  elastic.  The  val¬ 
ues  of  the  deformabilicy  moduli  E  and  the  Poisson's  ratios  v  computed  from  these  relationships  are 
compared  with  the  moduli  E  obtained  by  means  of  confined  plate  bearing  tests  made  in  situ  during  con¬ 
struction  of  the  dam,  and  are  also  used  to  feed  a  bidimensional  finite  element  model  analysis  by  which 
the  states  of  stress  and  strain  within  the  dam  are  computed  and  compared  with  the  real  stresses  and 
strains  measured. 


INTRODUCTION 

Pefiitas  Dam  was  built  by  the  Federa’  Commission 
of  Electricity  on  the  Grijalva  River  in  the 
southeast  of  Mexico  and  is  part  of  the  most  im¬ 
portant  hydroelectric  system  in  the  country.  A 
detailed  description  of  the  project  may  be 
found  in  Montanez  and  Castilla  (1985). 

Many  attempts  have  been  made  to  determine 
stress-strain  properties  of  the  compacted  mate¬ 
rials  of  dams  by  means  of  laboratory  and  field 
tests  of  all  kinds  with  different  conditions 
and  methods  of  compaction,  different  stress 
paths,  with  various  rates  of  loading  or  defor¬ 
mation,  etc.  In  Mexico,  ever  since  the  mid¬ 
sixties,  we  have  been  working  with  instrumenta¬ 
tion  placed  in  the  dams  in  order  to  check  the 
criteria  used  in  the  design  of  new  dams,  con¬ 
trol  their  behaviour  and  try  to  determine  the 
stress  and  strain  conditions  in  the  different 
materials  of  the  dam,  Marsal  (1982). 

This  paper  presents  the  results  of  the  instru¬ 
mental  measurements  to  evaluate  the  behaviour 
of  Pefiitas  dam  during  its  construction. 

Furthermore,  emphasis  is  pat  on  the  estimation 
of  the  deformability  characteristics  of  the  dam 
materials  based  on  the  total  str~s=es,  pore 
pressures  and  strains  measured.  The  results 
allowed  the  determination  of  cuasilmear  octa¬ 
hedral  stress-octahedral  strain  relations  for 
all  the  dam  materials,  from  which  the  modulus, 
E,  and  Poisson's  ratio,  v,  are  obtained.  These 
values  are  compared  to  those  found  by  means  of 
conf .ned  plate-bearing  tests  (CPBT)  made  during 
the  construction  of  the  embankment  and  are  used 
to  feed  a  bidimensional  finite  element  model. 
Finally,  these  results  are  compared  to  the 
stresses  and  strains  measured,  thus  allowing 
very  interesting  conclusions. 

DESCRIPTION  OF  THE  DAM  AND  ITS  FOUNDATION 

Pefiitas  Dam  is  a  43-m  high  earth  and  rockfill 
embankment  with  a  central  core  of  compacted 
residual  cl'.y,  fig  1.  The  volume  of  materials 


0  Red  ■'ilty  clay 
(Tb)  Pic- '  ,  brown  clay 
0  Filter 
@  Traneition 
0  Compacted  rockfill 
0  Waste  rockfill  material 


0  Dumped  rockfill 
0  Riprap 

0  Flexible  pavement  materials 
0  Alluvial  deposit 
0  Plastic- concrete  cut-off  wall 


Fig.  1  General  layout  of  Pefiitas  Hydroelectric 
Project 
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is  2.76  x  106  m3,  its  crest  is  750  m  long  and 
it  is  founded  on  alluvial  deposits  up  to  56  m 
thick.  It  has  a  plastic-concrete  cut-off  wall 
cutting  the  alluvium  and  embedded  in  the  basal 
rock,  fig  1;  the  first  1 2  m  of  the  alluvial  ma¬ 
terial  were  densified  by  dynamic  compaction, 
Montanez  and  Castilla  (1985).  Two  platforms 
made  of  waste  rockfill  material  link  the  main 
dam  with  the  upstream  and  downstream  coffer¬ 
dams. 

CHARACTERISTICS  OF  THE  DAM  MATERIALS  AND  OF  THE 
CUT-OFF  WALL 

Dam 

The  properties  of  all  the  materials  of  the  dam 
are: 

I mpzA.vj.ou-i  to> te  [matznJali  lb  and  1).  In  this 
part  of  the  dam  two  different  kinds  of  clay 
were  used,  fig  1  .  Between  the  foundation  and 
elev  69,  as  well  as  between  elevs  90.5  and  95.5 
and  in  two  5  m  wide  strips  in  contact  with  the 
banks  all  way  up  the  dam,  a  brown  plastic  clay 
was  placed,  whose  properties  are  shown  in  ta¬ 
ble  1  and  in  figs  2  and  3a  (material  1b).  Most 
of  the  core  is  made  of  residual  silty  red  clay 
(MH  and  CH),  whose  characteristics  are  also 
shown  in  table  1  and  in  figs  2  and  3b  (material 
1 ) .  Both  clays  were  compacted  with  water  con¬ 
tent  1-3%  above  the  optimum. 

TJUtzat  imateniat  2).  The  mean  index  proper¬ 
ties  of  this  material  are  shown  on  table  2.  Up 
to  elev  85,  a  sand  and  gravel  natural  mixture 
dredged  from  the  riverbed  was  used,  fig  4a; 
between  elevs  85  and  94  a  uniform  sand  obtained 
by  crushing  alluvial  material  was  placed,  fig 
4b. 


7n.M&itioni  \ma£z.Kj.al  3).  The  sandy  travel 
used  in  the  transitions  was  also  obtaired  by 
dredging  the  riverbed;  its  gradation  character¬ 
istics  and  index  properties  are  shown  i  i  table 
2  and  in  fig  4c. 

R ock&Jll  {mateatat  4)  or  rather  sandy  shells 
are  the  product  of  the  compaction  of  soft  sand¬ 
stones  coming  from  the  open  pit  excavations  for 
the  powerhouse  (left  bank)  and  for  the  spillway 
(right  bank).  Their  physical  characteristics 
can  be  found  in  table  2  and  in  fig  4d. 

Pumped  a oak^Jlt  ( matzMal  5)  and  TUpnap  (ma-te- 
Atal  6).  Both  also  come  from  the  rock  excava¬ 
tions  in  both  banks  and  were  placed  by  pushing 
the  bigger  particles  of  material  4  to  the  outer 
slopes. 


a)  Plastic  brown  clay  b)  Red  silty  clay 

Fig.  2  Plasticity  of  the  core  materials 


€v  Volumetric  strain  (fv  Effective  stress 


mv  Coefficient  of  volume  compressibility 


Fig.  3  Compressibility  of  the  core  materials 


TABLE  1.  PROPERTIES  OF  THE  CORE  MATERIALS 


Brown 

plastic  clay 

Silty  red  clay 

N 

X 

a 

X 

0 

550 

1535 

51 

725 

1388 

149 

550 

27.1 

2.7 

725 

33.1 

4.5 

200 

1554 

187 

547 

1427 

86 

270 

98.2 

2.9 

725 

97.5 

8.1 

221 

1.88 

0.46 

686 

2.74 

0.88 

221 

33.7 

29.1 

686 

129.1 

103.2 

472 

56.5 

5.6 

547 

73.4 

15.5 

472 

27.4 

2.1 

547 

34.7 

4.2 

481 

2.66 

0.23 

553 

2.67 

0.24 

481 

0.75 

0.08 

725 

0.93 

0.13 

550 

96.1 

8.00 

725 

95.6 

6.1 

477 

14.3 

5.3 

549 

20.2 

5.5 

477 

85.7 

6.8 

549 

79.8 

5.5 

NOTATION 

Yd  Field  dry  unit  weight,  in  kg/m3 
iot  Field  water  content,  in  % 

Y  Dry  unit  weight  in  Proctor  test  correspond- 
p  ing  with  wt,  in  kg/m3 
Ec  Compaction  efficiency  (Yd/Yg),  in  % 
qu  Unconfined  compression,  in  Kg/cm2 
M,  Initial  deformation  modulus  in  q  test,  in 
kg/cm2  u 

uL  Liquid  limit,  in  % 

Up  Plastic  limit,  in  % 
ss  Specific  gravity 
e  Void  ratio 
Sr  Saturation  ratio,  in  % 

S  Sand  content,  in  % 

F  Fines  content  (passing  #200  sieve),  in  % 

N  Number  of  determinations 
x  Mean  value 
o  Standard  deviation 
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TABLE  2.  PROPERTIES  OF  THE  GRANULAR  MATERIALS 


Filters  (2) 

Transitions  (3) 

Rockfill  (4) 

: 

N 

X 

N 

X 

N 

X 

Yd 

161 

1863 

92 

2009 

41 

1826 

161 

6.7 

92 

6.5 

41 

11.1 

ss 

161 

2.72 

92 

2.66 

41 

2.65 

e 

161 

0.47 

92 

0.39 

41 

0.45 

>3" 

— 

— 

92 

2.2 

41 

36.6 

G 

161 

25.7 

92 

52.8 

41 

34.1 

S 

161 

71.0 

92 

42.0 

41 

22.7 

F 

161 

3.3 

92 

3.0 

41 

6.7 

k 

4 

3.2x10' 

-3  2 

1 . 5xlO'3 

3 

2.1x10'" 

NOTATION 

G  Gravel  content,  in  % 

>3"  Percent  of  particles  bigger  than  3  in 
k  Coefficient  of  permeability,  in  cm/s 
All  other  symbols  defined  under  Table  1 


G  Gravel  S  Sand  F  Fines 


Fig.  4  Gradation  of  materials  2,  3  and  4 


taken  in  cylindrical  moulds.  The  average  re¬ 
sults  of  more  than  600  samples  tested  under  un- 
confmed  compression  at  the  age  of  28  days  are 
also  shown  in  table  4.  To  verify  the  quality 
of  the  cut-off  wall  in  situ,  water  absorption 
tests  were  also  carried  out  in  two  boreholes 
that  crossed  vertically  the  whole  wall;  the 
coefficient  of  permeability  varies  between 
3  x  10'7  and  3  x  10-5  cm/s. 


TABLE  3.  COMPACTION  CHARACTERISTICS  OF  THE  DAM 
MATERIALS 


Material 

Layer 

thickness 

(cm) 

No.  of 
passes 

Compaction  Weight 
equipment*  (ton) 

1 

25 

6 

1 

7.7 

2 

30 

2 

2 

'/ .  3 

3 

40 

4 

2 

7.3 

4 

4 

2 

7.3 

5 

N.C. 

- 

3 

6 

N.C. 

- 

3 

— 

FI 

2 

2 

7.3 

F2 

30 

2 

2 

7.3 

7 

40 

6 

2 

7.3 

NOTATION 

*  1  Sheepsfoot  roller 

2  Vibratory  smooth-drum  roller 

3  Tractor 

N.C.  Not  compacted 


TABLE  4.  CUT-OFF  WALL  CHARACTERISTICS 


Dosage 


Cement 

150  kg/m3 

Gravel  ($ 

nax  =  19 

375  kg/m3 

Sand  (4>max  =  6  mm) 

975  kg/m3 

Bentonite 

slurry 

300  i/m 3 

Properties 

qu  =  9.8  kg/cm2 

Mx  =  4055  kg/cm2 


NOTATION 

qu  Unconfined  compression  strength 
Mi  Initial  modulus  of  deformation  in  qu 


Besides  the  mentioned  materials,  the  embankment 
includes:  two  filters  (FI  and  F2)  between  the 
drainage  strips  of  both  shells  and  the  dumped 
rockfill,  fig  1,  and  a  flexible  pavement  layer 
on  the  upper  2.5  m  (material  7). 

The  compaction  data  of  all  these  materials  are 
condensed  in  table  3. 

Plastic  cut-off  wall 

The  cut-off  wall  built  through  the  alluvial  ma¬ 
terials  was  made  of  plastic  concrete  so  as  to 
give  it  deformation  characteristics  similar  to 
those  of  the  alluvium  and  to  make  it  flexible 
enough  to  avoid  its  penetration  in  the  impervi¬ 
ous  core  of  the  dam.  The  concrete  mix  proper¬ 
ties  are  shown  in  table  4.  During  the  pouring 
of  the  concrete  into  the  trench,  samples  were 


INSTRUMENTATION 

The  instrumentation  of  the  dam  was  designed 
keeping  in  mind:  1 )  the  seismic  activity  of  the 
zone,  2)  the  geometry  of  the  damsite,  3)  the 
properties  of  the  rock  and  alluvium  foundation, 
4)  the  location  of  oil  fields  and  important 
cities  downstream  of  the  dafiisite,  and  5)  the 
valuable  information  which  is  obtained  from  the 
instrumental  measurements  to  Jmprove  both  the 
design  criteria  and  the  analyt. cal  models  used 
in  the  computation  of  stresses  and  strains  in 
earth  and  rockfill  dams. 

The  dam  is  instrumented  in  three  transversal 
sections  A,  C  and  D,  fig  5.  Each  section  con¬ 
tains  four  inclinometers,  six  clusters  of  in¬ 
struments  to  measure  stresses  and  strains,  and 
hydraulic  leveling  devices  at  two  elevations; 


I 


section  A  is  also  equipped  with  six  cross-arms. 
Besides,  a  few  pressure  cells  and  pneumatic 
piezometers  were  also  installed  at  certain 
points  of  the  dam,  and  several  lines  of  exten- 
someters  are  found  near  the  crest.  On  the 
slopes  of  the  dam  several  surface  reference 
points  at  rows  were  installed  for  the  topogra¬ 
phic  control  of  the  crest  and  slopes  movements, 
fig  5. 


sure  cells  and  six  extensometers  per  cluster 
of  instruments  must  be  placed  in  different 
directions,  provided  that  any  two  directions 
are  linearly  independent.  The  analysis  can  be 
made  in  terms  of  effective  stresses  if  the  pore 
pressure  is  measured  by  means  of  piezometers 
too.  Thus,  each  cluster  of  instruments  in¬ 
stalled  in  Penitas  dam  is  formed  by  6  total 
pressure  cells,  6  electric  extensometers  and 
2  pneumatic  piezometers  (one  redundant),  placed 
as  shown  in  fig  6;  the  characteristics  of  these 
instruments  can  La  found  in  Gonzalez-Valencia 
(1985)  and  Alberro  and  Borbon  (1985). 


Left  Bonk 
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l/'v/jf 

0 

\/Vz 

CY45Z 

EY45Z 

0 
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0 

□  Cojogronde-type  piezometers  PLDi,PUI 
_I_  Hydraulic  leveling  devices 
■  Surface  reference  points  at  rows  L-i 
»  Cluster  of  instruments  Gi 
a  Pneumatic  piezometers 


0  Instrument  house 
j|  ©  Inclinometers  I-i 
|  -c-  Cross-arms  D-i 
9  Pressure  cells 
i — i  Extensometers 


Fig.  5  Instrumentation  of  Penitas  Dam 


Besides  the  instrumentation  of  the  dam,  several 
instruments  were  placed  in  both  abutments,  in 
the  alluvial  foundation,  in/on  the  powerhouse 
and  in/on  the  spillway  for  monitoring  piezomet¬ 
ric  levels,  water  flow,  vertical  and  horizontal 
movements  and  seismic  activity. 

In  order  to  be  able  tc  make  the  analysis  of  the 
states  of  stress  and  strain,  at  least  six  pres¬ 


Fig.  6  Schematic  layout  of  a  cluster  of  instru¬ 
ments 


MEASURED  STRESSES  AND  STRAINS 
Introduction 


The  analysis  of  the  states  of  stress  and  strain 
based  on  the  instrumental  measurements  is  made 
in  order  to:  1 )  obtain  the  stress-strain  rela¬ 
tionships  of  the  dam  materials  during  the  con¬ 
struction  period,  2)  verify  the  properties  of 
the  materials  used  in  the  Finite  Element  Method 
(FEM)  computations,  and  3)  predict  the  future 
behaviour  of  the  structure. 

In  each  measuring  direction  i  in  space,  defined 
by  its  direction  cosines  (a.,  8.,  y.)  with  re¬ 
spect  to  a  genera)  coordinate  system,  the  line¬ 
ar  strain  et  is  expressed  by: 
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e.  =  e^+e^+e.y^g^.  y.+ 
+2g2aiYi+2g3ai8i 
taking  into  account  that 


(1) 


°l  93 

9,  e2  9, 

92  9,  e 

-I 


(2) 


is  the  strain  tensor  at  the  point  of  measure¬ 
ment. 


The  knowledge  of  the  six  e^  values  in  six  dif¬ 
ferent  directions  leads  to  the  establishment 
of  a  system  of  six  linear  independent  equations 
with  the  help  of  equation  (1).  The  solution  of 
this  system  gives  the  values  of  the  six  strains 
e3  ,  e2,  e3,  glf  g2  and  g3  which  define  the 
strain  _tensor  B.  In  the  same  way  the  stress 
tensor  E  can  be  established: 


E  = 


ni  *"3  ^*2 
fc3  "2  fcl 

t2  t,  n3 


(3) 


The  knowledge  of  D  and  E  tensors  with  respect 
to  a  general  coordinate  system  allows  the  de¬ 
termination  of  the  magnitude  and  direction  of 
the  principal  strains  and  stresses  (Sj  ,  e  ,  e 
and  o,f  c2,  c3).  ‘  ‘ 


(figs  7  to  12)  i.s  observed,  except  in  the  case 
of  the  ec^t  vs  :oct  curve  of  the  1C  cluster; 
here  the  extenscmeter  EX  (in  the  river  direc¬ 
tion)  was  exposed  to  strong  elongation  because 
it  was  partly  on  the  cut-off  wall  and  partly 
beyond  it,  which  altered  the  real  value  of  the 
strain  in  that  direction  due  to  penetration  of 
the  cut-off  wall  in  the  clay  core. 

Considering  the  results  shown  in  the  preceeding 
figures,  it  can  be  written  for  each  material 
(or  cluster  in  this  case): 

a  .  =  K  e 

oct  oct  ( 5 ) 

t  .  =  G  y 
oct  oct 

where  K  represents  the  bulk  modulus  and  G  is 
the  shear  modulus  of  the  material.  These  rela¬ 
tions  are  identical  with  those  of  the  Theory 
of  Elasticity  in  which 


K  =  ■  ^  and  G 

l-2v 


E 

2  (1+v) 


where  E  is  the  Young's  modulus  and  v  is  the 
Poisson's  ratio. 


Thus ,  based  on  the  a  oct  vs  e  oct  and  t  oct  vs  Yoct 
curves  it  is  possible  to  find  the  values  of  E 
and  v  correspo:  ding  to  the  material  which  sur¬ 
rounds  each  cluster  of  instruments. 


Using  tnis  method,  the  values  of  E  and  v  were 
calculated  for  the  different  materials  and  the 
results  can  be  found  in  table  5. 


The  octahedral  stresses  and  strains  are  defined 
as: 


0  . 
oct 

= 

3(ai 

+a2+33) 

e 

oct 

s 

i<ei 

+e2+£3) 

,  t  (4) 
)2P 

T  , 
oct 

= 

^uo 

i-«2  )2  + 

(Oj-0 

3)2+(cf2-o3 

Y  . 
oct 

= 

i((£ 

,-e2)2  + 

(£,-£ 

3> 2  +  < e 2  — e 3 

J2]’5 

where  o  3 , 

o . 

,  and 

a3  are 

the 

principal 

effective 

stresses  and  £,,  e2  and  £}  are  the  principal 
strains. 

With  these  values  one  can  draw  the  variations 
°f  e  oct  with  respect  to  ooct,  Yoct  with  respect 
to  t oct  and  also  the  variation  of  o3  in  regard 
to  o  j  . 


It  is  important  to  indicate  that  the  values  of 
E  and  v  of  the  core  material  probably  concern 
only  the  silty  red  clay  (material  1 )  because 
this  clay  is  enveloping  clusters  1  and  2  in 
sections  A  and  C  with  a  4  m  thicx  layer.  Only 
clusters  1  and  2  of  section  D  are  surrounded 
by  plastic  brown  clay  (material  1b)  but  unfor¬ 
tunately  in  these  clusters  some  of  the  pressure 
cells  failed  shortly  after  having  been  placed. 

The  results  presented  in  this  section  should  be 
compared  with  those  found  by  means  of  the  con¬ 
fined  plate  bearing  tests  made  during  the  cons¬ 
truction  as  well  as  with  the  mechanical  para¬ 
meters  of  the  clays  obtained  by  means  of  lab¬ 
oratory  consolidation  tests,  fig  3. 


CONFINED  PLATE  BEARING  TESTS  AND  CONSOLIDATION' 
TESTS 


Instrumental  measurements 

It  is  once  again  verified,  Marsal  (1976) ,  that 
during  the  construction  period  the  relationship 
0,/Oj  remains  constant.  Figs  7  to  12  show  the 
octahedral  stress-strain  relationships  for_each 
cluster  of  instruments.  These  values  of  ooct, 

£  oct  *  Toct  and  7 oct  are  determined  via  the 
measurement  of:  1)  total  stresses  (total  pres¬ 
sure  cells) ,  2)  strains  (electric  extensome- 
ters) ,  and  3)  pore  pressures  (pneumatic  piezo¬ 
meters)  . 

The  tendency  of  linearity  in  all  the  curves 
drawn  up  to  the  end  of  the  construction  period 


Confined  plate  bearing  tests  (CPBT) 

Description 

A  CPrT  is  actually  a  conventional  plate  bearing 
test;  the  difference  lies  in  the  fact  that  by 
means  of  an  annular  plate  a  confining  stress 
is  applied  to  the  material  being  tested,  Monta¬ 
nez  ei  at  (1979).  Both  plates  are  made  of 
steel:  the  annular  one  has  a  0.8  m  inner  diame¬ 
ter  and  2.4  m  outer  diameter  and  the  central 
plate  has  a  diameter  of  0.8  m. 

The  loads  are  transmitted  to  the  plates  by 
using  hydraulic  jacks  which  react  against  a 
metal  platform  onto  which  a  loaded  truck  weigh¬ 
ing  80  ton  is  driven,  fig  13.  The  settlements 


of  the  central  plate  are  measured  wit.n  three 
micrometers . 

Test  procedure 

Initially,  a  1  kg/cm2  stress  is  applied  to  both 
plates.  The  settlement  of  the  central  one  with 
respect  to  a  fixed  level  is  measured  during 
a  preestablished  period  of  time  and  then  a 
1  kg/cm2  load  increment  is  applied  to  the  cen¬ 
tral  plate  while  the  annular  one  is  kept  with 
the  original  load.  The  displacement  of  the 
central  plate  continues  to  be  read  and  when  the 
rate  of  settlement  slows  down  to  a  fixed  limit 
the  next  1  kg/cm 2  load  increment  is  applied. 
The  test  continues  in  a  similar  way  until  the 
pressure  in  the  central  plate  reaches  4.  kg/cm2. 
Afterwards,  the  plate  is  unloaded  with  load  de¬ 
crements  of  1  kg/cm2. 

Test  interpretation 

In  order  to  calculate  the  modulus  of  deforma¬ 


tion  for  each  load  increment,  the  next  expres¬ 
sion  derived  from  the  Theory  of  Elasticity  is 
used: 


E 


1-y2  Ap 
2a  AS 


(7) 


where:  E 
v 
a 

Ap 

A6 


modulus  of  deformation 
Poisson's  ratio 
inner  plate  radius 
load  increment  on  the  plate 
settlement  caused  by  Ap 


The  modulus  of  deformation  of  an  elastic  mate¬ 
rial  loaded  superficially  with  a  load  P  on  a 
rigid  circular  plate  of  radius  a  can  be  comput¬ 
ed  using  expression  (7).  Even  though  this  is 
not  precisely  the  case  in  a  CPBT  because  of  the 
additional  load  on  the  annular  plate,  the  re¬ 
sults  obtained  with  equation  (7)  are  considered 
to  be  pretty  close  to  reality. 
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Notation  for  figs  7  -12  = 
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Fig.  7  Octahedral  stress-strain  curves  for  clusters  No.  1  (core) 
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Fig.  8  Octahedral  stress-strain  curves  for  clusters  No.  2  (core) 
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Fig.  9  Octahedral  stress-strain  curves  for  clusters  No.  3  (Filter) 
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Fig.  10  Octahedral  stress-strain  curves  for  clusters  No.  4  (Rockfill) 
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Fig.  11  Octahedral  stress-strain  curves  for  clusters  No.  5  (Core) 
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Fig.  12  Octahedral  stress-strain  curves  for  clusters  No.  6  (Transition) 


TABLE  5.  ELASTIC  PROPERTIES  DETERMINED  BY 
INSTRUMENTATION  AND  CPBT 


Material 

Instrumentation 

CPBT 

V 

E 

Eb 

Clay  core* 

0.15 

120 

126 

Filters 

0.15 

1500 

903c 

Transitions 

0.15 

1300 

1295 

Rockfill 

0.10 

750 

890 

NOTATION 

a  Silty  red  clay 

b  Computed  using  v  of  the  first  column 
c  Material  placed  above  elev  85  (fig  4b) 

E.  in  kg/cm* 

Results 

In  fig  14  the  stress  on  the  plate  (op)  versus 

settlement  (4)  diagrams  are  shown  for  all  mate¬ 
rials  tested;  note  that  the  unloading  branches 
of  the  curves  are  not  drawn  for  clarity.  The 
average  moduli  E  calculated  with  equation  (7) 
considering  the  v  values  obtained  by  the  in¬ 
strumentation  are  shown  in  table  5.  Comparing 


■  n't  i  n  1 1 1 1 1  rr'i  i 


Fig.  13  Schematic  layout  of  a  CPBT 

these  values  of  E  with  those  of  the  instrumen¬ 
tation  an  excellent  correlation,  is  observed, 
except  in  regard  to  the  filter.  However,  it 
should  be  taken  into  account  that  the  CPBT  were 
made  in  the  filter  above  elev  85  and  therefore 
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in  the  fine  uniform  material  obtained  by  crush¬ 
ing  tne  dredged  alluvium,  fig  4b;  the  volume 
of  this  material  is  very  small  in  comparison 
to  the  rest  of  material  2,  fig  4a. 

It  should  be  noted  that  we  tried  to  make  CPBT 
in  the  plastic  brown  clay  but  this  material  is 
so  compressible  that  when  applying  the  first 
load  of  1  kg/cm2  on  both  plates,  the  stroke  of 
the  hydraulic  jacks  was  exhausted,  and  for  this 
reason  no  results  could  be  obtained. 


Consolidation  tests  of  the  core  clays 

The  variation  of  the  coefficient  of  volumetric 
compressibility,  mv,  of  both  core  clays  (mate¬ 
rials  1b  and  1)  is  shown  in  figs  3a  and  3b. 
The  inverse  of  mv  is  equal  to  70  and  120  kg/cm2 

for  clays  1b  and  1  respectively  in  the  effec¬ 
tive  stress  range  of  1  to  3  kg/cm2.  The  latter 
value  of  1/mv  corresponding  to  the  red  clay  is 

pretty  similar  to  the  values  of  E  obtained  by 
instrumentation  and  CPBT. 

FINITE  ELEMENT  METHOD 
General  remarks 

The  analysis  of  the  states  of  stress  and  strain 


<Tp  Stress  on  the  central  plate ,  n  «q/m2 
8  Settlement ,  in  mm 


I  Time  ot  application  of  each  lood 
Increment  ,  in  minutes 

Fig.  14  Stress-settlement  curves  of  the  CPBT 


by  the  Finite  Element  Method  (FEM)  was  made 
taking  into  consideration  a  plane  strain  state 
in  the  maximum  cross-section  of  the  dam.  The 
mesh  used  is  shown  in  fig  15;  the  triangular 
elements  are  of  such  a  kind  that  the  strain  is 
constant  all  through  each  element.  To  take 
account  of  the  incremental  construction,  the 
FEM  idealization  was  arranged  in  ten  horizontal 
layers  corresponding  to  construction  lifts;  the 
results  presented  below  are  the  ones  corre¬ 
sponding  to  the  end  of  the  construction. 

Properties  of  the  materials 

The  stress-strain  properties  used  to  feed  the 
finite  element  program  are  the  ones  obtained 
by  the  instrumentation  and  are  presented  in 
table  6.  The  properties  of  the  cut-off  wall 
shown  on  the  same  table  were  obtained  by  the 
unconfined  compression  tests  made  in  the  course 
of  its  construction,  table  4;  the  alluvium 
characteristics  were  estimated  on  the  basis  of 
in  situ  cross-hole  tests  made  after  the  dynamic 

compaction  (dynamic  modulus  E,  =  1100  kg/cm2) 

a 

and  of  the  average  properties  which  generally 
characterize  these  deposits. 

Fig  16  shows  the  distribution  of  materials 
which  were  used  for  the  numerical  analysis. 
Note  that  the  materials  4,  5,  6,  FI  and  F2  were 
assigned  the  properties  of  material  4.  Be¬ 
sides,  since  no  CPBT  were  made  in  the  brown 
plastic  clay  and  there  is  no  instrumental  in¬ 
formation  about  this  material,  it  was  consider¬ 
ed  that  the  whole  core  is  formed  by  the  silty 
red  clay  (material  1). 

One  of  the  basic  considerations  for  the  FEM 
analysis  was  the  constant  values  of  E  and  v  for 
each  material  during  all  the  simulated  con¬ 
struction  of  the  dam.  These  constant  values 
are  a  consequence  of  the  already  mentioned 
linearity  of  the  o  .  vs  z  _  and  x  _  vs  y 
curves. 

Results 

The  resulting  displacement  vectors  and  vertical 
stress  configuration  are  presented  in  figs  17 
and  18,  respectively.  Note  the  tendency  of  the 
dam  material  to  move  towards  its  interior 
whereas  the  foundation  material  tends  outwards, 
fig  17.  In  fig  18,  three  vertical  stress  con¬ 
centrations  stand  out,  one  in  the  core  above 
the  cut-off  wall  and  two  others  also  in  the 
clay  near  the  filters,  because  of  the  interac¬ 
tion  between  the  compressible  core  and  the 
rigid  diaphragm  wall  and  the  rigid  filters. 

Comparison  with  the  instrumental  measurements 

The  vertical  effective  stresses  measured  in 
several  zones  of  the  dam  and  the  ones  calcu¬ 
lated  by  the  FEM  are  presented  in  fig  19;  the 
resemblance  is  clearly  evident.  The  maximum 
differences  occur  in  the  clay  core  in  the 
proximity  of  the  filters  in  view  of  the  reasons 
explained  in  the  previous  section. 

In  regard  to  the  measured  and  calculated  set¬ 
tlements,  these  are  compared  in  fig  20,  where 
the  settlements  measured  with  the  central 
inclinometer  I-AB  and  the  settlements  measured 
at  elev  59  (crest  of  the  cut-off  wall)  and  elev 
77  are  shown.  In  this  figure  once  again  the 
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Fig.  15  Finite  element  mesh 


TABLE  6.  MATERIALS  PROPERTIES  USED  IN  THE 
FEM  ANALYSIS 


Material 

V 

E* 

1 

Clay  core 

0.15 

120 

2 

Filters 

0.15 

1500 

3 

Transitions 

0.15 

1300 

4 

Rockfill 

0.10 

750 

5 

Cut-off  wall 

0.33 

4055 

6 

Alluvium 

0.30 

750 

*  in  kg/cm2 


Fig.  16  Materials  used  in  the  FEM  analysis 

great  similarity  of  the  measured  and  computed 
settlements  can  be  seen,  except  at  eiev  59, 
where  the  computed  ones  are  somewhat  smaller 
perhaps  because  the  plastic  clay  (material  1b), 
obviously  more  compressible  than  the  red  clay, 
fig  3,  was  not  taken  into  consideration  in  the 
numerical  model. 


Q...S>  '9° 

Displacement  scale  8 ,  in  cm 

rig.  17  Computed  displacements  at  the  end  of 
construction 


Fig.  18  Contours  of  equal  vertical  effective 
stresses 

of  the  instrumental  measurements  leads  to  the 
following  conclusions: 


a)  As  a  consequence  of  the  ^stress  path  followed 
during  construction  (o  /o  =  constant)  the 


CONCLUSIONS 

The  determination  of  the  stress -strain  charac¬ 
teristics  of  the  Penitas  dam  materials  by  means 


Elevation  ,  in  m  Settlements ,  in  cm 


materials  behave  as  if  they  were  linear 
elastic. 


Computed 


Fig.  19  Measured  vs  computed  vertical  effective 
stresses 
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Fig.  20  Measured  vs  computed  settlements 


b)  The  computation  of  the  states  of  stress  and 
strain  by  means  of  the  FEM  is  therefore 
simplified  for  the  construction  stage. 

c)  The  confined  plate  bearing  tests  (CPBT) , 
which  also  impose  an  approximately  constant 
ox/a3  path  on  the  material,  show  values  of 
the  moduli  E  very  similar  to  those  obtained 
by  instrumentation. 

According  to  these  conclusions  and  to  the  re¬ 
sults  of  vertical  stresses  and  strains  obtained 
by  the  FEM,  its  is  clear  that  one  can  design  a 
structure  in  advance  if  the  values  of  E  are 
determined  via  CPBT  made  on  test  embankments, 
at  least  as  far  as  granular  materials  are  con¬ 
cerned.  Besides,  in  the  case  of  clayey  mate¬ 
rials  the  value  of  E  determined  in  the  field 
compares  favourably  with  the  inverse  of  the 
coefficient  of  volumetric  compressibility,  mv, 
obtained  by  means  of  laboratory  consolidation 
tests. 
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SYNOPSIS:  This  paper  presents  key  features  of  the  Highland  Valley  tailings  storage  facility  comprising 
two  tailings  dams,  a  107  m  high  H-H  Dam  and  a  166  m  high  L-L  Dam.  The  construction  history  to  date 
including  instrumentation  observations  is  also  reviewed.  Although  the  tailings  facility  is  situated 
in  a  low  to  moderate  seismic  area  within  the  Interior  Plateau  of  British  Columbia,  potential  earth¬ 
quake  sources  that  might  have  an  impact  on  the  site  have  been  carefully  assessed.  Both  dams  are 
designed  to  have  adequate  seismic  resistance  against  design  earthquakes  appropriate  for  the  site.  The 
L-L  Dam  valley  section,  involving  soft  lacustrine  deposits  beneath  the  Starter  Dam,  has  been  buttressed 
by  a  compacted  downstream  berm  founded  on  dense  glacial  till.  As  the  geometry  of  the  tailings  storage 
and  distribution  facilities  and  waste  dumps  changes  with  time,  the  quantity  and  relative  cost  of 
various  construction  materials  including  natural  borrow,  cycloned  sard  and  pit  overburden  also  change. 
Ongoing  construction  is  planned  to  maintain  key  earthquake  and  flood  design  criteria  as  well  as  to 
adjust  the  use  and  placement  method  of  various  materials  to  achieve  an  efficient  and  cost  effective 
tailings  storage  operation.  Inherent  in  the  design  of  the  two  tailings  dams,  both  constructed  by  the 
centerline  method,  is  the  flexibility  which  enables  the  storage  capacity  of  the  tailings  facility  to 
be  increased  beyond  the  present  1.8  billion  tonnes  if  required  at  some  future  time. 


INTRODUCTION 


Highland  Valley  Copper,  a  world-class  mining 
company  producing  copper  concentrate  and  moly¬ 
bdenum,  was  formed  as  a  partnership  of  Lornex 
Mining  Corporation  and  Cominco  on  July  1,  1986. 
The  partnership  combines  the  former  Lornex  and 
Cominco  mining  operations  comprising  the  Lornex 
and  Valley  orebodies.  The  two  ore  bodies, 
which  are  only  4  km  apart,  are  both  low-grade 
porphyry  copper  deposits  and  are  located  in 
Highland  Valley,  British  Columbia,  about  200  km 
northeast  of  Vancouver  (see  Fig.  1).  Develop¬ 
ment  of  the  Lornex  orebody  commenced  in  1972, 
and  the  Valley  orebody  in  1983.  Since  then, 
the  operation  has  experienced  a  series  of 
expansions.  The  latest  expansion  occurred  in 
1986-1987.  It  included  the  installation  of  two 
1.5  m  by  2.3  m  semi-mobile  in-pit  crushers  and 
2  km  long,  twin  1.5  m  conveyor  belts  capable  of 
delivering  a  total  of  12  000  tonnes  of  ore  per 
hour  from  the  Valley  pit  to  the  Lornex  mill. 
In  1988  the  average  ore  throughput  reaches 
120  000  tonnes  per  day  and  the  operation  ranks 
as  the  third  largest  open  pit  copper  mine  in 
the  world  with  the  second  largest  milling 
capacity  (Hansen  1987). 

Highland  Valley  Copper  stores  its  tailings 
mainly  in  the  Highland  Valley  tailings  facility 
(ultimate  capacity:  1.8  billion  tonnes). 

Auxiliary  storages  are  provided  by  the  Trojan 
tailings  facility  (ultimate  capacity:  85  million 
tonnes)  and  several  abandoned  pits  and  one 
abandoned  tailings  pond  (combined  ultimate 
capacity:  110  million  tonnes).  This  paper 
describes  only  the  design  features  of  the  main 
facility.  As  indicated  in  the  general  arrange¬ 
ment  illustrated  in  Fig.  2,  the  facility 
includes  three  tailings  dams:  these  are,  going 
from  east  to  west,  the  H-H,  J-J  and  L-L  Dams, 


named  after  the  alignment  alternatives  in  the 
initial  feasibility  studies.  A  section  through 
the  Highland  Valley  from  the  Lornex  mill  to  the 
L-L  Dam  is  shown  in  Fig.  3,  From  1970  to  1977 
Canadian  Bechtel  Ltd.  advised  Lornex  on 
tailings  storage  at  the  H-H  and  J-J  Dams  and 
the  L— L  Starter  Dam.  Since  the  completion  of 
the  L-L  Starter  Dam  in  1977,  Klohn  Leonoff  Ltd. 
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has  proJided  o.igoing  consultation  and  super¬ 
vision  of  the  raising  of  the  L-L  and  the  H-H 
Dams.  The  J-J  Dam  is  scheduled  to  be  buried  by 
tailings  in  the  near  future. 

This  paper  reviews  key  features  of  the  tailings 
facility,  the  H-H  Dam  and  the  L-L  Dam.  The 
performance  of  the  valley  section  of  the  L-L 
Dam,  which  is  partly  founded  on  lacustrine 
deposits,  is  also  presented. 


TAILINGS  STORAGE  FACILITY 

The  original  Bechtel  scheme  envisaged  the 
storage  of  680  million  tonnes  of  tailings 
initially  in  the  Upper  Pond  bounded  by  the  H-H 
and  J-J  Dams  at  a  crest  elevation  of  1303  m. 
Thereafter,  the  remaining  storage  would  be 
provided  by  the  Lower  Pond  between  the  J-J  and 
L-L  Dams.  The  reason  for  adopting  this  scheme 
involving  an  ultimately  redundant  Middle  (J-J) 
Dam  was  the  lower  initial  capital  cost  of  the 

scheme  compared  with  the  two-dam  scheme 
involving  the  H-H  and  L-L  Dams  only.  With  the 
rapid  rise  of  energy  costs  since  1973,  the 
relative  advantage  of  the  three-dam  scheme  was 
eroded  quickly.  In  1975,  Lornex  decided  to 
convert  the  tailings  facility  to  the  two-dam 

scheme . 

The  existing  tailings  storage  facility  is 
approximately  9.6  km  long,  and  a  pond  is  formed 
upstream  of  the  L-L  Dam.  A  portion  of  the 

tailings  flows  from  the  mill  to  the  L-L  Dam 
along  a  914  mm  diameter  pipeline  located  on  the 
north  valley  slope.  Flow  is  mostly  by  gravity 
with  some  assistance  by  booster  pumps  located 
at  the  H-H  Dam.  Tailings  delivered  to  the 

L-L  Dam  are  cycloned  at  the  north  abutment  to 
produce  sand  for  dam  construction.  The 
remainder  of  the  tailings  is  discharged  via  a 
914  mm  diameter  pipeline  into  the  tailings  pond 
near  the  east  abutment  of  the  H-H  Dam.  Both 
the  H-H  and  L-L  Dams  are  to  be  raised  annually 
from  their  respective  present  heights  of  28  m 
and  93  m  to  ultimate  heights  of  107  m  and  166  m 
to  meet  the  ongoing  tailings  storage 
requirements  of  the  mining  operation. 

Site  Conditions 

The  Highland  Valley  is  a  broad ,  U-shaped  valley 
located  in  the  Interior  Plateau  of  south  central 
British  Columbia.  The  Interior  Plateau,  a 
physiographic  unit  of  the  Canadian  Cordillera, 
has  a  gently  rolling  topography  with  rounded 
glaciated  hills  rising  to  over  1850  m.  The 
Highland  Valley  is  bounded  on  the  east  by  the 
broad,  shallow  Guichon  Creek  Valley  and  on  the 
west  by  the  deeply  incised  Thompson  River 
Valley.  There  is  a  high  point  in  the  talweg 
(valley  bottom)  near  the  Valley  Pit  which 
creates  a  drainage  divide  at  about  1220  m. 
From  the  divide,  Pukaist  Creek  drains  westward, 
directly  into  the  Thompson  River.  Witches 
Brook  drains  eastward  from  the  divide  into  the 
Thompson  River  via  Guichon  Creek  and  the  Nicola 
River. 

The  Guichon  Creek  Batholith,  a  semi-cor.cordant 
dome  with  an  approximate  width  of  20  km,  and 


length  of  65  km  oriented  with  its  long  axis  in 
the  direction  slightly  west  of  north,  is  the 
predominant  bedrock  feature  in  the  Highland 
Valley.  Potassium-argon  (K/Ar)  dating  of  the 
Batholith  indicates  an  age  of  200±8  million 
years  (Ma) .  The  Batholith  is  one  of  several 
large  plutons  in  the  southern  portion  of  the 
structural  province  known  as  the  Intermontane 
Belt.  The  intrusive  rock  is  associated  and 
possibly  comagmatic  with  Late  Triassic  volcanic 
rocks  (McMillan  1985).  The  Highland  Valley 
porphyry  copper  deposits  occur  near  the  center 
of  the  Batholith. 

Seismo- tectonic  Setting  and  Design  Earthquake 

The  Canadian  Cordillera  appears  to  be  an 
assemblage  of  terrains  separated  by  major  fault 
traces,  ophiolite  exposures  and  oceanic  marginal 
basin  stratigraphy.  Dickinson  (1976)  links 
these  terrains  with  the  overall  geodynamics  of 
an  active  continental  margin.  The  system  was 
progressively  broadened  by  tectonic  accretion 
of  oceanic  elements  to  the  edge  of  the  contin¬ 
ental  block.  Abandoned  ocean  margins,  there¬ 
fore,  are  located  throughout  British  Columbia. 
Such  a  margin  is  characterized  by  the  Cache 
Creek  terrain  and  the  related  Passayten-Fraser- 
Yalakom  Fault  Systems.  Many  of  the  major 
structures  in  British  Columbia  are  associated 
with  these  ancient  continental  margins. 

Ewing  (1980)  postulated  the  following  tectonic 
model  for  the  North  American  Cordillera  between 
40°  N  and  60°  N  latitude.  In  Paleocene  time, 
continuous  subduction  took  place  in  this  area. 
South  of  47°  N  latitude,  subduction  continued 
without  interruption  since  that  time.  However, 
north  of  47°  N  latitude,  a  Pacific-North 
American  transform  boundary  was  formed  at  about 
53  Ma  due  to  the  amalgamation  of  the  Pacific, 
Kula  and  northern  Farallon  plates.  Concur¬ 
rently,  transform  motion  was  in  part  taken  up 
on  the  Fraser-Tintina  strike-slip  system 
inland,  cross-cutting  the  volcanism  produced 
from  the  remnant  of  the  subducted  slab.  At 
about  42  Ma,  inland  transform  motion  stopped, 
and  all  transform  motion  took  place  on  the 
Queen  Charlotte  transform. 

Present  major  tectonic  activity  in  southern 
British  Columbia  is  limited  to  major  plate 
boundaries,  such  as  transform  faults  off  the 
west  coast  of  Vancouver  Island,  and  faulting 
associated  with  the  thrusting  of  the  Juan  de 
Fuca  Plate  under  southern  Georgia  Strait  and 
the  Puget  Lowland.  The  northern  limit  of  the 
subducting  Juan  de  Fuca  Plate  is  at 
approximately  50°  N  within  Georgia  Strait.  To 
the  south  a-'d  to  the  north  of  this  small 
subducting  ilate,  strike-slip  faulting  is  the 
prevalent  displacement  mode  between  the  North 
American  and  Pacific  plates. 

Heaton  and  Hartzell  (1987)  outlined  a  potential 
seismic  hazard  related  to  large  subduction 
earthquakes  on  the  Cascadia  subduction  zone  off 
the  west  coast  of  Vancouver  Island.  The 
Cascadia  subduction  zone  shares  many  character¬ 
istics  with  those  subduction  zones  in  Southern 
Chile,  Columbia  and  Southwestern  Japan,  where 
relatively  young  volcanic  lithospheres  are 
involved  in  the  subduction.  If  the  Cascadia 
subduction  zone  is  storing  elastic  energy, 
either  a  series  of  several  large  earthquakes  of 


magnitude  8  (Mw  -  8)  or  a  giant  earthquake  of 
magnitude  9.5  would  be  required  to  fill  this 
1200  km  seismic  gap.  Because  of  the  substan¬ 
tial  distance  of  this  earthquake  source  from 
the  site  (about  480  km) ,  its  impact  on  the  site 
is  not  significant. 

Evidence  for  most  recent  tectonic  activity  in 
central  British  Columbia  is  Tertiary  plateau 
basalts,  '’’he  basalts,  commonly  associated  with 
a  tensional  stress  field,  were  extruded  at  the 
same  time  as  crustal  extension  began  in  the 
Basin  and  Range  Provinces  in  the  United  States 
(Noble  1972).  Present  crustal  stress 
conditions  in  the  Highland  Valley  are  unknown. 
However,  stress  levels  are  expected  to  be  minor 
compared  to  stress  levels  near  the  continental 
margin. 

Figure  4  (from  Ewing  1981)  shows  an  idealized 
sketch  of  major  Eocene  tectonic  features  in 
south  central  British  Columbia.  Superimposed 
on  the  figure  are  the  Highland  Valley  tailings 
facility  and  epicentral  locations  of 
earthquakes  with  indicated  magnitudes  within  an 
area  bounded  by  50°  N  and  51°  N  and  120°  W  and 
122°  W.  The  plotted  seismic  events  from  1899 
to  1984  are  those  which  caused  a  Modified 
Mercalli  intensity  of  II  or  greater  at  the 
site.  On  the  other  hand,  all  earthquakes  from 
1985  to  March,  1987  within  the  area  are 
plotted .  Design  earthquakes  selected  for  the 
tailings  facility  are  magnitude  6.5  earthquakes 
associated  with  the  Guichon  Creek  Fault  and  the 
Lytton  Fault.  Since  the  Guichon  Creek  Fault  is 
closer  to  the  facility,  15  km  to  the  H-H  Dam, 
and  23  km  to  the  L-L  Dam,  the  earthquake 
associated  with  the  Guichon  Creek  Fault  governs 
the  design  of  the  tailings  dams. 
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Fig.  4.  Epicenters  and  Major  Eocene  Tectonic 
Features  in  the  Vicinity  of  Highland 
Valley  (after  Ewing  1981). 


Surface  Water 

Highland  Valley  is  located  in  the  rain  • 

shadow  of  the  Coast  Mountain  Range  in  an  ! 

extension  of  the  upper  Sonora  Desert  of  the 
United  States.  Most  of  the  precipitation  . 

comes  down  as  snow  in  the  winter.  Approxi-  ) 

mately  60%  of  the  runoff  in  the  creeks  l 

flowing  in  the  vicinity  of  the  mine  occurs  l 

during  spring  runoff  in  May  and  June.  Main  3 

sources  of  fresh  make-up  water  used  in  the  : 

mill  process  come  from  runoffs  collected 
frcm  catchment  areas  around  the  mine  and  ; 

tailings  pond  and  a  pump  installation  in  i 

the  Thompson  River  about  22  km  from  the  ; 

mine.  Groundwater  tapped  by  deep  wells 
near  the  mine  provides  the  balance  of  the  j 

requirement.  After  sixteen  years  of  opera-  , 

tion,  the  total  volume  of  freewater  in  the  : 

tailings  pond  has  not  changed  signifi-  g 

cantly,  although  it  does  undergo  yearly  1 

fluctuation  with  runoff.  Pumping  from  the  j 

Thompson  River  is  minimized  based  on  ongoing  1 

monitoring  of  freewater  volume  in  the  pond  j 

in  order  to  minimize  power  consumption.  J 

The  tailings  pond  is  operated  as  a  closed  a 

system,  and  is  designed  to  store  a  design  a 

flood  inflow  volume  of  40  600  dam3  without  \ 

release.  This  design  flood  is  arrived  at  3 

from  two  different  criteria  as  follows:  (1)  ] 

the  sum  of  the  average  annual  runoff,  the  \ 

100-year  flood  and  the  24-hour  probable  a 

maximum  flood  (PMF) ;  and  (2)  the  sum  of  the  3 

average  annual  snowmelt  runoff  and  the  -1 

runoff  from  a  120-hour  probable  maximum  pre-  i 

cipitation  (PMP)  assumed  to  occur  during  i 

the  snowmelt  period.  An  additional  free-  i 

board  of  1  m  is  added  for  preventing  over-  J 

topping  of  the  L-L  Dam  by  waves,  although  ; 

the  tailings  beach  formed  in  front  of  the  1 

dam  tends  to  mitigate  the  wave  action.  j 

Reclamation  and  Mine  Closure  ,'j 

Reclamation  plans  and  techniques  are  being  j 

developed  on  an  ongoing  basis.  Growth 
performance  of  grasses  and  legumes  in  test  j 

plots  located  on  the  tailings  is  monitored 
and  evaluated  for  future  reference  in 
reclamation  planning .  Ultimate  land  uses  ' 

for  the  long  and  gently  sloped  (0.3%) 
tailings  pond  include:  seed  production, enhan-  j 

ced  grazing  for  cattle  and  wildlife,  hay  pro  - 
duction,  tree  farming  and  public  recreation.  ,  j 

It  is  envisioned  that  creeks  flowing  into 

the  tailings  pond,  which  is  sloping  from 

the  H-H  Dam  toward  the  L-L  Dam,  will  1 

naturally  irrigate  the  reclaimed  pond  area 

and  form  a  shallow  lake  located  about  200  m 

upstream  of  the  L-L  Dam.  A  permanent  , 

spillway  system  will  be  located  on  one  of 

the  abutments  of  the  L-L  Dam.  The  spillway 

will  consist  of  an  approach  channel,  a 

control  structure  located  in  a  rock  cut  and 

an  outlet  channel.  Its  location  will  be 

determined  prior  to  mine  closure  upon  i 

detailed  investigation.  The  spillway 

control  structure  may  consist  of  concrete 

culverts  embedded  in  a  concrete  free 

overflow  crest  structure.  The  culverts 

would  pass  normal  flows,  and  most  flood 

flows  due  to  the  attenuating  function  of 
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surcharge  storage  provided  by  the  L-L  Dam  above 
the  invert  elevation  of  the  culverts.  The 
overflow  structure  would  generally  not  pass 
water  unless  the  culverts  became  blocked  or 
inflow  rates  approached  those  of  a  design  PMP 
event. 

In  the  event  of  a  prolonged  shutdown  of  mining 
operation  prior  to  mine  closure,  a  temporary 
spillway  or  other  facilities  will  be  provided 
to  release  flood  water  and  protect  the  L-L  Dam 
from  overtopping . 

Highland  Valley  Copper  may  consider  developing 
the  available  water  storage  in  the  tailings 
pond  for  downstream  irrigation  usage  and/or 
power  generation  after  mine  closure.  Tnis 
could  entail  provision  of  regulating  gates  on 
the  culverts  or  stoplogs  at  the  spillway  to 
allow  controlled  release  of  stored  water  during 
the  summer  months.  Water  surplus  to  local 
irrigation  requirements  could  be  fed  through 
the  existing  Thompson  River  pipeline  to  a 
hydroelectric  plant  installed  in  the  Thompson 
River  pumphouse. 


H-H  DAM 

The  H-H  Dam,  which  forms  the  eastern  limit  of 
the  tailings  facility,  is  situated  on  Pukaist 
Creek,  approximately  6.5  km  northwest  of  the 
Lornex  millsite.  Figure  5  shows  a  typical 
section  through  the  dam.  The  elevation  of  the 
valley  floor  at  the  damsite  is  about  1180  m 
with  the  valley  walls  gently  sloping  upward  to 
a  maximum  elevation  of  1820  m. 

Results  from  several  field  investigation  pro¬ 
grams  covering  the  foundation  and  abutments 
reveal  the  following  subsoil  profile  at  the 
damsite: 

medium  dense  surficial  glaciof luvial  sands 
and  gravels,  2  to  18  m  thick; 

very  dense,  well  graded  glacial  till,  6  to 
23  m  thick; 

very  dense  interglacial  sands  and  gravels 
and  underlying  inter- layered  deposits,  0  to 
135  m  thick. 

Depth  to  bedrock  is  in  excess  of  169  m  near  the 
center  of  the  valley  and  decreases  to  about  5  m 
on  the  abutments  near  the  ultimate  crest 
elevation. 


The  Starter  Dam,  completed  in  1972,  is  a  zoned, 
earthfill  structure  with  a  15.2  m  wide  •'entral 
impervious  core  of  glacial  till  and  more  pervious 
shells.  A  drainage  zone  is  included  in  the 
downstream  shell  to  control  seepage  through  the 
dam.  A  cutoff  trench  was  excavated  at  the  center 
of  the  base  of  the  impervious  core  to  tie  into  the 
dense  glacial  till  foundation.  The  trench  was 
backfilled  with  impervious  glacial  till.  Across 
the  stream  channel  in  the  valley  section,  the 
cutoff  trench  was  shifted  upstream  in  order  to 
reduce  the  amount  of  excavation  and  backfill 
required .  Following  the  completion  of  the  Starter 
Dam,  the  ongoing  raising  of  the  H-H  Dam  consists 
of  the  following  major  fill  zones: 

(1)  central  impervious  core  extending  above  the 
core  of  the  Starter  Dam; 

(2)  downstream  shell  composed  of  structural  fill; 

(3)  downstream  pervious  fill  underlying  the 
downstream  shell; 

(4)  upstream  shell  of  random  fill; 

(5)  upstream  zone  of  tailings. 

The  Starter  Dam,  the  impervious  glacial  till  core 
and  the  downstream  shell  materials  are  compacted 
to  a  minimum  of  97%  standard  Proctor  density. 
Upstream  of  the  central  core,  the  random  fill  is 
lightly  compacted  by  routing  construction 
equipment  over  the  area  during  fill  placement. 

The  future  raising  of  the  H-H  Dam  will  continue 
the  current  practice  of  using  natural  borrow 
material  for  the  central  core  and  downstream 
zones.  However,  the  relative  cost  of  using 
cycloned  sand  and/or  stripped  overburden  materials 
from  the  Valley  Pit  as  fill  materials  for  the 
downstream  zone  will  be  investigated  to  check 
their  economic  viability.  Table  1  indicates 
required  embankment  volumes  for  the  H-H  Dam  per 
unit  of  tailings  storage.  The  ratio  of  embankment 
volume  to  tailings  storage  is  quite  small,  in  the 
range  of  3  to  5  m3/i000  m3  after  1988.  Because  of 
this  low  ratio,  it  is  not  justified  to  install  a 
very  sophisticated  cyclone  sand  facility  at  the 
H-H  Dam.  Moreover,  as  the  western  limit  of  Valley 
Pit  waste  dumps  progresses  towards  the  H-H  Dam, 
the  inert . i  ial  cost  of  hauling  pit  overburden 
from  the  ...ote  dumps  to  the  dam  will  decrease. 
Thus,  the  source  of  downstream  fill  for  the  H-H 
Dam  may  shift  from  natural  borrow  materials  to 
mine  waste.  After  1995  the  waste  dumps  will  abut 
against  the  H-H  Dam  and  act  as  an  enormous 
downstream  buttress. 
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Fig*  5.  Typical  H-H  Dam  Section 
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TABLE  1 

REQUIRED  H-H  DAM  EMBANKMENT 
VOLUME  PER  UNIT  OF  TAILINGS  STORAGE 


YEAR 

DESCRIPTION  OF 
TAILINGS  FACILITY 

REQUIRED 

EMBANKMENT 

VOLUME 

PER  UNIT  OF 
STORAGE 
M3/1000  M3 

1976-1986 

Storage  Between  J-J 
and  L-L  Dams 

1987 

H-H  Dam  Raised  Using 
Natural  Borrow 

10.60 

1988 

H-H  Dam  Raised  Using 
Natural  Borrow 

3.33 

1989-1994 

H-H  Dam  Raised  Using 
Mine  Waste  as  Option 

5.33 

1995-1996 

First  Waste  Dump  Lift 
Buttressing  H-H  Dam 

4.65 

1997 

Second  Waste  Dump  Lift  3.69 

Buttressing  H-H  Dam 

L-L  DAM 

The  L-L  Dam  forms  the  western  limit  of  the 
tailings  facility.  The  L-L  Dam  is  located  on 
Pukaist  Creek  near  the  junction  of  the  Highland 
Valley  and  the  Thompson  River  Valley.  The 
valley  at  the  L-L  Damsite  is  roughly  U-shaped 
with  a  relatively  flat  floor  at  about  elevation 
1100  m  and  valley  walls  gently  sloping  to  a 
maximum  elevation  of  about  1829  m.  Pukaist 
Creek  meanders  across  the  damsite  and  then  cuts 
through  a  moraine  of  glacial  till  and  starts 
its  rapid  descent  to  the  Thompson  River  about 
2.5  km  downstream  of  the  L-L  Dam.  Field 
investigation  programs,  carried  out  in  stages 
covering  the  foundation  and  abutments,  reveal 
the  following  subsoil  profile: 

very  soft  to  firm,  sensitive  swamp  and 
lacustrine  deposits  involving  volcanic 
silt-clay,  varved  clay,  silt  and  silt-sand, 
up  to  15.5  m  thick  in  the  valley  section; 

up  to  2.5  m  of  dense  ablation  till  over- 
lying  very  dense  basal  till  of  varying 
thickness; 

very  dense,  clean  interglacial  sands,  up  to 
40  m  thick  in  the  valley  section. 

The  depth  of  surficial  soils  overlying  bedrock 
varies  substantially  a.ong  the  centerline  of 
the  dam.  On  the  south  abutment,  the  overburden 
depth  varies  from  about  1  m  to  15  m.  The  soil 
thickens  to  about  75  m  at  the  center  of  the 
valley.  On  the  north  valley  slope,  the  soil 
layer  peters  out  to  negligible  thickness  at 
elevation  1230  m  on  a  volcanic  knoll  then 
thickens  to  29  m  or  greater  near  the  ultimate 
crest  elevation  of  the  dam. 

The  L-L  Starter  Dam  is  a  zoned  earthfill 
structure,  with  a  central  till  core  and  an 


upstream  cutoff  trench,  constructed  with 
locally  borrowed  soil  over  the  soft  swamp  and 
lacustrine  deposits  (see  Figs.  6  and  7).  A 
system  of  vertical  geo-drains  and  a  horizontal 
sand  and  gravel  blanket  were  used  to  accelerate 
the  consolidation  rate  of  the  lacustrine 
deposits.  The  construction  of  the  Starter  Dam 
was  also  staged  over  two  years:  a  12.2  m  high 
fill  placed  in  1976;  and  30.5  m  of  fill  placed 
in  1977.  In  addition,  the  foundation  of  the 
Starter  Dam  was  extensively  instrumented. 
Salient  features  of  the  design  and  construction 
of  the  Starter  Dam  were  summarized  by  Burke  and 
Smucha  (1979). 

The  L-L  Dam,  which  comprises  a  central  till 
core,  a  downstream  shell  and  upstream  sluiced 
cycloned  sand  and  tailings,  is  being  raised 
using  the  centerline  construction  method  (see 
Fig.  6).  Two  measures  were  taken  to  improve 
the  foundation  stability  of  the  L-L  Dam  valley 
section  (see  Fig.  7)  for  both  static  and 
dynamic  loadings  and  to  allow  the  construction 
rate  of  the  dam  to  accelerate  according  to  the 
tailings  storage  need  of  the  mining  operation. 
These  were: 

(1)  excavating  the  soft  swamp  and  lacustrine 
deposits  from  beneath  downstream  construc¬ 
tion  stages  of  the  dam  and  replacing  them 
with  compacted  granular  fill,  and 

(2)  constructing  a  large  buttress  berm  down¬ 
stream  of  that  portion  of  the  Starter  Dam 
founded  on  the  soft  deposits  (Klohn,  Lo 
and  Olsen  1982). 

Upon  completion  of  the  o  -arter  Dam,  a  large 
portion  of  the  tailings  pumped  to  the  L-L  Dam 
was  used  to  fill  the  void  at  the  bottom  of  the 
valley  immediately  upstream  of  the  dam.  The 
filling  involved  on-dam  cycloning,  uniform 
spigotting,  and  end  discharge  from  large  pipes. 
From  1978  to  1979  all  fill  placed  in  the 
downstream  zone  of  the  dam  came  from  natural 
borrow.  Since  1980,  the  amount  of  cycloned 
sand  used  in  the  downstream  zone  has  been 
steadily  increased.  By  1982,  downstream  fill 
came  almost  exclusively  from  cycloned  sand. 
Cost-effective  and  efficient  construction 
techniques  involving  direct  hydraulic  placement 
and  mechanical  compaction  by  bulldozers  for 
handling  and  placing  the  sand  have  been  devel¬ 
oped  since  1982  (Scott  and  Lo  1984).  Table  2 
shows  required  embankment  volumes  for  the  L-L 
Dam  per  unit  of  tailings  storage  since  1976. 
The  ratio  of  embankment  volume  to  tailings 
storage  is  quite  large,  in  the  range  of  20  to 
37  m3/iooo  nw.  The  ratio  was  even  higher 
during  the  Starter  Dan,  construction  in  1976  to 
1978,  and  again  caring  accelerated  construction 
in  1987  to  make  up  flood  storage  lost  with  the 
burial  of  the  J-J  Dam.  With  the  exception  of 
above  two  periods,  the  ratio  steadily  drops 
from  37  in  1979  to  20  in  1992.  Therefore,  the 
cycloned  sand  delivery  system  designed  for 
earlier  years  will  develop  excess  capacity  in 
later  years.  With  greater  volumes  of  cycloned 
sand  available  for  dam  construction  in  the 
future,  techniques  with  potential  to  further 
reduce  construction  cost  will  be  studied. 
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Fig.  7.  L-L  Dam  Valley  Section  Over  Lacustrine  Deposits 


TABLE  2 

REQUIRED  L-L  DAM  EMBANKMENT  VOLUMES 
PER  UNIT  OF  TAILINGS  STORAGE 


REQUIRED 
EMBANKMENT 
VOLUME 
PER  UNIT  OF 
STORAGE 
M3/1000  m3 


1976-1978 

1979-1986 


1988-1991 


1992 

Onwards 


DESCRIPTION  OF 
TAILINGS  FACILITY 

Starter  Dam 
Construction 
Storage  Between  J-J 
and  L-L  Dam 
Accelerated  Dam 
Construction  for 
Flood  Storage 
Initial  Storage 
Between  H-H  and 
L-L  Dam 

Ongoing  Storage 
Between  H-H  and 
L-L  Dam 


142.54 


Tne  current  L-L  Dam  design  includes  an  alterna¬ 
tive  to  incorporate  a  substantial  zone  of 
hydraulically  placed,  uncompacted  sandfill  in 
the  downstream  section  above  the  saturation 
zone  without  compromising  the  resistance  of  the 
dam  to  seismic  loadings.  Techniques  considered 
to  place  cycloned  sand  in  this  uncompacted  zone 
include: 

(1)  cell  construction  technique  involving 
discharge  of  underflow  through  pipeline  as 
used  at  Brenda  Mines  and  the  upstream 
section  of  the  L-L  Dam  in  1987; 

(2)  mobile,  on-dam  cyclone  technique  involving 
direct  discharge  of  underflow  from  cyclone 
apexes  as  used  at  the  Trojan  Dam;  and 

(3)  fixed,  on-dam  cyclone  technique  involving 
direct  discharge  of  underflow  from  cyclone 
apexes  as  used  at  Gibraltar  Mines. 
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In  the  evaluation  of  various  techniques,  the 
cost  of  delivering  and  cycloning  the  sand  has 
to  be  weighed  with  the  cost  of  placing  the  sand 
in  the  embankment. 

Instrumentation  Observations  and  Back  Analysis 

Comprehensive  instrumentation  installed  for 
monitoring  the  foundation  performance  of  the 
Starter  Dam  consists  of  shallow  pneumatic  and 
standpipe  (Geonor  and  Casagrande)  piezometers, 
deep  standpipe  piezometers  and  observation 
wells,  inclinometers,  and  pneumatic  settlement 
gauges.  Figure  7  shows  the  location  of  some 
instrumentation  to  be  discussed  later.  This 
instrumentation  has  been  maintained  and 
expanded  to  include  standpipe  piezometers 
monitoring  the  saturation  level  in  the  dam 
fill.  Piezometers  located  in  the  downstream 
pervious  fills  continue  to  show  low  saturation 
levels.  Readings  from  shallow  foundation 
piezometers  located  in  the  lacustrine  deposits 
reflect  the  usual  pattern  of  pore  pressure  rise 
during  fill  placement  and  its  gradual 
dissipation  with  time.  Shallow  foundation 
piezometers  located  in  the  glacial  till  beneath 
the  Starter  Dam  and  abutment  sections  show 
little  influence  of  seepage  from  the  tailings 
pond.  Deep  foundation  piezometer  and  observa¬ 
tion  wells  indicate  little  to  minor  change  of 
groundwater  regime  at  depth  since  water  impound¬ 
ment  in  the  tailings  pond  in  1976.  To  date 
total  foundation  settlements  for  the  Starter 
Dam  range  from  1  to  3m.  These  settlements 
reflect  the  consolidation  of  the  lacustrine 
deposits  in  response  to  the  increasing 
embankment  loading.  Downstream  horizontal 
foundation  movements  within  the  Starter  Dam 
range  from  100  mm  to  500  mm.  These  movements 
reflect  the  ongoing  foundation  adjustments  to 
the  embankment  loading  under  partially  drained 
condition. 

Piezometric  (P401A)  and  settlement  (SD-2A)  data 
from  the  lacustrine  deposits  beneath  the 
Starter  Dam  are  shown  on  Figs.  8(b)  and  (c). 
Solid  lines  represent  continuous  observation 
data,  while  long  dashed  lines  represent 
extrapolated  data  based  on  other  operating 
instruments.  A  one-dimensional  consolidate n 
finite-difference  computer  program  (Wong  and 
Duncan  1985)  was  used  to  back  analyze  the 
ongoing  consolidation  in  response  to  fill 
loading  in  the  berm  area  (see  Fig.  8a).  The 
computed  pore  pressure  and  settlement  are  also 
shown  in  Figs.  8(b)  and  8(c)  as  short  dashed 
lines.  Table  3  summarizes  laboratory  test  data 
and  the  back-analyzed  field  observation  data. 
For  the  compression  index,  Cc,  the  field  values 
are  about  one-half  of  the  laboratory  values 
possibly  due  to  sample  disturbance  involved  in 
laboratory  tests.  For  the  coefficient  of 
consolidation,  Cv,  the  field  values  are  about 
four  times  the  laboratory  values.  Horizontal 
stratification  and  the  presence  of  vertical 
geo-drains  in  field  deposits  are  considered  as 
additional  contributing  factors  to  this 
difference  between  field  and  laboratory  values. 


ELEVATION  CURVES 


B.  PIEZOMETER  40IA  RECORD  AND 
CALCULATED  PORE  PRESSURE 


C.  SETTLEMENT  GAUGE  SD-2A  RECORD 
AND  CALCULATED  SETTLEMENT 


Fig.  8.  Observed  and  Back  Analyzed 

Pore  Pressure  and  Settlement  Data 

Inclinometer  (1-223)  data  in  the  mid-valley 
section  showed  horizontal  displacements  of 
about  200  mm  from  1976  to  1977.  In  1978, 
Inclinometer  1-4001  was  installed  as  a 
replacement  for  1-223.  The  inclinometer  data 
for  1-4001  is  shown  in  Fig.  9  as  displacement 
profiles  and  accumulated  displacement-time 
plots  for  a  reference  point  at  the  foundation 
level.  Solid  lines  represent  continuous 
observation  data,  while  dashed  lines  represent 
extrapolated  data  based  on  an  adjacent 
inclinometer  (1-4019)  installed  in  1986  as  a 
replacement  for  1-4001.  The  majority  of  move¬ 
ment  is  confined  to  the  upper  silt-clsy/varved 
clay  horizons.  Inferred  average  field  shear 
strains  based  on  the  initial  thickness  of  these 
horizons  are  also  shown  in  Fig.  9.  Using  the 
decreased  thickness  obtained  from  recorded 
settlements,  the  shear  strain  would  be  about 
30%  larger  than  that  shown  in  Fig.  9  at  the  end 
of  1987. 
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TIME  (years) 


Fig.  9.  Observed  Inclinometer  Data 


The  embankment  loading  induced  foundation 
deformation  of  relatively  soft  lacustrine 
deposits  between  more  rigid  foundation  soils  at 
depth  and  compacted  fill  above  can  be  closely 
simulated  by  laboratory  simple  shear  tests. 
Four  simple  shear  tests;  two  consolidated- 
drained  (Tests  1  and  2)  and  two  consolidated- 
undrained  (constant  volume  Tests  3  and  4)  were 
carried  out  at  the  University  of  British 
Columbia.  Results  of  these  tests  are  shown  in 
Fig.  10.  Under  drained  condition,  large  shear 
strains  (in  the  order  of  25%)  are  associated 
with  the  ultimate  shear  strength  wheree.s  under 
undrained  condition  the  corresponding  strains 
are  much  smaller  (in  the  order  of  2%).  The 
accumulated  field  shear  strain  in  the  region  of 
shown  inclinometers,  including  that  inferred 
from  Fig.  9  and  that  occurred  earlier,  is  in 
the  order  of  8%  representing  foundation 
deformation  under  partially  drained  condition. 


B.  CONSOLIDATED- UNDRAiNED  (CONSTANT  VOLUME)  TESTS 


Fig.  10.  Summary  of  Simple  Shear 
Test  Results 


TABLE  3 

CONSOLIDATION  PARAMETERS  FROM  LABORATORY  TESTS 


AND 

BACK-ANALYZED 

FIELD 

DATA 

- 

0ED0METER  TESTS 

BACK-ANALYZED 

FIELD  DATA 

COEFFICIENT  OF 

COEFFICIENT  OF 

VOID 

PORE  PRESSURE 

COEFFICIENT  OF 

COEFFICIENT  OF 

LACUSTRINE 

VOID  RATIO  COMPRESSION 

CONSOLIDATION 

RATIO 

PARAMETER 

COMPRESSION 

CONSOLIDATION 

DEPOSITS 

THICKNESS 

Cv 

®0 

ru 

Cc 

A  „ 

(x  1 0-1  cm^/s ) 

(*A  u/A<tv) 

(X  10"4  cm2/s) 

<m> 

RANGE  TYPICAL  RANGE  TYPICAu 

RANGE  TYPICAL 

clay-silt 

5.2 

4. 7-4.9  4.9  2.7  -3.3  3.3  0. 3-2.0  2 

4.9 

0.8 

1.15 

8 

varvod  clay 

4.0 

0.8-2. 1  1.4  0.10-1.07  0.65  4  -700  10 

1.4 

0.8 

0.28 

40 
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bUMMARY 

Since  its  initial  impoundment  in  1972,  the 
Highland  Valley  tailings  storage  facility  has 
continued  to  serve  the  need  of  the  mining 
operation  to  store  its  tailings  at  an  ever 
increasing  rate.  Throughout  its  development, 
the  geometry  of  the  tailings  storage  and 
distribution  facilities  and  waste  dumps  under¬ 
goes  continued  changes.  Ongoing  construction 
of  the  storage  facility  is  planned  to  maintain 
key  earthquake  and  flood  design  criteria  as 
well  as  to  adjust  the  use  and  placement  method 
of  various  construction  materials  including 
natural  borrow,  tailings  sand  and  mine  waste 
as  they  become  available.  Various  construc¬ 
tion  techniques  are  explored  to  develop  an 
efficient  and  cost  effective  tailings  storage 
operation.  Satisfactory  performance  of  the 
H-H  and  L-L  rums  are  experienced  to  date.  Back 
analysis  of  :he  instrumented  L-L  Dam  valley 
section  founded  partially  on  the  lacustrine 
deposits  provides  valuable  information  for 
planning  ongoing  construction  activities.  The 
flexibility  inherent  in  the  design  of  the  two 
dams  constructed  by  the  centerline  method 
allows  the  storage  capacity  of  the  facility  to 
be  expanded  even  beyond  the  current  design  of 
1.8  billion  tonnes,  if  required  in  the  future. 
The  facility  will  eventually  be  reclaimed  in 
an  orderly  fashion  to  allow  for  multiple  uses 
of  the  reclaimed  land  as  well  as  the  stored 
water.  A  permanent  spillway  system  will  be 
installed  at  the  L-L  Dam  to  ensure  'the  safe 
passage  of  flood  water  through  the  storage 
facility  back  into  the  natural  course  of  the 
Pukaist  Creek  downstream. 
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SYNOPSIS:  Excessive  seepage  losses  at  Westwood  Lake  Dam  in  east-central  Indiana  were  apparent  in 
1974  during  first  filling  of  the  lake  when  seepage  areas  developed  downstream  of  the  dam  and 
abutments.  Several  remedial  studies  were  performed  which  included  additional  test  borings,  field 
and  laboratory  tests,  installation  of  observation  wells,  and  a  review  of  the  site  geology  and 
hydrology.  Data  and  observations  from  these  studies  were  used  to  develop  semi-quantitative 
assessments  of  seepage  loss  rates  as  related  to  lake  levels.  These  analyses  served  as  a  basis  for 
design  of  a  major  repair  which  consisted  of  blanketing  a  significant  portion  of  the  lake  bottom  with 
on-site,  low-plasticity  clays  and  clayey  silts.  The  blanketing  was  completed  in  1984  and  post¬ 
repair  filling  required  about  two  years.  Subsequent  monitoring  and  observations  indicate  that  the 
lake  level  is  holding  at  or  within  1.5  ft  of  the  original  design  normal  pool. 


Judgments  and  decisions  regarding  seepage 
control  are  among  the  most  difficult  faced  by 
dam  designers.  Where  granular  soils  or 
permeable  rock  strata  are  encountered  in 
foundations  or  abutments,  design  decisions 
include  considerations  of  cutoffs,  upstream 
blanketing,  drains,  or  other  measures  to  help 
ensure  a  safe  structure  and  hold  seepage  losses 
to  within  tolerable  limits.  However,  in  complex 
geologic  conditions,  especially  for  dams  of 
small  to  intermediate  size,  it  is  often  not 
possible  to  determine  accurately  the  in-situ 
permeability  of  granular  materials,  the 
continuity  of  these  deposits,  the  effect  of 
weathering  on  exposed  clays,  and  combinations  of 
these  factors.  Under  these  circumstances, 
quantitative  seepage  analyses  with  flow  nets  or 
by  other  means  typically  do  not  sufficiently 
represent  the  actual  conditions.  Several  of 
these  factors  came  into  focus  during  analyses 
and  investigations  for  Westwood  Lake  Dam  as 
described  in  this  case  history. 


Initial  geologic  and  geotechnical  studies 
disclosed  the  presence  of  granular  soils  in  the 
dam  foundation  and  abutments.  Seepage  control 
measures  for  the  original  embankment 
construction  in  1973  to  1974  included  a  cutoff 
trench  to  impervious  foundation  soils  at  a  depth 
of  about  10  feet  in  the  recent  alluvium.  Also, 
blanketing  with  compacted  impervious  soils  was 
placed  over  limited  areas  of  exposed  granular 
soils  in  the  vicinity  of  the  upstream  abutments. 

Early  concerns  with  seepage  losses  were 
indicated  in  November,  1974,  when  the  lake  level 
reached  Elevation  984  on  first  filling.  Three 
seepage  areas  developed  downstream  of  the  dam 
and  early  remedial  steps  included  installation 
of  shallow  trench  drains  to  "dry  up"  the  surface 
and  restore  these  areas  to  tneir  original  use. 
Flows  from  these  seepage  areas  were  monitored 
with  a  flume  device  placed  in  the  stream  channel 
downstream  of  the  dam. 


BACKGROUND 

Westwood  Lake  Dam  was  constructed  in  Henry 
County,  Indiana  as  one  of  several  similar  earth 
dams  on  tributaries  of  the  Big  Blue  River  for 
flood  control,  water  supply,  and  recreational 
purposes.  The  homogenous  embankment  dam  is 
1,200  ft  long  and  60  ft  high.  The  drainage  area 
encompasses  almost  four  sq  miles  and  the  normal 
pool  lake  surface  covers  173  acres.  The  dam 
crest  is  at  Elevation  1023.6  (ft,MSL)  and  the 
normal  pool  is  controlled  by  the  principal 
spillway  intake  riser  at  Elevation  1015.2.  An 
earth  channel  emergency  spillway  is  located  in 
the  left  abutment.  A  total  of  300,000  cu  yd  of 
compacted  fill  was  placed  for  the  original 
embankment  construction. 


Figure  1.  Pre-Repair  Lake  Below  Intake  Riser 
(Normal  Pool)  Control  on  Upstream  Slope  of  Dam 


489 


Several  series  of  post-construction  test 
borings  were  drilled  and  groundwater 
observation  wells  were  installed  at  intervals 
between  1975  and  1980.  Records  of  lake 
elevations  also  have  been  maintained  since 
1975.  Lake  levels  have  fluctuated  between 
Elevation  994  in  October,  1977  and  near  the 
design  normal  pool  (Elevation  1015.2)  for  a 
brief  period  in  September,  1979.  The  typical 
lake  level  was  well  below  the  intake  riser 
control  level  as  shown  in  Figure  1. 

Based  on  the  remedial  studies,  a  major  repair 
consisting  of  draining  the  reservoir  and 
blanketing  of  about  half  of  the  lake  area  was 
completed  in  1984.  This  included  a  total  of 
416,000  cu  yd  of  compacted  blanket  fill.  The 
reservoir  filled  to  the  design  normal  pool 
within  about  two  years  and  since  has  remained 
at  or  near  that  level. 


GEOLOGY 

According  to  published  geologic  information 
(Schneider  and  Gray,  1966) ,  Silurian  limestone 
is  approximately  200  ft  below  the  existing 
ground  surface.  The  overburden  soils  were 
deposited  by  Kansan,  Illinoian,  and  Wisconsin 
ice  sheets  (Wayne,  1965).  The  maximum  extent 
of  glaciation  in  Indiana  during  the  Wisconsin 
Age  is  shown  in  Figure  2  (Wayne,  1966).  The 
site  is  located  between  two  former  sublobes  of 
the  Wisconsin  ice  sheet  along  a  mapped 
stagnation  front  north  of  the  maximum  glacial 
extent.  The  stagnation  front  developed 
approximately  20,000  years  before  present  (BP). 
Meltwater  discharge  from  both  sublobes  likely 
occurred  at  this  location  during  the  stagnation 
period.  This  flow  then  would  have  continued 
into  an  outwash  channel,  containing  the 
present-day  Big  Blue  River,  with  flow  to  the 
southwest.  It  is  hypothesized  that  the 
granular  soils  beneath  the  dam  and  in  the 
abutments  were  deposited  in  an  "esker-like" 
manner  with  flow  through  ice-walled  channels  or 
tunnels.  Esker  deposits  are  often  typified  by 
a  wide  range  for  gradation  of  granular  soils  as 
found  at  this  site. 


Figure  2.  Wisconsin  Glacial  Stacres  in  Indiana 
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These  geologic  considerations  and  test  boring 
data  suggested  a  southerly  orientation  to  the 
granular  deposits  in  the  vicinity  of  the  dam 
an’  abutments.  The  locations  of  several  of  the 
pre-  and  post-construction  test  borings  in  the 
vicinity  of  the  dam  are  shown  in  Figure  3.  The 
three  seepage  areas  (Seeps  A,  B,  and  C)  also 
are  shown  along  with  the  seepage  flow  measuring 
station. 

A  subsurface  profile  (east-west  Section  A-A') 
developed  from  these  borings  is  shown  in  Figure 
4.  This  profile  illustrates  the  extremely 
complex  distribution  of  soils  with  widely 
varying  permeabilities.  Within  the  relatively 
impermeable  glacial  till  are  numerous  deposits 
or  channels  of  granular  soils.  Gradations  for 
these  granular  soils  varied  over  a  wide  range 
from  poorly  graded  coarse  gravel  to  silty  fine 
sands.  Many  of  the  Unified  Soil  Classification 
System  groups  were  represented  in  this  profile. 


SEEPAGE  LOSS  RATE  AT 
NORMAL  POOL,  CFS 


HYDROLOGY 

An  average  annual  rainfall  of  39  in.  and  an 
annual  lake  evaporation  of  33  in.  are  estimated 
for  this  site.  Several  hydrologic  analyses  of 
the  Westwood  Lake  watershed  were  performed 
based  on  more  detailed  seasonal  runoff  data. 
Among  these  was  a  determination  of  the 
theoretical  time  to  fill  the  lake  versus 
seepage  loss  rates  at  the  normal  pool  elevation 
based  on  water  balance  calculations,  shown  in 
Figure  5.  From  this  figure,  it  can  be  seen 
that  for  a  total  seepage  loss  rate  on  the  order 
of  4.0  cfs,  the  lake  will  not  fill.  For  the 
major  blanketing  repair,  it  was  decided  to  use 
a  maximum  seepage  loss  rate  of  2.0  cfs  as  a 
design  criterion. 

From  the  records  of  lake  elevation  maintained 
after  the  original  construction,  it  was 
possible  to  estimate  total  seepage  loss  rates 
based  on  the  relationship  between  reservoir 
storage  versus  Lime,  prior  to  repair,  shown  in 
Figure  6.  The  stream  inflow  was  determined  to 
be  approximately  egual  to  the  evaporation  loss 
rates  during  these  periods. 


SEEPAGE 

Results  of  the  observed  flow  at  the  downstream 
seepage  measuring  station  are  summarized  in 
Figure  7.  It  can  be  seen  that  the  pre-repair 
points  (solid  circles)  essentially  form  a 
linear  relationship  with  the  lake  elevation. 
The  pre-repair  data  were  also  utilized  to 
estimate  the  portion  of  the  "total  lake 
seepage"  (TLS)  that  exited  the  lake  through 
granular  deposits  in  the  foundation  and 
abutments  and  was  monitored  downstream  of  the 
dam.  This  is  hereafter  referred  to  as  "front 
end  seepage"  (FES) .  At  the  normal  pool 
Elevation  1015,  an  FES  seepage  rate  of  2.8  cfs 
was  measured.  A  limited  number  of  post-repair 
data  points  also  are  shown  in  Figure  7  as  open 
circles. 

To  develop  a  working  hypothesis  for  the 
blanketing  repair,  these  seepage  relationships 
and  the  previously-described  hydrologic 
observations  are  combi  led  in  Table  1 .  This 


Figure  5.  Theoretical  Lake  Filling  Times 


Figure  6.  Total  Lake  Seepage  (TLS)  From  Lake 
Elevation  Records 
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Figure  7.  Measured  Front  End  Seepage  (FES),  vs. 
Lake  Elevation 


table  was  developed  by  estimating  a  TLS  rate  of 
2.0  cfs  at  lake  Elevation  1002  from  Figure  6  and 
a  FES  rate  of  1.4  cfs  from  Figure  7.  At  lake 
Elevation  1015  (normal  pool) ,  the  FES  rate  is 
2.8  cfs,  also  from  Figure  7.  If  it  is  assumed 
that  the  ratio  between  the  FES  and  TLS  rates 
remains  constant  with  pool  elevation,  then  the 
TLS  rate  would  be  about  4.0  cfs  at  the  normal 
pool  level. 
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Table  1.  Summary  of  Lake  Seepage  Observations 


Lake 

Front  End 

Total  : 

Elevation 

Seepage  (FES) 

Seepage 

ft 

cfs 

cfs 

1002 

1.4 

2.0 

1015 

2.8 

4.0 

This  TLS  rate  is  consistent  with  Figure  5,  in 
which  the  lake  theoretically  would  not  fill  at 
a  seepage  loss  rate  of  4.0  cfs  and  the 
observation  that  the  lake  did  not  fill  after 
the  original  construction  (prior  to  the 
repair) .  To  achieve  a  maximum  normal  pool  TLS 
rate  of  2.0  cfs  (determined  to  be  acceptable 
from  Figure  5)  ,  it  was  decided  to  attempt  to 
reduce  the  normal  pool  FES  rate  from  2.8  to  0.8 
cfs,  taken  as  a  blanketing  repair  criterion. 


BLANKETING 

The  blanketing  repair  was  indicated  by  the 
complex  soils  and  the  great  depth  to  bedrock. 
Low  plasticity  silty  and  sandy  clays  and  clayey 
silts  (Unified  Soil  Classifications:  CL,  CL-ML, 
ML,  liquid  limit:  15  to  20,  plastic  limit:  3  to 
9)  were  available  in  borrow  areas  adjacent  to 
the  lake.  A  design  coefficient  of  permeability 

of  1x10  6cm/sec  was  selected  based  on 
laboratory  tests  tempered  with  judgment 
regarding  the  anticipated  ratio  of  field  to 
laboratory  permeabilities  (Olson  and  Daniel, 
1981)  . 

The  blanket  thickness  was  determined  using  the 
idealized  model  shown  in  Figure  8  and  the 
ensuing  theoretical  Equation  (1)  derived  from 
Darcy's  Law.  This  model  assumes  complete  head 
loss  through  the  blanket  and  is  generally 
conservative  for  most  locations  in  the  lake 
area  as  compared  to  a  more  comprehensive 
analysis  that  assumes  head  loss  through  the 
blanket  and  underlying  natural  soils. 


in  which 

T  =  required  blanket  thickness 
k  =  coefficient  of  permeability  for  blanket 
H'  =  height  of  water  over  blanket 
q  =  allowable  leakage  per  unit  area 


The  value  for  qa  was  determined  by  dividing  the 

allowable  normal  pool  FES  seepage  criterion  of 
0.8  cfs,  as  established  in  the  preceding 
section,  by  the  estimated  contributory  area  to 
the  FES.  Design  relationships  between  the 
parameters  in  this  equation  are  shown  in  Figure 
9  illustrating  the  sensitivity  to  the  design  k- 
value.  It  can  be  seen  that  if  the  field  k- 

value  is  on  the  order  of  10  ^  cm/ sec,  then  the 

blanket  thicknesses  based  on  k=lxl0  ®  cm/sec 
are  very  conservative.  On  the  other  hand,  if  k 


Figure  8.  Idealized  Seepage  Model  for  Blanket 


Figure  9.  Blanket  Thickness  vs.  Permeability 

approaches  10  5  cm/sec,  the  blanket  is 
pervious  and  would  serve  no  useful  purpose. 

Field  permeability  testing  of  natural  exposed 
soils  around  the  lake  perimeter  and  results  of 
test  borings  within  the  lake  area  were  used  to 
delineate  areas  where  natural  clays  were 
present  at  the  lake  bottom.  The  design  blanket 
thicknesses  ranged  from  two  ft  (determined  to 
be  a  practical  minimum)  to  four  ft  in  deeper 
lake  areas.  The  blanketing  fill  was  placed  and 
compacted  in  lifts  to  95  percent  of  the 
Standard  Proctor  value  at  moisture  contents 
above  two  percent  below  the  optimum  moisture. 
Compaction  near  or  above  the  optimum  moisture 
level  is  important  to  achieve  a  high  degree  of 
imperviousness  for  fine-grained  soils  (Mundell 
and  Bailey,  1985)  . 

The  extent  of  the  contributory  area  to  FES 
seepage  was  estimated  based  on  the  locations  of 
Seeps  A,  B,  and  C,  measured  groundwater  levels 
in  observation  wells,  regional  topography,  and 
water  well  data.  Although  regional  flow  nets 
were  judged  to  be  only  marginally  applicable  to 
such  a  heterogeneous  soil  deposit,  probable 
flow  directions  were  determined  from  the  pre¬ 
repair  groundwater  contours  as  shown  in  Figure 
10.  Possible  maximum  and  minimum  FES 
contributory  areas  were  estimated  from  these 
analyses.  The  possibility  of  extremely 
permeable  coarse  granular  strata  extending  well 
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In  general,  the  observation  well  readings  were 
erratic,  as  would  be  expected  for  these 
conditions.  However,  some  insight  to  the 
blanket  performance  is  indicated  by  the 
readings  in  three  typical  groundwater 
observation  wells,  OW-14,  OW-18,  and  OW-22, 
judged  to  be  responsive  to  the  lake  levels 
before  and  after  the  blanketing  repair,  at 
locations  shown  in  Figure  10.  These  readings 
are  plotted  in  Figure  12 .  The  before  and  after 
readings  for  OK-14  and  OW-18  indicate  an 
increased  head  loss  or  degree  of  separation 
between  the  lake  and  groundwater  after  the 
repair.  The  same  holds  true  for  OW-22  for  lake 
levels  above  Elevation  1000. 


Figure  12.  Measured  Pre-  and  Post-Repair 
Groundwater  Levels  in  Three  Observation  Wells 


CONCLUSIONS 

Based  on  these  analyses  and  observations,  the 
following  "lessons  learned"  or  conclusions  were 
developed: 

1.  The  unusually  large  amount  of  information 
collected  for  this  size  project  over  this 
period  of  time  permitted  several  different 
types  of  analyses  to  be  made.  However, 
because  of  the  extremely  complex  geology, 
even  this  amount  of  information  was  not 
adequate  to  completely  determine  the 
seepage  loss  mechanisms  and  quantities. 

2.  The  blanketing  repair  ultimately  selected 
at  this  site  required  more  volume  of 
compacted  fill  than  the  embankment  itself. 
This  is  due,  in  part,  to  the  marginal 
permeabilities  of  the  available  on-site 
blanket  soils.  The  repair  generally 
appears  to  be  functioning  satisfactorily. 
However,  what  might  have  been  regarded  as 
a  conservative  repair  still  was  not 
adequate  to  maintain  the  normal  pool  level 
during  periods  of  significantly  below- 
normal  rainfall. 

3.  An  early  and  complete  understanding  and 
appreciation  of  the  site  geologic 
conditions  relative  to  seepage  potential 
are  often  difficult  to  achieve.  This 
requires  the  exercise  of  considerable 
engineering  judgment  and  close 
coordination  among  the  geotechnical 
engineer,  engineering  geologist,  and 
hydrologist. 
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SYNOPSIS:  This  paper  discusses  the  geotechnical  investigation  of  a  large  gold  tailings  facility  which 
has  been  in  operation  since  December  1977.  The  very  thorough  test  program  included  670  m  (2200  ft.) 
of  piezocone  probing,  65  self-boring  pressuremeter  tests  down  to  a  maximum  of  35  m  (118  ft.),  60 
SPT's  and  9  laboratory  triaxial  tests  as  well  as  a  well  pump  test.  The  study  included  a  detailed  geo¬ 
logical  and  seismic  study  to  determine  earthquake  design  parameters  and  to  assess  the  liquefaction 
potential  of  the  deposit.  Test  results  were  utilized  to  determine  the  stability  of  an  upstream 
constructed  embankment  employing  the  sub-aerial  method  of  tailings  deposition  together  with  a  compre¬ 
hensive  underdrainage  system.  The  study  indicates  that  liquefaction  of  the  deposit  is  highly  unlikely 
to  occur  and  that  the  embankment  has  an  acceptable  factor  of  safety  under  sub-aerial  conditions. 


INTRODUCTION 

The  Grizzly  Gulch  tailings  dam,  which  is  owned 
and  operated  by  Homestake  Mining  Company,  is 
located  approximately  3.2  km  (2  miles) 
southeast  of  the  Town  of  Lead,  in  central 
Lawrence  County,  South  Dakota.  The  area  forms 
a  part  of  the  northern  Black  Hills  which  has 
been  a  center  of  precious  metal  mining  activity 
for  over  a  century.  The  locality  of  the  site 
is  shown  in  Figure  1. 


As  part  of  a  study  into  an  alternative 
construction  method  for  raising  Homestake 
Mining  Company's  90  m  (285  ft.)  high  Grizzly 
Gulch  tailings  embankment  above  its  1986 
elevation  of  5400  ft.,  a  detailed  geotechnical 
study  was  undertaken  during  the  fall  of  1986 
into  the  properties  of  the  existing  tailings 
beach  deposit. 


The  alternative  upstream  construction  design 
incorporated  an  extensive  blanket  drain 
extending  100  m  (305  ft.)  out  from  the  existing 
earth/rockfill  embankment  combined  with  a 
modification  of  the  single-point  tailings 
discharge  to  the  sub-aerial  method  of  tailings 
deposition  (Knight  and  Haile  1983).  This 
change  would  result  in  the  formation  of  a 
fully-drained  tailings  beach  capable  of 
supporting  and  maintaining  stability  of  the 
upstream  phase-constructed  raises  in  3  to  5  m 
(10  to  15  ft.)  lifts  to  elevation  5500  ft. 

Testing  mainly  took  place  from  preconstructed 
roadways  onto  the  tailings  beach  using  a  track- 
mounted  drill  rig. 

The  detailed  geotechnical  investigation,  which 
incorporated  extensive  piezocone,  self-boring 
pressuremeter,  SPT  and  laboratory  testing  of 
undisturbed  samples,  had  the  following 
objectives: 

To  obtain  a  detailed  three-dimensional 
picture  of  the  variation  of  coarse  and 
fine  tailings  within  the  deposit. 

To  utilize  sophisticated  in  situ  testing 
techniques  which  could  assure  testing  of 
cohesionless  saturated  deposits  for 
strength  and  permeability. 

To  obtain  relatively  undisturbed  samples 
of  tailings,  identified  by  the  piezocone 
profiling,  for  laboratory  testing. 

To  assess  the  liquefaction  potential  of 
the  existing  tailings  deposit. 

DAM  GEOLOGY  AND  REGIONAL  SEISMICITY 

The  three  rock  units  in  the  vicinity  of  the  dam 
site  in  ascending  order  are:  Precambrian 
metamorphic  units  of  the  Grizzly  and  Flagrock 
Formations,  Cambrian  sedimentary  beds  of  the 
Deadwood  Formation,  and  Tertiary  igneous  dikes 
and  sills.  A  geologic  cross-section  for  the 
area  is  presented  in  Figure  2. 


considered  to  be  equal  to  magnitudes  based  on 
body  waves. 
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Figure  2  -  Geologic  Cross-Section  of 
Grizzly  Gulch 


The  valley  floor  and  valley  slopes,  up  to  about 
elevation  5600,  are  generally  underlain  by  the 
metamorphic  beds  of  the  Grizzly  and  Flagrock 
Formations  which  consist  of  micaceous  schists, 
phyllites  and  slates,  locally  intruded  by 
amphibolite  dikes  which  are  strongly  foliated 
striking  north  and  dipping  about  40  to  80 
degrees  to  the  east.  Some  local  shear  zones 
were  exposed  during  investigations  in  1981  for 
the  first  raise  of  the  embankment  from 
elevation  5350  to  elevation  5400,  but  it  is 
considered  that  the  most  recent  activity  is 
pre-Tertiary. 

A  careful  review  of  all  available  earthquake 
data  indicates  that  very  few,  if  any, 
earthquakes  of  felt  intensity  VI,  or  body  wave 
magnitudes  greater  than  4.5,  have  occurred  in 
the  general  vicinity  of  Grizzly  Gulch  tailings 
dam.  On  this  basis,  the  dam  site  can  be 
classified  as  an  area  of  very  low  seismicity. 

Because  of  the  absence  of  faulting  in  the 
region  and  relatively  low  rates  of  activities, 
most  investigators  have  divided  regions  of  the 
west-central  United  States  into  source  zones 
based  on  rates  and  magnitudes  of  historic 
earthquakes  and  broad  geologic  characteristics. 
Based  on  the  historical  seismicity  of  the 
region  and  on  data  developed  for  the  central 
Mississippi  Valley,  Nuttli  and  Hermann  (1978) 
developed  a  cumulative  magnitude-recurrence 
curve  for  the  South  Dakota  region  and 
determined  that  the  "maximum  magnitude" 
earthquake  with  a  return  period  of  1000  years 
corresponded  to  a  body  wave  magnitude  1%  =  6.0. 
Similar  studies  by  Algermissen  and  Others 
(1982)  arrived  at  a  maximum  local  magnitude  Mj, 
=  6.1,  which,  for  midplate  earthquakes,  may  be 


Based  on  the  work  of  Algermissen,  probabilistic 
estimates  of  maximum  horizontal  acceleration  in 
rock  for  exposure  times  of  10,  50  and  250  years 
at  the  90%  probability  level  of  non-exceedence 
were  established  for  the  Grizzly  Gulch  site. 
The  data  is  plotted  in  Figure  3,  and  it  can  be 
seen  that  for  a  return  period  of  10,000  years, 
an  acceleration  of  0.10  g  is  obtained.  For  a 
250-year  project  life  (return  period  greater 
than  2000  years),  this  corresponds  to  a  97.5% 
probability  of  non-exceedence  and  is  a 
reasonable  estimate  of  the  maximum  level  of 
ground  shaking  to  be  expected  within  the 
bedrock  surface  at  the  dam  site. 


Figure  3  -  Horizontal  Acceleration  vs. 
Return  Period 


SITE  INVESTIGATION 
a)  Piezometric  Cone  Testing 

The  investigation  involved  an  initial  appraisal 
of  the  tailings  deposit  by  use  of  a  Fugro 
piezometric  cone  which  provided  detailed 
continuous  site  profiles,  thus  allowing 
critical  zones  to  be  identified.  Tip 
resistance,  sleeve  friction  and  porewater 
pressure  data  were  recorded  every  2  cm  and 
stored  on  a  microcomputer  disk.  Visual  display 
of  all  data  was  shown  graphically  on  the 
computer  screen  during  the  test. 
Classification  charts  produced  by  Robertson  and 
Campanella  (1983)  based  on  cone  bearing  and 
friction  ratio,  and  by  Jones  and  van  Zyl  (1281) 
based  on  cone  bearing  ratio  and  excess  pore 
pressure  were  used  to  identify  the  coarser 
silty  sands  from  the  finer  silts.  In  all 
cases,  the  excess  pore  pressures  generated  in 
the  silts  clearly  identified  these  finer 
layers.  A  section  line  extending  185  m  (600 
ft.)  onto  the  tailings  is  shown  in  Figure  4. 
It  will  be  noticed  that  the  material  behaves  as 
a  typical  hydraulically  placed  material  with 
the  coarser  tailings  (silty  sands)  generating 
high  cone  bearings  and  no  excess  pore 
pressures,  while  the  finer  tailings  (silts) 
generally  have  low  cone  bearings  and  excess 
pore  pressures.  It  will  be  seen  from  Figure  4 
that  the  tailings  mainly  consist  of  coarser 
deposits  with  some  minor  layering  of  silts,  and 
that  the  profile  clearly  shows  the  depositional 
history. 
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Figure  4  -  Cross-Section  of  Tailings  Deposit 


For  example,  the  tailings  deposited  at  22  m 
(72  ft.)  at  26  m  (87  ft.)  represent  a  rapid 
deposition  period  under  water.  Above  22  m 
(72  ft.)  the  depositional  environment  is 
relatively  uniform,  with  the  rapid  variations 
in  tip  load  reflecting  the  meandering  of  the 
outflow  streams  down  the  beach. 

An  interesting  aspect  of  the  pore  pressure 
trace  is  that,  although  it  appears  to  be 
following  a  normal  increase  with  depth 
according  to  the  hydrostatic  pressure,  the 
values  are  in  fact  22%  below  hydrostatic.  This 
is  not  due  to  high  dynamic  negative  pressures 
induced  during  penetration  of  the  coarser  sands 
as  evidenced  by  the  pore  pressure  dissipation 
test,  but  by  the  fact  that  a  downward  hydraulic 
gradient  exists.  This  is  confirmed  by 
standpipe  piezometers  installed  at  different 
depths  within  the  tailings. 

The  drained  shear  strength  parameters  of 
cohesionless,  normally  consolidated,  moderately 
incompressible  quartz  sands  have  been 
determined  in  calibration  chamber  studies.  The 
proposed  correlation  of  Robertson  and 
Campanella  (1983),  Figure  5,  has  been  used  to 
determine  the  effective  friction  angle  for  the 
free  draining  deposit.  A  comparison  of  some  of 
these  results  with  laboratory  and  pressuremeter 
tests  is  provided  in  Table  1. 

The  piezometric  cone  provided  valuable 
information  for  selecting  testing  depths  for 
the  self-boring  pressuremeter  and  undisturbed 
Shelby  tube  sampling  points.  A  total  of  670  m 
(2200  ft.)  of  probing  was  undertaken  for  this 
project. 
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Figure  5  -  Piezocone  Correlation  Chart 
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b)  Self-Boring  Pressuremeter 


The  self-boring  pressuremeter  as  developed  by 
Hughes  et  al  (1977)  proved  to  be  an  ideal 
instrument  for  determining  the  friction  angle  at 
selected  depths  and  to  gain  to  some 
understanding  of  the  likely  dilation  that  would 
result  on  shearing.  The  instrument  has  a 
jetting  tool  recessed  inside  the  cutting  edge 
and  tailings  are  removed  with  assistance  of 
drilling  fluids  up  the  drill  string  without  any 
disturbance  of  the  surrounding  material.  The 
pressuremeter  membrane  is  approximately  450  mm 
(18  in.)  long  with  a  diameter  of  76  mm  (3  in.). 
When  in  position  at  the  required  depth,  the 
membrane  is  inflated  slowly  in  increments  until 
a  radial  displacement  of  4  to  5%  is  reached  and 
a  reload  cycle  performed.  The  test  is 
terminated  at  15%  radial  strain. 


Since  testing  with  the  self-boring 
pressuremeter  involves  well-defined  boundary 
conditions,  it  is  possible  to  determine  the 
friction  angle  of  dense  cohesionless  materials 
using  the  methods  of  Hughes  er  al  (1977)  and 

Robertson  and  Hughes  (1986).  In  this  method, 
the  standard  plot  of  applied  pressure  against 

radial  displacement  is  drawn  to  a  log-log  scale. 
If  the  slope  of  the  straight  line  portion  of 
the  log-log  plot  is  designated  S,  then  the 

angle  of  friction,  ',  is  given  by: 


where 


Sin  <fi'- 


S(k+1) 

S<k-1)+2 


k-tan2(45+(l)cv/2) 


and  <j)cv'  -  friction  angle  at  constant  volume 


This  method  has  been  shown  to  be  accurate  for 
dense  sands.  For  medium  dense  to  loose  sands, 
a  correction  which  takes  into  account  the 
dilation  of  the  material  is  applied  as  shown  in 
Figure  6.  A  summary  of  some  of  the  comparative 
test  results  is  shown  in  Table  1. 


Figure  6  -  Self-Boring  Pressuremeter 
Calibration  Graph 


Table  1  - 

Selection 

of  Some 

Comparative 

Results 

Boring 

No. 

Depth 

(m) 

Id 

t/ml 

M.C. 

% 

Effective  Friction  Anale  <t>' 

Triaxial  Piezocone  Pressuremeter 

Description  of 
Tailinas 

B150 

5.68 

1.69 

23.0 

41 

31 

Sandy  Silt 

B150 

16.89 

1.58 

29.1 

42 

20 

Sandy  Silt 

B200 

5.70 

1.34 

41.4 

37 

33 

30 

Sandy  Silt 

C100 

7.77 

1.73 

22.1 

39 

34 

Silty  Sand 

C200 

13.34 

1.70 

23.3 

39 

34 

30 

Silty  Sand 

C280 

4.21 

1.67 

23.4 

40 

29 

Silty  Sand 

D200 

4.57 

1.71 

23.4 

42 

33 

35 

Silty  Sand 

G200 

19.93 

1.47 

33.5 

42 

24 

40 

Silt 

G200 

20.94 

1.62 

27.9 

40 

23 

40 

Silt 
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c)  Standard  Penetration  Tests 

In  addition  to  the  in  situ  testing,  a  number  of 
boreholes  were  drilled  into  the  tailings  and 
standard  penetration  tests  conducted  at  1.5  m 
(5  ft.)  intervals.  The  measured  SPT  values 
generally  averaged  a  minimum  value  of  5  at  a 
depth  of  3  m,  increasing  to  an  average  of  30  at 
depths  of  25  m.  Thin  wall  71  mm  (2.8  in.) 
Shelby  tube  samples  were  recovered  using 
special  sampling  techniques  for  laboratory 
tests. 

d)  Laboratory  Tests 

Apart  from  gradation  tests  on  all  split  spoon 
and  Shelby  tube  samples,  specific  gravity, 
moisture  content  and  isotropically  consolidated 
undrained  triaxial  shear  tests  were  carried 
out.  Considerable  care  was  necessary  to 
extrude  the  samples  and  to  prepare  for  testing. 
Saturation  normally  took  on  the  order  of  1  to  3 
days  to  obtain  a  B  value  greater  than  0.95. 
The  first  stage  of  consolidation  was  reached  by 
incrasing  the  confining  pressure  in  35  kPa  (5 
psi)  increments.  Consolidation  was  completed 
within  a  period  of  2  to  24  hours.  The  first 
two  stages  were  each  taken  to  5%  axial  strain 
or  until  a  peak  value  of  the  effective 
principal  stress  ratio  was  obtained.  The  third 
stage  was  taken  up  to  15%  strain  or  failure. 

The  results  of  some  of  the  triaxial  tests  are 
given  in  Table  1.  The  relatively  high  shear 
strengths  are  based  on  the  dilatant  behavior  of 
the  material  and  highly  angular  particle  shape 
which  was  confirmed  by  microscopic  examination 
of  the  tailings  particles. 

e)  Permeability  Tests 

An  estimate  of  the  permeability  of  the  tailings 
can  be  obtained  from  pore  pressure  dissipation 
tests  which  are  performed  during  the  piezo¬ 
metric  cone  probing.  This  can  only  be  done  in 
materials  which  produce  excess  pore  pressures 
during  cone  penetration.  From  these  results, 
the  average  permeability  varied  in  the  range 
1  x  10"5  cm/sec  to  3  x  10“6  cm/sec. 

A  screened  well  was  installed  to  a  depth  of 
40  m  (131  ft.)  and  peizometers  installed  along 
two  axes  at  different  radial  distances.  Up  to 
four  piezometers  were  installed  in  the  same 
hole  at  different  depths.  Due  to  the  fact  that 
the  drawdown  cone  around  the  well  was  affected 
by  the  highly  variable  deposit  and  that  steady 
state  conditions  through  the  full  depth  of  the 
deposit  could  not  be  reached  within  the  3-week 
pumping  period,  the  results  will  tend  to  be 
biased  towards  the  more  free-draining  tailings 
material  where  the  piezometer  response  was  the 
greatest.  Depending  on  whether  the  analysis 
assumed  a  water  table  aquifer  condition  or  a 
confined  aquifer  condition,  the  permeability 
obtained  from  this  test  ,is  in  the  range  3  x  10-4 
cm/sec  to  4.6  x  10"4  cm/sec. 


LIQUEFACTION  POTENTIAL 

The  basic  cause  of  liquefaction  or  cyclic 
mobility  in  a  saturated  cohesionless  material 
during  an  earthquake  is  the  result  of  a  build¬ 
up  of  excess  hydrostatic  pressure  due  to  the 


application  of  cyclic  shear  stresses  induced  by 
earthquake  ground  motions.  In  the  ultimate 
state,  the  porewater  pressure  within  the 
material  becomes  equal  to  the  effective 
confining  stress. 


CYCLIC  STRESS  RATIO 


The  liquefaction  potential  was  evaluated  using 
both  SPT  and  CPT  data  and  the  approach  used  in 
each  case  consisted  of  the  following  steps: 

i)  Measured  SPT  blow  count  (or  CPT  tip 
resistance)  data  were  corrected  to  account 
for  effective  overburden  pressure. 


ii)  Corrected  SPT  (or  CPT)  data,  along  with 
empirical  relationships  (Seed  et  al,  1983, 
for  SPT  and  Robertson  and  Campanella, 
1983,  1984;  Seed  and  De  Alba,  1986,  for 
CPT)  used  to  estimate  the  cyclic  stress 
ratios  required  to  cause  liquefaction  with 
limited  shear  strain  potential  for  the 
postulated  maximum  earthquake  (Magni¬ 
tude  =  6) . 

iii)  Cyclic  stress  ratios  induced  by  the 
postulated  maximum  earthquake  ground 
motions  at  various  depths  within  the 
tailings  deposits  were  calculated  for  peak 
ground  surface  acclerations  between  0.10g 
and  0.15g. 

The  result  of  this  analysis  for  the  CPT  data  is 
shown  in  Figure  7,  with  the  mean  and  mean  plus 
and  minus  one  standard  deviation.  It  can  be 
seen  that  the  range  of  induced  cyclic  stresses 
falls  to  the  left  of  the  mean  minus  one 
standard  deviation  and  on  this  basis 
liquefaction  or  limited  straining  of  the 
tailings  material  during  the  postulated 
earthquake  is  highly  unlikely. 

In  support  of  this  conclusion,  the  results  of 
laboratory  triaxial  shear  tests  on  undisturbed 
samples  have  indicated  a  strongly  dilatant 
behavior  with  little  or  no  decrease  in  strength 
with  increasing  strain  level.  Various 

investigators  (Casagrande,  1975;  Castro,  1975; 
Poulos  et  al,  1985)  have  shown  that  materials 
which  exhibit  these  characteristics  cannot 
liquefy  and/or  undergo  large  deformations  at 
low  values  of  residual  strength. 


STATIC  AND  PSEUDOSTATIC  STABILITY 

A  detailed  water  balance  study  was  undertaken 
to  determine  the  maximum  elevation  cf  the  pond 
under  the  maximum  design  precipitation  event, 
which  for  this  study  was  the  Possible  Maximum 
Flood  (PMF)  plus  100-yr.  storm  affectively 
occurring  back  to  back.  The  proposed  sub¬ 
aerial  deposition  technique  produces  a  highly 
anisotropic  permeability  condition  as  well  as 
ensuring  that  the  coarser  sands  are  deposited 
close  to  the  discharge  on  the  embankment.  The 
upstream  design  calls  for  an  extensive 
horizontal  drainage  blanket  to  drain  the  sub- 
aerially  deposited  tailings  beneath  the 
embankment.  A  finite  element  seepage  analysis 
for  anisotropic  tailings  was  carried  out  to 
determine  the  highest  level  of  the  phreatic 
surface  under  the  maximum  design  precipitation. 
Figure  8  indicates  a  section  through  the 
tailings  facility  and  the  phreatic  surfaces 
which  were  used  for  stability  analysis. 

Both  circular  and  non-circular  stability 
analyses  were  undertaken.  For  pseudostatic 
conditions,  a  horizontal  earthquake  coefficient 
of  O.lg  was  used.  In  all  the  many  cases 
investigated  involving  the  upstream 
construction,  the  lowest  factors  of  safety  were 
for  a  deep  failure  extending  through  the 
existing  embankment  with  a  F.O.S.  of  1.5  as 
shown  in  Figure  9. 


0  PHREATIC  SURFACE  CONDITION  * 1 , 
PMF+100-YR  Storm  (Kh/kv  -10) 

@  PHREATIC  SURFACE  CONDITION  *2, 
PMF+100-YR  Storm  (Kh/kv  -100) 


Figure  8  -  Finite  Element  Determination  of  Phreatic  Surface 
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As  will  be  seen  from  Table  1,  the  laboratory 
shear  strengths  of  the  tailings  under  drained 
conditions  are  between  37°  and  42°,  with  the 
pressuremeter  giving  effective  friction  angles 
between  30°  and  40°.  The  piezocone  values  are 
also  presented  and,  for  the  correlation  used  in 
the  analysis  (Figure  5)  show  results  which  are 
relatively  close  to  the  laboratory  and 
pressuremeter  values  for  the  silty _  sands  and 
sandy  silts,  but  very  low  for  the  silts.  This 
is  most  probably  as  a  result  of  the  fact  that 
excess  pore  pressures  were  generated  in  the 
silts  and  this  would  reduce  the  effective 
stress  of  the  tailings  under  virtually 
undrained  conditions.  For  the  free-draining 
tailings,  an  effective  friction  angle  of  35° 
was  considered  reasonable  for  the  stability 
analyses. 

The  layers  which  exhibit  large  excess  pore 
pressures  will  behave  as  an  undrained  cohesive 
material.  The  evaluation  of  the  cohesive 

property  is  in  general  determined  in  an 
empirical  manner,  with  an  equation  of  the  form 

c  «  ^<7- 

If  N  is  taken  is  the  range  of  9  to  12,  then  the 
ratio  of  the  shear  strength  to  the  effective 
vertical  stress  will  lie  in  the  region  of  0.15 
to  0.20,  probably  a  reasonable  lower  bound  for 
this  "normally  consolidated"  material. 


CONCLUSIONS 

The  detailed  piezometric  cone  profiling 
indicates  that  the  tailings  are  mainly 
silty  sands  and  sandy  silts  with  only 
minor  layers  of  silty  tailings  which,  in 
themselves,  are  not  continous  over  large 
areas. 

The  tailings  exhibit  dilatant  behavior 
under  shear  and  relatively  high  friction 
strength  due  to  the  highly  angular 
particle  shape. 

Partial  or  even  a  moderate  degree  of 
liquefaction  of  the  tailings  under  a 
magnitude  6  seismic  event  is  considered 
highly  unlikely. 


The  overall  embankment  configuration  with 
sub-aerial  upstream  construction  is  stable 
under  both  static  and  pseudo-static 
loading  and  worst-case  high  phreatic 
surface. 
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SYNOPSIS:  The  construction  of  the  Great  Salt  Lake  Causeway  involved  several  calculated 
risks.  Original  design  assumptions  on  lake  level  and  consolidation  settlement  were  not 
realized,  creating  a  unique  situation  where  the  critical  time  for  stability  of  this 
embankment  was  not  necessarily  at  the  end-of -construction.  Along  more  than  half  of  the 
Causeway's  12-1/2  mile  length,  consolidation  and  strength  gain  has  apparently  been  inhibited 
by  a  layer  of  salt.  Because  it  was  anticipated  that  calculated  Factors  of  Safety  for 
current  conditions  would  be  close  to  the  1.0  originally  used,  a  comparative  approach  to 
stability  evaluations  was  adopted.  In  this  approach.  Factors  of  Safety  calculated  for 
known,  past  stable  conditions  were  compared  with  those  predicted  for  future  conditions. 
Judgements  of  future  Causeway  stability  were  made  by  comparing  Factors  of  Safety  with  time. 
The  presence  of  a  salt  layer  in  the  foundation  of  a  portion  of  the  Causeway's  length  renders 
exact  solution  of  stability  intractable  to  usual  analytical  procedures. 


INTRODUCTION 

In  his  1964  Terzaghi  Lecture,  Casagrande  (1965) 
described  the  design  and  construction  of  this 
12-1/2  mile  long  embankment  across  the  deepest 
portion  of  the  Great  Salt  Lake,  location 
indicated  in  Figure  1,  as  an  outstanding 
example  of  a  calculated  risk.  Completion  of 
the  Causeway  in  1959  required  the  application 


of  considerable  engineering  judgement  as  the 
original  design  of  the  embankment  underwent 
several  empirical  modifications  based  on  the 
results  of  test  fills  and  on  actual 
construction  failures.  Initial  "assumed" 
risks  included; 

1.  Use  of  a  design  Factor  of  Safety  close  to 
1.0,  for  expected  greater  economy  of  a 
less  conservative  design,  but  accepting 
the  increased  risk  of  failures. 

2.  Selection  of  crest  elevation  4212', 
based  on  lake  levels  over  the  previous  30 
years  and  the  anticipation  that  there  was 
a  general  downward  trend  to  the  level  of 
this  terminal  lake,  see  Figure  2.  This 
crest  elevation  was  more  than  6  ft.  lower 
than  the  rails  on  the  55  year  old  timber 
trestle  that  it  was  to  replace. 

3.  The  expectation  that  consolidation  of  the 
soft  foundation  clays  would  be  on  the 
order  of  4  to  8  ft.,  and  that  this  would 
occur  within  several  years  of 
construction,  thus  yielding  a  steady 
increase  in  stability. 

However,  the  level  of  the  Great  Salt  Lake,  a 
lake  with  no  natural  outlet,  has  fluctuated 
nearly  20  ft.  since  1959,  see  Figure  2. 

Recent  historically  high  lake  levels  and 
continuing  Causeway  settlement  due  to 
foundation  clay  consolidation,  also 
illustrated  in  Figure  2,  have  forced  Southern 


Figure  1.  Location  of  the  Great  Salt  Lake 
Causeway . 


All  Elevations  refer  to  Southern 
Pacific's  Hood's  Datum,  and  are 
therefore  3.4  ft.  above  elevations 
based  on  USGS  datum. 
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Figure  2.  Levels  of  the  Great  Salt  Lake  and  Causeway  Crest. 


Pacific  railroad  to  add  significant  amounts  of 
fill  to  the  crest  to  maintain  adequate 
freeboard.  Filling  has  increased  stresses  on 
the  foundation  clays  and  necessitated 
re-assessment  of  Causeway  stability.  Studies 
have  shown  that  a  unique  situation  has 
developed  wherein  the  end-of-construction 
condition  was  not  necessarily  the  critical 
time  for  stability. 

A  comparative  approach  to  stability 
assessments  was  adopted  in  which  ohe  Factors 
of  Safety  were  calculated  at  selected 
cross-sections  for  differing  conditions  that 
existed  at  various  times  since  construction. 
Changes  in  Factor  of  Safety  from  those 
calculated  for  past,  stable  conditions  were 
then  evaluated  to  assess  present  and  future 
stability. 

Although  stability  was  found  to  have  improved 
where  the  Causeway  is  directly  founded  on  a 
clay  foundation,  the  presence  of  a  brittle 
salt  layer  beneath  much  of  the  Causeway's 
length  renders  stability  calculation  by 
"usual"  procedures  intractable.  Assessment  of 
stability  in  these  areas  still  requires 
engineering  judgement,  thus  continuing  the 
calculated  risks. 

SUBSURFACE  CONDITIONS  ALONG  THE  CAUSEWAY 

Although  the  Great  Salt  Lake  basin  has  in 
places  over  7,000  feet  of  sediment,  only  those 
strata  within  150  to  200  feet  of  the  present 
mudline  were  of  consequence  to  Causeway 
stability.  Below  that  level,  stiff  dessicated 
clay  from  an  evaporative  lake  cycle  is 
present.  The  overlying  sediments  are 
predominantly  soft,  plastic  organic  clays  that 
exhibit  brittle  behavior  in  compression  tests, 


Casagrande  (1959).  Fine  sand  partings  are 
found  in  deeper  strata  of  the  soft  clays. 

Of  particular  importance  to  Causeway  stability 
is  a  st^.'-um  of  Glauber's  Salt.  It  is  present 
in  the  deeper  lake  areas  and  is  buried  under 
about  25  ft.  of  the  very  soft  sediments. 

This  hydrated  sodium  sulfate  was  deposited 
during  the  evaporative  aftermath  of  Lake 
Bonneville.  The  stratum  contains  a  wide 
variety  of  salt  compositions,  each  separated 
from  the  next  by  clay  seams,  as  described  by 
Eardley  (1962).  The  Glauber's  Salt  increases 
in  thickness  from  west  to  the  east,  being  less 
than  1  ft.  thick  along  the  western  2-1/2  miles 
of  the  Causeway,  up  to  20  ft.  beneath  the 
central  6  miles,  and  as  much  as  45  ft.  thick 
near  the  east  side. 

To  evaluate  soil  shear  strengths  required  for 
the  recent  stability  studies,  an  extensive 
program  of  soil  sampling  and  laboratory 
testing  was  undertaken  in  1984.  Borings  were 
made  at  five  different  locations  both  through 
the  centerline  of  the  embankment  and 
over-water  through  the  counter-weight  berms. 
Because  SHANSEP ‘([procedures  (Ladd  and  Foott, 
1974)  were  used  to  assess  clay  shear  strength, 
over  100  consolidation  tests  were  performed  to 
determine  profiles  of  maximum  past  pressure. 

The  stress  profiles  shown  in  Figure  3  indicate 
that  far  less  consolidation  nas  occurred  in 
clay  overlain  by  the  salt.  This  was  an 
important  discovery,  because  shear  strength 
increase  would  be  similarly  less  than  where 
the  salt  is  present.  The  Glauber's  Salt 

stratum  has  apparently  inhibited  drainage  from 
the  underlying  foundation  clays.  Thus  less 
than  35  percent  of  the  eventual  consolidation 
has  occurred  in  most  salt  areas. 
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Embankment  on  clay  foundation,  no  salt  layer 


Embankment  on  thin  salt 


Original  mudline 


r-  Original  mudline 
/  El. 4170 


Vertical  effective  stress,  pounds  per  square  foot 


Consolidation  that  had  occurred 
betweet  construction  and  1984 


2000  4000  6000  80 

Vertical  effective  stress,  pounds  per  square  foot 


Figure  3.  Stress  Profiles  Indicating  Consolidation  Since  Causeway  Construction. 


where: 


=  preconstruction  vertical  effective  stress 

=  preconstruction  maximum  past  pressure  based  on 
consolidation  tests 

=  vertical  effective  stress  in  1984  (equals 
5m  i > 8 4  where  o;c  ,984  is  greater  than 

°vra  1957) 

=  final  vertical  effective  stress  under  Causeway 
centerline  at  full  consolidation 


ORIGINAL  CONSTRUCTION 

A  plan  of  the  completed  Causeway  circa  1959,  a 
profile  showing  fill  and  salt  thickness,  and 
two  typical  cross-sections  are  shown  in 
Figure  4. 

Casagrande  (1959  and  1965)  and  Newby  (1980) 
describe  the  design  and  construction.  In 
brief,  the  embankment  was  generally 
constructed  to  a  60  ft.  wide  crest  that  was 
12  ft.  above  the  average  lake  level.  Side 
slopes  of  the  earth  and  rock  fill  embankment 
were  2  horiz.  to  1  vert.  A  key  design  element 
was  the  removal  by  dredging  of  20  to  25  ft.  of 
the  softest  lake  bottom  sediments  from  beneath 
the  main  body  of  the  fill.  Along  much  of  its 
length,  the  main  fill  was  placed  on  the 


Glauber's  Salt.  Counter-weight  berms  were" 
placed  adjacent  to  most  sections  of  the  main 
fill.  The  depth  and  width  of  the  dredged 
trench,  and  berm  width  and  locations  are  shown 
in  Figure  4. 

During  construction,  test  fills  were 
constructed  in  each  of  the  different 
foundation  areas  to  provide  insight  on 
performance  and  to  verify  the  design  sections 
used  because  the  design  Factor  of  Safety  was 
close  to  1.0.  Unexpected  construction 
failures  that  occurred  emphasized  the  fact 
that  as-constructed  stability  was  marginal. 
These  failures  resulted  in  several  design 
revisions  which  became  largely  empirical, 
Casagrande  (1965) . 
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Figure  4.  Plan,  Profile,  and  Typical  Cross-Sections  of  Causeway. 


COMPARATIVE  APPROACH  TO  STABILITY  ASSESSMENTS 

Unlike  most  embankments  on  soft  ground,  the 
critical  time  for  Causeway  stability  was  not 
necessarily  at  the  end  of  construction. 

Falling  and  rising  lake  levels  and  the  12  to 
25  ft.  of  fill  added  to  the  crest  to 
accommodate  settlement  and  rising  lake  level 
have  caused  changes  in  effective  stresses  on 
the  foundation  clays.  Shear  strength  of  the 
foundation  clays  has  been  very  slow  to 
increase  in  some  areas. 

In  light  of  the  above  risks,  a  comparative 
approach  was  adopted  for  assessment  of  current 
and  future  stability.  The  Factors  of  Safety 
at  the  end  of  construction  and  other  selected 
times  since  construction  were  calculated  and 
compared.  Judgements  concerning  stability 
were  then  made  by  comparing  Factors  of  Safety 
for  current  and  future  conditions  with  those 
for  past  times  when  stable  conditions  were 
known  to  exist. 


A  few  sections  representative  of  the  various 
constructed  geometries  along  the  12-1/2  mile 
long  Causeway  were  selected  for  detailed 
stability  analysis.  Stability  analyses  were 
made  primarily  for  the  West  Side  areas  where 
the  Causeway  is  solely  on  a  clay  foundation. 
These  results  and  limited  other  analyses  were 
used  to  temper  judgements  and  assessments  of 
instability  risk  where  the  the  stiff  salt 
layer  is  present. 

Stability  analyses  were  made  for  the  varying 
Causeway  geometries,  lake  levels  and  shear 
strength  profiles  that  were  applicable  to  the 
past  and  present  conditions  at  each  section. 
Several  possible  future  conditions  were  also 
analyzed  to  provide  insight  for  the  assessment 
of  future  risks  of  instability.  The  major 
changing  conditions  that  were  evaluated  are 
listed  in  Table  I. 

The  geometry  of  the  Causeway  surface  was  taken 
from  cross-sections  made  at  the  end  of 
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TABLE  I.  Changing  Conditions  Evaluated  in  Comparative  Stability  Analyses 


BASIS 


YEAR 

LAKE 

ELEVATION 

ACCUMULATED 

SETTLEMENT 

FOR  CLAY 
STRENGTH 
(feet) 

CAUSEWAY 

CONDITIONS/ CHANGES 

1959 

4200 

0 

Vmi957 

END  OF  CONSTRUCTION 

1963 

4195 

2 

5vmi9S7 

MINOR  SETTLEMENT 

1969 

4198 

4 

cvm,AA„ 

1969 

(INTERPOLATED) 

FILL  ADDED  TO  RAISE  SUBGRADE  BACK  TO 
AS-BUILT  (EL.4212), 

SOME  BERM  EROSION 

1984 

4210 

7 

°vm1984 

FILL  ADDED  TO  RAISE  SUBGRADE  TO  EL.4214, 
BERM  EROSION  /  ACCRETION 

FUTURE 

VARIED 
4213  TO  4190 

7 

°vm1984 

FILL  ADDED  TO  RAISE  SUBGRADE  TO  EL.4217 

construction,  and  in  1966  and  1984. 

Settlement  was  distributed  through  the 
cross-section  by  assuming;  1.  lull  settlement 
under  the  main  body  of  the  embankment,  2.  no 
settlement  under  the  berms,  3.  linear 
variation  in  between.  For  perspective  on  the 
impact  of  "other  factors"  on  instability 
risk,  analyses  were  made  for  possible  future 
lower  and  higher  lake  levels,  addition  or 
removal  of  fill  from  the  crest,  and  berm 
thickness  changes  (field  studies  have 
indicated  that  erosion  and  accretion  may  have 
occurred) . 

Stability  analyses  were  made  using  the 
Modified  Bishop  method  for  circular  surfaces 
and  Janbu  method  for  non-circular  surfaces,  as 
available  in  the  computer  program  STABLE, 
Boutrup  (1977) .  A  limited  number  of 
Morgenstern-Price  analyses  (ICES-LEASE)  were 
performed  which  indicated  Janbu  to  be 
approximately  10  percent  conservative. 

The  shear  strength  of  the  foundation  clays, 
both  with  depth  and  laterally  from  the  main 
body  of  the  fill,  were  determined  by  SHANSEP 
procedures  for  end-of-construction  and  later 
times.  A  stress  ratio,  su/crvra,  of  0.225 
was  established  on  the  basis  of  laboratory 
undrained  triaxial  compression  and  extension 
tests  and  direct  simple  shear  tests.  TV\ 
in-situ  strength  ratio  was  also  jstimated  by 
back-analysis  of  two  construction  failures, 
which  indicated  somewhat  lower  values.  A 
strength  ratio  of  0.20  was  finally  selected. 

STABILITY  OF  EMBANKMENT  ON  CLAY 

The  section  at  MP  741.5  was  evaluated  because 
it  is  typical  of  "normal"  West  Side  conditions 
where  there  is  only  clay  in  the  foundation 
strata  and  did  not  experience  a  construction 
failure.  The  Factors  of  Safety  calculated  for 
this  cross-section  are  summarized  in  Table  II, 
as  are  the  results  of  limited  analyses  for  a 
cross-section  at  MP  747.6  where  the  salt  layer 
is  present. 


The  Factors  of  Safety  calculated  for 
conditions  at  the  end  of  construction  and  four 
years  later,  when  the  Great  Salt  Lake  was 
about  6  ft.  lower,  are  essentially  the  same, 
and  just  slightly  above  unity.  This  agrees 
with  design  reports  that  the  original  design 
Factor  of  Safety  was  close  to  l.o.  The  1963 
Factor  of  Safety  was  perhaps  slightly  higher 
than  that  calculated  because  some  slight  clay 
strength  increase  likely  occurred,  but  was  not 
considered  in  these  analyses. 


TABLE  II.  Calculated  Changes  in  Factor 
of  Safety  with  Time 


CALCULATED  MINIMUM  FACTOR  OF  SAFETY 
JANBU  (NONCIRCULAR) 


YEAR 

NON-SALT 
(MP  741.5) 

SALT  FOUNDATION  (3) 
(MP  747.7) 

1959 

1.06 

1.37 

1963 

1.04 

(4) 

1969 

1.24 

(4) 

1984 

1.25 

(4) 

FUTURE  (1) 

1.15 

1.33 

FUTURE  (2) 

1.25 

1.37 

1.  SAME  LAKE  LEVEL  AS  1984  CONDITIONS,  CREST  EL.4217. 

2.  LAKE  LEVEL  3  FEET  ABOVE  1984,  CREST  EL.4217. 

3.  SALT  LAYER  THICKNESS  -  12  FEET,  ASSUMED  SALT  SHEAR 
STRENGTH  -  3600  psf. 

4.  NOT  CALCULATED 
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The  Factor  of  Safety  calculated  for  1969 
conditions  was  20  percent  greater  than 
original,  a  substantial  improvement.  This 
increased  stability  was  primarily  a 
consequence  of  increased  shear  strength  in  the 
foundation  clay  which  more  than  offset  the 
affect  of  the  fill  that  was  added  to  the  crest 
in  1969  to  compensate  for  4  ft.  of  settlement 
that  had  occurred.  The  1969  lake  level  was 
2  ft.  below  1959  level. 

Calculations  for  1984  conditions  showed  that 
the  cumulative  effects  of  continued  foundation 
clay  strength  increase  and  lake  level  10  ft. 
above  the  as-built  level  counteracted  the 
destabilizing  effects  of  the  weight  of  an 
additional  6  to  7  ft.  of  fill  placed  on  the 
crest  in  1984  and  the  apparent  erosion  of 
about  2  ft.  of  material  from  the  berms.  The 
Factor  of  Safety  was  about  the  same  as  in 
1969,  about  20  percent  greater  than  the 
as-built  condition. 

The  effect  of  future  changes  in  lake  level, 
elevation  of  the  crest,  and  erosion  of  the 
berms  on  Factor  of  Safety  for  Sta.  3550  were 
evaluated  in  a  series  of  parameter  studies. 

The  results  are  shown  on  Figure  5  as  change  in 
Factor  of  Safety  for  each  variable  alone,  the 
others  being  held  constant  at  the  1984 
conditions. 


Figure  5.  Effect  of  Various  Parameters  on 
Calculated  Factor  of  Safety. 


Changes  in  lake  level  were  found  to  have  about 
half  of  the  effect  on  Factor  of  Safety  as 
changes  in  either  crest  elevation  or  berm 
thickness.  The  direction  of  each  effect  is 
obvious.  The  Factors  of  Safety  for  two  of  the 
future  conditions  are  included  in  Table  II. 


Based  on  these  results,  it  was  concluded  that 
where  there  is  only  soft  clay  in  the 
foundation,  present  and  near-term,  future 
Causeway  stability  would  be  greater  than  the 
as-built  conditions.  However,  if  lake  levels 
recede  below  Elev.  4205,  5  ft.  above  the  1959 
level,  the  calculated  Factor  of  Safety  would 
decrease  to  near  the  marginally  stable  values 
calculated  for  1959  conditions. 

PROBLEMS  OF  SALT  OVER  SOFT  CLAY  FOUNDATION 

Stability  calculations  indicated  that  a 
working  shear  strength  of  the  salt  layer  of 
between  10  and  25  times  that  of  the  clay  at 
the  same  level  was  necessary  for  stability, 

i.e.  Factor  of  Safety  greater  than  l.o.  But 
it  was  not  considered  possible  to  make  a 
meaningful  analysis  of  Factor  of  Safety  for 
the  Causeway  where  the  fill  is  on  stiff  salt 
over  the  soft  foundation  clays  for  the 
following  reasons: 

1.  The  salt  is  extremely  heterogeneous,  the 
spacing  and  frequency  of  clay  seams 
varies  with  elevation  and  location. 

2.  The  overall  behavior  of  the  salt  is  not 
understood,  but  is  probably  not 
adequately  represented  by  laboratory 
compression  tests  on  core  samples. 

3.  The  salt  has  probably  experienced  bending 
stresses  due  to  differences  in  settlement 
between  zones  under  the  main  body  of  the 
fill  and  beneath  the  lightly  loaded 
berms,  and  compression  due  to  the  weight 
of  the  fill,  but  the  effect  of  these 
changes  on  stratum  strength  is  unknown. 

4.  There  is  strain  incompatibility  between 
the  stiff,  brittle  salt  and  the  soft 
clays  below,  although  salt  can  typically 
accommodate  large  creep  strains. 

Limited  comparative  stability  analyses  were 
performed  for  insight  on  the  magnitude  of 
changes  in  Factor  of  Safety.  The  results  of 
some  of  these  analyses,  presented  in  Table  II, 
indicate  little  change  in  stability  from 
as-built  conditions.  This  is  due  primarily  to 
the  small  gains  in  foundation  clay  shear 
strength.  Assessments  of  present  and  future 
stability  were  therefore  based  substantially 
on  judgement.  Raising  the  crest  to  maintain 
freeboard  was  still  considered  a  calculated 
risk  that  was  necessarily  taken  to  continue 
rail  traffic  over  the  Causeway. 

Caution  and  continual  monitoring  of  embankment 
performance  were  recommended,  and  contingency 
plans  for  adding  fill  to  the  berms  were 
developed  in  case  settlement  rates  became 
excessive. 

In  two  areas,  each  about  1/2  mile  long, 
settlement  rates  have  recently  been  on  the 
order  of  l  to  1-1/2  ft.  per  year  which  is  2  to 
4  times  the  "normal".  Both  areas  have  been 
identified  as  probably  having  a  locally  weaker 


salt  stratum.  Inclinometers  recently 
installed  offshore  have  shown  there  to  be 
significant,  ongoing,  lateral  displacements  of 
soft  clay  below  the  salt,  nearly  30  years 
after  construction.  The  question  of  the 
futuie  performance  of  these  areas  and  the 
possible  development  of  other  similar  areas 
remains  a  calculated  risk. 

CONTINUING  CALCULATED  RISKS 

Today,  many  uncertainties  and  limitations 
still  exist  which  make  assessments  of  Causeway 
stability,  a  continued  calculated  risk. 
Principal  contributing  factors  are: 

1.  Likely  variations  in  foundation  strata 
conditions  from  those  assumed  based  on 
the  limited  number  of  borings  made  along 
the  12-1/2  mile  long  embankment. 

2.  The  presence  of  the  Glauber's  Salt 
brittle  yet  ductile  material,  that  i- 
heterogeneous  with  depth  and  lateral 
extent.  Its  strength  may  change  with 
time  due  to  deformation  from 
consolidation  of  the  underlying  clays. 

3.  Very  slow  consolidation  and  strength  gain 
in  the  clays  below  the  Glauber's  Salt. 

4.  Lack  of  precision  in  the  Factor  of  Safety 
calculation  due  to  inaccuracy  in 
determining  soil  parameters  and  soil  and 
fill  stratification. 

5.  Inability  to  adequately  accommodate  the 
salt  layer  in  current  stability  analyses 
due  to  its  strain  incompatibility  with 
the  fill  and  foundation  clays. 

6.  Inability  to  analyze  more  than  a  few 
representative  cross-sections  along  the 
12-1/2  mile  long  embankment  due  to  cost 
and  time  constraints. 

CONCLUSIONS 

Original  design  expectations  on  lake  levels 
and  consolidation  of  the  foundation  clays 
below  the  salt  stratum  have  not  come  to 
fruition.  Consequently,  the  recent  rise  of 
the  Great  Salt  Lake  to  historic  levels  and  the 
need  to  add  fill  to  the  Causeway  crest  have 
created  a  unique  situation  wherein  the 
end-of-construction  was  not  necessarily  the 
critical  time  for  stability. 

It  was  anticipated  that  Factors  of  Safety 
would  again  be  close  to  the  1.0  adopted  in 
design.  The  comparative  approach  to  stability 
assessments,  adopted  for  evaluations  of 
current  conditions  and  recent  elevated  lake 
levels,  indicated  10  to  20  percent  greater 
stability  than  at  the  end-of-construction 
where  the  Causeway  is  founded  on  soft  clay. 


However,  embankment  stability  remains  an 
intractable  problem  for  more  than  half  its 
length  where  the  Causeway  is  founded  on 
interbedded  salt  above  soft  clays,  due  to 
problems  of  salt/clay  strain  incompatibility 
and  salt  stratum  heterogeneity  and  probable 
changes  since  construction.  Therefore,  the 
results  of  analyses  made  for  the  no-salt  West 
Side  were  used  for  insight  in  stability 
considerations.  However,  the  substantial 
amount  of  engineering  judgement  required  in 
assessing  stability  continue  to  make  such 
evaluations  calculated  risks. 
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SUMMARY 


Two  earthfi.ll  dans  were  constructed  on  the  Wadi  Qattarah  in  Libya  between  1969  and  1772  but  the  filling  was  never 
achieved  for  both  dams.  After  a  partial  filling  well  below  normal  water  lpvel,  Secondary  Dam  failed  in  December  1977. 
Several  weaknesses  may  be  found  in  the  features  of  both  dams  and  have  beer  analyzed  by  the  authors  on  the  basis  of  dam 
instrumentation  results,  measurements  and  observations  of  the  Secondary  Dan  failure.  Several  possible  causes  of 
failure  of  this  dam  are  presented.  No  one  can  however  be  taken  as  certain.  The  series  of  events  as  reported  by  eye 
witnesses  appear  to  point  out  a  typical  phenomenom  of  piping,  but  the  responsible  mechanism  can  be  attributed  to 
various  causes.  -*'* 


1.  HISTORICAL  INTRODUCTION 

The  protection  of  Benghazi,  the  chief  town  of  Cyrenaica  and 
second  largest  city  in  Libya,  and  the  surrounding  plain  against 
flooding  by  Wadi  Qattarah  has  long  been  a  subject  of  studies 
which  materialized  in  1965-67  with  the  issuing  the  Wadi 
Qattarah  Project  (Fig.  1). 


Fig.  1  -  General  Location  of  the  Project 


The  upstream  portion  of  the  Project  was  formed  mainly  by  the 
Main  Dam  and  the  Secondary  Dam  some  10  km  farther 
downstream  which  were  built  from  1969  to  1972.  The  first 
filling  started  in  May  1972  but  the  reservoir  levels  very  seldom 
exceeded  a  third  of  the  head  and  never  reached  the  normal 
water  level  (NWL)  at  either  dam.  On  21  December  1977,  the 
Secondary  Dam  failed  with  a  water  level  well  below  NWL  but 
fortunately  major  damage  was  avoided  by  a  rather  slow  rate  of 
retrogressive  erosion  of  the  embankment  (about  6  hours)  and  by 
the  relatively  moderated  volume  of  water  stored,  some 
3.5  x  106  m5  (Fig.  2). 

Main  Dam  embankment  was  continuously  monitored  and  two 
series  of  geotechnical  investigations  were  carried  out  in  1978 
and  1979  to  asceriain  that  conditions  similar  to  those  at 
Secondary  Dam  did  not  develop. 

In  this  paper  the  authors  will  describe  the  main  geological  and 
geotechnical  features  of  both  dams  and  report  the  observations 
made  during  the  Secondary  Dam  Failure.  On  the  basis  of  these 
features,  observations  and  dams  instrumentation  results  and 
measurements,  they  will  present  what  are  in  their  opinion  the 
main  weaknesses  of  these  structures  and  they  will  analyze  the 


possible  causes  of  failure  of  Secondary  Dam  pointing  out  the 
most  likely  ones. 

The  design  work  for  rehabilitation  of  the  Wadi  Qattarah 
scheme  including  the  strengthening  of  the  existing  strudel  es 
and  the  reconstruction  of  the  Secondary  Dam  has  been 
presented  elsewhere  in  a  paper  by  El  Turki  et  al  (1985). 

2.  LOCAL  CONDITIONS 
2.1.  General 

Wadi  Qattarah  catchment  upstream  cf  the  dams  is  located  East 
of  Benghazi  on  the  escarpment  zone,  at  elevations  between  150 
and  650  ;  areas  are  1,224  km2  and  1,285  km2  at  Main  Dam 
and  Secondary  respectively. 

Climate  is  typical  semi-arid  zone  but  the  nearness  of  the 
Mediterranean  assures  an  average  yearly  rainfall  of  some 
230  mm  from  October  to  March  mainly. 

The  geological  set-up  is  a  rather  regular  Miocene  series 
featuring  near-horizontal  beds  of  dolomitic  limestones 
alternating  with  some  more  chalky  and  marly  strata.  Dissolution 
certainly  exists  in  the  area  but  probably  not  at  a  large  scale  as 
was  evidenced  by  the  various  investigation  boreholes  which 
encountered  voids  only  occasionally.  Infiltrat’on  is  however 
highly  developed  through  the  discontinuity  system  of  horizontal 
bedding  connected  by  subvertical  fracturing.  Rock  mass 
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permeability  is  moderate  (around  10  5  m/s).  The  aquifer  is  some 
150  m  and  120  m  below  ground  level  at  Main  Dam  and  at 
Secondary  Dam  site  respectively. 

Infiltration  data  are  largely  scattered  depending  upon  the 
year'  ,  for  low  water  levels  a  progressive  decrease  is  evident 
with  time  but  for  high  water  levels  data  and  direct  observations 
are  too  fragmentary  to  draw  conclusions. 

2.2.  Main  features  of  both  Dams 


Both  dams  are  homogeneous  embankments  with  similar  design 
characteristics  and  similar  appurtenant  works.  Fig.  3  and  4 
show  the  plan  view  of  both  dams. 


Fig.  4  -  Plan  View  of  Secondary  Dam  after  Failure 


2.2.1.  Description  of  Main  Dam  Embankment 

The  maximum  height  of  the  embankment  is  33.0  m  and  its 
crest  length  is  305  m.  Fig.  5  shows  the  typical  cross  section  of 
the  embankment.  The  upstream  slope  of  the  embankment  is  3.0 
honzontal  for  1.0  vertical  (3.1).  A  3-metre  wide  berm  is 
located  at  El.  208.00  ,  it  was  the  crest  of  the  upsteram 
cofferdam.  With  this  berm,  the  mean  upstream  slope  becomes 


3.1  honzontal  for  1.0  vertical  (3.1.1).  The  mean  downstream 
slope  of  the  embankment  is  2.7  horizontal  for  1.0  vertical 
(2.7:1)  including  the  three  2-m  wide  berms. 

This  embankment  is  an  homogenous  earthfill  whose  design 
includes  an  inside  drainage  network  in  the  downstream  portion 
of  the  embankment  • 

A  chimney  drain  including  successively  from  upstream  to 
downstream  a  fine  filter  layer  0.40  m  thick,  a  coarse  filter 
layer  0.40  m  thick  and  a  drain  layer. 

This  chimney  drain  is  connected  at  its  base  with  a 
horizontal  drainage  system  generally  resting  on  the 
foundation  under  the  downstream  portion  of  the  fill.  This 
horizontal  drainage  system  includes  a  continuous  layer  of 
the  fine  filter  material,  0.40  m  thick,  and  six  finger 
drains  approximately  30  m  apart,  forming  the  horizontal 
outlets  from  the  chimney  drain.  The  core  of  these  finger 
drains  (area  1.40  m2  each)  is  made  of  the  drain  material 
wrapped  in  the  coarse  filter  material  0.40  m  thick  without 
any  fine  filter  between  the  coarse  filter  and  the  earthfill. 

The  horizontal  drainage  system  is  connected  downstream 
to  a  rock-fill  drain  founded  at  variable  levels  below  the 
foundation  level  of  the  embankment.  A  fine  filter  layer 
0.40  m  thick  has  been  placed  underneath  this  rock  fill  toe 
drain  in  contact  with  the  foundation.  This  drain  collects 
the  flow  from  the  horizontal  drains  and  also  from  surface 
runoff. 

A  rough  estimate  of  the  maximum  drainage  capacity  of  this 
downstream  drainage  system  indicates  a  value  of  the  order  of 
5  1/s  for  a  hydraulic  gradient  of  0.3  and  permeability 
coefficients  of  10‘3  m/s  and  10'4  m/s  for  the  drain  and  fine 
filter  respectively.  The  main  limitation  of  the  drainage  capacity 
is  due  to  the  small  area  of  the  finger  drains  in  the  horizontal 
drainage  system. 

The  embankment  is  partly  founded  on  the  limestone  which 
outcrops  on  the  left  and  right  banks,  representing  2/3rds  of  the 
area  of  the  foundation  surface,  and  partly  on  alluvial  deposits 
in  the  lower  part  of  the  valley  This  alluvial  deposit  rests  on 
the  limestone  foundation  some  17  m  below  at  the  lowest  point. 
In  order  to  provide  a  watertight  link  between  the  grout  curtain 
in  the  limestone  foundation  and  the  embankment,  a  key  trench 
filled  with  silty  clay  material  has  been  excavated  in  the  alluvial 
deposit.  The  key  trench,  12  m  average  width  at  its  base,  has 
near-vertical  walls  on  the  upstream  and  downstream  sides  (4  in 
1  slope).  The  longitudinal  axis  of  the  key  trench  coincides  with 
the  axis  of  the  dam.  A  small  narrow  trench  has  been  dug 
along  the  axis  of  the  key  trench  in  the  limestone  formation  in 
order  to  install  the  concrete  cut-off  wall  on  top  of  the  grout 
curtain.  Like  the  key  trench,  this  narrow  trench  has  almost 
vertical  sides  (4  in  1  slope).  The  top  of  the  cut-off  wall,  which 
is  4  m  high  and  1.50  m  wide,  is  located  generally  a  fev/  metres 
underneath  the  rock  line  level. 

Concerning  the  preparation  of  the  lock  foundation  before 
placing  the  earthfill,  it  must  be  pointed  out  that  no  mention  of 
preparation  of  the  surface  by  sealing  fissures  and  holes  with 
grout  or  cement  mortar  has  been  found  in  the  construction 
records.  The  Technical  Specifications  in  the  Tender  Documents 
require  treatment  of  the  fissures  and  holes  in  the  bedrock 
foundation  undernearth  the  earthfill  by  filling  them  with  a 
clayey  backfill. 

The  condition  of  placing  earthfill  around  the  bottom  outlet 
culvert  has  also  to  be  mentioned.  Both  faces  of  the  excavated 
trench  in  which  the  conduit  lies  are  only  1  m  from  the 
concrete,  which  does  not  allow  proper  compaction  of  the  backfill 
even  by  small  hand-operated  machines.  This  applies  to  the 
downstream  portion  of  Main  Dam  culvert  (Fig.  6). 

In  addition  no  particular  drainage  was  provided  around  the 
downstream  portion  of  the  culvert.  The  filter  blanket,  part  of 
the  drainage  system,  appears  to  be  located  1  m  or  2  m  above 
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Fig.  5  -  Cross-Section  of  Main  Dam  Embankment 
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Fig.  6  -  Longitudinal  Cross-Section 
Embankment 

the  outlet  culvert  as  well  as  the  rockftll  toe  drain,  whose  base  is 
about  3  m  above  the  culvert. 

Another  feature  of  the  design  of  this  outlet  culvert  must  be 
mentioned.  The  upstream  pan  of  the  culvert  from  the  intake 
structure  to  the  gate  tower  is  founded  on  alluvium  through 
concrete  piers.  Consolidation  of  alluvium  between  the  piers  may 
have  induced  differential  settlement  of  the  alluvium  and  hence 
possibly  allowed  a  seepage  path  to  develop  underncarth  the 
culvert. 

2.2.2  Description  of  Secondary  Dam  Embankment 


of  Main  Dam 

embankment  materials  are  the  carthfill,  filter  and  drain 
materials.  The  construction  records  indicate  that  both 
embankments  were  built  with  materials  taken  from  the  same 
borrow  areas,  and  therefore  no  distinction  will  be  made  for 
their  presentation  below. 


2.3.1.  Description  and  identification  material 

The  borrow  area  for  earthfill  is  located  about  2  km  downstream 
of  Main  Dam  site.  The  material  was  excavated  from  alluvial 
deposits.  It  is  a  clayey  silt  (classified  CL2  in  the  USCS 
classification  system)  which  has  been  identified  as  follows  . 


The  design  of  Secondary  Dam  is  very  similar  to  that  of  Main 
Dam.  The  crest  length  of  the  embankment  is  about  217  m  and 
the  maximum  height  is  28.6  m.  Fig.  7  shows  the  typical  cross 
section  of  the  embankment. 

The  upstream  and  downstream  slopes  are  the  same  as  at  Main 
Dam.  Secondary  Dam  was  constructed  simlateneously  with  Main 
Dam.  In  this  case  too,  the  embankment  is  an  homogeneous 
earthfill  whose  design  includes  features  identical  to  those 
described  previously  for  Main  Dam,  except  that  in  this  case  the 
alluvial  deposit  has  a  maximum  depth  of  9  m. 


2.3.  Geotechnical  Properties  of  F.mhankment  Materials 


The  percentage  of  particle  sizes  smaller  than  0.1  mm 
ranges  from  75%  to  95%. 

The  percentage  of  particle  sizes  smaller  than  2  microns 
ranges  from  8%  to  30%. 

The  mean  value  of  the  specific  gravity  is  2.66  with  a 
standard  deviation  of  0.03  (20  samples). 

The  liquid  limit  WL  ranges  from  29%  to  38%.  The 
mean  value  is  33%  with  a  standard  deviation  of  3% 
(80  samples). 

The  plastic  index  PI  ranges  from  10%  to  19%.  The 
mean  value  is  14%  with  a  standard  deviation  of  2% 
(80  samples). 

The  shrinkage  limit  SL  ranges  from  10%  to  14.5%.  The 
mean  value  is  12%. 

The  natural  water  content  generally  increases  with  depth  in  the 
borrow  areas.  The  average  values  ranges  from  6%  at  1  m  to 


With  regard  to  the  assessment  of  the  safety  of  Main  Dam  and 
the  causes  of  the  failure  of  Secondary  Dam,  the  significant 
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12%  at  5  m  depth  Almost  all  the  material  was  excavated  from 
a  depth  less  than  6  m. 

According  to  the  standard  Proctor  compaction  tests  (compaction 
energy  600  kj/m3),  the  optimum  moisture  content  Wopt  ranges 
from  15%  to  21%  (mean  value  18.1%  with  1%  standard 
deviation  for  60  samples)  and  the  maximum  dry  density  Dd 
ranges  from  16  7  to  17  9  kN.'m3  (mean  value  17.3  kN/m3  with 
0  3  kN/m3  standard  deviation  for  60  samples). 

Miner  alogical  and  chemical  analyses  were  performed  on 
5  samples  of  the  embankment  material  from  Main  Dam.  The 
minerals  were  predominantly  clayey  with  20%  to  30%  kaolimte, 
25%  to  35%  illite,  25%  to  35%  llhte-smectite,  5%  to  15% 
smectite  and  some  (less  than  5%)  attapulgne.  The  chemical 
analyses  show  predominantly  Fe2Os  and  Al2Os  (50°/.  .  and 
110°/»»  respectively),  some  (30°/*°)  CaCO,  and  traces  of 
monoxides  and  dioxides  (CaO,  MgO,  NA2Q,  K20). 


Fig.  8  -  Erosion  patterns  observed  in  the  borrow  material 
areas 


Eight  pin  hole  tests  were  performed  on  samples  compacted  at 
dry  density  and  water  content  close  to  the  optimum  values  from 
the  standard  Proctor  tests.  All  show  non  dispersive  properties 
for  this  material  (class  ND1).  Nevertheless,  the  authors  visited 
the  borrow  areas  and  observed,  in  some  locations,  typical 
erosion  patterns  (see  Fig.  8)  as  if  the  material  was  dispersive. 
Khan  (1983)  reported  results  of  chemical  analysis  earned  out  on 
25  samples  which  indicated  a  high  Na'/Ca”  ratio.  All 
25  samples  fall  in  zone  C  indicating  the  soil  to  be  moderately 
dispersive  according  to  Sherard  et  al  (1976).  The  crumb  test 
also  gave  similar  results  (Grade  III),  but  no  critical  shear  stress 
test  as  recommended  by  Arulanandan  and  Perry  (1983)  was 
made. 

The  clayey  silt  material  has  been  placed  dry  generally.  From 
the  construction  records  of  Main  Dam,  it  was  reported  that  the 
water  content  of  the  compacted  soil  ranged  from  13.6%  to 
21.1%  with  a  mean  value  of  16.4%,  which  is  almost  2%  less 
than  the  main  value  of  the  optimum  water  content  from  the 
standard  Proctor  compaction  tests.  The  dry  densities  of  the 
compacted  soil  ranged  from  17.1  to  18.7  kN/m3  with  a  mean 
value  of  17.9  kN/m3,  which  is  103%  of  the  mean  maximum 
dry  density  from  the  standard  Proctor  tests. 


Percentage  of  fines  (below  80  microns)  .  generally  0% 
Uniformity  coefficient  D60/D10  .  values  ranging  from  6.0 
to  15.0. 

The  main  features  of  the  grain  size  curves  of  the  coarse  Lfilter 
and  drain  materials  (apparently  no  distinction  is  mentioned 
between  these  two  materials  in  the  construction  records)  are  the 
following  : 

Dmax  ranging  from  50  to  150  mm 
D50  ranging  from  12  to  50  mm 

D15  ranging  from  8  to  20  mm  (generally  ranging  from 
10  to  15  mm) 

Percentage  of  fines  (below  80  microns)  :  0% 

These  results  show  that  the  coarse  filter  has  a  very  good 
permeability  and  satisfies  the  current  filter  criterion 
(D15/d85  £>  5)  with  respect  to  the  fine  filter.  The  fine  filter 
also  satisfies  the  filter  criterion  (D15  <  0.5  mm)  as 
recommanded  by  Sherard  et  al  (1984)  since  the  d85  of  the  base 
material  is  0.06  mm.  According  to  Sherard  et  al  (1984),  such  a 
fine  filter  is  also  acceptable  for  a  dispersive  clay. 


Regarding  Secondary  Dam,  the  water  content  of  the  compacted 
soil  ranged  from  15.2%  to  17  6%  with  a  mean  value  of  16.3% 
and  the  dry  density  ranged  between  17.1  and  19.0  kN/m3  with 
a  mean  value  of  17.9  kN/m3. 

2.3.2.  Description  of  filter  and  drain  material 

The  filter  and  drain  materials  were  made  by  crushing 
limestone.  This  limestone  presents  rather  good  engineering 
properties  (low  porosity  and  high  compressive  strength).  The 
main  features  of  the  grain  size  curves  of  the  fine  filter  material 
are  the  following  : 


Dmax  ranging  from  6  to  10  mm 
D85  ranging  from  3  to  7  mm 
D50  ranging  from  0.5  to  1.5  mm 
D15  ranging  from  0.15  to  0.5  mn 


EARTHFILL  MATER 
(Clayey  kit) 

4  Nwyrezo 


2.4.  Geotechnical  properties  of  foundation  materials 

Underneath  the  alluvial  deposits,  the  bedrock  formation  includes 
several  kinds  of  more  or  less  marly  limestones.  In  the 
immediate  vicinity  underneath  both  embankments,  the  limestone 
has  been  termed  as  a  dclomitic  soft  desintegrated  porous 
limestone.  Some  unconfined  compressive  strength  tests  have 
been  carried  out  on  rock  samples  taken  from  boreholes  in  1978 
and  1979  through  the  main  embankment.  The  results  show  a 
considerable  scatter,  with  values  ranging  from  0.28  to  45.2  MPa 
for  samples  taken  at  similar  elevations.  This  scatter  may  be  due 
to  the  clay  content  (or  marl  content)  of  the  samples.  For 
samples  exhibiting  the  lower  values  (0.28  to  1.14  MPa), 
undrained  deformation  modulus,  if  measured,  would  be  of  the 
same  order  of  magnitude  than  that  of  the  stiffer  portions  of  the 
earthfill  above.  As  the  total  vertical  stresses  appplied  to  the 
limestone  by  this  earthfill  reach  0.9  to  1.0  MPa,  the  top 
portion  of  the  foundation  certainly  behaves  as  a  compressible 
medium. 

DETAIL  OF  CHIMNEY  DRAIN 
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Regarding  the  alluvial  deposit,  this  material  is  described  as 
clayey  alluvium  (silty  clays,  clayey  silts,  including  gravelly  layers 
and  some  blocks  of  weathered  limestone).  The  field  records 
mention  that  total  loss  of  water  was  observed  when  drilling 
through  the  deposit.  Due  to  the  similar  deposition  conditions  at 
Main  and  Secondary  dam  sites  and  borrow  arreas,  the 
geotechnical  properties  of  the  alluvium  deposit  are  very  likely  to 
be  the  same  in  the  three  zones.  The  identification  characteristics 
and  mechanical  properties  of  the  clayey  silt  from  borrow  areas 
have  been  reported  in  previous  sections.  The  only  additional 
information  of  interest  is  the  in  situ  unit  weight  and  water 
content  of  this  material.  These  data  obtained  for  superficial 
samples  are  the  following  : 

dry  unit  weight  of  undisturbed  soil  samples  ranged  from 
14.4  to  16.5  kN/m3  with  a  mean  value  of  15.3  kN/m3 
(38  samples), 

natural  water  content  ranged  from  7  to  12%  with  a  mean 
value  of  9.6%. 

Unfortunately,  data  from  deeper  samples  are  not  available.  The 
above  results  indicate  that  the  superficial  part  of  the  clayey  silt 
deposit  is  m  a  dry  and  relatively  loose  state  with  respect  to  the 
optimum  conditions  of  the  Standard  Proctor  Compaction  Test. 

2.5.  Observational  Data  on  Main  Dam  Embankment 
The  observational  data  concern  the  following  parameters 

water  level  in  reservoir, 

-  water  levels  in  piezometers, 

-  settlements  of  embankment  layers  using  cross  arms 
monitoring  system, 

total  stress  in  embankment  using  total  stress  cells  (during 
construction  only) 

movements  of  crest  and  slopes  of  embankment  using 
topographic  monuments  (or  bench  marks). 

2.5.1.  Water  level  in  piezometers 

The  provisions  foi  piezometru.  measurements  consist  essentially 
of  : 

a  row  of  nine  vertical  standpipes,  numbered  PI  through 
PIX  with  their  tops  opening  on  the  downstream  berm  at 
El.  207  and  pressure  inlet  in  the  filter  blanket, 
two  vertical  standpipes  in  the  bottom  part  of  the  valley, 
P2  and  P6,  5  and  100  metres  from  the  downstream  toe  of 
the  dam,  respectively.  The  pressure  inlet  of  P5  seems  to 
be  set  in  the  alluvial  clayey  deposit,  and  that  of  P2  in  the 
underlying  limestone, 

an  isolated  standpipe,  PZ2,  at  the  right  bank  end  of  the 
dam  axis,  with  top  opening  at  El.  232.30  and  pressure 
inlet  at  El.  182.30  in  the  dolomitic  limestone  bedrock. 

Piezometric  levels  in  these  standpipes  have  been  recorded  almost 
continuously  since  December  1977. 

Some  of  the  piezometers  stay  constantly  dry  (or  with  a  few 
centimetres  of  water  at  the  bottom)  even  with  high  water  levels 
in  the  reservoir.  At  all  other  standpipes  (Pill,  PIV,  PV,  PVI, 
PVII,  PVIII,  PIX,  P2  and  PZ2,  a  rise  in  the  reservoir  level 
produced  a  significant  rise  in  the  piezometer  level  as  follows  : 

changes  in  the  reservoir  level  below  El.  211.00  do  not 
produce  any  change  in  piezometric  levels, 

when  the  water  level  in  the  reservoir  rises  from  El.  211  00 
to  216.00,  piezometric  level  increases  are  between  a  few 
centimetres  and  about  20  cm. 

-  from  El.  216.00  to  219.00  the  reservoir  fluctuation 
produces  a  significant  change  in  piezometric  levels, 
between  15  and  55  cm  at  sandpipes  located  on  the 
downstream  berm  and  up  to  200  cm  at  PZ2  on  the  right 
bank. 


the  changes  in  piezometric  levels  occur  soon  after  the 
corresponding  changes  in  the  reservoir  elevation,  as  the 
time  lag  appears  generally  less  than  one  day.  This  quick 
response  is  not  at  all  usual  ,  the  compacted  clay  should 
normally  feature  a  coefficient  of  isotropic  permeability  K 
not  higher  than  10'7  m/s,  with  which  time  lags  must  be 
considerably  longer. 

The  abnormally  fast  response  of  some  piezometers  prompts  the 
fear  that  seepage  has  worked  preferential  paths.  These  paths 
may  be  entirely  contained  in  the  limestone  bedrock  and  thus 
by-pass  the  grout  curtain  laterally.  However,  the  typical  cross- 
section  suggests  that  more  direct  paths  may  have  also  developed 
after  hydrofracturation  of  the  thin  fill  in  the  narrow  trench 
immediately  above  the  concrete  cut-off. 


2.5.2.  Total  stresses  in  embankment 

Thirteen  total  stress  cells  were  also  installed  in  the  embankment 
during  construction.  One  of  these  total  stress  cells  (No.  10)  is 
located  in  the  fill  just  above  the  concrete  cut-off  (El.  183.70). 
Another  cell  (No.  9)  is  located  at  El.  199  on  the  top  of  the 
backfill  of  the  key  trench,  just  above  Cell  No.  10.  Readings  of 
total  stresses  during  construction  show  that  : 

for  almost  all  cells,  except  Nos.  9  and  10,  the  total  stress 
measured  is  equal  or  slightly  larger  than  the  computed 
vertical  stress  (using  the  actual  bulk  density  of  the 
earthfill). 

-  cells  Nos.  9  and  10  show  a  very  different  trend.  The 

measured  stress  is  65%  (cell  No.  10)  to  71%  (No.  9)  of 
the  computed  total  vertical  stress. 

2.5.3.  Settlements  of  embankment  monitored  with  cross-arms 

Five  cross-arms  vertical  elements  have  been  installed.  Three  of 
them  arc  located  on  dam  crest  (CSI,  II  and  III)  and  the  other 
two  on  the  upstream  and  downstream  slopes  (CSV  and  CSIV 
respectively).  They  are  of  the  USBR  type  with  steel  pipes  2  and 
1.5  inches  in  diameter,  spacing  between  crosses  nearly  3  m. 
The  installation  of  the  cross-arm  elements  progressed  along  with 
the  placing  of  the  fill  and  measurements  of  vertical 
deformations  were  taken  during  the  construction. 

The  vertical  deformation  curves  at  the  end  of  the  construction 
are  roughly  parabolic  with  the  maximum  settlement  at  mid¬ 
height  (including  the  key  trench  backfill).  This  is  the  usual 
settlement  distribution  in  an  earth  dam.  It  is  worthwile 

mentioned  that  the  settlement  at  CSII  at  end  of  construction 
and  at  the  junction  with  the  concrete  cut-off  wall  is  more  than 
3  cm  which  confirms  the  compressibility  of  the  bedrock.  From 
the  distribution  and  magnitude  of  the  settlements  observed  8 
and  9  years  after  the  completion  of  the  dam,  the  following 

remarks  can  be  drawn  : 

at  the  end  of  the  9-year  period,  the  magnitude  of  the 
total  post-construction  settlement  of  the  backfill  in  the  key 
trench  is  14  cm  at  CSI,  22  cm  at  CSII,  9.8  cm  at  CSIII 
and  a  few  centimetres  only  in  the  alluvial  deposit 
(according  to  the  results  of  CSIV  and  V). 

the  magnitude  of  the  total  post-construction  settlement  for 
all  levels  at  CSV  is  about  twice  that  at  CSIV.  The 
increase  in  soil  saturation  and  the  water  load  on  the 

upstream  portion  of  the  dam  may  well  explain  the 

difference. 

the  total  settlement  observed  between  February  1980  and 
February  1981  (1  year)  represents  an  important  fraction  of 
the  total  settlement  observed  since  the  end  of  construction 
(9  years  before)  :  16%  for  CSI,  11%  for  CSII,  16%  for 
CSIII,  14%  for  CSIV  and  9,5%  for  CSV. 

Thus,  considerable  settlement  of  the  embankment  is  still 
developping,  9  years  after  the  completion  of  the  project. 
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2.5.3.  Horizontal  displacements  of  crest  and  slopes  of  the 

embankment 

From  the  horizontal  displacements  of  the  crest  and  slopes  taken 
from  the  bench  mark  measurements  performed  in  1980.  It  can 
be  seen  that  the  upstream  slope  has  generally  moved 
upstreamwards,  with  maximum  displacements  of  132  mm  and 
the  downstream  slope  downstreamwards  with  a  maximum 
displacement  of  70  mm. 


11.30  a.m.  approx. 


I 


Muddy  wottr  flood  mg  the  pkilforro 


The  displacements  of  the  crest  are  more  erratic  ;  the  right  and 
central  stretches  have  moved  downstreamwards  and  towards  the 
left  bank  ;  the  left  stretch  towards  the  right  bank  with  an 
upstream  component  at  Bench  Marks  No.  1  and  3,  and, 
surprisingly  enough,  a  large  downstream  component  (50  mm)  at 
Bench  Mark  No.  2. 

The  important  displacement  towards  the  right  bank  of  the 
downstream  slope  near  the  left  abutment  (Bench  Marks  No.  1, 
11  and  21)  must  be  underscored.  In  places,  the  corresponding 
extension  strain  with  reference  to  the  nearest  fixed  point  on  the 
rocky  edge  may  well  exceed  0.5%.  The  development  of 
significant  extension  strains  in  the  area  is  confirmed  by  visual 
observation  of  the  concrete  parapet  of  the  crest,  between  the 
spillway  and  the  gate  tower.  The  individual  elements,  8  m  long 
each  making  up  this  parapet,  have  separated  or  broken  ; 
present  openings  are  as  follows  :  25  mm  between  spillway  right 
hand  side  wall  and  Element  No.  1,  10  mm  at  a  crack  near  the 
middle  of  Element  No.  1,  12  mm  between  Elements  No.  1  and 
2  and  4  mm  between  Elements  Nos.  2  and  3. 

The  above  displacements  reflect  high  extension  strains  (0.2  to 
0.3%).  Thus  the  presence  of  an  extension  zone  in  the  earthfill 
near  the  contact  with  the  steepest  part  of  the  left  abutment 
(above  El.  215.00)  can  be  expected. 


3.  CHRONOLOGY  OF  SECONDARY  DAM  FAILURE 


The  following  is  a  summary  of  the  information  gathered  by  the 
authors  from  tl.s  main  witness,  a  technician  in  charge  of  the 
operation  and  maintenance  of  the  electrical  and  mechanical 
equipment  of  the  Wadi  Qattarah  Dams.  According  to  the 
operation  data,  Secondary  Dam  had  never  impounded  water 
until  November  1977.  Between  December  13  to  December  21, 
the  reservoir  level  raised  as  follows  : 

Date  Reservoir  Level 


Dec.  13 
Dec.  18 

Dec.  19,  6.00hrs 
Dec.  20,  7.00  hrs 
Dec.  20,  9.30  hrs 
Dec.  21,  9.30  hrs 


164.65 

170.67 

176.00 

175.62 

175.48 

175.24  (rain,  check  of  the  gates  as  usual) 


Upon  leaving  the  gate  tower,  on  December  21,  the  technician 
went  down  the  embankment  slope  along  the  spillway  chute  and 
over  the  outlet  of  the  bottom  conduit,  on  his  way  to  the  car, 
noting  that  no  water  was  flowing  out  of  the  said  conduit,  an 
indication  that  the  fixed-wheel  gates  had  been  properly  closed. 
It  was  10  a.m.  approximately  when  he  left  the  Secondary  Dam 
area  At  around  12  noon,  a  staff  member  informed  the 
technician  that  he  had  just  noticed  muddy  water  flooding  the 
toe  of  Secondary  Dam  above  the  bottom  outlet  (see  Fig.  9). 
This  observation  had  been  made  at  11.30  a.m.,  whereas  the 
place  was  seer,  dry  half  an  hour  earlier. 


Shortly  after,  the  technician  was  back  at  Secondary  Dam.  A 
large  discharge  of  water  was  flowing  above  the  conduit  in  the 
area  between  the  toe  of  the  fill  and  the  1-meter  diameter  valve 
room.  Soon  the  downstream  slope  started  eroding,  with  blocks 
from  the  surface  rip-rap  ravelling  down.  Water  under  pressure 
spat  from  a  hole  in  the  slope  above  the  conduit.  Then,  the 
retrogressive  erosion  ate  up  progressively  the  downstream  half  of 
the  embankment  (see  Fig.  10), 


Fig.  9  -  Sequence  of  Failure  at  Secondary  Dam  (11.30  a.m) 


Fig  10  - 


Sequence  of  Failure  at  Secondary  Dam  (after 
12.00  noon) 


1.00  pro. 


Foilure  of  bridge 


n 

Distance?j 

\  Falling  materials 

Fig.  11  -  Sequence  of  failure  at  Secondary  Dam  (1.00  p.m.) 


At  about  1  p.m.,  the  service  bridge  between  the  crest  of  the 
dam  and  the  gate  tower  fell  down  (see  Fig.  11)  and  ten 
minutes  later  the  retrogressive  erosion  broke  through  this  crest, 
opening  a  breach  to  the  reservoir;  It  took  until  17  hours  for  the 
complete  emptying,  while  the  breach  was  widening  and 
deepening;  at  no  time,  vortices  or  eddies  were  observed  on  the 
water  surface  in  the  reservoir. 


4.  MAIN  WEAKNESSES  OF  THE  DAMS  AND  POSSIBLE 
CAUSES  OF  FAILURE  OF  SECONDARY  DAMS 


The  sequence  of  events  in  failure  of  the  secondary  dams  as 
described  above  is  typical  of  the  phcnomcnom  of  piping. 

As  Post  and  Guerber  (1973),  Sherard  (1986),  and  others  stress, 
internal  erosion  results  from  dangerous  seepage  of  water  of 
diverse  origins  : 

i)  cracking  due  to  differential  settlement,  as  was  the  case  at 
the  Stockton  Creek  dams  in  California  in  1950,  and  at 
Wister  Dam  in  Oklhahoma  in  1949  ; 

ii)  leakage  either  through  the  foundation/core  contact  plane, 
as  at  Hills  Creek  in  1970,  or  through  one  of  the 
abutments,  as  at  Fontenelle  in  1965  ; 

ill)  horizontal  cracking  due  to  load  transfer  and  hydraulic 
fracturing  of  slightly  compressed  zones,  as  at  Hyttejuvet 
in  Norway  in  1966,  at  Balderhead  in  England  in  1967, 
horizontal  cracking  causing  wet  seams  in  the  cores  of 
Manicouagan  3  in  Canada,  Yard’s  Creek  in  New  Jersey, 
and  El  Guapo  in  Venezuela. 
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iv)  differential  settlement  near  a  fault  or  near  an  especially 
easily  eroded,  compressible  foundation  such  as  that  at 
Baldwin  Hills  dam  in  the  United  States  (1963)  ; 

v)  low  internal  stress  due  to  drying  out  and  shrinkage  during 
and  after  construction,  especially  in  low  dams  in  arid 
climates  such  as  La  Escondida  dam  in  1972. 

The  characteristics  of  the  two  Wadi  Qattarah  dams  and  the 
instrumentation  results  outlined  above  give  reason  to  think  that 
at  least  4  of  the  above-mentioned  causes  of  seepage  (i,  ii,  iii 
and  v)  could  well  have  been  present  :  cracking  due  to 
differential  settlement,  as  shown  by  cross-arm  measurement  and 
monitoring  of  stretching  at  the  crest  and  face  on  the  left-bank 
side  ;  leakage  along  preferential  passages  in  the  foundation,  as 
demonstrated  by  the  rapid  response  of  piezometers  to  reservoir 
level  nse  ,  horizontal  cracking  due  to  load  transfer  in  the  key 
trench  fill,  as  seen  from  total  pressure  cell  redings,  as  well  as 
in  the  fill  between  the  concrete  culvert  and  the  almost  vertical 
sides  of  the  trench  through  the  rock  ;  and  low  internal  stress 
due  to  drying  out  and  shrinkage  of  the  slightly  to  moderately 
plastic  clay  fill  placed  on  the  dry  side  of  the  Proctor  optimum 
m  a  semi-and  climatic  zone.  To  this  can  be  added  the 
drainage  system  which,  although  comprising  filters  and  drains  of 
satisfactory  grain  sizes,  is  very  inadequate  and  badly  situated. 

As  to  how  piping  occurcd  at  the  Secondary  Dam,  several 
mechanisms  are  conveivable,  but  so  far  none  of  then  can  be 
retained  definitely  as  the  one  responsible  for  failure.  Two  of 
the  mechanisms  seem  almost  equally  probable  : 

1)  Piping  developed  entirely  through  the  compacted  fill 
around  the  bottom  outlet  culvert  and  directly  from  the 
reservoir.  This  is  supported  by  the  conviction  that  the 
backfill  around  the  culvert  was  poorly  compacted  and  the 
arching  could  have  dcvelopped,  thus  leading  to  hydraulic 
fracturing  of  the  fill. 

2)  Piping  developed  through  the  downstream  portion  of  the 
compacted  fill  around  the  bottom  outlet  culvert.  The 
mechanism  would  be  the  same  as  (1)  above  but  with  the 
water  head  triggering  the  hydraulic  fracturing  initially 
applied  at  a  point  on  the  rock-fill  interface  intermediate 
between  the  cut-off  wall  and  the  downstream  toe.  The 
most  conceivable  path  for  bringing  the  full  reservoir  head 
to  the  said  point  is  a  solution  channel  in  the  limestone 
foundation. 

In  the  opinion  of  the  authors  the  second  mechanism  is  the  most 
likely. 


5.  CONCLUSIONS 

Examination  of  the  sequence  of  events  leading  to  failure  of  the 
Secondary  Dam  would  indicate  that  failure  was  brought  about 
by  internal  regressive  erosion  of  the  clay  fill,  starting  at  above 
the  bottom  outlet  culvert. 

Examination  of  the  characteritics  of  the  Main  and  Secondary 
Dams,  together  with  Main  Dam  monitoring  results,  would 
indicate  that  there  are  several  possible  causes  of  water 
infiltration  : 

i)  cracking  of  fill  due  to  excessive  differential  settlement  ; 

ii)  cracking  of  fill  (or  low  internal  stress)  due  to  excessive 
drying  out  and  shrinkage  ; 

iv)  water  flow  along  preferential  passages  in  the  limestone 
foundation  (solutions  ducts). 


From  examination  of  the  possible  causes  of  Secondary  Dam 
failure,  it  can  be  thought  that  the  most  probable  mechanism  for 
internal  erosion  resulted  from  a  combination  of  flow  in 
foundation  solution  ducts  and  hydraulic  fracturing  in  fill  around 
the  downstream  end  of  the  bottom  outlet  culvert.  This 
explanation  does  not  exclude  the  involvement  of  other  factors 
(cracking  due  to  differential  settlement  or  shrinkage)  in 
facilitating  the  triggering  of  the  mechanism. 

Furthermore,  the  lack  of  adequately  dimensioned  filters  and 
drains  in  the  right  places  means  that  the  phenomenom,  once 
started,  could  not  be  efficiently  combatted  to  prevent  failure. 
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SYNOPSIS:  A  general  philosophy  of  the  role  of  engineering  geology  and  engineering  geophysics  in 
seepage  assessment  is  presented.  Practical  application  of  this  philosophy  is  illustrated  by  a  case 
history.  A  large  dike  continues  to  have  anomalous  seepage  in  spite  of  pre-construction  and  post¬ 
construction  grouting.  The  dike  is  founded  over  a  graben  of  cavernous  limestone  with  about  a  200-ft. 
vertical  offset  along  the  bounding  fault  zones,  which  are  horizontally  separated  by  about  1000  ft. 
Objectives  of  the  seepage  assessment  program  were  to  define  the  geological  and  hydrological  condi¬ 
tions  beneath  the  dike  in  sufficient  detail  to  allow  rational  remedial  planning. 

Integration  of  results  of  a  geophysical  investigation  with  the  overall  assessment  program  is 
emphasized:  preliminary  interpretation  of  the  geophysical  results  is  used  to  site  new  piezometers; 
detailed  analysis  of  the  geophysical  results  is  used  to  site  exploratory  borings;  feedback  from  ex¬ 
ploratory  borings  and  new  piezometers  is  used  to  refine  geophysical  interpretation. 

INTRODUCTION 


Earth  dams  and  dikes  are  expected  to  seep,  and 
their  designs  include  drainage  systems  to  col¬ 
lect  and  discharge  seepage  water  into  the 
downstream  channel.  Sometimes,  however,  seepage 
occurs  in  an  unplanned  manner,  exceeding  the 
capacity  of  the  drainage  system  or  along  a  path 
not  considered  in  the  seepage  design.  Excessive 
unplanned  seepage  may  be  just  unsightly  (though 
possibly  disconcerting  to  the  public) ,  or  it  may 
threaten  the  integrity  of  the  embankment.  In 
these  cases  it  may  be  necessary  to  conduct  a 
seepage  assessment  program  to  detect  and  map 
seepage  paths  in  order  to  more  rationally  plan 
remedial  measures. 

Dike  1,  at  Beaver  Dam  has  been  experiencing  a 
general  increase  in  seepage  rates  since  initial 
reservoir  filling  in  1966.  Recently  however,  the 
proliferation  of  seepage  exits  along  the  toe  of 
Dike  1  has  prompted  the  Little  Rock  District, 
U.S.  Army  Corps  of  Engineers  (SWL)  to  undertake 
a  comprehensive  seepage  assessment  program.  This 
program  consisted  of  examining  the  project  his¬ 
tory,  mapping  and  topographic  surveying,  surface 
geophysical  testing,  extending  the  piezometer 
network  (including  drilling,  sampling  and 
testing) ,  exploratory  drilling,  seepage  flow 
measurements,  planning  for  and  installing  an 
automated  piezometer  and  flow  measurement  data 
acquisition  system,  and  remedial  measure 
analysis.  In  support  of  this  effort  the  U.S. 

Army  Engineer  Waterways  Experiment  Station  (WES) 
was  requested  to  perform  a  detailed  geophysical 
investigation  of  the  dike  and  its  foundation. 


Site  Location  and  Description 


Beaver  Dam  is  located  on  the  White  River  at 
river  mile  609.0  in  Carroll  County,  Arkansas, 
approximately  6  miles  northwest  of  Eureka 
Springs,  Arkansas.  Beaver  Dam  is  a  straight, 
gravity- type,  concrete  structure  flanked  to  the 
north  by  an  earth  embankment  and  three  saddle 
dikes.  The  location  of  Dike  1  relative  to  the 
concrete  dam  and  main  embankment  is  shown  in 
Figure  1.  The  reservoir  (Beaver  Lake)  is  used 
for  flood  control,  power  generation,  and  water 
supply.  Construction  of  the  dam  was  started  in 
November  1960  and  ended  in  June  1966.  Dike  1  is 
approximately  1,000  ft  in  length  and  30  ft  high. 
The  top  of  the  conservation  pool  is  elevation 
1,120  ft  while  the  top  of  the  dike  is  elevation 
1,142  ft.  Dike  1  is  founded  on  severely 
weathered  limestone  and  is  experiencing  seepage 
from  various  exits. 


GEOLOGY 


Beaver  Dam  and  reservoir  area  are  located  in  an 
area  known  as “the  Ozark  uplift,  a  region  con¬ 
sisting  of  flat-lying  sedimentary  rocks  composed 
chiefly  of  limestone  and  dolomitic  limestone. 

The  strata  are  nearly  horizontal  over  the 
greater  part  of  the  area  but  are  locally 
deformed  by  simple  dislocations  along  southwest- 
northeast  trending  normal  faults  and  shallow 
basins  that  in  places  of  are  of  considerable 
magnitude. 


The  purpose  of  this  paper  is  to  present  the 
general  philosophy  of  a  seepage  assessment 
program  conducted  at  Beaver  Dam,  Arkansas. 
Described  are  the  various  phases  of  the  program 
and  how  they  are  integrated  to  allow  for  a  more 
rational  approach  to  remedial  planning. 


The  upland  area  around  the  dam  is  a  part  of  the 
Springfield  Plateau,  the  surface  of  which  is 
developed  at  approximate  elevation  1500  ft  the 
cherty  limestone  of  the  Boone  Formation.  In  the 
dam  and  reservoir  area,  the  White  River  has  cut 
a  channel  approximately  600  ft  in  depth.  This 
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Seals  In  feet 


Figure  1.  Location  of  Dike  1  relative  to  concrete  dam  and  main  embankment 


incision  into  the  Plateau  surface  has  resulted 
in  a  deeply  and  intricately  dissected  type  of 
topography.  The  entrenched  river  follows  a 
meandering  course  across  the  area. 


Five  formations  are  exposed  at  the  dam  site. 

They  are  (moving  upsection)  the  Powell  Forma¬ 
tion,  the  Cotter  and  the  Jefferson  City  Forma¬ 
tions  of  the  Jefferson  City  Group  which  is  of 
Ordovician  age,  the  Chattanooga  Formation  of 
Devonian  age,  and  the  Boone  Formation  of  Missis- 
sippian  age.  The  Chattanooga  and  the  Boone  For¬ 
mations  are  generally  above  reservoir  level  ex¬ 
cept  in  the  vicinity  of  the  left  abutment  of  the 
dam  and  Dike  1  where  the  units  are  downfaulted. 
In  the  vicinity  of  the  dam  site,  the  Boone  For¬ 
mation  caps  the  higher  ridges  and  forms  the 
sides  of  the  valley  down  to  approximate  eleva¬ 
tion  1200  ft.  Beneath  this  lies  the  Chattanooga 
Shale  member  (Chattanooga  Formation) ,  which  in 
turn  is  underlain  by  its  Sylamore  Sandstone  mem¬ 
ber.  Beneath  these  and  forming  the  valley  walls 
below  elevation  1180  ft  and  underlying  the 
greater  part  of  the  valley  bottom  are  limestones 
and  dolomitic  limestones  of  the  Jefferson  City 
Group  (Design  Memorandum  No.  5,  1959). 


The  general  structural  geology  of  the  region  is 
that  of  flat  lying  rocks  which  are  locally 
deformed  by  simple  dislocations  along  southwest- 
northeast  trending  normal  faults  that  extend  for 
considerable  distances,  and  by  monoclines,  low 
domes,  and  shallow  basins.  The  Beaver  Dam  site 
lies  near  the  northeast  end  of  a  very  gentle, 
shallow,  elongate,  northeast-southwest  trending 
structural  basin  known  as  the  Price  Mountain 
syncline.  This  basin  is  often  faulted  in  areas 
where  the  downfolding  is  most  pronounced.  In  the 
greater  part  of  the  lower  end  of  the  reservoir. 


Ordovician  strata  underlie  the  valley  floor  and 
extend  up  the  sides  of  the  valley  to  about 
elevation  1,18C  ft.  Overlying  these  and  almost 
everywhere  above  pool  level  are  formations  of 
Devonian  and  Mississippian  age.  In  localized 
areas,  these  units  have  been  downfaulted  to  form 
a  part  of  the  foundation  under  the  most 
topographically  desirable  dam  sites  in  the  val¬ 
ley.  This  is  the  case  at  Dike  1. 


Figure  2  shows  the  foundation  materials  underly¬ 
ing  Dike  1.  Dike  1  is  founded  on  a  downfaulted 
block  of  the  Boone  formation.  This  downfaulted 
block  (graben)  extends  approximately  between 
station  63+00  at  the  northern  end  to  approximate 
station  75+00  at  the  southern  end,  a  total  dis¬ 
tance  of  approximately  1,200  ft.  The  graben  is 
bounded  by  steeply  dipping  normal  faults  on 
either  side  trending  roughly  in  a  rortheast- 
southwest  direction.  The  vertical  displacement 
of  these  faults  is  approximately  200  ft.  Cores 
of  the  rock  adjacent  to  the  northern  fault  zone 
show  evidence  of  fracturing;  however,  the  frac¬ 
tures  appear  to  be  filled  or  cemented  and  sound. 
Boring  information  from  the  southern  fault  zone 
area  indicates  the  presence  of  many  cl-.y-filled 
cavities.  The  southern  fault  gouge  does  not  ap¬ 
pear  to  have  the  same  degree  of  soundness  as  the 
northern  fault  zone.  The  Boone  Chert  which  makes 
up  the  foundation  of  Dike  1  can  be  divided  into 
two  distinct  sub-units.  The  upper  sub-unit  of 
the  Boone  Chert  (estimated  thickness,  100  ft)  is 
composed  of  calcium  carbonate  and  chert  which 
upon  weathering  has  resulted  in  the  removal  of 
calcium  carbonate  and  left  a  spongy,  vuggy, 
residual  material  that  is  predominately  chert. 
Tha  lower  sub-unit  of  the  Boone  Chert  (estimated 
thickness,  60  ft)  is  also  composed  of  caJcium 
carbonate  and  silica;  however,  this  sub-unit  is 
characterized  as  being  slightly  weathered  to  un¬ 
weathered  and  contains  more  crystalline  calcium 
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Figure  2.  Foundation  materials  underlying  Dike  1 


carbonate.  The  lower  sub-unit  is  moderately  to 
closely  jointed  and  this  jointing  has  allowed 
the  passage  of  water  which  has  led  to  the  dis¬ 
solution  of  calcium  carbonate  and  in  turn  has 
resulted  in  open  channels  and  cavities. 

Underlying  the  Boone  Chert  Unit  is  the  St.  Joe 
Limestone,  described  as  non-cherty,  gray  to 
green-gray,  crystalline,  very  fossiliferous,  and 
containing  numerous  thin  shale  seams  and  part¬ 
ings.  Underlying  the  St.  Joe  Limestone  is  the 
Chattanooga  Shale  described  as  black,  firm,  and 
fissile.  The  shale  is  considered  to  be  an  effec¬ 
tive  barrier  to  any  downward  movement  of  ground 
water. 


SEEPAGE  HISTORY  OF  DIKE  1 

Pre-Construction  Grout  Curtain 

The  foundation  materials  of  Dike  1  were  recog¬ 
nized  as  being  susceptible  to  seepage  during  the 
early  phases  of  the  site  selection.  In  June  1959 
it  was  decided  that  an  economical  solution  to 
prevent  a  potential  seepage  problem  was  to  in¬ 
stall  a  grout  curtain.  The  grout  curtain  con¬ 
sisted  of  two  lines  of  holes  spaced  5  ft  apart 
with  10-ft  hole  spacings  which  extended  to  a 
depth  of  5  ft  below  the  top  of  sound  or  un¬ 
weathered  rock  at  all  locations  except  between 
stations  72+70  and  74+70,  where  the  grout  cur¬ 
tain  was  extended  deeper  (16  to  65  ft)  into 
sound  rock  (Figure  2).  A  total  of  284  holes 
(24,200  linear  ft)  were  drilled  in  this  grouting 
program.  The  grout  (31,000  cu.  ft)  was  placed  by 
gravity  flow  (Reconnaissance  Report,  Beaver  Dam, 
1984) . 

During  initial  filling  of  the  reservoir  (April 
1966)  seepage  was  detected  in  a  small  valley 
downstream  of  Dike  1.  The  reservoir  pool  eleva¬ 
tion  at  this  point  was  1,102+  ft  and  the  seep 
was  flowing  at  a  rate  of  150-200  gpm  By  June 
1966  the  reservoir  elevation  was  1114  ft  and 
eight  additional  seeps  were  detected  with  a  com¬ 
bined  flow  rate  of  approximately  400  gpm  By  the 
time  remedial  grouting  operations  were  initiated 
in  1968,  the  combined  flow  rate  of  these  seeps 


had  risen  to  approximately  800  gpm  Conclusions 
from  studies  conducted  at  Dike  1,  including  flow 
measurements  and  dye  tracing,  indicated  seepage 
was  coming  from  the  lake  through  two  possible 
passages,  either  beneath  the  grout  curtain 
through  open  cavities  in  the  foundation  rock,  or 
along  the  top  of  rock  or  both.  Seepage  was  oc¬ 
curring  along  the  entire  length  of  Dike  1  with 
the  most  concentrated  flow  occurring  in  the 
vicinity  of  station  71+00  near  the  southern  por¬ 
tion  of  the  dike  (Reconnaissance  Report,  1984). 

Several  possible  explanations  why  the  pre¬ 
construction  grout  curtain  did  not  perform 
satisfactorily  are  as  follows: 

a.  Grout  holes  were  not  drilled  deep  enough 
to  sound  rock  to  intercept  open  joints. 

b.  Since  grout  was  placed  by  gravity  flow, 
it  is  possible  many  small  cavities  and 
joints  were  not  filled. 

c.  Grout  was  too  thick  to  enter  some  of 
the  cavities  and  joints. 

d.  Since  drilling  was  performed  with 
tricone  roller  bits  using  compressed  air 
to  remove  cuttings,  the  cuttings  could 
have  plugged  some  of  the  cavities 
preventing  them  from  being  grouted. 

e.  Many  cavities  and  joints  could  have  been 
missed  altogether  because  of  the  grout 
hole  spacing. 

Early  Seepage  Flow  Studies 

Flow  measurements,  exploratory  drilling,  pres¬ 
sure  tests,  and  dye  and  temperature  tests  were 
conducted  from  the  time  of  leakage  (1966)  until 
1968  to  determine  the  extent  and  routes  of 
seepage  through  and  beneath  the  dike  and  to  for¬ 
mulate  possible  remedial  measures.  These 
measurements  were  accomplished  by  installing  two 
weirs,  a  Parshall  flume,  and  twenty-seven 
piezometers.  The  data  suggested  that  the  leakage 
was  issuing  both  through  cavities  below  the 
original  grout  curtain  and  along  the  top  of 


521 


crystalline/weathered  rock  interface.  It  was 
concluded  that  seepage  occurred  along  the  entire 
length  of  Dike  1  and  to  the  fault  zone  beneath 
the  main  embankment  at  station  73+00,  with  the 
greatest  seepage  occurring  along  the  shortest 
flow  path  in  the  vicinity  of  station  71+00. 

Remedial  Grout  Curtain 

During  the  period  July  1968  to  December  1971  an 
extensive  grouting  program  was  conducted  in  an 
effort  to  abate  the  seepage  occurring  at  the 
dike.  The  program  consisted  of  30,040  linear  ft 
being  drilled  in  228  holes.  Also,  38,900  cubic 
ft  of  grout  solids  were  pressure  injected  into 
these  holes  with  the  heaviest  grout  takes  occur¬ 
ring  in  an  area  between  stations  70+50  and  72+00 
(Figure  2) .  Problems  encountered  during  the 
grouting  operations  were  collapsing  boring  walls 
(cave-in) ,  insufficient  seating  of  casing,  and 
incapability  of  grout  pump  to  grout  some  large 
cavities  to  refusal. 

As  a  result  of  the  remedial  grouting  program, 
seepage  was  reduced  to  approximately  450  to  500 
gpm  for  mid-pool  elevations  (1120-1130  ft),  a 
decrease  in  flow  of  30  to  35  percent.  During 
the  period  1971  through  1984  piezometers  were 
manually  read  approximately  twice  a  year  by  SWL 
personnel  while  the  Parshall  flume  was  read  on  a 
monthly  basis  by  project  personnel.  During  a  pe¬ 
riodic  inspection  in  1980,  a  new  seepage  area 
was  located  on  the  downstream  right  abutment  of 
the  dike.  This  prompted  SWL  personnel  to  under¬ 
take  an  effort  to  locate,  inspect,  and  describe 
all  known  seepage  exits. 


Dam  Safety  Assurance  Program 

When  the  U.S.  Army  Engineer  Southwest  Division's 
(SWD)  Division-wide  Master  Plan  for  the  Dam 
Safety  Assurance  Program  was  submitted  in  1983, 
Beaver  Dam  was  listed  as  requiring  studies  for  a 
Reconnaissance  Report  under  designated 
priorities  of  spillway  adequacy  and  major 
seepage.  The  Reconnaissance  Report  (May  1984) 
concluded  that  seepage  at  Dike  1  would  increase 
to  near  pre-grouting  flows  (800+  gpm.)  during  a 
Spillway  Design  Flood  (Probable  Maximum  Flood, 
pool  elevation  1,139.9  ft)  and  continue  flowing 
at  this  rate  even  after  the  flood  receded  due  to 
expansion  of  existing  cavities.  This  conclusion 
was  proven  to  be  valid  on  23  December  1984  when 
a  Pool  of  Record  (el  1,130.4  ft)  occurred. 

During  the  emergency  flood  procedure  inspection 
on  that  date  the  project  superintendent  observed 
a  new  seepage  exit  500  feet  downstream  from  Dike 

1  with  a  flow  rate  of  approximately  25  gpm.  The 
alarming  factor  at  the  newly  discovered  exit 
however,  was  the  large  amounts  of  detrital 
material  (sediment),  ranging  from  clay-  to 
gravel-size  being  discharged  in  the  flow,  i.e. 
muddy  water.  Another  new  seep  was  discovered  on 

2  January  1985  near  the  left  dike/abutment  con¬ 
tact  at  approximate  elevation  1,106  ft  (Figure 
3).  Water  from  this  new  seep  was  described  as 
jetting  vertically  with  a  flow  rate  of  ap¬ 
proximately  7  gpm.  at  pool  elevation  1,125.1  ft 
(Feature  Design  Memorandum,  1987) .  The  1984 
Reconnaissance  Report  recommended  that  a  seepage 
investigation  be  undertaken  to  determine  the 
location  and  extent  of  seepage  and  develop 
remedial  measures  to  control  seepage  at  Dike  1. 
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Figure  3.  Location  of  seepage  exits  and  proposed  piezometer  and  exploratory  borings. 
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A  combined  SWD/SWL/WES  meeting  was  held  at 
Beaver  Dam  on  14-16  January  1985  to  discuss  the 
proposed  seepage  investigations,  which  were  in¬ 
itiated  in  February  1985. 


SEEPAGE  INVESTIGATIONS 
General 

The  new  muddy  seepage  exit  below  Dike  1  dis¬ 
covered  during  a  pool-of-record  (1,130.4  ft)  in 
December  1984  not  only  substantiated  the  need 
for  seepage  investigations,  but  also  added  an 
element  of  urgency  and  a  necessity  to  expedite 
the  investigations,  and  recommendations  of 
measures  to  control  seepage.  In  1985  the 
monitoring  /inspection  of  instrumentation  and 
seepage  was  revised  to  more  frequent  scheduling, 
especially  for  pool  levels  above  elevation  1,128 
ft.  The  action  having  the  greatest  impact  on 
project  operations,  due  to  severe  seepage,  is 
the  request  and  approval  for  a  deviation  (loss) 
of  the  authorized  flood  storage  pool  in  Beaver 
Lake  from  elevation  1,130  to  1,128  ft  until  the 
seepage  the  seepage  problem  is  resolved.  The 
major  elements  of  the  seepage  investigation  are 
described  below. 

Geophysical  Investigations 

In  March  1985  WES  personnel  conducted  a 
geophysical  investigation  at  Dike  1.  Several 
geophysical  methods  were  used  for  this  study  in¬ 
cluding  self-potential  (SP) ,  electrical  resis¬ 
tivity,  electromagnetic  induction  (EM) ,  seismic 
refraction,  magnetic  profiling,  and  borehole 
water  conductivity/temperature  measurements.  The 
objectives  of  the  geophysical  investigation  were 
to  (a)  detect,  map,  and  monitor  seepage  through 
the  foundation  of  Dike  1,  (b)  delineate  geologic 
structure  beneath  and  immediately  adjacent  to 
Dike  l,  and  (c)  provide  input  to  the  planning  of 
remedial  measures. 

The  geophysical  methods  necessary  for  a  seepage 
analysis  are  not  difficult  to  use.  However,  a 
geophysical  survey  program  must  be  planned 
based,  to  the  maximum  extent  possible  on 
knowledge  of  the  (1)  surface  geometry  of  the  dam 
and  associated  features,  (2)  design  and  con¬ 
struction  details  of  the  structure,  and  (3)  the 
geology  of  the  foundation  and  abutments  (Butler, 
1985) . 

The  primary,  long-term  geophysical  method  was 
the  self-potential  (SP)  method,  which  was 
monitored  throughout  the  duration  of  the  inves¬ 
tigation.  SP  data  were  obtained  during  various 
pool  levels  to  determine  relationships  of 
seepage  flows  and  pool  levels.  The  SP  arrays 
were  installed  by  SWL  personnel  in  February 

1985.  Initial  SP  readings  were  made  by  WES  in 
March  1985.  Subsequent  readings,  during  various 
pool  levels,  were  taken  by  SWL  personnel  and 
forwarded  to  WES  for  interpretation.  Detailed 
results  of  the  geophysical  studies  pertaining  to 
the  seepage  investigation  are  presented  in 
Supplement  No.  1  of  the  Reconnaissance  Report, 

1986. 

Additional  geophysical  studies  were  conducted  at 
Beaver  Dam  in  conjunction  with  the  Corps  of 
Engineers'  Repair,  Evaluation,  Maintenance,  and 
Rehabilitation  Program  (REMR) .  These  REMR  spon¬ 


sored  geophysical  tests  included  high-resolution 
seismic  reflection,  ground-penetrating  radar, 
microgravimetry,  and  additional  SP  investiga¬ 
tions.  The  ground-penetrating  radar  survey  was 
conducted  in  September  1985  with  an  additional 
survey  being  conducted  in  February  1986.  In 
August  1986  a  high-resolution  seismic  reflection 
and  a  "low  pool  level"  SP  survey  was  conducted. 
Detailed  results  of  these  geophysical  surveys 
are  presented  in  the  Feature  Design  Memorandum, 

1987. 

The  geophysical  investigation  was  successful  in 
delineating  the  fault  zones  bounding  Dike  1, 
which  are  believed  to  act  as  channels  for  lake 
water  to  exit  downstream,  as  well  as  identifying 
other  faults  which  were  not  previously  known  to 
exist.  The  tests  also  identified  fractured  and 
saturated  zones  as  well  as  determining  the  ver¬ 
tical  extent  of  the  weathered  Boone  Chert.  The 
tests  also  indicated  that  seepage  is  occurring 
along  the  entire  length  of  the  dike.  The 
geophysical  tests  suggest  that  both  axial  and 
transverse  seepage  flows  are  occurring  along  the 
south  fault  zone,  but  that  the  north  fault  zone 
is  relatively  tight  (impermeable)  to  those 
flows.  Based  on  results  of  the  geophysical  tests 
an  integrated  seepage  map  was  produced  showing 
that  seepage  flows  are  moving  primarily  in  an 
east-southeasterly  direction  with  the  greatest 
flows  occurring  between  stations  69+00  and 
73+00,  and  along  the  south  fault  zone  (Figure 
4). 

Exploratory  Borinas 

Twenty-five  exploratory  borings  were  drilled 
along  the  upstream  crest  of  Dike  1  and  its  abut¬ 
ments  during  the  period  April  1986  to  August 
1987.  The  primary  purpose  of  these  borings  was 
to  delineate  the  limits  and  geologic  charac¬ 
teristics  of  the  downthrown  faulted  block  of  the 
Boone  Formation  beneath  Dike  1  and  the  North  and 
South  fracture  zones  that  bound  the  Dike. 
Originally,  the  boring  locations  were  selected 
based  on  areas  that  had  experienced  high  grout 
takes  during  the  previous  grouting  program. 
However,  locations  for  the  borings  were  later 
changed  to  take  advantage  of  information  ob¬ 
tained  from  geophysical  testing.  Based  on 
results  of  the  SP,  resistivity,  and  other 
geophysical  testing  and  also  considering  pre¬ 
vious  grout  takes,  fault  locations,  and 
piezometer  data,  WES  submitted  a  list  of 
proposed  locations  for  exploratory  borings  to 
SWL  for  approval.  Figure  3  shows  the  WES  sug¬ 
gested  exploratory  boring  locations. 

Extensive  investigations  were  conducted  on  each 
of  the  borings,  typically  included  soil  sam¬ 
pling,  diamond  core  drilling,  detailed  descrip¬ 
tive  logging  of  rock  core,  dye  testing  at  zones 
of  drill  fluid  loss,  pressure  testing  of  rock, 
downhole  geophysical  logging,  inspection  with 
downhole  video  equipment,  and  laboratory  testing 
of  rock  core  samples. 

The  investigations  conducted  in  the  exploratory 
borings  determined  that  the  northern  fault  zone 
has  a  vertical  offset  of  230  ft  while  the 
southern  fault  zone's  vertical  displacement 
measures  approximately  146  ft.  The  unsound  na¬ 
ture  of  the  fault  zones  was  evidenced  during 
drilling  by  noting  the  complete  loss  of  drill 
fluid  and  large  core  losses.  This  condition  was 
substantiated  by  SWD  laboratory  personnel  while 
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Figure  4.  Integrated  seepage  map 


performing  "down-looking"  and  "side-wall 
looking"  observations  with  a  down-hole  video 
camera.  Numerous  open  cavities,  channels, 
joints,  and  intensely  fractured  zones  were  en¬ 
countered  in  the  the  fault  zones  as  well  as  in 
the  upper  cherty  Boone  Formation.  Subsurface 
flows  through  channels  in  rock  were  apparent  in 
several  borings  where  normally  suspended  fines 
could  be  seen  moving  rapidly. 

Piezometers 

There  were  26  open  (well  point)  piezometers  at 
Dike  1  prior  to  the  seepage  investigation.  A 
review  and  analysis  of  locations  and  depths  of 
the  existing  piezometers  was  made  to  determine 
key  areas  (and  depths)  where  piezometric  data 
was  inadequate  for  analyzing  the  overall 
groundwater  (seepage)  flow  network  beneath  Dike 
1.  The  new  piezometers  were  located  in  a  direc¬ 
tional  alignment  pattern  (grid)  with  existing 
piezometers  to  facilitate  preparation  of  cross 
sections  through  the  piezometers,  both  parallel 
and  perpendicular  to  the  dike.  Piezometers  were 
also  located  to  give  broader  coverage 
(north/south)  of  the  fault  zones  and  downstream 
seepage  areas  (east/west) .  The  new  piezometers 
were  dual-tipped  and  were  designed  such  that  the 
lower  tip  was  placed  at  or  near  elevation  1040 
ft,  which  is  within  the  zone  between  known 
seepage  exits  and  Parshall  flumes  located  fur¬ 
ther  downstream,  and  the  upper  tip  placed  within 
the  upper  weathered  Boone  Formation,  at  an 
average  depth  of  11  feet  below  top-of-rock. 


Four  of  the  new  piezometer  sites  were  relocated 
in  May  1985  based  on  results  of  SP  and  resis¬ 
tivity  geophysical  tests  conducted  by  WES. 

Figure  3  shows  the  WES  proposed  piezometer  loca¬ 
tions.  Thirty  piezometers  were  installed  at  Dike 
1  between  the  period  May  and  September  1985, 
giving  a  total  of  56  piezometers  at  the  struc¬ 
ture. 

The  piezometer  borings  drilled  in  1985  at  Dike  1 
were  sampled  and  tested  to  determine  subsurface 
conditions  prior  to  installing  the  piezometers. 

A  common  difficulty  was  heavy  loss  of  drilling 
(circulation)  fluid,  with  most  borings  having  a 
total  circulation  loss  at  some  point  during 
drilling.  A  downhole  camera  lowered  into  several 
of  the  piezometers  in  August  1985  indicated  rock 
characteristics  and  features  which  contribute  to 
subsurface  seepage  such  as  open  cavities,  chan¬ 
nels,  intensive  fracturing,  and  weathering. 

Seepage  Flow  Measurements 

Prior  to  the  seepage  investigation  there  was 
only  one  Parshall  flume  used  for  measuring 
seepage  flow  rates  downstream  of  Dike  1.  The 
frequency  of  the  flow  measurements  were  taken 
based  on  pool  level.  Measurements  were  made  by 
reading  the  water  level  on  a  scaled  gauge  on  the 
interior  wall  of  the  flume  and  converting  the 
readings  to  gpm.  In  October  1985,  a  flow  re¬ 
corder  was  installed  on  the  Parshall  flume  al¬ 
lowing  the  seepage  to  be  monitored  continuously. 
In  November  1985,  a  second  Parshall  flume  and 
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recorder  were  installed  approximately  170  ft 
downstream  of  the  first  flume.  The  necessity  for 
a  flume  at  this  second  location  came  from  the 
appearance  of  the  new  muddy  seepage  flow  which 
bypassed  the  first  flume. 


Topographic  Surveys  and  Mac 


Field  control  for  the  seepage  investigations, 
boring  locations,  and  geophysical  surveys  was 
established  by  installing  a  200-foot  survey 
point  grid.  Also,  the  topographic  map  of  Dike  1 
was  updated  by  a  new  planetable  survey,  with  a 
final  plan  on  2-foot  contour  lines. 


Seepage  Study  Findings  and  Recommendations 


In  April  1986  SWL  reported  the  findings  of  the 
seepage  study  in  Supplement  No.  1  of  the  Recon¬ 
naissance  Report.  The  report  concluded  that  the 
foundation  beneath  Dike  1  was  in  an  advanced 
stage  of  deterioration,  and  that  seepage  could 
be  generally  described  as  pervasive.  Also,  the 
risk  factor  and  potential  existed  during  a  high 
(flood)  pool  condition  for  one  of  the  numerous 
seepage  flows  to  seek  a  new  and  larger  exit 
path,  by  removal  of  detrital  material  (cavity 
clays,  etc.),  and  "blowout"  through  the  overbur¬ 
den  in  the  downstream  area.  Finally  the  report 
concluded  that  the  element  of  time  was  both  a 
critical  and  a  debatable  factor  on  a  seepage 
problem  such  as  this. 


The  report  also  investigated  various  alterna¬ 
tives  for  controlling  seepage  beneath  the  dike. 
The  seepage  control  alternatives  considered  at 
Dike  1  were  construction  of  an  additional  grout 
curtain,  a  cutoff  wall,  a  downstream  berm, 
placement  of  an  upstream  blanket,  or  do  nothing 
and  continue  monitoring  the  seepage.  The  recom¬ 
mended  remedial  technique  was  a  concrete  diaph¬ 
ragm  cutoff  wall  installed  upstream  of  the  cen¬ 
terline  of  the  dike.  The  report  concluded  that 
this  was  the  most  feasible  method  to  adequately 
provide  a  positive  cutoff  of  the  seepage.  The 
other  methods  were  considered  to  be  only  tem¬ 
porary  measures  to  control  seepage  and  in¬ 
adequate  for  providing  a  positive  cutoff,  which 
was  deemed  necessary  from  seepage  investiga¬ 
tions. 


Automated  Piezometer  System 

During  the  period  November  1986  through  April 
1987  an  automated  monitoring  network  was  in¬ 
stalled  at  Beaver  Dam  to  read  all  (88)  open  well 
point  piezometers  at  Dike  1  and  the  main  embank¬ 
ment  and  Dike  3.  The  system  transmits  the 
piezometer  information  via  telephone  modem  to 
the  District  Office  (250  miles) ,  Readings  are 
routinely  taken  every  4  hours  and  can  be  read 
with  a  higher  frequency  if  needed.  Since  the  in¬ 
stallation  of  the  automated  system  a  high  degree 
of  interconnection  between  piezometers  has  been 
detected.  This  was  evidenced  during  periods  of 
drilling  or  performing  down-hole  tests  when 
piezometers  were  being  monitored  at  intervals  as 
short  as  1  hour.  The  automated  system  should  aid 
in  constructing  more  accurate  piezometric 
profiles  of  the  site  since  short  term 
piezometric  head  versus  pool  level  can  be  deter¬ 
mined. 


PLAN  FOR  REHABILITATION 

In  September  1987  a  Feature  Design  Memorandum 
was  prepared  by  SWL.  The  report  described  the 
recommended  design  for  a  concrete  diaphragm 
cutoff  wall. The  plan  for  the  wall  consists  of 
constructing  the  wall  through  the  embankment  and 
permeable  zone  of  the  foundation  rock.  The  wall 
will  be  a  minimum  of  1,400  feet  long,  2  feet 
wide,  and  vary  in  depth  from  130  to  205  feet. 

The  estimated  cost  of  constructing  the  cutoff 
wall  is  $16,000,000. 

A  rock-mill  type  excavation  system  will  be  used 
to  excavate  the  cutoff  wall  trench,  using  ben¬ 
tonite  slurry  to  stabilize  the  trench  during 
both  excavation  and  concrete  placement.  The 
rock-mill  was  determined  to  be  the  most  effi¬ 
cient  and  cost  effective  method  to  construct  the 
proposed  wall  due  to  the  amount  and  characteris¬ 
tics  of  rock  that  will  be  encountered.  More 
detailed  information  on  this  excavation  method 
is  given  by  Hess,  1985. 

Also  included  in  the  Feature  Design  Memorandum 
was  a  recommendation  by  WES  to  install  and  main¬ 
tain  an  automated  geophysical  monitoring  network 
to  monitor  seepage  before,  during,  and  after  im¬ 
plementation  of  a  remedial  measure  (such  as  a 
concrete  cutoff  wall) .  The  result  of  the 
monitoring  network  analysis  will  be  an  assess¬ 
ment  of  the  effectiveness  of  the  remedial 
measure.  The  computer  controlled  network  is  en¬ 
visioned  as  consisting  of  a  permanently  in¬ 
stalled  SP  array  and  borehole  resistivity  probes 
with  the  capability  of  scanning  the  network  at 
any  desired  time  interval. 


SUMMARY  AND  CONCLUSIONS 

The  results  of  the  seepage  investigation  indi¬ 
cated  that  the  foundation  beneath  Dike  1  was  in 
an  advanced  stage  of  deterioration,  and  that 
seepage  can  be  generally  described  as  pervasive. 
Also,  the  risk  factor  and  potential  exists 
during  a  high  (flood)  pool  condition  for  one  of 
the  numerous  seepage  flows  to  "blowout"  through 
the  overburden  in  the  downstream  area.  Finally 
the  report  concluded  that  the  element  of  time  is 
both  a  critical  and  debatable  factor  on  a 
seepage  problem  such  as  the  one  above. 

The  investigation  also  recommended  that  a  con¬ 
crete  diaphragm  wall  be  installed  upstream  of 
Dike  1  as  a  mean  of  controlling  seepage. 

By  conducting  a  comprehensive  seepage  program 
such  as  the  one  performed  at  Beaver  Dam  it  has 
been  demonstrated  that  integration  of  results 
from  various  phases  of  the  investigation  ha*-  led 
to  a  more  rational  approach  to  remedial  seepage 
planning.  In  a  program  of  this  magnitude  it  is 
very  important  to  consider  the  geophysical  sur¬ 
veys  as  an  integral  part  of  the  seepage 
analysis.  It  is  also  important  for  the  project 
engineer  and  the  geophysicist  to  communicate 
with  each  other  and  share  their  knowledge  of  the 
project  in  order  to  make  more  meaningful  inter¬ 
pretations  of  test  data  and  to  more  efficiently 
plan  any  future  testing. 
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SYNOPSIS:  The  paper  describes  the  distress  caused  to  a  minor  earth  dam  constructed  at  a  high  ele¬ 
vation  in  a  mountainous  area  to  conserve  water.  The  distress  related  to  instability  of  the  dam  and 
also  due  to  high  percolation  underneath  the  dam  coupled  with  formation  of  piping.  The  remedial 
measures  taken  to  rectify  instability  and  reduce  percolation  are  described  in  this  paper. 


INTRODUCTION 

In  India  western  ghats,  a  mountain  chain  runs 
parallel  to  west  coast  of  India,  starting  from 
a  few  kilometers  north  of  Bombay  and  go  right 
upto  Cape  Comerin,  covering  a  distance  of  1500 
km  to  2000  km.  These  mountain  ranges  have 
elevation  ranging  from  1000  m  to  4000  m.  The 
rainfall  varies  from  2000  mm  to  4000  mm  that 
too  during  monsoon  season.  The  rock  formations 
are  mostly  of  basaltic  origin  locally  known  as 
deccan  trap.  The  mountain  ranges  are  highly 
folded,  faulted  and  jointed.  The  joints  are 
present  right  upto  a  depth  of  20  m  to  40  m. 

There  are  a  large  number  of  locations  in  these 
mountain  ranges  which  are  ideal  for  storing 
water  at  high  elevations. 

During  recent  years  a  large  number  of  human 
settlements  are  getting  established  in  such 
locations.  To  provide  water  for  such  settlem¬ 
ents,  reservoirs  having  capacity  of  200  TCM  to 
300  TCM  are  constructed. 

To  develop  a  social  welfare  centre  a  tank  hav¬ 
ing  a  storage  capacity  of  227.53  TCM  was  const¬ 
ructed  at  Kune,  in  Poona  district,  in  western 
ghats.  The  main  gorge  and  the  upstream  stora¬ 
ge  area  is  formed  due  to  the  presence  of  around 
3  to  4  hills.  Water  is  collected  from  a  catch¬ 
ment  of  around  0.75  sq.km  through  2  to  3  strea¬ 
ms  which  converge  at  the  gorge  and  join  the 
main  valley,  after  a  vertical  drop  of  100  m. 

A  zoned  rolled  filled  earth  dam  of  height  15.9 
m.  and  length  77  m.  was  constructed  to  store 
water.  A  waste  weir  was  constructed  by  blast¬ 
ing  the  weathered  rock,  and  is  located  at  a 
distance  of  around  7  m.  from  the  dam  on  the 
right  flank.  It  was  unlined. 

During  the  first  filling  of  the  dam  in  the  year 
1984,  the  authorities  noticed  heavy  seepage  on 
the  down  stream  side  of  the  dam.  They  also  ob¬ 
served  subsidance  and  heaving  on  a  portion  of 
the  down  stream  part  of  the  dam  close  to  the 
right  flank.  The  tank  was  getting  depleted  at 


a  rate  of  around  11  cm.  perday. 

The  authorities  approached  the  authors  to  study 
the  causes  of  the  distress  and  suggest  the  rem¬ 
edial  measures  to  be  adopted.  A  systematic  st¬ 
udy  was  conducted  through  visual  observations 
when  the  reservoir  was  empty  and  also  by  condu¬ 
cting  appropriate  subsurface  investigations. 
Based  on  these  studies  various  remedial  measur¬ 
es  were  adopted.  The  efficasy  of  the  remedial 
measures  adopted  was  evaluated  during  the  sub¬ 
sequent  fillings  of  the  dam.  The  paper  descri¬ 
bes  the  above  aspects. 

LOCATION 

The  tank  is  located  at  Kune,  in  the  state  of 
Maharashtra.  The  latitude  and  longitude  of  lo¬ 
cation  are  19046,0,,  north  and  73024,0''  east 
respectively.  Location  at  which  the  tank  is 
constructed  is  on  the  top  of  western  ghats  sur¬ 
rounded  by  highly  folded,  weathered  and  jointed 
hills  and  mountain  features.  It  may  be  obser¬ 
ved  from  the  countour  map  given  in  Fig.l,  that 
the  dippression  is  formed  by  folding  of  almost 
3  to  4  hills.  A  small  valley  in  between  the 
two  hills  provides  an  outlet  for  the  water  to 
drain  into  the  main  valley  through  a  steep  ver¬ 
tical  drop.  The  underlying  rock  mass  is  made 
up  of  various  types  of  basaltic  rocks.  The  he¬ 
avily  jointed  terrain  is  subjected  to  high  deg¬ 
ree  or  hydro  thermal  weathering  of  rock  mass. 

The  top  2  m.  to  5  m.  of  over  burden  consists  of 
murrum  containing  various  amount  of  boulders, 
gravel  and  fine  grained  material.  This  is  a 
typical  tropical  soil.  On  the  basis  of  vegeta¬ 
tion  one  can  expect  highly  weathered  fractured 
rock  interspersed  with  murrum  of  thickness  10  m. 
to  12  m.  As  this  site  is  close  to  a  mountain 
fall  one  can  expect  jointing  to  reach  a  depth 
almost  of  the  order  of  40  m.  or  more. 

An  examination  of  the  countour  map  indicates 
that  the  jointing  and  fracturing  may  converge 
at  the  main  gorge.  This  may  lead  to  collection 


of  percolated  water  from  subsurface  at  that 
point  and  may  act  as  an  outlet  channel. 


Fig.  1  Contour  Map  of  the  Dam  Site 

BROAD  FEATURES  OF  THE  SCHEME 

Nature  of  the  catchment  :  ghat  type 

Catchment  area  :  0.75  sq.km. 

Average  rainfall  •  3587.35  mm. 

Total  yield  available  i  2690.51  TCM 

Total  storage  capacity  :  227.53  TCM 

Storage  yield  •  211.75  TCM 

Storage  due  to  borrow  area  :  15.78  TCM 

Levels  of  the  dam 

Lowest  base  level  :  RL  530.01  m. 

FSL  :  RL  543.00  m. 

HFL  J  RL  544.50  m. 

TBL  :  77.00  m. 


SALIENT  FEATURES  OF  THE  DAM 

The  dam  is  a  zoned  rolled  filled  earth  dam. 
The  salient  features  of  the  dam  are  given 
below.  See  Fig. 2  and  3. 
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Fig.  3  Cross  Section  of  the  Zoned  Dam. 

The  dam  lies  between  :  ch  36  and  ch  113 

Deepest  portion  of  the 

gorge  lies  between  :  ch  70  and  ch  75 

Upstream  slope  :  1:3  upto  RL  537.8;  1:2.5 

from  RL  537.8  to  TBL 

Down  stream  slope  :  1:2.5  between  RL  530.10 

and  RL  537.8;  3:2  bet¬ 
ween  RL  537.8  and 
RL  547.8 

Berm  of  width  5  m.  is  provided  on  the  down 

stream  side  at  RL  537.8 

Central  core  : 

Top  width  of  core  :  2  m. 

Slope  of  u/s  and  d/s  side  :  1:1 

Cut  off  trench  : 

Two  cut  off  trenches  are  provided  whose  width 
is  2.6  m.  and  depth  3.6  m.  Rock  toe  is  pro¬ 
vided  on  the  d/s  side. 
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Fig.  2  Subsurface  Section  Along  the  Dam  Axis 
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Rip  rap  : 

30  cm.  to  40  cm.  boulders  are  placed  on  up¬ 
stream  as  well  as  down  stream  sides. 

Density  of  hearting  material  :  1.29  gm/cc 
Density  of  casing  material  :  1.80  gm/cc 

Filter  : 

Longitudinal  dram  and  cross  drains  are  pro¬ 
vided  on  the  down  stream  side. 

WASTE  WEIR 

The  major  portion  of  the  waste  weir  passess 
through  rocsy  strata.  For  construction  in 
rocky  strata  blasting  methods  were  adopted. 

The  waste  weir  was  left  without  lining  and  si¬ 
des  and  bottom  are  highly  jointed.  The  dista¬ 
nce  between  the  waste  weir  and  the  dam  is  aro¬ 
und  5  m.  to  7  m.  The  bottom  of  the  waste  weir 
is  10  m.  wide  corresponds  to  FSL  (RL  544). 


murrum  to  maximum  standard  proctor  density 
with  a  variation  of  +  5>£. 


Fig.  4  Nature  of  Basin, 


NATURE  OF  DISTRESS 

During  tirst  filling  of  the  dam  two  kinds  of 
distresses  were  encountered.  One  related  to 
stability  aspect  and  the  second  related  to  the 
percolation  aspect.  The  percolation  aspect  in 
turn  may  also  be  responsible  for  instability 
of  the  dam  and  the  flanks.  As  a  first  step 
immediately  after  the  whole  water  m  the  tank 
had  got  completely  depleted.  In  the  middle  of 
February  1984,  a  thorough  visual  inspection  of 
storage  area,  dam  and  the  waste  weir  was  con¬ 
ducted. 

Reservoir  Area 

The  whole  area  consisted  of  highly  weathered 
soil  mass  followed  by  highly  fractured  and  jo¬ 
inted  basalt.  See  Fig .2.  Such  a  condition  of 
reservoir  may  give  rise  to  high  degree  of  sub¬ 
surface  percolation.  It  was  also  observed 
that  a  big  piping  had  appeared  close  to  the 
waste  weir  and  was  cutting  across  underneath 
the  dam  and  was  opening  up  down  stream  at  RL 
536.  Further  examination  revealed  that  2  to  3 
streams  which  are  passing  through  the  reservoir 
area  converge  into  goose  neck  and  join  the  main 
valley.  The  location  of  the  piping  coinsides 
with  the  course  of  the  stream.  It  is  presumed 
that  the  cut  off  trenches  are  above  the  bed  of 
the  streams  which  are  filled  up  with  sand  and 
gravel.  See  Fig. 5.  It  is  also  observed  that 
considerable  distress  has  taken  place  on  the 
right  flank  due  to  blasting  operation  during 
the  construction  of  waste  weir.  This  can  lead 
to  heavy  percolation  through  the  right  flank 
when  the  dam  would  be  full. 

Instability  of  Dam 

The  portion  on  the  down  stream  of  the  dam  encl¬ 
osed  between  RL  538  and  RL  542  and  between  ch- 
ainage  40  and  68  showed  subsidence  and  heave 
indicating  potential  possibility  of  slide.  In 
addition  a  subsidence  of  around  30  cms  was  ob¬ 
served  on  the  top  of  the  dam  towards  d/s  side 
between  chainage  45  and  55. 

The  dam  section  used  here  is  a  standard  section 
adopted  in  these  regions  for  minor  dam  constru¬ 
ction.  These  sections  are  stable  when  they  are 
constructed  by  compacting  the  locally  available 


Fig.  5  Stream  Feeding  the  Reservoir. 
Subsurface  Investigation 


To  understand  the  causes  of  heavy  seepage  it 
was  considered  necessary  to  take  around  4  bore¬ 
holes  along  the  dam  axis.  See  Fig. 2.  With  the 
help  of  4  borehole  logs  a  subsurface  profile  is 
developed  to  indicate  the  strate  containing  mu¬ 
rrum,  highly  crushed  fragmented  rock  and  intact 
rock  etc.  It  can  be  seen  from  the  section  that 
on  the  right  flank  murrum  deposit  is  encounter¬ 
ed  upto  RL  536  and  at  the  centre  of  the  dan  it 
is  upto  RL  527.5.  Near  borehole  4  the  murrum 
zone  ends  at  RL  539.  Below  the  murrum  zone 
around  8  m.  to  10  m.  of  thick  fragmented  crush¬ 
ed  rock  zone  is  encountered.  On  the  left  flank 
the  rock  strata  encountered  is  moderately  frag¬ 
mented  rock  as  shown  in  Fig. 2.  On  the  basis  of 
subsurface  section  coupled  with  surface  obser¬ 
vations  in  the  storage  area* it  can  be  concluded 
that  even  after  the  dam  is  constructed  almost 
all  the  water  can  percolate  out  at  a  high  rate 
through  the  subsurface  underneath  the  dam.  The 
average  thickness  of  crushed  rock  and  murrum 
overburden  would  be  around  18  m.  Approximate 
computations  show  that  the  coefficient  permea¬ 
bility  K.  value  would  be  2,2  x  10“2  cm/sec.  for 
average  strata.  However,  -he  coefficient  of  . 
permeability  for  fractured  zone  would  be  4  xlCJ*1 
cm/ sec. 


In  the  present  case  it  is  clear  that  the  perco¬ 
lation  is  not  only  through  the  subsurface  but 
also  through  the  right  flank. 

Embedment 


Inadequate  embedment  of  right  and  left  flanks 
of  earth  dam  into  the  original  natural  ground 
has  added  to  further  seepage  losses  and  also 
to  instability  of  the  dam  itself.  Weakening  of 
the  right  flank  due  to  construction  activities 
in  the  waste  weir  has  further  contributed  to 
high  seepage  and  to  instability  to  flanks  and 
the  dam.  See  Fig. 4. 

Steep  Gorge 

Because  of  narrow  steep  gorge  3  diamensional 
instability  is  induced  into  the  earth  dam.  As 
such  conventional  analysis  indicate  that  the 
dam  should  be  stable  under  normal  conditions. 

piPjjl2 

In  adequate  cut  off,  untreated  subsurface,  and 
followed  by  storing  of  tank  has  resulted  into 
high  internal  subsurface  erosion  and  formation 
of  pipes.  See  Fig. 6. 


Fig. 6  Piping 
REMEDIAL  MEASURES 

Based  on  the  visual  observations  of  the  reser¬ 
voir  area,  dam,  flanks,  waste  weir  and  the 
subsurface  profiles,  following  remedial  measu¬ 
res  were  adopted  in  stages  to  rectify  the  def¬ 
ects  in  stages  as  the  time  available  for  impli- 
menting  the  remedial  measures  was  hardly  2  to  3 
months.  The  remedial  measures  adopted  for  im¬ 
proving  the  stability  of  the  dam  and  reducing 
the  percolation  are  given  below  : 

i)  Preventing  the  d/s  slide  with  shear  barr¬ 
iers  using  reinforcement 
ii)  Adoption  of  curtain  grouting 
ili)  u/s  dam  protection 
iv;  Treatment  of  reservoir  area  with  impervi¬ 
ous  material 

v)  Lining  of  the  waste  weir 
Stability  of  d/s  Side 

Specially  with  respect  to  the  stability  of  dam 


on  the  d/s  side,  thare  was  a  need  to  take  imm¬ 
ediate  rectification  measures.  The  measures 
taken  with  respect  to  stability  are  described 
below.  With  the  help  of  zone  of  subsidence  and 
heave  a  probable  circular  potential  plane  of 
failure  was  adopted  for  analysis.  The  computed 
value  of  the  activating  force  turns  out  to  be 
4  tonns/m.  width.  It  was  considered  prudent  to 
provide  shear  connectors  to  take  the  whole  act¬ 
ivating  force  (4T/m.  width;  as  the  portion  was 
already  in  the  process  of  sliding.  The  method 
adopted  consisted  of  providing  3  rows  of  shear 
connectors  with  the  spacing  as  shown  in  Fig. 7 
and  Fig. 8. 


Fig.  8  d/s  Section 
Construction 

Minimum  number  of  rip  rap  stones  were  removed 
at  the  location  where  the  shear  reinforcement 
were  to  be  inserted,  Pnumatic  drill  was  used 
to  drill  a  2.5  cm.  diameter  hole  upto  a  depth 
of  1.5  m.  into  the  original  ground  through  the 
body  of  the  dan.  Care  was  taken  to  see  that 
the  surrounding  rocks  are  not  disturbed.  After 
the  drilling  was  completed  16  mm.  diameter 
steel  bars  were  inserted  into  the  hole  upto  the 
desired  depth.  The  remaining  cavity  of  the 
whole  was  filled  with  cement  slurry  of  1  in  15 
consistancy.  The  3  rows  of  bars  were  inter 
connected  with  6  mm.  diameter  bars  at  the  sur¬ 
face  of  the  soil  layer.  Immediately  after 
these  rods  are  placed  in  position  the  rip  rap 
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was  reinstated. 
Groutino  Procedure 


As  the  pressure  due  to  water  is  around  1*5 
kg/cm2  it  was  necessary  to  use  a  thick  mix  1:6 
to  1:8.  The  cement  bentonite  ratio  was  60^: 
40'A,  The  grout  mix  was  injectecLat  2  kg/cm2 
and  was  raised  up  4.5  to  6  kg/cmr  before  ter¬ 
mination  between  RL  505  and  RL  5^0.  See  Fig. 9. 


-Fig.  9  Grouting  Plan. 

The  second  stage  of  grouting  was  between  RL  525 
and  RL  520.  The  grout  mix  used  was  1:8  to  1:9. 
The  initial  pressure  was  1.5  kg/cmr  to  2.5  kg/ 
cm2  and  was  raised  to  3.5  kg/cmr  before  termi¬ 
nation. 


considerably  in  reducing  the  percolation  as 
observed  during  the  filling  of  the  dam.  See 
Fig. 10.  When  the  dam  was  completely  filled 
suddenly  a  pipe  appeared  increasing  the  perco¬ 
lation.  Subsequently  it  was  observed  that  the 
pipe  got  started  on  the  upper  reaches  of  one 
of  the  stream.  See  Fig.10.  With  the  help  of 
asphaltic  treatment  and  grouting  the  percola¬ 
tion  was  reduced  to  the  extend  of  10”4  to  10“5 
cm/sec.  However,  as  the  basin  is  small  and  the 
demand  of  water  is  high  it  was  decided  to  ado¬ 
pt  gunniting  and  sodium  silicate  treatment  to 
treat  the  basin  to  prevent  percolation.  The 
streams  were  treated  by  gunniting  to  a  consi¬ 
derable  distance  from  the  reservoir  area. 


The  grouting  in  the  weathered  zone  was  done 

very  carefully  without  increasing  the  pressure  Fig*  10  View  Showing  Basin  Asphaltic  Treat- 
equal  to  the  height  of  the  dam.  ment  and  Grouting. 


The  amount  of  grout  consumption  interms  of 
cement  bags  turned  out  to  be  more  than  90  bags 
per  hole  between  the  waste  weir  and  chainnage 
50  as  compared  to  2  to  5  bags  per  grout  hole 
on  the  left  flank.  The  above  procedure  was 
implimented  only  after  the  reservoir  got  empt¬ 
ied.  The  piping  portion  was  plugged  with  cem¬ 
ent  concrete. 

u/s  Face 

To  prevent  heavy  percolation  through  the  upst¬ 
ream  face  the  rip  rap  was  completely  removed. 
The  whole  area  was  covered  with  impervious, 
double  ply  polypropeline  sheets  passing  over 
the  top  of  the  dam  to  around  1/2  m.  on  d/s 
face  from  the  top.  The  tip  rap  was  reinstated 
and  was  pointed  with  cement  forter.  The  same 
method  was  used  in  the  inclined  portion  on 
either  side  of  the  dam. 

Basin 

Asphaltic  treatment  was  adopted  to  prevent 
seepage  of  water.  The  method  consisted  of 
scraping  the  area,  placing  2  cm.  to  3  cm.  thick 
grated  metal  and  lightly  compacting  it.  70-80 
penetration  asphalt  was  spread  at  the  rate  of 
5 ‘A  of  the  weight  of  the  aggregate.  Choke  sto¬ 
ne  was  spread  and  was  lightly  roiled.  Subse¬ 
quently  a  thin  layer  of  asphalt  was  spread  on 
the  top  and  was  covered  with  stone  dust.  Only 
some  critical  part  of  the  basin  could  be  trea¬ 
ted  before  the  rains  during  1984.  This  helped 


Waste  Weir 

Waste  weir  was  lined  with  bricks  and  was  prop¬ 
erly  plastered.  Polythene  sheets  were  used 
below  and  around  the  brick  lining  to  prevent 
water  from  percolating.  The  gap  between  the 
brick  lining  and  undulated  surface  of  the  blas¬ 
ted  waste  weir  wall  was  filled  up  with  soil. 

See  Fig.  11,  Fig. 12,  Fig.13  and  Fig. 14. 


Fig.  11  Waste  Weir  Prior  to  Lining. 


PERFORMANCE 

Stability 

During  the  last  2  filling  the  dam  has  not  shewn 


any  distress  and  is  stable.  See  Fig. 15 


Fig.  12  Cross  Section  Showing  Lining. 


Fig.  15  Reservoir  -  Filledup 
summary  and  conclusion 

However,  minor  may  be  a  dam  it  is  necessary  to 
construct  it  by  adopting  all  well  laid  scienti¬ 
fic  and  engineering  procedures.  Recification 
of  a  dam  or  a  reservoir  would  add  to  consider¬ 
able  expenditure.  The  remedial  measures  adop¬ 
ted  in  the  present  case  with  respect  to  the  st¬ 
ability  of  the  dam  are  found  to  be  quite  sati¬ 
sfactory.  The  basin  treatment  with  impervious 
material  can  be  considered  as  a  satisfactory 
solution  to  reduce  percolation  from  the  floor 
of  the  basin. 

It  is  necessary  to  treat  the  streams  to  prevent 
percolation  and  formation  of  piping. 

It  is  possible  to  develop  cheaper  basin  treat¬ 
ment  methods  and  also  construction  of  stable 
minor  dams  to  store  water  at  higher  elevation 
in  mountainous  area. 
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SYNOPSIS:  During  construction  of  the  first  one  of  a  twin  dam  in  the  Oosterschelde  basin  several 
instabilities  occurred.  Design  of  the  construction  plan  of  the  dam  was  based  on  classical  methods  of 
analyses  of  stability  and  usually  applied  safety  criteria.  Back  analysis  of  the  failures  consisted 
of  a  probabilistic  analysis,  indicating  high  overall  probabilities  of  failure,  and  FEM  analysis, 
indicating  areas  of  large  plastic  deformation  of  the  subsoil,  caused  by  the  steep  setup  of  the 
sandfill  in  the  initial  construction  stage,  resulting  in  too  concentrated  surcharge.  Based  on  these 
results,  it  was  decided  to  apply  these  methods  of  analysis  from  the  beginning  in  the  design  of  the 
construction  plan  for  the  second  dam.  This  plan  has  succesfully  been  carried  out. 


INTRODUCTION 

In  1976  the  Dutch  government  decided  to 
build  an  open  storm  surge  barrier  in  the 
Oosterschelde  estuary,  as  final  part  of  the 
Delta  plan  to  protect  the  central  and  south 
west  part  of  the  Netherlands  from  flooding. 
This  open  barrier  on  the  one  hand  will  offer 
sufficient  protection  and  on  the  other  hand 
preserves  the  tidal  regime  in  the  estuary, 
which  is  desirable  both  from  an  economical  and 
environmental  point  of  view.  Part  of  the  plan 
was  the  construction  of  two  separation  dams, 
the  Markiezaatskade  and  the  Oesterdam  (figure 
1),  in  order  to  reduce  the  required  number  of 
salt  intrusion  and  navigation  locks  in  the 
economically  important  fairway,  connecting 
Rotterdam  and  Antwerp. 


Figure  1.  Situation  map,  south-west  part  of  the 
Netherlands . 

During  construction  of  the  Markiezaatskade 
several  instabilities  of  the  soft  subsoil 
occurred,  though  usually  considered  factors  of 
safety  had  been  applied  in  the  design  of  the 
construction  plan.  Post  analysis  has  been 
carried  out,  using  probabilistic  analysis  of 
stability  and  finite  element  computations  to 
investigate  the  causes  of  failure.  These 


analyses  indicated  the  following  conclusions: 

-  The  designed  relatively  steep  slopes  of  the 
sandfill  caused  areas  of  large  plastic 
deformation  in  the  subsoil,  leading  to 
unexpected  large  settlement  of  the  dam. 

-  Due  to  relatively  concentrated  surcharge 
relatively  small  failure  circles  have  been 
found  to  be  critical,  the  effect  of  which  is 
poor  averaging  of  variations  of  shear 
strength,  resulting  in  fairly  high 
probabilities  of  failure  (order  10  %) . 

It  was  therefore  decided  to  follow  a  prudent 
appraoch  in  the  design  of  the  Oesterdam,  and  it 
was  considered  useful  to  apply  these  methods  of 
analysis  right  from  the  start  in  the  process  of 
developping  a  construction  plan. 


METHOD  OF  PROBABILISTIC  STABILITY  ANALYSIS 

The  computation  model,  used  for  probabilistic 
analysis  of  stability  of  the  dam  is  based  on 
the  conceptual  model  discussed  by  Calle  (1985). 
Basic  components  of  this  model  are: 

-  a  Gaussian  homogeneous  random  field  descrip¬ 
tion  of  spatial  fluctuations  of  shearing 
strength  of  the  soil 

-  circular  potential  failure  modes  and  e  Bishop 
type  of  equilibrium  analysis,  however, 
adapted  for  second  moment  analysis  of  random 
variations  of  shearing  strength. 

As  a  consequence,  the  stability  factor  (  factor 
of  safety)  F  is  no  longer  a  deterministic  sing¬ 
le  valued  quantity,  but  instead  a  Gaussian  ran¬ 
dom  function  in  the  along  slope  direction  spe¬ 
cified  by  its  statistics:  expected  mean  value, 
standard  deviation  and  autocorrelation  func¬ 
tion.  From  this,  estimates  of  the  probability 
of  occurrence  of  a  zone  where  F  <  1  somewhere 
along  the  slope  axis  and,  if  this  occurs,  an 
indication  of  the  width  of  such  zone,  can  be 
obtained. 

Apart  from  spatial  variability  of  shearing 
strength  parameters,  considerable  uncertainty 
may  be  involved  in  the  estimation  of  hydro¬ 
static  and  excess  pore  water  pressures  in  the 
subsoil  stratum.  The  sources  of  uncertainty 
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are: 

-  Uncertainty  about  the  extreme  phreatic  level 
which  may  occur  in  the  course  of  time  during 
the  various  construction  stages.  Development 
of  the  phreatic  surface  in  the  core  of  the 
dam  is  strongly  related  with  tidal  fluctua¬ 
tions  and  storm  surge  levels  in  the  estuary 
and  storm  durations.  Critical  time  instants, 
regarding  geotechnical  stability  of  the  dam, 
occur  at  the  moment  of  low  tide  following  a 
high  setup  level  during  a  storm.  Estimates 
of  critical  phreatic  levels  have  been 
determined,  based  on  numerical  groundwater- 
flow  computations  and  electrical  conductivi¬ 
ty  analogon  experiments.  Combined  with  sta¬ 
tistical  data  on  the  occurrence  of  storms, 
statistical  data  on  the  occurrence  of 
critical  phreatic  levels  could  be  derived. 
The  probability  of  geotechnical  failure  was 
estimated  as  the  sum  of  conditional  probabi¬ 
lities  of  failure,  assuming  specific  phrea¬ 
tic  levels,  multiplied  by  the  probabilities 
that  these  are  extreme  critical  levels 
during  the  considered  time  span: 


’f  =  ^i  Pf|hi 


P(h.) 


where  Pf  denotes  probability  of 
conditional  probability  of 


flhi 


failure , 
failure , 


given  critical  phreatic  level  h^,  and  Pttu) 
probability  of  h^  being  the  extreme  level 
during  the  considered  time  span. 


During  the  construction  stages  due  conside¬ 
ration  must  be  given  to  excess  pore  water 
pressure  development  in  the  subsoil. 
Dissipation  of  excess  pore  water  pressures, 
generated  during  the  previous  surcharge 
steps,  is  expressed  in  terras  of  consolida¬ 
tion  rate  factors,  the  factor  zero  denoting 
an  undrained  situation  and  the  factor  1.0 
complete  consolidation.  Estimates  of  these 
factors  were  based  on  numerical  computations 
of  the  consolidation  rate.  Due  account  for 
uncertainties  involved  in  these  estimates 
was  given  in  the  probabilistic  analysis  of 
stability  by  considering  a  discrete  number 
of  sets  of  consolidation  rate  factors, 
symbolically  denoted  as  (A^)  and  its  associ¬ 
ated  probabilities  of  occurrence  F(Aj),  es¬ 
timated  on  the  basis  of  empirical  data  ob¬ 
tained  during  previous  projects.  The  proba¬ 
bility  of  failure  may  then  be  expressed  as: 


P 


f  "  * 


J 


P(A.) 


or,  in  the  case  of  uncertainty  about  the 
extreme  phreatic  level: 


Pf  =  *i  Ej  Pflhi.Aj 


P ( A  j )  P(h1) 


RESULTS  OF  ANALYSES  OF  MARKIEZAATSKADE 

During  the  construction  of  the  Harkiezaatsdam 
failures  occured  when  the  crest  level  was  iais- 
ed  up  to  HSL  *  2.00  m.  The  geometry  shortly 
before  failure  is  given  in  fig.  2a.  The  dam 
failed  by  subsidence  of  the  crest,  whilst  the 
adjacent  sill  slightly  rose.  Before  failure 


cracks  developed  at  the  surface  of  the  sand 
sill,  which  widened  after  the  failure.  The 
cracks  were  parallel  to  the  length  axis  of  the 
dam.  About  4  or  5  days  after  the  first  insta¬ 
bility  a  dark  strip  of  blue  soft  clay  could  be 
seen  on  the  edge  of  the  sand  sill  (fig.  2b). 


Figure  2.  a.  Designed  cross  section  of  the 
Markiezaatskade 
b.  Observed  deformations 


The  observed  failures  have  been  analysed  apply¬ 
ing  a  probabilistic  stability  approach  and  an 
elasto-plastic  FEH  analysis  of  deformations, 
i.e.  the  PLAXIS  code  (De  Borst  &  Vermeer, 

1984).  The  geometry  and  water  levels  applied  in 
the  calculations  are  given  in  figure  3*  The 
soil  properties  are  summarized  in  table  I. 


Figure  3-  a.  Geometry  applied  in  probabilistic 
stability  and  FEM  analyses 

b.  Plastic  zone  found  in  FEM  analysis 

Field  observations  indicated  failure  by  large 
plastic  deformation,  resulting  in  settlement 
rates  of  the  crest  equal  to  or  exceeding  the 
surcharge  rates.  This  could  be  reconstructed  in 
the  FEM  calculations,  provided  that  the  shear 
modulus  was  adequately  assessed.  A  good  fit  has 
been  found  for  G  =  40  Cu  (fig.  4),  Cu  being  the 
undrained  shear  strength,  which  corresponds 
very  well  with  l-'terature  data  (fig.  5) 
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TABLE  I.  Soil  parameters  Markiezaatskade 


depth  soil 
m+MSL  type 


organic 


T  =  unit  weight  (kN/m* ) 

4'=  angle  of  internal  friction  (*) 
c'=  cohesion  (kN/m*) 

A  =  consolidation  rate  (%) 

Plasticity  index  organic  clay:  88  ±  22  % 

Statistical  parameters: 
p  =  expected  mean  value 
o  =  standard  deviation 

Correlation  parameters  D^=  50  m,  D =  1  m, 

assumed  autocorrelation  model  for  shear 
strength  variations: 

p(Ax,Az)=exp(-Ax* /D^-Az* /D^) 

Ax  being  horizontal  and  Az  vertical  lag 


In  the  design  an  overall  factor  of  safety 
against  stability  (Bishop  analysis)  of  1.15  had 
been  applied,  which  is  fairly  low,  but  consi¬ 
dered  acceptable  because: 

-  it  was  within  our  scope  of  experiences 

-  the  strength  data  were  based  on  Dutch  cell 
tests  and  are  generally  conservative  because 
in  the  test  procedure  limited  the  deformation 
rates  are  applied  (Heynen  &  van  Duren,  1979) 

-  we  considered  a  construction  stage  in  which 
slight  failure  would  cause  only  limited 
damage. 

The  zone  with  critical  slip  circles  corresponds 
with  the  plastic  zone,  found  in  the  FEM  analy¬ 
sis  (Termaat  et  al ,  1985) 
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Figure  5-  G/Cu  ratio  vs  plasticity  index 

CONSTRUCTION  PLAN  FOR  THE  0ESTERDAM 

A  three  stage  construction  plan  has  been  desig¬ 
ned,  roughly  as  indicated  in  figure  6.  The 
stages  will  be  referred  to  as  the  hydraulic 
sanfill  stage  (0-50  days) ,  the  intermediate 
preloading  or  consolidation  stage  (50-230  days) 
and  the  stage  of  final  completion. 


hydraulic  sandfill 


consolidation  stage 
(100  to  240  days) 


— — fetal  .  S 

- 0  ■  75  Cu 

G  ■  40  Cu 


final  stage 

Figure  6.  Envisaged  construction  stages  of 
Oesterdam 


Figure  4.  Effective  surcharge  height  vs 
settlement 


The  probabilistic  stability  analyses  resulted 
in  a  probability  of  failure  of  0.08,  which  is 
fairly  high.  The  main  reason  for  it  being  the 
small  perimeter  of  the  critical  slip  circle, 
resulting  In  poor  averaging  of  strength 
variations . 


The  second  stage,  preloading  during  nearly 
one  year,  was  planned  to  ootain  both  a 
sufficient  reduct-'on  of  the  deformations  and  an 
adequate  increase  of  stability.  For  each  stage 
the  probability  of  failure  was  determined  with 
a  probabilistic  stability  analysis  for  the 
characteristic  section  C2  of  the  dam  (fig.  7). 
Based  on  this  probabilistic  approach  safety 
factors  for  each  stage  had  been  determined  and 
applied  in  the  design  of  the  other  dam  sec¬ 
tions. The  possibility  of  failure  due  to  large 


plastic  deformations  has  been  checked  by 
elasto-plastic  finite  element  analysis. 


SOIL  PARAMETERS  OESTERDAM 

A  great  number  of  borings  and  static  cone 
penetration  tests  (CPT)  have  been  conducted  in 
the  stretch  of  the  Oesterdam.  Undisturbed  sam¬ 
ples  were  taken  at  five  locations  and  subjected 
to  compression  tests  (Dutch  cell),  Oedometer 
tests  and  permeability  tests.  At  damsection  C2 
additional  investigation  has  been  carried  out, 
consisting  of: 

-  One  4  29  mm  Begemann  type  boring  (continuous 
sampling),  1.6  to  9  m  below  MSL. 

-  One  CPT  with  the  Dutch  cylindrical  piezo¬ 
cone,  1.6  -  13  u  below  MSI,  measuring  cone 
resistance  and  excess  pore  water  pressures 
generated  at  a  penetration  rate  of  20  mm/s. 

-  Two  sensitive  CPT's  (sensitivity  five  times 
as  normal),  1.6  to  10  m  below  MSL. 

-  Vane  tests  at  seven  levels  (unremoulded  and 
remoulded) . 

-  Mini-pressuremeter  tests. 

-  Laboratory  testing,  including  determination 
of  sample  unit  weight,  plasticity  index  of 
clay  samples,  and  average  unit  weight  per 
meter  depth,  determined  from  the  continuous 
samples . 

- CONE  RESISTANCE  IN  HNIm1  (I  MN/n.1  «  10  kqtttrrJ  i 


Figure  8.  Results  of  piezo  cone  test  and  soil 
profile  from  continous  sampling. 


A  continuous  sample  profile  is  giver,  xn  figure 
8,  together  with  the  piezo  cone  measurement 
results.  As  can  been  seen  excess  pore  water 
pressures  indicate  the  impermeable  layers.  The 
results  of  the  sensitive  CPT’s  and  the  unre¬ 
moulded  shear  strengthes  determined  from  the 
vane  tests  are  given  in  figure  9-  In  the  mini 
pressuremeter  test,  a  4  22  mm  cell,  mounted  on 
a  tube  is  pushed  into  the  soil.  The  cell  mem¬ 
brane  consists  of  overlapping  strips.  The  elas¬ 
tic  shear  modulus  (G)  of  the  soil  is  derived 
from  the  soil's  reaction  to  volume  increase  of 
the  cell.  The  results  are  summarized  in  table 
II.  The  average  cone  resistances  have  been 
included  in  this  table  for  comparison. 


Figure  9-  Results  of  sensitive  CPT’s  and  vane 
tests 


TABLE  II.  Cone  resistance  and  elastic  shear 
modulus . 


depth 

m  -  MSL 

soil  type 

average  cone 
resistance 
kN/m* 

G 

kN/m* 

2.8 

peat 

300 

550 

3- ^ 

peat 

250 

378 

3-7 

peat 

300 

484 

4.1 

organic  clay 

150 

436 

4.4 

organic  clay 

200 

392 

5.1 

silty  clay  +  org. 

mat.  200 

313 

6.1 

sandy  clay 

400 

716 

In  the  field  vane  tests  only  the  unremoulded 
undrained  shear  strength  was  considered.  Fol¬ 
lowing  Bjerrum  (1972),  the  undrained  shear 
strength  has  been  reduced  as  function  of  the 
index  of  plasticity  (figure  10).  Unit  weight 
(T),  water  content  (WC) ,  index  of  plasticity 
(PI)  and  results  of  vane  tests  (Cu),  with  and 
without  reduction  have  been  given  in  table  III. 


P|  ■  pia*fcoty 

H  •  rfductWft 
facto* 


Figure  10.  Reduction  of  undrained  shear 
strength 
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TABLE  III.  Undrained  shear  strength 


Depth 

Y 

PI  wc 

Cu  p 

Cu  x  p 

m  -  NAP 

kN/m* 

%  % 

kN/m* 

kN/m* 

2.8 

10.7 

59 

44 

3-35 

10 . 5 

53 

33 

3-7 

10.8 

51 

42 

4.1 

14.3 

76  96 

17  .7 

12 

4.4 

15-9 

52  78 

17  .8 

14 

5-1 

16.5 

38  60 

17  .9 

15 

6 

18.4 

37 

31 

The  mean 

values 

for  cohesion  and  angle  of 

internal 

friction,  as  used 

in  the  stability 

analyses , 

are  based  on  approximately 

10  cell 

tests  for 

each  soil  type. 

The  standard  devia- 

tions  have  been 

assessed  on  the  basis 

of 

observed 

scatter 

m  the  test  results 

and 

intuition 

.  The  values  have 

been  summarized  in 

table  IV. 

Results  of  the  oedometer  test  are 

included 

in  this 

table . 

TABLE  IV. 

Soil  parameters 

used  in  the 

probabi- 

listic 

stability 

analysis  (sec.  C2)  . 

top  of 

layer 

Y 

S 

V  V 

V  °v 

c  c 

P  S 

1.5m- 

■MSL  20 

0 

33 

0 

3-3 

2.5 

20 

0 

30 

0 

3 

100 

800 

3-4 

10 

12.8 

28 

2.6 

5-6 

4 

51 

4.3 

10.5 

5 

46 

5-7 

13-5 

2 

23 

0.2 

2-3 

8 

77 

6.5 

18.9 

83 

663 

11.0 

17.7 

2.4 

24 

0.2 

2.4 

26 

439 

13-2 

19.3 

79 

301 

Y  = 

S 

submerged 

unit 

weight 

(kN/m* 

) 

PC,,P4,  mean  value  of  cohesion,  friction  angle 


o  iiOqi  standard  deviations 

C  ,  C  compression  constants 
P  s 

Autocorrelation  parameters  as  indicated  in 
table  I . 


probabilities  of  occurrence  of  the  correspon 
ding  critical  phreatic  levels  do  not  exactly 
coincide  with  the  probabilities  of  occurrence 
of  high  tide  levels.  This  has  been  done  to  take 
into  account  to  effects,  namely: 

-  Uncertainty  involved  in  the  determination  of 
the  phreatic  level  corresponding  to  some  high 
tide  level,  which  would  cause  the  probability 
of  occurrence  of  high  phreatic  levels  to  be 
underestimated . 

-  In  many  cases,  the  low  tide  level,  following 
a  storm,  will  still  be  influenced  by  the 
storm  setup  and  not  reach  the  normal  low  tide 
level.  As  a  consequence  the  probability  of 
occurrence  of  the  combination  of  high  phrea¬ 
tic  level  and  normal  low  tide  level  would  be 
overestimated . 

The  procedure  to  take  these  effects  into  ac¬ 
count  is  as  follows.  The  probability  associated 
with  some  critical  phreatic  level  is  calculated 
as  the  weighed  mean  of  the  probabilities  of 
occurrence  of  the  corresponding  high  tide 
level,  the  next  higher  one  and  the  next  lower 
one,  applying  weight  factors  of  0.5.  0.25  and 
0.25  respectively. 

TABLE  V.  Water  levels  and  probabilities 


High  tide  level  Corresponding  critical 

(including  storm  setup)  phreatic  level 


level  probability  level  probability 


6.21+MSL 

5-36 

'1.51 

3.66 

2.82 

1.97 


4.3  10-’ 
7.0  10-‘ 
8.9  10-5 
1.1  10-* 
2.6  10-* 
5-6  10-1 
4.1  10-1 


4.03+MSL 

3.48 

2-93 

2.38 

1.83 

1.28 


2.1 

10-‘ 

2.6 

10-5 

3-5 

10-‘ 

7.1 

10-> 

1.5 

10-1 

3-9 

10-* 

4.5 

10-* 

CRITICAL  PHREATIC  LEVELS,  HYDRAULIC  CONDITIONS 

An  important  aspect  of  the  analysis  of  stabili¬ 
ty  of  the  dam  concerns  assessment  of  the  phrea¬ 
tic  water  table  in  the  dam.  This  level  is  high¬ 
ly  influenced  by  tidal  fluctuations  and  set  up 
due  to  storms.  Due  to  phreatic  storage  and 
limited  draining  capacity  the  water  table  res¬ 
ponse  to  tidal  fluctuations  involves  phase 

shift,  causing  high  phreatic  levels  at  the 
critical  time  instants,  i.e.  at  low  tide  in  the 
estuary.  Estimates  of  the  critical  phreatic 
levels  have  been  determined  on  the  basis  of 
numerical  calculations  and  experiments  with  an 
electrical  conductivity  analogon.  In  table  V 
the  determined  phreatic  levels  as  function  of 
the  corresponding  high  tide  levels  have  been 
summarized.  The  probabilities  of  occurrence  of 
these  high  tide  levels  have  been  indicated  in 
this  table.  They  have  been  derived  from  high 
tide  level  frequencies  as  observed  during  a 
number  of  years  (figure  11)  and  extrapolation 
of  the  observed  frequency  curve.  Note  that  the 


Figure  11.  Observed  frequencies  of  high  tides 
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The  hydraulic  conditions  applied  in  the  stabi¬ 
lity  analysis,  can  be  summarized  as  follows. 
During  the  hydraulic  sandfill  stage  normal  low 
tide  level  and  completely  saturated  sandfill. 
During  the  consolidation  stage  and  after  com¬ 
pletion  of  the  dam  normal  low  tide  level  and 
critical  phreatic  levels. 

EXCESS  PORE  WATER  PRESSURES 

Dissipation  of  excess  pore  water  pressures, 
induced  by  surcharging  in  the  various  construc¬ 
tion  stages,  has  been  calculated  on  the  basis 
of  1-D  consolidation  analysis.  The  governing 
soil  properties  are  compression  coefficients  as 
function  of  effective  soil  stress  (figure  12a) 
and  permeability  as  function  of  effective  soil 
stress  (figure  12b). 


mylm'/NI - »- 

10  •  10'’  10  ‘  10'* 


(b)  Permeability  (k) 


The  results  of  the  consolidation  analyses, 
expressed  in  terms  of  expected  consolidation 
rates,  are  summarized  in  table  VI.  Estimated 
standard  deviations  have  been  included. 

TABLE  VI.  Expected  consolidation  rates  and 
estimated  standard  deviations. 


stage : 

sandfill 

prei oading 

final 

top  sandfill 
(m  +  MSL) : 

3-5 

6.5 

6.0 

slope  : 

1:9 

1:7-5 

•  1:4 

consolidation 
rates  {%) : 
peat 

15  (5) 

30  (8) 

')0  (10) 

org.  clay 

3  ! 3) 

10  (3) 

20  (5) 

sandy  clay 

3  (3) 

10  (3) 

30  (8) 

sand  ♦  clay 

5  (5) 

25  (6) 

55  (I'D 

Parenthesized  values  indicate  standard 
deviations . 

Predicted  hydrodynamic  period  of  preloading 
stage  is  0.5  year. 


The  indicated  consolidation  rates  reflect 
expected  subsoil  adaption  at  the  start  of  each 
of  the  construction  stages. 


CALCULATED  PROBABILITIES  OF  FAILURE 

Computations  have  been  carried  out  for  the 
sandfill  and  preloading  stages  and  for  three 
subsequent  periods  of  100  days  after  completion 
of  the  dam.  Results  of  computations  for  the 
hydraulic  fill  stage  are  summarized  in  table 
VII.  As  mentioned  previously  complete  satura¬ 
tion  has  been  assumed,  so  only  uncertainty 
concerning  the  consolidation  rates  is  involved. 
Weighed  summation  of  conditional  probabilities 
yields  an  estimate  of  the  probability  of 
failure  in  this  stage  of  5  10-* .  The  expected 
failure  width  equals  20  -  30  “• 

TABLE  VII.  Results  of  probabilistic  computa¬ 
tions  for  the  hydraulic  fill  stage 
(Section  C2 ) . 


A. 

l 

F 

Pf 

A. 

l 

P(A.) 

L 

p  -  2o 

3 

10-** 

0.066 

P  -  o 

1.15 

8 

10-J 

0.2113 

27 

m 

\1 

1.18 

1.5 

10-» 

0.382 

23 

m 

[1  +  o 

1.21 

3 

10-* 

0.309 

21 

m 

p  :  expected  consolidation  rate 

o  :  standard  deviation  of  consolidation 

rate 

F  :  expected  mean  factor  of  safety 

Pf|A  :  conditional  probability 

P ( A± )  :  probability  of  consolidation  rate  A^ 

L  :  expected  failure  width 

*  extrapolated  value 


The  results  of  computations  for  the  consoli¬ 
dation  stage  are  summarized  in  table  VIII.  In 
this  stage  both  consolidation  rate  and  extreme 
phreatic  level  are  considered  uncertain.  The 
conditional  probabilities,  given  a  specific 
phreatic  level  in  table  VIII,  have  been  deter¬ 
mined  accounting  for  uncertainty  of  consolida¬ 
tion  rates  similar  to  the  procedure  applied  for 
the  hydraulic  fill  stage.  The  intermediate 
results  however  have  been  omitted  for  reasons 
of  space  limitation.  Weighed  summation  of 
failure  probabilities  yields  an  estimate  of  the 
probability  of  failure  of  8  10-’  during  the 
consolidation  stage. 

TABLE  VIII.  Probabilities  of  failure  during  the 
consolidation  stage  (Section  C2) . 


h 

P 

F 

Pf| 

h 

,_P _ 

P(hp) 

L 

3.75  +  MSL 

1.19 

2.5 

10-* 

0.001 

20-35 

m 

3.20 

1.24 

1.5 

10-* 

0.015 

20-30 

m 

2.65 

1.29 

1.4 

10-‘ 

0.813 

15-20 

m 

2.10 

1.34 

1.4 

10-7 

0.023 

10-15 

Q 

1.55 

1.40 

< 

10-7 

- 

10-15 

m 
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TABLE  VIII.  Continued 


P(f|hp) 

P(hp) 


phreatic  level  (m  +  HSL) . 

Conditional  probability  of  failure. 

Prob.  that  h  is  the  extreme  level 
P 

during  the  considered  timespan. 
Expected  mean  of  factor  of  safety. 


Similar  computations  have  been  carried  out  for 
the  final  stage,  after  completion  of  the  dam. 
Three  subsequent  periods  of  100  days  have  been 
analyzed.  The  intermediate  results  of  the 
compution  are  omitted,  the  final  results  are 
given  in  table  IX. 

Table  IX.  Probabilities  of  failure  after 

completion  of  the  dam  (section  C2). 


Period 

F 

Pf 

L 

0  -  100 

days 

1.20 

5  10-* 

100  -  200 

days 

1.27 

5  10-’ 

30  -  100  m 

200  -  300 

days 

1.30 

4  10-* 

OBSERVED  CONSOLIDATION  RATES  AND  SETTLEMENTS 

At  five  locations  in  the  stretch  of  the  dam 
Kistler  type  piezometers  and  settlement  gauges 
have  been  installed,  to  monitor  excess  pore 
pressure  dissipation  and  settlement.  In  the 
pilot  section  C2  seven  piezometers,  measuring 
pore  water  pressures  in  the  sandfill,  the  deep 
sand  and  in  the  cohesive  layers.  Results  of 
these  measurements  are  plotted  in  figure  13. 


Figure  13 .  Observed  pore  water  pressures  in  dam 
section  2. 


From  these  measurements  the  consolidation  rates 
have  been  determined,  as  indicated  in  figure 
14.  It  is  concluded  that  the  dissipation  rates 
were  much  greater  than  expected,  and  that  the 
envisaged  consolidation  stage  of  130  days  was 
substantially  more  than  actually  required. 

The  settlements  have  also  been  measured  and 
compared  to  the  expected  settlements,  revealing 
a  similar  tendency,  however  no  indication  has 


been  found  that  the  final  settlements  will  sub¬ 
stantially  differ  from  the  predicted  ones. 

1  J 


Figure  13.  Observed  consolidation  rates. 

The  observed  rapid  development  of  excess 
pore  pressure  dissipation  indicates  that  conso¬ 
lidation  rates  have  been  considerably  under¬ 
estimated.  The  actual  consolidation  rates  even 
exceed  the  optimistic  (p  +  a)  levels.  Based  on 
this  observation  the  following  (posterior) 
adjustments  of  the  probabilities  of  failure 
could  be  made:  for  the  consolidation  stage 
P(f)  <  10-*  and  for  the  first  100  day  period 
after  completion  P(f)  <  3  10-* ,  based  on  the 
conditional  probabilities  of  failure  assuming 
(p  +  a)  consolidation  rates. 


PLASTIC  DEFORMATIONS 

Figure  14  shows  the  development  of  zones  of 
plastic  shear  when  applying  ultimate  loading. 
Computed  crest  settlements  versus  surcharge  are 
shown  in  figure  15,  revealing  an  ultimate 
surcharge  height  of  7  m.  The  actually  applied 
surcharge  height  was  4.5  m. 


Is*  — ' 


WISH,.,  i 


!•  *3  • 


Figure  14.  Zones  of  plastic  shear  as 


computed  by  FEM  analysis. 


Figure  15.  Height  of  sandfill  vs  settlement. 
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OVERALL  SAFETY  FACTORS 


The  computed  prior  probabilities  of  failure 
were  considered  acceptable,  at  least  as  far  as 
the  first  and  second  construction  stage  are 
concerned.  Hence,  the  use  of  corresponding 
factors  of  safety  was  considered  acceptable  in 
the  design  for  the  other  sections  of  the  dam, 
since  no  substantially  different  subsoil 
strength  and  dissipation  behaviour  was  ex¬ 
pected.  The  applied  factors  of  safety  were  1.15 
for  the  hydraulic  fill  stage  and  1.20  for  the 
consolidation  stage. 


CONCLUSIONS 

-  Steep  setup  of  the  sandfili  of  the  Markie- 
zaatskade  is  considere  the  main  cause  of 
failure  due  to  plastic  deformation.  This 
mechanism  was  found  much  less  relevant  for 
the  Oesterdam,  because  of  the  flat  slopes  of 
the  sandfili  envisaged  in  the  design. 

-  Identical  factors  of  safety,  applied  in  the 
design  of  both  Markiezaatskade  and  Oesterdam, 
led  to  substantially  different  probabilities 
of  failure.  The  reason  for  it  being  the  smal¬ 
ler  slip  circle,  in  case  of  the  Markiezaats- 
kade,  leading  to  poor  averaging  og  strength 
variation  and  thus  a  high  probability  of 
failure . 

-  Based  on  the  observed  high  consolidation 
rates,  it  would  have  been  possible  to  reduce 
the  envisaged  preloading  period.  This  adjust¬ 
ment  of  the  design  has  not  been  considered. 

-  In  tne  construction  of  embankments  on  soft 
soil  with  high  plasticity  index,  attention 
should  be  paid  to  large  plastic  deformation. 

-  The  factor  of  safety,  as  determined  in 
classical  stability  analysis,  is  less 
decisive  regarding  safety  as  is  generally 
assumed. 
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SYNOPSIS:  Reconstruction  of  dikes  on  soft  subsoil  is  a  common  practice  in  the  Netherlands.  However  in  recent  years  some 
slidings  of  innerslopes  have  occured  in  the  execution  phase  due  to  very  large  and  rapidly  placed  replenishments.  Therefore 
investigations  have  been  made  for  new  methods  to  determine  the  short  term  stability  of  the  soil  structures. 

This  paper  describes  the  problems  experienced  during  the  reconstruction  of  a  polder  dike  in  the  western  part  of  the  Ne¬ 
therlands,  based  on  which  several  new  methods  are  tested. 


INTRODUCTION 

The  dike  of  the  polder  Oudendijk  protects  a  low-lying  area 
(polder)  in  the  western  part  of  the  Netherlands. 

The  water  level  inside  the  polder  is  approx.  4.5  m  below 
the  constant  normal  outside  water  level. 

In  case  of  a  breach  the  inundation  depth  will  be  3  m.  This 
will  not  only  cause  severe  damage  to  economic  activities 
in  the  polder  (mainly  farming  and  some  small  factories) 
but  also  endanger  the  lives  of  the  5000  people  living  in 
the  village  of  Noubrugge. 

Reconstruction  of  a  section  of  appr.  3  km  of  the  dike  ap¬ 
peared  to  be  necessary. 

Due  to  the  constant  settlement  of  the  subsoil  in  the  cour¬ 
se  of  years  the  crest  level  had  become  to  low.  In  some 
places  it  was  even  below  the  normal  outside  water  level 
and  flooding  had  to  be  prevented  by  a  small  bund  placed  on 
the  crest. 

Furthermore,  preliminary  investigations  also  showed  insuf¬ 
ficient  geotechnical  stability  of  the  inner-slopes  (COW 
1974). 

At  the  design  outside  water  level,  which  lies  0.30  m  above 
the  normal  level,  the  safety  factor,  calculated  using  a 
normal  slip  circle  analysis,  was  0.79.  The  lowest  factor 
found  at  the  normal  outside  water  level  was  1.10. 

Extensive  seepage  occured.  Vast  parts  of  the  innerslope 
were  not  even  practicable,  Figure  1. 


GEOTECHNICAL  INVESTIGATIONS 

Given  the  expected  large  replenishments  of  the  innerslope 
and  the  soft  subsoil  conditions  a  vast  geotechnical  inves¬ 
tigation  was  set  up  to  achieve  a  firm  basis  for  the  re¬ 
construction  design. 

First  a  visual  inspection  of  the  dike  was  carried  out. 
Based  on  its  results  12  locations  (cross-sections)  were 
selected  for  further  investigation. 

This  was  done  in  two  stages:  a  preliminary  investigation 
to  establish  the  quality  of  the  existing  dike,  and  an  ad¬ 
ditional  investigation  to  gather  sufficient  information 
for  the  actual  reconstruction  design. 

Soil  borings  (percussion  method)  and  cone  penetration 
tests  were  carried  out  to  obtain  information  about  the 
subsoil.  To  establish  the  phreatic  line  in  the  dike  stand¬ 
pipes  were  placed. 

Totally  39  soil  borings  were  executed  varying  in  length 


Fig.  1  Seepage  at  the  innerslope 


between  3.5  m  (inner  toe)  and  11.5  m  (crest)  and  5  pene¬ 
tration  tests  (12  m).  A  number  of  49  standpipes  was  pla¬ 
ced. 

In  every  cross-section  at  least  3  borings  and  4  stand-pi¬ 
pes  were  considered  to  be  necessary. 

From  the  borings  undisturbed  samples  were  taken  which 
were  used  for  laboratory-tests. 

From  each  sample  the  soil  type,  the  unit  weight  (wet  and 
dry),  the  water  content  and  voids  ratio  were  established. 
The  friction  properties  of  the  soil  under  consolidated 
conditions  (angle  of  internal  friction  and  cohesion)  were 
defined  based  on  35  compression  tests  and  28  direct  shear 
tests.  To  investigate  the  consolidation  properties  32 
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tests  were  performed.  The  permeability  was  teste''  for  15 
samples. 

On  the  basis  of  the  results  of  the  site  investigation  a 
geological  profile  along  the  dike  section  is  composed 
(Oranjewoud  1987),  Figure  2. 

At  a  depth  of  11.20  -  12.20  m  below  the  reference  level 
N.A.P.  sand  formations  formed  during  the  late-pleisto- 
cene  are  present  above  which  a  thin  layer  of  peat  varying 
between  0.3  and  0.9  m  is  found. 

Besides  a  clay  layer  (holocene  deposits)  varying  in  thick¬ 
ness  between  4  and  6  m  on  which  a  3  -  5.5  m  thick  layer 
of  peat  can  be  found.  The  clay  layer  contains  relatively 
a  high  quantity  sand  in  the  lower  sections  and  vegetation 
remains  in  the  upper  sections. 

The  upper  layer,  which  is  in  fact  the  dike  body,  strongly 
varies  in  composition  and  thickness:  besides  peat,  also 
sand,  clay  and  debris  are  present.  Human  activities  have 
strongly  influenced  this  layer. 


Not  only  longitudinal  variation  in  the  geological  strati 
fication  is  found  but  also  perpendicular  to  the  axis  of 
the  dike. 

An  example  is  given  in  Figure  3. 
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Fig.  2  Geological  profile  of  the  dike  of  polder  Oudendijk 


To  give  an  indication  of  the  soil  properties  in  Table  1 
the  results  of  the  laboratory  tests  carried  out  on  the 
samples  taken  from  the  additional  site  investigaton  are 
shewn. 


TABLE  1  Results  from  laboratory  tests  (mean  values) 


Soil 

type 

Volume 

weight 

(kN/m3) 

Angle  of 
internal 
friction 
(dgr) 

Cohe¬ 

sion 

(kN/m3) 

Compres¬ 

sion 

modulus 

Permea¬ 

bility 

(m/s) 

Antro- 

pogene 

12,6 

20,7 

6,5 

8,8 

1,3. 10-7 

Peat 

Clay, 

10,2 

20,8 

4,7 

4,2 

1,5.10  0 

_Q 

veg. 

remains 

13,9 

25,5 

2,6 

9,1 

2.9.10  y 
7.7.10-10 

Clay, 

sandy 

16,8 

25,5 

1.9 

22,3 

Fig.  3  Bottom  schematization  cross-section  9B 


The  geological  investigation  carried  out  was  for  Dutch 
circumstances  very  extensive,  even  for  the  type  of  dike 
considered  in  this  paper,  where  the  bottom  profile  varies 
within  short  ranges. 

However,  as  was  experienced  later  on,  it  appeared  to  be 
insufficient. 

Local  variations  did  occur  which  were  not  detected. 


RECONSTRUCTION  DESIGN 
Design  criteria 

The  design  of  the  dike  should  meet  to  the  following  cri¬ 
teria: 

.  the  dike  should  fulfill  the  criteria  for  a  period  of 
at  least  20  years; 

.  the  crest  level  should  lie  at  least  0.50  m  above  the 
normal  outside  water  level; 

.  the  geo-technical  stability  has  to  be  sufficient; 

.  seepage  has  to  be  reduced; 

.  if  possible  the  highly-valued  vegetation,  that  occurs 
on  a  350  m  long  section  of  the  innerslope  should  be 
preserved. 

The  stability  of  the  dike  can  be  improved  and  the  seepage 
can  be  reduced  by  replenishments  of  the  innerslope  as  well 
as  by  lowering  the  phreatic-line  in  the  dike  body. 

The  latter  can  be  obtained  for  example  by  an  impermeable 
screen  at  the  crest  of  the  dike  or  a  drainage  system  at 
the  innerslope. 

A  significient  reduction  of  the  phreatic  line  however 
causes  large  additional  settlements  which  on  their  turn 
lead  to  an  extra  crest-elevation. 

Since  the  crest  has  to  be  heightened  anyway  the  method  of 
innerslope-strengthening  is  chosen.  The  replenishments 
were  carried  out  with  sandy  clay  that  is  more  permeable 
than  the  subsoil  on  which  it  is  placed,  is  sufficient  re¬ 
sistant  to  erosion  and  allows  a  good  grass-growth. 


Crest-heigth 

Settlement  calculations  were  necessary  to  establish  the 
crest  height  in  such  a  way  that  in  twenty  years  it  would 
not  become  lower  then  the  design  level. 
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The  calculation  method  applied  was  according  to  Terza- 
ghi's  formula: 


The  shear  force,  needed  to  determine  the  moment  of  shear 
at  a  certain  point  of  the  slide-plane,  is  determined  by: 


z 


-  h  1n  ,p2, 

-C1n<p^ 


(1) 


In  which:  z  =  settlement  (m) 

h  =  thickness  of  the  soil-layer  (m) 

C  =  coefficient  of  compressibility 

p,  =  effective  stress  before  loading  (kN/m2) 

Pg  =  effective  stress  after  loading  (kN/m2) 

For  the  peat  layers  use  has  been  made  of  the  adaption  by 
Fokkens  (Soudyn  1972): 


C  +  1,5  In  (— ) 

h 


■pT'"# 


(2) 


c‘  +  *  tan 

ic 

,  ,  tan  a’  *  tan  a 
1  F 


(3) 


In  which:  T[nax  =  the  maximum  shear  force  (N/m2) 

o'  =  the  effective  pressure  acting  on  the 
slide  plane  (N/m2) 

=  the  angle  of  internal  friction  (dgr) 

c1  =  the  cohesion  (N/m2) 

F  =  safety  factor 

* 

a  =  a  for  a  >  -  in  +  i<j>‘ 

a  =  -in  +  for  a  S  -in  +  i 

a  =  the  angle  between  the  horizontal  and 
the  tangent  of  the  slide-circle 


The  existing  cycle-track  on  the  crest  had  to  be  replaced. 
The  settlement  calculations  were  carried  out  for  several 
types  of  road  construction  varying  in  weight.  The  con¬ 
struction  chosen  was  a  top-layer  of  0.08  m  of  asphaltic- 
concrete  on  a  sub  layer  of  0.40  m  of  foam-slags. 

Table  2  shows  the  results  of  the  calculations  for  several 
cross-sections: 


TABLE  2  Results  of  settlement-calculations 
(*  =  N.A.P.  =  the  ordnance-datum) 


Cross- 

section 

(no.) 

Former 
crest- 
level 
(m  -  * 

N.A.P.) 

New 
crest- 
level 
(m  -  * 

N.A.P.) 

Expected 
settle¬ 
ment  in 

20  years 
(m) 

Percentage 
of  final 
settlement 

8b 

-0,60 

+0,60 

0,70 

93 

9a 

-0,49 

+0,75 

0,85 

96 

9b 

-0,42 

+0,30 

0,40 

87 

10 

-0,21 

+0,40 

0,50 

92 

4b 

-0,51 

+0,20 

0,30 

98 

4d 

-0,61 

+0,40 

0,50 

99 

To  increase  settlements  a  temporary  extra  crest-elevation 
of  0.50  m  was  executed  which  after  two  years  was  excava¬ 
ted.  This  results  in  a  decrease  of  rest-settlements. 


The  above  mentioned  conditions  for  a  prevent  the  shear 
force  from  obtaining  extreme  values  in  the  passive  zone 
(a  =  negative  in  the  passive  zone). 

The  design  dike  profile  is  determined  using  the  Bishop- 
method  in  which  the  shear  stress  is  calculated  under 
drained  circumstances.  The  criteria  is  that  the  minimum 
safety  factor  is  1.3. 

The  calculations  are  carried  out  for  11  cross-sections. 
Figure  4  shows  an  example  for  one  section. 


Stability 

Under  stability  is  meant  the  resistance  against  sliding 
of  large  parts  of  the  dike  body  along  a  straight  or  a 
curved  plane  in  which  due  to  overloading  no  equilibrium 
of  forces  may  be  present  (TAW  1985). 

The  method  commonly  used  is  based  on  a  circular  sliding 
surface  where  the  potential  failure  mass  is  divided  into 
slices. 

The  safety  factor  is  defined  by  the  ratio  of  the  moment 
of  shear  along  the  failure  plane  and  the  moment  of  weight 
of  the  failure  mass. 

The  objective  is  then  to  find  the  centre  and  radius  of 
the  circle  with  the  lowest  safety  factor. 

In  this  project  use  has  been  made  of  the  simplified 
Bishop  Method  of  Slices  in  which  it  is  assumed  that  the 
resultant  of  the  vertical  forces  acting  on  the  sides  of 
any  slice  is  zero. 


Fig.  4  Necessary  replenishment  and  minimum  slide-circle 
for  cross-section  9a 


Over  a  section  of  1.3  km  it  was  necessary  to  excavate  a 
part  of  the  toe  of  the  dike  and  replace  it  by  sand. 

Thus  not  only  the  stability  was  improved  but  also  the 
seepage  moved  from  the  innerslope  to  the  toe. 

A  distinction  has  to  be  made  between  the  short  and  long 
term  stability,  or  the  design  and  execution  stability. 

In  case  a  rather  impermeable  subsoil  (clay,  peat)  is  pre¬ 
sent  the  placing  of  extensive  innerslope  replenishments 
may  cause  very  high  excess  pore  water  pressures  which 
will  only  slowly  reduce  and  result  in  a  proportional  in¬ 
crease  of  the  effective  pressures. 

This  means  that  in  these  cases  the  short  term  stability 
is  generally  decisive  (De  Pee,  1986). 


To  establish  the  execution-stability  a  common  method  in 
the  Netherlands  was  to  use  the  geotechnical  parameters 
($',  c ‘ )  under  drained  conditions.  The  short  term  effect 
is  achieved  by  applying  an  extra  hydraulic  pressure  for 
the  less  permeable  subsoil  layers  similar  to  the  weight 
of  the  replenishment. 

This  means  that  the  effective  vertical  stress  used  to  de¬ 
termine  the  shear  stress  is  equal  to  the  effective  verti¬ 
cal  stress  present  just  before  the  loading. 

Although  no  criteria  are  present  for  the  execution  phase 
it  was  attempted  to  obtain  a  minimum  safety  factor  of  1.2. 

These  calculations  showed  that  the  total  replenishment 
could  be  carried  out  in  one  stage.  However  it  was  decided 
to  strenghten  first  the  innerslope  and  to  heighten  the 
crest  afterwards. 


THE  SLID1NGS 

Nevertheless  in  the  last  phase  of  the  work  two  slidings 
of  the  innerslope  took  place  both  appr.  24  hours  after  re¬ 
plenishing,  Figure  5. 

Immediately  after  detection  security  measurements  were  ta¬ 
ken  consisting  of  bringing  extra  soil,  also  from  the 
crest,  to  the  toe  of  the  dike,  placing  a  ship  in  front  of 
the  danger-zone  and  installing  a  drainage  system  to  dis¬ 
charge  the  water  in  the  dike  body  as  quickly  as  possible. 


Fig.  5  Sliding  of  the  innerslope  of  the  dike 


In  order  to  detect  the  cause  of  the  slidings  additional 
soil  borings,  laboratory  tests  and  stability  calculations 
were  carried  out. 

With  the  help  of  visual  interpretations,  geological  mea¬ 
surements  and  the  borings  the  extent  and  shape  of  the  sli¬ 
dings  were  estimated.  The  slide  planes  seemed  to  be  rather 
circular.  Also  some  horizontal  displacements  in  the  direc¬ 
tion  of  the  polder  took  place. 

Two  major  causes  for  the  slidings  were  derived: 

1.  compared  to  the  geological  profile  extreme  differences 
are  detected,  especially  in  the  upper  bottom  layers. 
These  mainly  originate  from  human  activities,  such  as 
former  repairs  of  old  slidings,  old  drainage  tubes, 
etc. ; 

2.  the  calculation  method  did  not  correspond  adequatly  to 
reality. 


In  order  to  elaborate  the  second  cause,  an  alternative 
technique  to  establish  the  stability  of  soil  structures 
in  the  execution  phase  was  tested. 

For  this  a  team  was  formed  consisting  of  members  of  the 
responsible  water  authority,  the  consultants,  the  Delft 
University  of  Technology  and  the  Dutch  Ministry  of  Public 
Works. 

In  this  technique,  named  the  c  -method,  which  is  already 
applied  in  many  other  countries,  use  is  made  of  the  un¬ 
drained  shear  strength  of  the  soil. 

It  is  assumed  that  the  poorly  permeable  subsoil -layers  be¬ 
have  under  undrained  circumstances  as  frictionless  mate¬ 
rial  ($  =  o)  with  an  apperant  cohesion  c  . 

The  value  for  c  for  normally  consolidated  soil  is  estima¬ 
ted  with  the  help  of  the  following  derivation  (Vermeer, 
1983): 

cu  =  Moy  +  <^)0  *  sin  $'  +  c'  *  cos  (4) 

In  which:  (o'  +  au)  =  the  sum  of  the  vertical  and  hori- 
0  zontal  effective  stresses  present 
just  before  loading 

The  horizontal  effective  stress  can  be  estimated  by: 

=  (1  -  sin  *')0y  (5) 

The  c  -value  also  can  be  found  using  (Termaat  1985): 

-  theuSkempton  Formula: 

cu  =  (0.11  +  0.0037  *  Ip)0;Q 

in  which:  Ip  =  the  plasticity  index 

-  vane  tests 

-  direct  shear  tests 

Additional  stability  calculations  are  carried  out  using 
two  methods  based  on  this  technique.  The  results  are  com¬ 
pared  to  those  obtained  from  the  previous  described  me¬ 
thod  in  which  drained  conditions  and  o'  =  o'  are  used. 

The  first  method  is  a  normal  slide-circle  analysis  accor¬ 
ding  to  Bishop  in  which  $  =  o  and  c  =  c  are  taken. 

In  the  second  method  the  equilibrium  ofustresses  in  each 
element  of  the  soil  related  to  the  highest  possible  loa¬ 
ding  is  established.  Owing  to  the  static  undetermined  na¬ 
ture  of  the  soil  then  also  the  deformation  properties 
have  to  be  taken  into  account. 

Use  has  been  made  from  the  finite  elements  computerpro- 
gramme  Plaxis  that  is  based  on  an  elasto-plastic  behavi¬ 
our  of  the  soil.  Failure  is  determined  by  a  so-called 
flow-criterion  derived  from  the  Mohr-Coulomb  stress-shear 
relation: 


★ 

-  0  * 

sin  $'  -  c'  *  cos  $' 

(6) 

Kx  ■ 

o'  )2  +  o'  21* 
yy'  xy 

(7) 

Kx + 

°yy^ 

(8) 

In  which:  f  =  flow-criterion 

if  f  =  o:  plastic  soil  behaviour 

if  f  <  o:  elastic  soil  behaviour 

o',  o'  =  normal  effective  stresses 
xx  yy 

o'  =  shear  stress 

xy 

The  results  of  the  stability  calculations  are  given  in 
Table  3. 
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f ABLE  3  Results  of  stability  calculations  of  failures 


Calculation  method 

Safety  factor 

Sliding  no.  1 

Sliding  no.  2 

Slide  circle  drained 

0,90 

0,98 

Slide  circle  undrained 

0,81 

0,84 

Plaxis  undrained 

0,81 

0,84 

Figure  6  shows  the  slip-circles  for  the  second  sliding 
observed  at  the  spot  as  well  as  found  by  means  of  calcu¬ 
lations. 


Layer 

no. 

Soil  type 

Yn 

( kN/m3 ) 

0 

(dgr) 

c 

(kN/m2) 

1 

Sand,  clay,  debris 

15,5 

25 

0 

2 

Various 

10,2 

18 

5,8 

3 

Peat 

10,2 

19 

4,5 

4 

Clay,  veg.  remains 

11,9 

23 

3 

5 

Clay 

13,3 

21 

2,5 

Fig.  6  Slide-circles  for  the  second  instability 


The  calculated  failure  circles  are  rather  compa...ble, 
Figure  6. 

Also  the  safety  factor  determined  with  the  cu-method. 

The  safety  factor  established  with  the  method  in  which 
drained  soil  parameters  and  hydrodynamical  pressures  are 
used  gives  much  higher  values.  Especially  at  the  passive 
section  of  the  slide-plane  (the  toe  of  the  dike)  this 
method  takes  into  account  to  favourable  values  for  the 
shear  strength.  It  is  found  that  large  groundwater  pres¬ 
sures  occur  far  beyond  the  dike  profile  which  cannot  be 
explained  from  a  normal  elastic  theory. 

In  Figure  ?  the  results  of  measurements  from  waterpressu- 
remeters  in  an  other  cross-section  of  the  dike  are  given. 
It  proved  that  the  raise  of  the  hydraulic  pressure  in  the 
meters  1  and  2  passably  corresponds  with  the  weight  of  the 
loading;  meter  3  however  shows  extensive  pressures  beyond 
the  toe  of  the  dike.  The  latter  is  taken  into  account  by 
the  c  -method. 
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Contradictory  to  the  slide-plane  methods  the  critical  pla¬ 
ne  in  Plaxis  is  found  as  result  of  the  calculations. 

Figure  7  shows  the  displacement  increments  at  failure. 

It  has  to  be  noted  that  not  an  exact  circular  slide  plane 
is  found. 


Fig.  7  Displacement  increments  for  the  second  sliding 


Fig.  8  Waterpressure  measurements  in  cross-section  17a 


CONCLUSIONS 

Since  variations  in  the  subsoil  can  occur  within  short 
distances  not  only  along  the  dike-axis  but  also  perpendi¬ 
cular  to  this  it  is  for  this  kind  of  dikes  very  important 
that  geotechnical  investigations  are  carried  out  in  such 
a  manner  that  discontinuities  can  be  detected  adequatly. 

The  short  term  stability  (execution  phase)  is  decisive. 
Using  a  slip  circle  analysis  and  taking  into  account  drai¬ 
ned  soil  properties  and  hydrodynamic  pressures  correspon¬ 
ding  to  the  weight  of  the  replenishment  (o'  =  o')  re¬ 
sults  in  high  safety  factors.  ’ 

The  method  that  applies  to  the  apparent  cohesion  of  the 
soil  gives  much  lower  values  and  has  also  a  better  theo¬ 
retical  background.  Also  the  large  pore  water  pressures 
occuring  beyond  the  dike-toe  are  taken  into  account. 

A  slide-circle  calculation  according  to  the  c  -method  can 
be  carried  out  very  easily  and  ir.  case  of  circular  slide 
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planes  provides  the  same  results  as  the  more  advanced  fi¬ 
nite  element  method. 
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SYNOPSIS.  Flood  embankments  are  extensively  used  in  the  lower  Meuse-Rhine  delta  to  contain  the  rivers  &  to  protect  the  towns 
&  the  polders  below  mean  sea  level.  Stability  of  these  embankments  is  by  their  nature  crucially  important  &  has  to  be  con¬ 
sidered  under  a  variety  of  conditions,  from  their  staged  construction  or  strengthening  to  their  long  term  behaviour.  In  1984 
the  landside  slope  of  such  a  recently  heightened  &  enlarged  embankments  constructed  on  a  weak  post-glacial  peat  &  clay 
deposit,  failed  over  a  length  of  about  100m  causing  the  demolition  of  4  houses  &  necessitating  extensive  stabilization 
works.  A  precise  analysis  of  the  excess  pore  pressure  monitored  at  its  toe  from  the  start  of  execution  revealed  unexplic- 
ably  high  pore  pressures,  which  had  been  induced  during  a  previous  loading  phase  about  1  year  before  the  failure.  The 
measured  increase  of  pore  pressure  was  2-3  times  greater  than  indicated  by  elastic  calculations.  Stability  analyses  accord¬ 
ing  to  Bishop's  simplified  method  could  not  give  a  satisfactory  explanation  for  the  failure.  An  extensive  investigation  on 
the  causes  of  their  failure  has  been  carried  out.  The  results  of  a  back  calculation  of  the  induction  &  dissipation  of  the 
excess  pore  pressure  using  non-linear  material  models  implemented  in  FEM  codes  will  be  compared  with  a  classica’  approach, 
based  on  Bishop's  circular  slip  method  and  linear  elastic  material  models. 


1.  CONVENTIONAL  STABILITY  ANALYSIS 

The  design  of  an  embankment  reinforcement,  based 
on  various  boundary  conditions,  always  needs  to 
be  tested  by  criteria,  which  are  directly 
related  to  the  possible  embankment  failure 
mechani sms . 

Besides  the  judgement  of  the  long  term  stability 
of  the  embankment  (fully  consolidated 
situation),  the  stability  during  the  various 
construction  phases  also  needs  to  be  analysed. 
The  importance  of  these  analysis  is  two-fold: 

1.  check  whether  the  safety  against  an 
embankment  failure  is 
sufficiently  satisfied. 

2.  check  whether  the  envisaged  embankment  can 
be  realized  technically  and  economically  within  the 
available  area. 

In  the  Netherlands,  stability  analysis  of  staged 
constructions  are  performed  with  Bishop's 
simplified  method  Is  terms  of  effective 
stresses.  The  shear  resistance  Is  given  by 
Coulomb's  Law 

Tu  =  c'  +  tan  4'  (1) 

in  which  c'  and  are  the  drained  cohesion  and 
friction  angle  evaluated  from  Dutch  cell  tests 
and  the  effective  normal  stress.  In  Bishop's 
method,  the  effective  normal  stress  and  the 
ultimate  shear  resistance  at  the  bottom  of  a 
slice  are  linear  functions  of  the  effective 
vertical  stress  ov  (Bishop,  1955),  which  is 
given  at  any  moment  by 

+  E  A  avi  •  »Pi(t)  (2) 

The  initial  vertical  stress  (  (Jyo)  and  the 
increase  of  the  total  vertical  stress  due  to 
layer  1  (A  oyi)  follow  directly  from  the  weight 
of  the  slice  above  the  chosen  slip  surface.  The 
consolidation  percentage  Up^(t)  at  time  t  after 
loading  i  follows  from  a  one  dimensional 
Terzaghi  type  consolidation  analysis  (in  the 
case  of  prediction  type  design  calculations)  or 
from  measured  consolidation  percentage  with  the 
piezometers  (in  che  case  of  control  calculation 
during  construi tion  or  in  the  case  of  post 
diction  type  back  calculations). 

In  the  design  phase,  the  construction  rate  shown 
on  fig.  2  has  been  established  in  order  to 
ensure  the  required  factor  safety  Fg  ■  1.2  at 
any  momen  t . 


During  construction  excess  pore  water  pressures  are 
measured  under  or  close  to  the  embankment.  The 
measurements  are  compared  with  the  expected  values, 
to  investigate  whether  the  consolidation  process 
is  in  accordance  with  the  design  assemptions. 

A  method  has  been  developed,  which  simply  allows 
to  control  whether  the  measured  excess  pore  pres¬ 
sures  do  not  exceed  the  maximum  allowable  values 
during  the  various  construction  stages  (the  "red 
line"). 

The  guidance  of  'he  construction  using  these  "red 
lines"  gives  an  impression  of  the  stability 
during  the  various  construction  phases. 

The  "red  lines"  are  based  on  the  equilibrium 
analysis  as  deducted  from  an  elastic  stress 
analysis  for  the  various  construction  phases. 

The  graphical  presentation  is  such,  that  a 
relation  is  derived  between  the  height  of  the 
embankment  under  construction  and  the  maximum 
allowable  excess  pore  pressures. 

Moreover  the  maximum  expected  increase  of  the 
excess  pore  pressures  due  to  the  various  load¬ 
ing  steps  is  also  presented  graphically.  Hence 
at  any  construction  stage,  it  can  be  judged 
directly,  whether  it  is  justified  to  continue 
raising  the  embankment. 

2.  DIKE  CROSS  SECTION  AND  SEQUENCE  OF  EVENTS 


The  construction  of  the  embankment  reinforcement 
at  Streefkerk  (see  figure  1)  has  started  in 
August  1982. 


Fig.  1.  Location  of  the  embankment  failure 
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Figure  2.  Geotechnical  profile  and  fasing  of  the  applied  fill  (heights  related  to  NAP) 


In  order  to  shorten  the  consolidation  period 
vertical  drainage  is  applied  under  the  berm.  The 
type  of  the  applied  drains  is  Colbond  KF  650 
reaching  up  to  approximately  1.5  i  above  the 
aquifer  which  is  foudn  at  the  level  of  NAP  (New 
Amsterdam  datum)  -12.5  m.  After  the  first  work¬ 
ing  season  the  embankment  reinforcement  was 
raised  up  to  NAP  +  2.30  ra.  After  the  winter 
period  the  construction  resumed  in  March  1983. 

In  September  1983  the  top  level,  NAP  +  6.30  m, 
of  the  embankment  was  reached.  The  clay  cover 
was  brought  up  in  August/September.  1983.  The 
completion  of  the  outer  slope  was  carried  out 
from  August  up  to  the  end  of  September. 

Broadening  and  deepening  of  the  ditch  at  the 
toe  of  the  inner  slope  would  complete  the 
construction  (19th  October).  Shortly  there¬ 
after  (21st  October)  instability  symptoms 
appeared  close  to  the  descents  at  dike  post 
(dp)  211. 

The  cross  section  of  the  existing  dike  and  the 
various  stages  of  the  reinforcement,  as  well 
as  their  dates  of  execution  and  their  levels 
are  indicated  on  Figure  2. 

Piezometers  and  settlement  gauges  were 
installed  before  construction  to  monitor  t'. 
behaviour  of  the  dike  (see  Figure  2).  This 
is  common  practice  in  embankment  constructions 
in  the  Netherlands. 

3.  SOIL  PROFILE 

The  soli  profile  (see  fig.  2)  indicates  a  highly 
compressive  post-glacial,  normally  or  slightly 
overconsolidated  clay  and  peat  deposit, 
underlain  by  a  stiff  Pleistocene  sand  stratum. 
The  stiff  Pleistocene  sand  stratum  at  about  NAP 
-  15  m  is  more  or  less  in  direct  contact  with 
the  river.  The  potential  head  in  this  sand  is 
determined  by  tidal  and  surge  variations  of  the 
water  level  in  the  river.  Some  soil 
characteristics  are  shown  in  tabel  1. 

This  soil  profile  is  common  in  the  Meuse  Rhine 
delta.  Soil  investigation  before  construction 
and  after  the  slope  instability  did  not  3how 
significant  differences. 

4.  THE  SLIDING 

"Sunday  the  21th  October  198  -  18.00  hrs". 

After  a  report  from  the  police  the  dike 
administrator  establishes  crack  formation  over  a 


length  of  80  m  with  height  differences  of 
approx.  5  cm  in  the  vicinity  of  house  Bergstoep 
56.  The  polder  side  of  the  road  has  settled  but 
shows  no  cracks.  The  other  part  of  the  road 
shows  various  cracks  with  a  width  ol  approx. 

5  cm,  which  endanger  the  (bicycle)  traffic. 

Further  the  dike  administrator  reports: 

-  "close  to  Bergstoep  56  at  a  distance  of  approx. 
40  m  from  the  toe  of  the  inner  slope  of  the 
dike  the  wooden  girder  of  a  sleet  piling 
perpendicular  to  the  dike  buckles,  which 
indicates  horizontal  displacement. 

-  The  last  of  a  single  row  of  tiles  behind 
house  Bergstoep  56  is  pressed  into  in  the 
hind  lying  soil  (again  horizontal  displace¬ 
ments)  . 

-  The  pile  founded  house  Bergstoep  59  shows  a 
crack  of  several  metres  in  the  flagstone  floor 
of  his  dwelling,  the  crack  has  widened  since 
this  morning. 

Early  next  morning  (22  October)  a  maximum  height 
difference  of  20  cm  was  measured  in  the  road 
surface  (Figure  3).  The  settlement  increased 
extensively  during  the  day  (approx.  3  cm  per 
hour) .  The  horizontal  ground  movements  in  the 
hindlying  polder  started  to  cause  problems  at 
the  various  houses.  Around  high  tide  the 
deformation/velocity  seemed  to  ba  higher  than 
at  low  tide. 

Initially  there  weren't  observed  any  uptrusts, 
but  around  noon  it  occurred  that  particularly 
the  meadow  between  the  houses  56  and  59  was 
forced  up  very  smoothly.  Remarkably  the 
ditch  visually  didn't  deform. 


Fig.  3.  Deformation  of  the  road  surface  on 
22  October  at  10.00  hrs. 
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Table  1;  Material  properties  used  for  the  calculations. 
5.  ANALYSIS 

The  total  area,  in  which  stability  problems  were 
encountered,  lies  between  dp  210+  90  m  and  dp 
2io+  1^3  m. 

As  far  as  the  analysis  is  concerned  the  follow¬ 
ing  two  parts  can  be  distinguished: 

-  the  central,  most  serious  sliding  in  the 
vicinity  of  dp  211.  Because  of  the  vari¬ 
ability  of  the  cross-section  (ascents  and 
descents)  of  the  dike  analysing  this  part 
is  very  complex  (Section  "F  at  descents") . 

-  the  part  west  to  the  central  sliding, 
situated  between  dp  210+  90  m  an{j  jp  210+163m# 
Due  to  the  availability  of  locally  measured 
water  pressures  during  construction  an 
analysis  of  the  causes  was  very  well  possible 
in  this  part  (section  "F  with  gauges"). 

The  analysed  cross  section  33  was  situated  in 
section  "F  with  gauges".  The  encounted  damage 
is  in  the  form  of  very  serious  deformations, 
more  than  to  speak  of  a  real  sliding. 

As  first  action  was  investigated  in  how  far  the 
actual  construction  rate  was  in  accordance  with 
starting  points  in  the  design  phase.  Further  it 
was  invesitgated  whether  the  measured  excess 
water  pressures  could  have  been  an  indication 
for  the  approaching  clarity. 

Just  as  figure  2,  figure  4  indicates  the  times 
on  which  the  various  activities  concerning 
ground  work  have  been  executed.  These  t'  les 
are  compared  with  the  assumed  loading  rate  in 
the  design  calculations. 
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Fig.  4.  Construction  rate  versus  construction 
rate  according  to  design  calculations 


Figure  5  indicates  the  measured  excess  pore 
pressures  at  the  deepest  (this  has  shown  to  be 
the  most  relevant)  water  pressure  gauge.  The 
water  pressures  are  plotted  as  piezometric  head 
with  respect  to  NAP.  In  figure  6  the  measured 
pressures  are  brought  in  relation  with  the 
earlier  described  "red  line". 
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Fig.  5.  Measured  water  press  ure  s  during 
construction 

While  studying  tne  actual  construction  rate  the 
following  matters  were  noticed. 

1982 

At  the  end  of  the  first  working  season  the 
prescribed  height  of  NAP  +  4.50  m  was  not 
reached.  This  has  to  be  imputed  to  the  delayed 
start  of  the  construction. 

1983 

Initially  the  embankment  was  raised  at  a  sub¬ 
stantial  rate.  By  May  three  raising  steps 
(totally  about  2  m  sand)  were  completed.  The 
raisings,  introduced  none  or  hardly  any 
increase  of  the  water  pressures  (figure  5) . 
According  to  the  "red  lines"  (figure  6)  no 
equilibrium  problems  were  expected  at  this  stage. 
After  several  months  of  rest  great  activity  was 
employed  around  September  (figure  4).  In  two 
weeks  time  a  0.70  m  clay  cover  was  positioned  on 
the  berm  and  the  lower  part  of  the  slope,  the 
sand  body  was  raised  from  NAP  +  4.50  m  to  NAP 
+  6.30  m  and  the  upper  part  of  the  slope  was 
covered  with  a  0.70  m  clay  layer.  In  fact 
this  action  meant  the  realization  of  the 
complete  reinforcement  with  the  exception  of 
the  finishing  of  the  outer  slope  and  the 
raising  of  a  strip  outside  the  reinforcement, 
directly  above  the  former  road.  Consequently 
the  loading  stages  through  these  last  raisings 
in  September  the  excess  pressures  increased 
much  more  than  theoretically  could  be 
expected  (see  the  "green  line"  in  figure  6). 

The  deepest  gauge  indicated  even  more  than  was 
allowed  according  to  the  "red  line". 

High  excess  pressures  and  the  end  of  working 
season  implied  the  postponement  of  further 
activities. 
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Fig.  6.  Measured  and  allowable  waterpress ure s 


Within  Che  scope  of  the  analysis  after  events 
stability  calculations  were  carried  out  with  the 
same  starting  point  as  used  for  the  design 
calculations,  however  using  different  water 
pressures. 

The  consolidation  percentages  Upi(t)  were 
determined  from  the  measured  increase  of  pore 
pressure  due  to  loading  i  (Au^)  and  the 
remaining  pore  pressure  u^(t)  at  time  t 


U 


Pi 


Auj  -  ut(t) 


Au  < 


(3) 


Firstly  calculations  were  carried  out  for  the 
events  in  1983.  Herewith  the  situation  just  before 
and  directly  after  the  most  extensive  raising  were 
investigated  (about  August  and  September  respec¬ 
tively)  . 

Further  the  effect  of  the  raising  in  1984  was 
analysed.  The  results  of  these  calculation  are 
resumed  in  table  2. 

Table  2 


August  83 
September  83 
September  84 
without  ditch 

September  84 
with  ditch 


upi(!0 


65 

65 

67 


1.20 
1 .03 
1.17 


1 .1  5 


1984 

At  the  start  of  the  activities  in  1984  the 
waterpressures  had  decreased  significantly  with 
respect  to  the  measurements  in  November  1983 
(figure  5  and  6 ) . 

The  actual  activities  in  this  year  were  as 
follows  (figure  2): 

-  In  Augusc  and  September  activities  were 
executed  on  the  former  outer  slope. 

-  From  17  to  28  September  the  road  foundation 
and  surface  were  put  in.  (In  the  adjacent 
section  besides  the  road  foundation  and 
surface  also  the  descent  was  constructed) . 

-  On  the  19th  October  the  trench  at  the  inside 
slope  was  enlarged  to  form  the  final  ditch. 

The  excavated  soil  was  deposited  at  the 
polderside  of  the  ditch. 

According  to  slipcircle  analysis  each  of  the 
above  mentioned  activities  has  only  a  limited 
influence  on  the  stability  of  the  embankment. 

If  the  measured  water  pressures  are  brought  in 
relation  with  the  activities  executed  in  1984 
it  can  be  deduced  that  the  activity  on  the  outer 
slope  didn't  provoke  an  increase  of  the  water 
pressures;  the  raising  at  the  roadside,  however, 
caused  an  increase  of  the  water  pressures.  How¬ 
ever,  they  did  not  reach  the  level  at  the  end 
of  1983. 

Construction  of  the  road  would  provoke  additional 
water  pressures.  However,  figure  6  indicates 
that  at  that  time  the  measured  water  pressures 
were  sufficiently  below  the  "red  line"  to  allow 
the  execution  of  these  activities. 


Back  analysis  showed  that  the  consolidation  rate 
of  the  underlying  soil  strata  was  less  than 
assumed  during  the  design  period.  Whether  this 
was  due  to  the  soil  itself  or  the  vertical 
drains  could  not  be  determined.  The  results 
show  clearly  among  other  things  the  great 
effect  of  the  raising  at  the  end  of  1983.  It 
Is  clear,  that  even  loss  of  equilibrium  at  the 
end  of  1983  would  not  have  been  impossible. 

The  calculated  safety  factor  at  the  end  of  1984 
is  greater  than  the  one  calculated  at  the  end  of 
1983  (1.15  against  1.03  respectively).  Never¬ 
theless  at  the  end  of  1983  none  and  at  the  end 
of  1984  very  serious  deformation  were  observed. 

Taking  into  account  all  possible  unfavorable 
aspects  still  a  factor  of  safety  greater  than 
1.0  was  calculated.  The  minimum  calculated 
factor  of  safety  appeared  to  be  1.04. 

Concluding  from  these  results,  two  main 
questions  needed  to  be  answered  to  get  a  better 
understanding  of  the  failure  mechanism  and  the 
embankment  behaviour: 

-  Which  are  the  reasons  for  the  great 
differences  between  the  measured  and  the 
predicted  pore  pressures  up  from  August  1983, 
whilst  a  good  accordance  was  found  for 
earlier  loading  phases? 

-  For  which  reason  did  the  small  load  step  in 
October  1984  lead  to  failure,  despite  the 
important  decrease  of  measured  pore  pressure 
and  the  higher  value  of  Fg  (calculated  in 
terms  of  effective  stresses  with  Bishop's 
method)  at  failure  than  in  August  1983? 
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6.  CALCULATION  OF  EXCESS  PORE  PRESSURE  AT 
UNDRAINED  LOADING 


Because  the  classical  method  of  predicting  the 
pore  pressure  generation  and  dissipation  was 
found  to  be  insa t is f ac to ry ,  these  points  are 
discussed  from  a  more  general  point  of  view.  For 
slightly  overconsolidated  or  normally 
consolidated  soils,  the  following  distinction  in 
pore  water  pressure  development  with  increased 
loading  and  consolidation  is  made. 

Initially,  there  is  an  elastic  behaviour  for  OCR 
>  1.  The  increase  of  water  pressure  Aue  is 
caused  solely  by  an  increased  total  isotropic 
stress.  For  plane  strain  and  undrained  behaviour 
(Poisson  ration  v  =  0,5),  this  can  be 
approximated  by  (effective  stress  path  A'B  and 
total  stress  path  A'R  on  figure  7). 


Aue 


A  a,  +  Ao, 

6  - l-2 - 1  =  6  Ap 


(4) 


wherein  8  is  a  pore  pressure  coefficient 
accounting  for  the  presence  of  (dissolved)  gas. 
In  absence  of  dissolved  gas,  6=1.  Ao^  and  Acj 
are  the  increase  of  major  and  minor  total 
principal  stresses. 

After  having  developed  a  normally  consolidated 
behaviour,  either  by  consolidation  (effective 
stress  increase)  or  by  shear  stress  increase,  an 
increase  of  shear  stress  will  also  cause  an 
increase  of  pore  water  pressure  (Aus).  For  plane 
strain  conditions  and  undrained  behaviour,  this 
water  pressure  increase  (which  is  a  function  of 
the  increase  of  the  octahedral  shear  stress 
At  )  can  be  written  as  (ESP  B'-F'  and  TSP  B-F 
on  fig.  7). 


Aus  =  5 


—Uj - 1  =  C  Aq 


(5) 


The  magnitude  (5)  of  this  stress  Increase 
depends  on  the  actual  erfective  stress  and  the 
location  and  the  shape  of  the  yield  surface 
(Burland,  1971;  fig.  7). 


Indeed,  when  the  effective  stress  path  reaches 
the  yield  envelope,  the  excess  pore  pressure 
increments  are  related  to  the  total  stress  so 
that  the  effective  stress  path  remains 
practically  on  the  yield  enve’ope. 

The  consolidation  rate  decreases  considerably 
once  the  effective  stress  path  has  reached  the 
yield  envelope. 

When  the  applied  shear  stress  in  the  foundation 
layers  somewhere  equals  the  shear  resistance, 
locally  no  further  shear  stress  Increase  can 
occur  (point  F'  and  F  on  fig.  7).  In  this  failed 
areas,  local  plastic  flow  will  lead  to  a  further 
increase  of  pore  water  pressure  (AuP)  in 
comparison  to  the  elastic  solution.  Indeed,  at 
failure,  the  difference  between  the  principal 
stresses  o^  and  Oj  is  equal  to  twice  the 
undrained  strength  Cu  at  the  moment  of  loading: 

-  o3  =  2  Cu  (6) 

With  further  loading  (at  unchanged  Cu)  in  the 
purely  plastic  area,  the  minor  and  major 
principal  stresses  will  remain  related  by  eq.  6, 
so  that  their  Increments  will  be  equal:  Ao^  » 

Aoj.  Hence,  local  plastic  flow  leads  to  a  higher 
excess  pore  pressure  than  can  be  derived  from  an 
elastic  solution  provided  that  the  horizontal 
stress  Is  smaller  than  the  vertical  stress 
(Hoeg,  1968;  Burland,  1971;  Law,  1979). 


Fig.  7.  Induction  of  excess  pore  pressure 

Local  plastic  flow  and  the  subsequent  stress 
transfer  in  the  plastic  area,  will  affect  the 
stress  increases  distribution  in  the  nearby  non- 
failed  area  (Bauduin,  1987),  which  become  higher 
than  resumed  from  an  elastic  solution.  This 
phenomenon  is  comparable  with  the  force 
redistribution  in  a  hyperstatic  steel  beam  when 
yielding  is  reached.  Finite  element  calculations 
with  elasto-plastic  material  behaviour  enables 
the  stress  transfer  to  be  calculated  without 
restrictive  assumptions. 

Sensitive  clays  show  a  sudden  reduction  in 
strength  upon  reaching  the  failure  surface.  As 
Che  effective  stress  path  has  to  remain  on  the 
failure  surface  (Tavenas,  1977),  this  will  cause 
a  sudden  increase  of  pore  water  pressure  (ESP 
F'-R'  and  TSP  F-R  on  fig.  7). 

7.  PORE  PRESSURE  DISSIPATION 

The  increase  of  effective  stress  during  the 
consolidation  phase  governs  the  increase  of  the 
shear  resistance  and  hence  has  to  be  evaluated 
as  a  function  of  time.  The  phenomena  of  pore 
pressure  dissipation  and  consolidation 
settlements  can  be  discrlbed  by  the  Blot  theory 
(Blot,  1941).  The  initial  Biot  theory  Is  based 
on  the  assumption  of  elastic  behaviour  of  the 
soil;  it  means  that  the  initial  pore  water 
pressure  distribution  is  given  by  eq.  3.  Creep 
effects  are  not  taken  into  account  in  Biot's 
Initial  theory,  although  there  is  some  evidence 
that  constant  effective  normal  stresses  as  well 
as  shear  stresses  can  influence  the 
consolidation  process  by  apparently  lowering  the 
rate  of  dissipation  of  pore  pressure  (Magnan, 
1979;  Mesri,  1974;  Garlanger,  1972).  Blot's 
theory  -  in  opposite  of  less  rigorous  theories  - 
demonstrates  that  consolidation  may  also  be 
responsible  for  some  changes  in  the  elastic 
stress  distribution,  which  influences  the  pore 
water  pressure  (Mandel,  1953;  Cryer,  1963; 
Schiffman,  1969). 

8.  SEQUENCE  OF  CALCULATIONS 

During  construction  of  the  embankment, 
relatively  short  loading  stages  are  followed  by 
more  or  less  longer  periods  of  drainage  in 
sequence.  The  analysis  of  pore  pressure 
development,  involves  therefore  a  sequence  of 
calculations  of  pore  pressure  generation  during 
the  loading  stages  and  calculations  of 
dissipation  of  excess  pore  pressure  during  the 
Intermittent  drainage  periods.  Two  different 
finite  element  codes  have  been  used  to  carry  out 
these  calculati  ,  namely: 

the  coraputercodo  SPONS,  which  is  based  on 
Biot's  initial  consolidation  theory  and 
allows  to  calculate  the  dissipation  during 
the  draining  periods 


551 


-  the  computercode  DIEKA,  which  is  suitable  for 
simulation  of  effective  or  total  stress 
analyses  of  an  Instantaneous  loading  step, 
applying  nonlinear  stress  strain  behaviour. 

In  the  calculations,  an  elastic  perfectly 
plastic  stress  strain  behaviour  has  been 
used,  assuming  a  Mohr-Coulomb  type  stress 
envelope  in  the  case  of  an  effective  stress 
analysis  and  a  Tresca  type  stress  envelope  in 
the  case  of  a  total  stress  analysis. 

The  process  of  pore  pressure  generation  and 
dissipation  in  between  two  loading  steps,  say  at 
time  instants  t^  and  t2>  has  been  simulated  as 
follows: 

1.  Assuming  that  the  initial  effective  stress 
distribution  o' ( tT )  and_the  pore  pressure 
distribution  u(t^)  at  t^  (just  before  loading 
at  t^)  are  known,  the  undrained  shear 
strength  can  be  calculated  as: 

s„(tp  =  Su(t1)  »  c'  cos  +  p'Ctj)  sin 


wherein  p'(ti)  denotes  the  effective 
isotropic  stress  at  failure,  as  derived  from 
the  actual  effective  isotropic  stress, 
properly  accounting  for  the  effect  of  the 
yield  envelope  on  the  effective  stress  path 
during  loading. 

2.  A  total  stress  analysis  using  the  DIEKA  code 
is  carried  out,  applying  the  total  load, 
including  the  load  step  at  t, .  The  shear 
resistance  is  given  by  Su(t1). 

3.  The  generated  pore  pressures  during  the 
loading  step  due  to  increase  of  the  normal 
stresses,  including  the  effects  of  plastic 
yielding  and  global  stress  transfer  equals 

Aue(t1)  +  AuP(  t^)  “  p(  t*)  -  p *  (  )  (8) 

in  which  p(tj")  denotes  the  isotropic  total 
stress  just  after  loading.  Aue  takes  into 
account  the  stress  redistribution  in  the  non 
failed  area  due  to  stress  transfer  in  the 
failed  area. 

4.  The  generated  pore  pressure  during  loading 
due  to  the  increase  of  shear  stresses  Aus  are 
calculated  using  the  difference  between  the 
deviatorlcs  after  (q(t^))  and  before 

(q( tj)  )  loading  and  the  yield  envelope 

Aus(t1)  -  5  [q(tjh)  -  q(tf)]  (9) 

5.  The  total  Increase  of  excess  pore  pressure 
due  to  the  loading  step  at  tj  is  given  by: 

Au(t1)  -  Aue(tx)  +  AuP (  t^ )  +  Au8^)  (10) 

The  total  excess  pore  pressure  distribution 
just  after  loading  u( tp  given  by: 

u(t*)  “  u(tj)  +  Au(t^)  (11) 

These  pore  pressures  represent  the  initial 
conditions  for  the  computation  of  dissipation 
during  the  period  from  t*  until  1 1 ,  using  the 
SPONS  code.  The  result  of  this  calculation  is 
the  new  pore  pressure  distribution  u(t£)  and 
the  increase  of  effective  stresses  Ao' . 

6.  In  order  to  determine  the  new  effective 
stress  field  o' ( t^)  just  before  the  loading 
step  at  1 2 1  a  DIEKA  effective  stress  analysis 
is  carried  out,  starting  from  the  effective 
stress  field  o'  (t[)  and  applying  the 


effective  stress  increments  Ao' .  This 
analysis  completes  the  sequence  of 
calculations  for  one  loading  consolidation 
cycle. 

The  complete  sequence  of  calculations  and  their 
relation  to  in  situ  events  has  been  summarized 
in  table  3. 


Date  of 

Date 

Nuaber 

Calculation 

Pro- 

Result 

actual 

desig- 
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method 
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loading 
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t0 

- 
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Initial  effective  stresses 

fig.  2 

stress 

«V‘0> 

1 

*0* 

0-24 

Elastic  pore 

SPONS 

Tine-dependent  excess  pore 

C 

38 

pressure 

pressure  frea  t*+  to  t.-s 

D 

51 
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u  (t) 
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E 
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F 
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C 
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380 
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DIEKA 
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stress  ana- 

^  <t,-> 

ly*J  a 

M- 

380 

Shear  rests- 

SHEAR 

Undraincd  shear  resistance 

tance  at  tj- 

it  t,-:  c^t,.)  -  cu  (t,) 

tl 
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Total  EP 

DIEKA 

Total  stresses  at  tjf: 

380 

stress 

Shear  stress 
induced 
excess  pore 
pressure 

SHEAR 

Shear  stress  Induced  excess 

pore  pressure  Aus(tj+) 

ci 

380 

Excess  pore 
pressure 
Induced  at 

'i 

PORE 

Total  excess  pore  pressure 

381 

Elastic  pore 

SPONS 

Tiae  dependent  excess  pore 

presaure 

pressure 
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Disaipation 

Elastic  increase  of 

between  tj+ 

effective  stress 

and  t^. 

between  t  ^  and  tj- 

t2- 

770 

Drained  EP 

DIEKA 

Effective  stresses  at 

*2- 

770 

Stress 

Shear  reais- 
tance  at  tj- 

SHEAR 

t2-:  <£(**-> 

Undraihed  shear  resistance 
at  t2 

Cu(tj->  -  cu(t2) 

K.L 

1 2 

771 

Total  EP 

DIEKA 

atress 

Table  3;  Sinoary  of  loading  and  calculation  sequence. 


9.  MATERIAL  MODELLING 

The  calculation  parameters  have  been  evaluated 
from  laboratory  and  in  situ  tests  (see  fig.  8 
and  table  1). 

The  shear  stress  parameters  c'  and  were 
determined  by  Dutch  cell  tests  and  Isotropically 
consolidated,  drained  triaxial  compression 
(active  failure  zone)  and  extension  (passive 
failure  zone)  tests  for  the  peat.  Probably  due 
to  some  preconsolidation,  the  soil  under  the  old 
dike  has  a  lower  friction  angle  and  a  higher 
cohesion  than  the  virgin  soil  in  the  polder. 

The  elastic  parameters  as  used  in  the  elastic- 
plastic  and  consolidation  analyses  are  also 
given  in  table  1  in  terms  of  average  tangent 
modulus  between  Initial  and  approximated  final 
effective  stress  states.  They  have  been 
determined  In  situ  using  pocket  press  ur  emeter  s 
in  the  laboratory  using  C/D  triaxial  tests  (peat 
only)  and  oedometer  tests.  The  laboratory  tests 
gave  lower  values  than  the  pressuremeter  tests 
and  showed  stress  de pf.nde^cy . 


A 

:■! 


I 

j 


1 

1 

3 

1 

| 

h 


552 


yslk*<^2|  Qc{W/m?]GlkN/V-.?|  WISt 


Fig.  8.  Bore  log  and  results  of  in  situ  soil 
investigation  at  the  toe  of  the  dike 


wasU?,»»d1?Pll5lef  P°re  pressure  induction  model 
was  used  to  simulate  the  yield  surface  (see 

thfUre  I  Tht  choice  of  this  m°del  is  based  on 
the  results  of  earlier  CIU  and  CAU  triaxial 

tests  on  young  peat  and  soft  clay  in  the 
Netherlands  (Beetstra,  1978)  and  the  YLIGHT 
model  presented  by  Tavena s  (1978). 

?kVanTi!b\liCy  °,f  ,the  8011  layers  in  vertical 
(  *)  and  horizontal  (kh)  directions  were 

measured  by  laboratory  tests.  They  appeared  to 
S“'SS  and  direction  dependent  the  results 
for  the  peat  showed  scatter.  The  coefficient  of 
horizontal  stress  at  rest  (kQ)  has  been  taken 
approximately  0.6  for  the  clay  and  0.5  for  the 


Fig.  9.  Simplified  material  model  as  used  for 
the  calculations 


10.  EVALUATION  OF  THE  CALCULATIONS  AND 
MEASUREMENTS 

The  effective  stress  analysis  of  the  initial 
situation  at  t  “  t  showed  only  a  little  zone  of 
maximal  mobilized  resistance  under  the  existing 
old  dike  (see  fig.  10a).  As  Indicated  in  table 
1,  pore  pressure  development  between  tQ  and  tj" 
have  been  analysed  using  the  elastic  code  SPONS 
only.  The  measured  and  calculated  excess  pore 
pressures  are  in  good  agreement  (see  fig.  11). 

In  order  to  Introduce  some  stress  dependency  on 
the  values  of  the  permeability  coefficients,  the 
calculation  has  been  interrupted  at  t  «  200  days 
and  restarted  with  lower  values. 

The  e las t ic- pi  a s t ic  effective  stress  analysis  at 
t  »  tj  shows  a  small  increase  of  the  zone  of 
maximal  mobilized  shear  strength  (see  fig. 

10b).  6 


The  calculated  settlement  with  the  Biot  theory 
are  in  reasonable  agreement  with  the 
measurements . 

From  tj  until  t*,  the  dike  was  raised  from  NAP 
+  4.50  m  to  NAP  +  6.30  m,  including  a  0.7  m 
thick  clay  layer  covering  the  whole  slope.  This 
loading  stage  has  been  simulated  using  the 
analysis  described  in  section  7.  The  calculated 
increase  of  Au ,  compared  to  commonly  used 
elastic  predictions,  has  been  summarized  in 
table  4. 


loading  phase 

measured 

4 1  (kN/a2) 
plezooeter 

4  3  2 

clastic 

4i  (kN/a2) 
piezo  aeter 

4  3  2 

4>e  +  2uP  +  Af’CkN/n2) 
plezooeter 

4  3  2 

September  1982 

18  17  17 

18  17  17 

18 

17 

17 

August  1983 
October  1984 

22  12  13 

6  6  6 

9 

12 

9 

Table  4.  Values  of  aeasured  and  calculated  pore  pressures 


With  the  added  effects  of  plastic  flow  and  shear 
stress,  a  better  correspondence  between 
calculated  and  measured  pore  pressure  is 
obtained.  However,  for  the  deepest  piezometer, 
the  measured  value  remains  higher.  Reasons  for 
this  can  be  an  underestimate  of  the  effects  of  a 
shear  stress  increment,  strain  softening  or  lack 
of  accuracy  in  measurement  or  calculation.  The 
measured  time  for  Au  does  not  appear  clearly 
from  the  calculations  and  could  be  a  consequence 
of  a  delay  in  plastic  stress  transfer.  Figure 
11c  show  the  area  of  maximal  mobilized  shear 
strength.  The  extend  of  this  area,  as  well  as 
the  results  of  a  sensitivity  analysis  of  the 
undrained  shear  strength  at  t,,  indicated  an 
almost  complete  loss  of  strength  reserve  during 
this  loading  stage. 


Fig.  11.  Measured  and  calculated  excess  pore 

pressure  at  the  toe  of  the  dike  (8.1  m 
below  NAP)  gauge  3. 
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Fig.  10.  Stress  distribution  and  deformations 

(shaded  aera:  aera  of  maximal  mobilised 
shear  stress) 


Adding  the  settlements  from  the  DIEKA  analysis 
at  t^  to  the  consolidation  settlement  at  t7 
gives  a  good  agreement  between  measured  and 
calculated  settlement.  This  does  not  hold  if 
elastic  settlements  at  tj  only  are  added  to  the 
consolidation  settlement. 


During  the  subsequent  drainage  period,  there  is 
a  substantial  drop  of  excess  pore  pressures,  the 
dissipation  rate,  however,  was  lower  than  in 
1982.  This  could  be  a  consequence  of  a  lowered 
consolidation  coefficient  due  to  reduced  soil 
permeability  and/or  stiffness,  a  less  effective 
functioning  of  the  vertical  drains  and 
increasing  importance  of  creep  effect.  A  good 
agreement  between  the  measured  and  calculated 
dissipation  percentage  could  be  found  when  the 
k-values  of  the  soil  have  been  lowered  up  from 

c  1  * 

According  to  the  method  outlined  in  section  7, 
an  effective  stress  analysis  has  been  performed 
at  t£,  just  before  completion  of  the 
construction.  This  DIEKA  analysis  indicated  an 
insignificant  decrease  of  the  plastic  zone  (see 
figure  lOd)  .  This  leads  to  the  conclusion  that 
the  embankment  stability  was  critical  throughout 


the  loading  stage  at  t^  and  the  subsequent 


drainage  period,  until  the  moment  that  the 
actual  failure  started,  triggered  by  some 
additional  minor  cause  (completion  of  dike). 

Dike  failure  was  calculated  for  the  applied 
loading  at  t2* 

In  spite  of  some  shortcomings,  the  FEM 
calculations  showed  that: 

-  Excess  pore  pressure  in  the  peat  can  be 
estimated  reasonably  well  by  taking  the 
effects  of  shear  strain  and  stress  transfer 
into  account;  they  are  somewhat 
underestimated  in  the  Dense  Gorkum  clay.  More 
accurate  material  modelling  is  needed  in  this 
case . 


The  severe  load  increase  at  t^  led  to  a 


highly  extended  area  of  maximal  mobilized 
shear  strength  and  the  embankment  stability 
was  critical  throughout  the  whole  period 
following  this  load  increase. 

At  high  shear  stress  levels,  the  effects  of 
shear  stress  and  local  plastic  flow  cannot  be 
Ignored.  They  play  an  important  role  in  the 
development  of  the  mechanism  of  failure.  In 
the  classical  approach,  this  effects  are  not 
taken  into  account. 

An  area  of  maximal  mobilized  shear  strength 
is  present  during  the  whole  construction 
period.  At  severe  loading  steps,  its  extend 
increases,  firstly  towards  the  crest  and 
later  on  towards  the  toe. 


Conclusions 


The  analysis  of  the  pore  pressures  based  on  an 
elastic  soil  behaviour  and  circular  slip  surface 
calculations  in  terms  of  effective  stresses 
could  not  give  a  satisfactory  explanation  to  the 
failure  of  the  landslde  slope  of  a  dike,  just 
after  completion.  Detailed  FE  analyses,  however, 
which  followed  the  complete  history  of  the 
elevation  helped  to  understand  the  actual  cause. 
A  major  aspect  of  the  failure  has  been  shown  to 
be  the  generation  of  significant  pore  pressure 
in  the  zone  with  severe  plastic  deformations 
near  the  toe  due  to  a  severe  loading  step.  In 
the  future,  this  pore  pressure  generation  should 
be  predicted  more  accurately  than  using  purely 
elastic  theories.  The  understanding  of  the  shear 
strength  mobilization  during  staged  loading  near 
failure  has  been  increased  by  the  use  of  FE 
code.  The  learnings  about  the  pore  pressure 
generation  and  strength  mobilization  have  led  to 
an  observational  method  of  embankment  stability 
(Bauduln  and  Moes,  1987). 
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SYNOPSIS:  Big  Lagoon,  located  30  miles  north  of  Eureka,  California  is  formed  behind  a  bay  barrier 
built  across  the  mouth  of  a  drowned  river  valley.  To  the  south  of  the  bay  the  beach  follows  rising 
wave  cut  slightly  cemented  sand  and  gravel  sea  cliffs  and  terminates  at  the  south  end  of  Agate  Beach. 
The  retreat  of  these  sea  cliffs  and  its  effect  on  property  development  along  the  top  of  the  cliff  is 
the  focus  of  the  paper.  Measurements  of  bluff  retreat  in  this  area  have  been  documented  extensively 
from  November  1941  to  March  1986  through  ground  surveys  and  air  photos.  Review  of  the  data  indicates 
that  the  retreat  rate  is  not  constant  along  the  cliff  but  has  either  been  decreasing  or  remaining  the 
same  over  the  last  45  years.  Using  information  on  the  rate  of  retreat,  a  method  is  developed  to 


predict  the  cliff  erosion  in  the  future. 
INTRODUCTION 

As  far  back  as  geological  records  can  be  traced, 
there  is  evidence  that  the  shorelines  of  the 
world  are  dynamic,  subject  to  rises  and  falls  in 
sea  level,  and  elevations  and  depressions  in  land 
masses.  Looking  eastward  from  the  town  of 
Trinidad,  California  marine  terraces  and  old 
beach  lines  can  be  seen  rising  step  by  step  to 
an  elevation  of  1400  ft.  There  is  clear  evid¬ 
ence  of  the  successive  elevations  in  land 
masses  along  this  coast.  Coupled  with  these  two 
geological  phenomena  is  the  fluctuating  sea  level, 
which  has  been  rising  since  the  beginning  of  the 
last  ice  age.  Presently  the  sea  level  is  rising 
along  the  north  coast  (Russell,  1957).  The  result 
of  the  rise  of  sea  level  with  respect  to  the 
land  is  coastal  erosion. 

Big  Lagoon,  located  30  miles  north  of  Eureka, 
California  and  7  miles  north  of  Trinidad,  Calif¬ 
ornia  is  formed  behind  a  bay  barrier  built  across 
the  mouth  of  a  drowned  river  valley.  The  bay 
barrier  is  part  of  a  sandy-beach  section  of 
coastline  that  extends  from  a  cliffed  headland 
at  the  north  end  of  the  lagoon  to  a  low  sandy 
bluff  at  the  southern  end.  This  beach  then 
follows  rising  wave-cut  sea  cliffs  and  termin¬ 
ates  at  the  south  end  of  Agate  Beach (Martinez, 
1978).  The  sea  cliffs  are  composed  of  a  slight¬ 
ly  cemented  sand  and  gravel  that  form  a  soft 
sandstone.  This  sandstone  is  presently  tilted 
downward  to  the  north.  Some  of  the  layered 
structure  extends  along  the  floor  of  the  lagoon 
until  at  the  north  end  of  the  lagoon,  it  abrupt¬ 
ly  stops  where  it  meets  a  rocky  bluff.  This 
change  from  a  soft  sandstone  to  rocky  bluff  marks 
a  line  of  a  fault.  The  erosion  of  the  soft  sand¬ 
stone  sea  cliffs  will  be  the  focus  of  this  study. 

A  map  of  the  area  is  shown  in  Figure  1.  Also 
shown  in  Fig.  1  are  numbered  section  lines  which 
will  be  utilized  to  discuss  historic  erosion. 

The  bathymetry  along  the  coast  at  this  location 
does  not  exhibit  any  substantial  change.  There 
is  a  headland  immediately  south  of  the  study  area 
which  does  result  in  a  focusing  of  waves. 


Fig.  1  Location  of  Coastal  Bluffs  at  Big  Lagoon 

The  erosion  potential  of  a  coast  varies  greatly 
from  point  to  point  and  is  dependent  on  a  number 
of  factors  which  nay  be  listed  as  follows: (Ad¬ 
apted  from  King,  1959)  (!)  exposure  of  coastline 
to  wave  attack,  (2)  tide,  (3)  coastal  type,  (4) 
type  of  geologic  material  comprising  coast,  (5) 
offshore  relief,  (6)  effect  of  man-made  structures 
,  (7)  longshore  movement  of  beach  mate- ’ al,  (8) 
tectonic  changes,  and  (9)  proximity  of  vers 
carrying  sediment  to  the  ocean.  The  b.  c  pre¬ 
mise  is  that  if  the  beaches  below  a  coastal  bluff 
are  subject  to  sand  depletion  due  to  a  lack  of 
material  transport  by  the  longshore  current  then 
wave  action  will  be  able  to  actively  attack  the 


coastal  bluffs.  Conversly,  if  the  beaches  are 
aggraded,  then  the  wave  action  will  not  effect 
the  coastal  bluff. 

WAVE  AND  TIDES 

Incoming  wave  power  is  distributed  among  three 
recognizable  "families"  of  waves,  each  with  a 
particular  season  of  effect  and  average  angle  of 
approach  (Johnson  et  al.,  1971;  Scripps  Instit¬ 
ution  of  Oceanography,  ]947).  From  April  to 
November,  the  dominant  wave  energy  component  at 
the  study  area  is  the  "prevailing  swell".  These 
waves  are  generated  by  storms  in  the  north-cent¬ 
ral  and  north  eastern  Pacific.  These  waves  are 
low  energy  wave  forms,  generally  not  higher  than 
9.8  ft.  and  averaging  under  3.3  ft.  high,  and 
dominate  the  total  wave  power  as  a  result  of 
their  long  season  of  effect.  The  winter  months, 
November  through  March,  are  characterized  by  very 
high  energy  "seas"  which  arrive  from  the  south. 
These  southerly  waves  average  about  9.8  ft.  high 
and  range  over  26  ft.  high.  They  are  associated 
with  storm  fronts  passing  through  the  study  area 
during  winter.  A  third  group  of  waves  arriving 
at  the  study  area  are  seas  generated  by  NNW  winds 
which  occur  most  strongly  in  the  months  of  May  to 
August.  This  family  of  waves  has  an  average  deep 
water  approach  direction  of  NW  to  NNW  and  an  ave¬ 
rage  height  of  3.2  ft.  to  6.4  ft.  with  a  maximum 
height  of  16.4  ft.  Southward  drift  during  the 
late  spring  and  summer  months  is  a  result  of  the 
arrival  of  this  group  of  waves.  The  total  wave- 
power  of  this  northerly  group  is  about  equal  to 
the  total  wave-power  of  the  winter  southerly 
waves . 

Tides  in  the  study  area  are  mixed  semi-diurnal, 
with  a  mean  tide  range  of  about  5  ft.,  and  a 
maximum  tide  range  of  about  11.2  ft.  (N.O.A.A. , 
1980) . 

HISTORIC  EROSION 

Measurements  from  the  centerline  of  Roundhouse 
Creek  Drive/  Ocean  View  Drive  to  the  top  of  the 
coastal  bluffs  are  presented  in  Table  1  for  the 
period  of  time  from  November  1941  to  March  1986. 
Plots  of  cumulative  time  versus  distance  from  the 
top  of  coastal  bluffs  to  center  of  the  road  is 
presented  in  Figure  2.  An  inspection  of  Figure 
2  shows  that  along  a  number  of  section  lines  a 
substantially  linear  relationship  exists  between 
coastal  bluff  erosion  and  time.  An  interpretat¬ 
ion  of  this  phenomenon  would  be  that  the  rate  of 
coastal  bluff  retreat  has  been  fairly  constant 
over  the  period  of  time  that  measurements  have 
been  taken.  An  implication  cf  a  relatively  con¬ 
stant  rate  (ER)  of  coastal  bluff  erosion  is  that 
a  constant  amount  of  sediment  is  being  transport¬ 
ed  along  the  coast  by  the  littoral  current. 

EVALUATION  OF  EROSION  RATE 

The  erosion  rate  (ER)  is  defined  as  the  change 
in  distance  from  a  known  point  to  the  edge  of  the 
coastal  bluffs  as  a  function  of  time  as  shown  in 
Figure  3  and  as  given  in  equation  1. 


Fig.  2a  Distance  From  Fixed  Point  To  Coastal 
Bluff  Versus  Time 


Fig.  2b  Distance  B'rom  Fixed  Point  To  Coastal 
Bluff  Versus  Time 


where:  ER  -  Erosion  Rate  (ft./yr.) 

D.  -  Initial  distance  from  edge  of 
1  coastal  bluff  to  reference  point (ft. 

D?  -  Distance  from  edge  of  coastal  bluff 
i  to  reference  point  at  time  T~  (ft.) 

Y  -  Number  of  years  that  have  occurred 
since  initial  measurement 

Plotting  the  calculated  erosion  rute  versus  time 
in  years  for  section  11  and  16^  are  shown  in 
Figures  4  and  5.  A  review  of  these  figures  ind¬ 
icates  that  the  erosion  rate  (ER)  has  been  decro 
asing  from  1941  to  the  present  (1986)  for  these 
specific  location  in  contrast  to  other  sections 
where  the  erosion  rate  is  relatively  constant. 
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TIME  (yrs.) 


Distance  From  Centerline  of  Ocean  Retreat 

View  Drive  (feet)  (feet)  Average 

_  Erosion 


line 

Nov. 

1941 

Aug. 

1962 

Aug. 

1974 

March 

1986 

1941- 

1962 

1941- 

1974 

IMF- 

1986 

Rate 

(ft./yr.) 

1 

HO 

85 

72 

62.5 

25 

38 

47.5 

1.06 

150 

132 

113 

112.5 

18 

37 

37.5 

0.83 

11 

215 

165 

153 

50 

62 

75 

1.67 

12 

255 

215 

202 

192 

40 

53 

63 

1.40 

13 

275 

255 

— 

25 

45 

-- 

1.36 

14 

335 

295 

285 

— 

40 

50 

— 

1.52 

15 

365 

320 

— 

45 

45 

— 

1.36 

16a 

330 

3l5 

— 

15 

70 

— 

2.12 

16b 

445 

385 

355 

330 

60 

90 

115 

2.56 

17 

476 

— 

76 

76 

— 

2.30 

18 

467 

_ 

315 

_ 

-- 

152 

— 

4.61(1) 

Note:  (1)  Site  of  drainage  culvert. 

Table  1  Measurements  From  Centerline  of  Ocean  View. Drive  To  Top  of  Coastal 
Bluffs  at  Big  Lagoon  Subdivision  (Adopted  from  Tuttle,  ] 981) 


HINDCASTING  AND  FORECASTING  COASTAL  BLUFF  LOCAT- 
DISTANCE  FROM  FIXED  POINT  IONS 


TO  COASTAL  BLUFF 

Fig.*  3  Schematic  Illustration  of  Distance  from 
Fixed  Point  to  Coastal  Bluff  Versus  Time 


The  coastal  bluff  location  in  the  past  or  in  the 
future  can  be  estimated  by  rearranging  equation  1 
as  follows : 


D2  =  Dj^  -  (ER)  Y2  (2) 

Using  equation  2  and  assuming  an  average  ER  of 
2  ft./yr.  the  location  of  the  coastal  bluff  in 
1786  and  2186  was  estimated  as  shown  in  Figure  1. 
A  review  of  the' 'estimated  coastal  bluff  locations 
as  shown  in  Figure  1  indicates  that  a  larger 


EROSION  RATE  (It/yr) 


Fig.  5  Erosion  Rate  Versus  Time,  Line  No.  16b 

amount  of  movement  occurs  iv  the  southern  portion 
of  the  cliffs  as  opposed  to  the  north. 

CONCLUSIONS 

(1)  The  coastal  bluff  erosion  rate  along  each  line 
has  been  relatively  uniform  over  the  last  45  years 
as  shown  by  linear  time  versus  distance  plots. 

(2)  Erosion  rates  vary  from  0.8  to  2.6  ft./yr. 
along  the  section  investigated.  Line  18  indic¬ 
ated  an  erosion  rate  of  4.6  ft./yr.  but  was 
probably  influenced  by  the  presence  of  a  drainage 
culvert. 

(3)  Erosion  rates  seem  to  be  decreasing  with  time 
along  specific  section  lines.  Reason  for  this  de¬ 
crease  is  unknown  at  the  present  time. 

(4)  Hindcasting  and  forecasting  coastal  bluff 
retreats  based  on  average  erosion  rates  indicates 
that  the  bluff  has  retreated  from  170  to  500  ft. 
in  the  last  200  years  and  will  probably  experience 
an  equal  amount  in  the  next  200  years. 
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SYNOPSIS  :  A  25  m  high  fill  embankment  was  constructed  as  part  of  a  Trunk  Road  scheme  in  Hong  Kong. 

In  June  1985,  large  settl ements of  the  order  of  250  mm  were  observed  in  the  embankment.  This  was 
followed  by  a  local  slippage  of  surface  material  from  the  downstream  slope  face.  To  meet  the  schedule 
for  opening  the  trunk  road  in  late  September,  a  number  of  emergency  measures  costing  about  H K$ 1  M 
(US$0.13  M)  were  implemented  to  stabilize  the  embankment.  An  investigation  was  subsequently  carried 
out  to  assess  the  cause  of  the  movement  and  the  long  term  stability  of  the  embankment. 

This  oaper  summarizes  the  sequence  of  events  leading  to  the  settlements  and  outlines  the 
investigation  carried  out.  The  proposed  hydrocompaction  mechanism  and  the  effects  of  grouting  on  the 
embankment  are  discussed. 


INTRODUCTION 


In  1982,  the  Government  of  Hong  Kong  started  the 
construction  of  a  dual  three-iane  highway  in  the 
north  of  the  Territory.  The  road  was  formed  by 
cutting  into  headlands,  filling  valleys  and 
building  bridges.  One  of  the  embankments,  which 
was  25  m  high,  was  completed  in  1983.  This 
embankment  settled  and  deformed  in  1985.  The 
Geotechnical  Control  Office  was  requested  to  look 
into  the  causes  of  the  deformation  and  to  advise 
on  the  long  term  stability  of  the  embankment 
within  five  months. 

By  analysing  monitoring  records  and  ground 
investigation  data,  the  authors  used  the  method 
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Figure  1  -  Cross  section  through  trunk  road 
showing  the  geological  and 
groundwater  conditions 


of  elimination  and  found  that  hydrocompaction 
might  have  initiated  the  settlements  while  later 
deformation  was  caused  by  redistribution  of  soil 
water.  The  hydrocompaction  hypothesis  was 
subsequently  tested  by  a  mathematical  model. 


BACKGROUND 


The  Site 

The  embankment  is  located  in  the  northern  part 
of  the  Hong  Kong  New  Territories.  It  has  been 
formed  by  filling  over  a  valley,  with  the 
existing  stream  course  diverted  through  a  2.5  m 
square  box  culvert  underneath.  The  maximum 
thickness  of  filling  is  about  25  m,  and  the  side 
slopes  are  at  1  vertical  to  1.5  horizontal. 

The  foundation  rock  is  a  highly  fractured  (RQD  = 
0  to  25%)  sedimentary  siltstone  of  Upper 
Jurassic  age,  the  fracturing  being  due  to 
faulting.  The  top  layer  of  rock  has  been 
completely  decomposed  to  a  well-graded  clayey 
sandy  silt.  The  rock  mass  is  fairly  permeable 
(k  =  10'5  to  10‘6  m/s)  compared  with  the 
residual  decomposed  rock  (k  =  10‘7  m/s).  The 
groundwater  table  is  situated  well  down  in  rock. 
Though  bouldery  colluvium  exists  up-stream  of 
the  embankment,  no  colluvium  was  found  under  the 
fill.  Figure  1  depicts  a  cross  section  through 
the  trunk  road  showing  the  geological  and 
groundwater  conditions. 

Construction  History 

Excavation  for  the  box  culvert  commenced  in 
early  1983.  Because  of  the  low  groundwater 
table,  no  drainage  layer  was  placed  underneath 
the  embankment.  Filling  of  the  embankment 
commenced  in  November  1983  after  completion  of 
the  box  culvert.  The  fill  was  borrowed  from  the 
adjacent  slope  and  compacted  in  300  mm  layers 
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using  vibratory  rollers.  Filling  completed  at 
the  end  of  1983. 

The  northbound  carriageway  was  then  used  for 
aggregate  stockpiling  from  January  to  October 
1984.  During  this  period,  distress  was  observed 
at  the  surface  channels  on  the  slope  after  heavy 
rain.  The  defective  channels  were  repaired  in 
November,  and  the  stormwater  drains  and  gullies 
adjacent  to  the  centre-line  of  the  road  were 
constructed.  Road  surfacing  was  completed  in 
May  1985. 


SETTLEMENTS 

In  eary  June  1985,  after  a  few  days  of  rain, 
settlements  were  observed  at  the  central  divider 
of  the  road  near  Chainage  13+82.  Monitoring  of 
the  settlements  commenced  on  6th  June.  Figure  2 
shows  the  area  of  monitoring.  The  embankment 
was  then  test  loaded  to  20  kPa. 

In  early  July,  a  defective  gully  close  to  point 
r  (Figure  2)  was  found  -  the  base  of  the  gully 
had  settled  20  mm  relative  to  its  side  walls. 

The  slope  surface  was  observed  to  be  wet. 

Cracks  were  also  evident  at  the  surface  channels 
and  catchpits  on  the  slope.  By  late  July, 
settlement  at  point  r  had  reached  250  mm.  The 
gilly  and  a  length  of  cracked  stromwater  drain 
were  subsequently  replaced.  However  settlement 
monitoring  in  late  August  indicated  that  the 
road  was  still  settl ing . 

In  September,  a  series  of  grouting  were  carried 
out,  both  within  the  embankment  body  and  at  the 
interface  of  the  fill  and  the  insitu  ground. 
Altogether  86  grout  holes  were  formed  and  about 
300  m3  of  cement  were  used.  During  drilling  for 
the  grout  holes  on  6th  September,  the  insitu 
ground/fill  interface  was  tound  to  be  'satu¬ 
rated'.  On  the  morning  of  7th  September,  a 
shallow  slip,  involving  aim  deep  layer, 
occurred  at  the  downstream  slope  face  (Figure  2). 

Reinstatement  of  the  road  surface  was  carried 
out  after  grouting,  for  road  opening  on  24th 
September.  During  the  works,  a  small  crack  was 
observed  in  the  gully  previously  replaced.  The 
3  gullies  and  a  manhole  on  the  embankment  were 
subsequently  blanked  off. 

The  settlement  histories  of  points  r  and  s  are 
shown  in  Figure  3. 


INVESTIGATION 
Site  Investigation 

Though  the  emergency  grouting  works  had 
stabilised  the  embankment,  the  cause  of  the 
settlements  was  unknown  and  it  was  felt  prudent 
to  carry  out  a  full  investigation.  The 
investigation  had  tc  be  completed  within  a 
period  of  about  five  months  so  that  any 
necessary  remedial  works  could  be  implemented 
before  the  rainy  season  arrived. 

Desk  study  and  ground  investigation  therefore 
went  hand  in  hand.  Records  including  design 
and  construction  records,  settlement  monitoring 


1  Wo*  slopo  surfaco  I  1  Aroo  of  monitoring 

°  Gully  - Stormwater  drain 

Figure  2  -  Plan  showing  area  of  road  surface 
moni tored 


data  and  records  of  emergency  measures  were 
scrutinised.  Aerial  photograph  interpretation 
and  field  geological  mapping  were  carried  out. 
Trial  pits,  inspection  trenches,  GC0  probings 
(GC0,  1987),  drillholes  and  piezometers  were 
ordered  to  assess  the  geological  and  ground- 
water  conditions  and  the  density  of  the  fill. 

Air  foam  was  used  as  the  flushing  medium  for  the 
drillholes  that  were  sunK  through  the  embankment 
body,  to  minimize  the  possibility  of  any  adverse 
effects  on  the  stability  of  the  side  slopes 
(Phil  1 ipson  &  Chipp,  1981;  1982).  Drilling  was 
closely  supervised.  Standard  penetration  tests 
carried  out  in  the  drillholes  revealed  the 
presence  of  a  patch  of  loose  material  above  the 
eastern  valley  face  (Figure  1). 

Laboratory  Testing 

A  series  of  laboratory  tests  were  carried  out  on 
the  fill  mrterials.  Apart  from  classification 
and  compaction  tests,  shear  box  tests  (using 
100  mm  square  direct  shear  box  on  test  specimens 
remolded  to  a  range  of  densities)  and  dispersion 
tests,  including  double  hydrometer  tests  (Decker 
&  Dunnigan,  1977),  crumb  tests  (Standards 
Association  of  Australia,  1980),  and  the  deter¬ 
mination  of  Exchangeable  Sodium  Percentage 
(Flanagan  SHolmgren,  1977;  Sherard  et  al ,  1976) 
were  carried  out.  The  1 atter  tests  showed  that 
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Dates 

6/6/85 

17/6 

13/7 

20/7 

Late  July 
to 

Late  Aug. 

6/9 

7/9 

10/9 

16/9 

19/9 


Events 


Monitoring  started. 

Test  load  of  20  kPa  applied. 

Leaking  gully  at  Ch.  13+78  found. 
Testing  revealed  leaking 
stormwater  drain. 

Removal  of  test  load. 

Replacement  of  defective  gully 
and  cracked  stormwater  drain. 
Road  reinstatement. 


Grout  hole  drilling  commenced. 

Part  of  downstream  slope  failed. 

Slope  fully  saturated. 

Carriageway  grouting  started. 

Seepage  from  slope  face 
during  grouting. 

Grouting  completed. 

Road  surface  reinstatement  started. 

Crack  observed  in  repaired  gully. 

Three  gullies  and  a  manhole  were 
blanked  off.  (b)  Settlement-time  Relationship  for  Point  s 


Figure  3  -  Settlement  histories  of  points  r  and  s  with  summary  of  events 


the  fill  is  non-dispersive. 

A  series  of  oedometer  tests  were  also  performed 
to  investigate  the  compressibility  characteri¬ 
stics  and  collapse  potential  of  the  fill.  The 
test  specimens,  which  were  75  mm  diameter  by 
19  mm  thick,  were  prepared  from  samples  remolded 
at  optimum  moisture  content.  Two  types  of  tests 
were  carried  out  : 

(a)  Double  oedometer  tests  (loading  sequence 
of  25,  50,  100,  200  and  400  kPa) 


Condition  of  Specimen 

Density  of 

Specimen 

_ 

80%  MDD* 

95%  MDD 

Unsoaked  (air-drained) 

V 

Soaked  (double-sided 
drainage) 

n/ 

*  HDD  =  Maximum  dry  density 


(b)  Wetting  tests  (soaking  of  compressed 
samples) 


Total  stress  applied  (kPa) 

Density  of  Specimen 

80%  MDD 

95%  MDD 

25 

V 

V 

100 

V 

i/ 

400 

V 

V 

The  results  of  these  tests  are  summarized  in 
Figure  4.  It  can  be  seen  that  there  are  two 
components  of  settlement,  viz  compression  of  the 
unsaturated  material,  and  collapse  due  to 
wetting. 


Double  oedometer  teat  results 

*  Initial  denalty  at  80%  MOD 

•  Initial  denelty  at  96%  MDD 
U  Unaoaked  aamploa 

S  Soaked  samples 


Wetting  teat  results 
j  Initial  condition 
'  of  samples 
»  Final  condition 
of  samples  after 
soaking 


Figure  4  -  Results  of  oedometer  tests 
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Problems  with  F i 1  embankment  Body  | _  Foundation  Problems 


Cause 

Expected  Settlement  Profile 

Expected  Settlement/Time 

Supplementary  Identifiers 

iA 

Foundation  failure  (in 
soil  or  in  rock)  due  to 
embankment  loading  and 
surcharge 

Takes  relatively  short 
time  to  complete  and 
sudden. 

Foundation  condition. 

Bearing  capacity  of  foundation. 

IB 

Settlement  of 
compressible  layers  (e.q. 
colluvium  and  top  soil) 
due  to  embankment  loading 
and  surcharge 

Starts  from  the  moment 
of  loading.  Settlement 
s  oc  Jt  (primary)  or 
s  oc  log  t  (secondary). 

Presence  of  compressible  layers. 

IC 

Collapse  of  cavities 
(e.g.  solution  cavities, 
structural  cavities  or 
voids  in  bouldery 
colluvium)  due  to 
embankment  loading  and 
surcharge 

Types  of  cavities  : 

(a)  Sub-critical 

(b)  Critical  (Gaussian) 

(c)  Super-critical 

Likely  settlement  profiles: 

j<1.4  ^  »  1.4  j  >  1.4 

(a)  (b)  (c) 

Starts  when  the  critical 
load  of  the  cavities  is 
reached  and  completes 
within  a  relatively 
short  time.  Hay  be 
related  to  groundwater 
flow. 

Mineralogy  of  rock.  Groundwater 
chemistry.  Cavities  detected 
from  drill  ng. 

Fracture  state  indices  and  nature 
of  infill  of  rock  joints. 

Effect  of  stress  relief  on  joint 
opening. 

Presence  of  bouldery  colluvium 
and  rapid  groundwater  flow. 
Maximum  settlement  up  to  90%  of 
cavity  size  only. 

Volume  of  settlement  trough  less 
than  ca\ ity  volume. 

I  IA 

Collapse  of  deteriorating 
soil  mater'al  (e.g.  soil 
containing  gvpsum  or  other 
soluble  salt)  due  to 
embankment  loading  and 
surcharge 

Erratic.  Depends  on  rain 
or  groundwater  movement. 

If  fill  is  totally 
saturated,  then  settlement 
ocfill  thickness.  If  local 
solution,  then  profile 
resembles  cavity-type 
settlement  profile. 

Starts  when  critical 
void  ratio  is  reached  or 
shear  strength  reduces 
to  limiting  value.  Can 
be  gradual  or  stick-slip. 
Depends  on  rain  or 
groundwater  flow. 

Mineralogy  of  parent  rock. 
Groundwater  chemistry. 

Sulphate  and  carbonate 
content  of  soil . 

Evidence  of  water  flowing 
through  fill. 

lie 

(a)  Consolidation  and 
creep  of  fill 

(b)  Settlement  due  to 
test  loadinq 

Settlement  a  fill 
thickness. 

Starts  immediately  after 
construction  and 
application  of  test  load. 
Consol  Ida t ion  ft  ,  and 
creep  oc  log  t. 

Estimate  of  rate  of  primary 
consolidation  and  order  of 
consolidation  and  creep. 

Estimate  of  settlement  due  to 
test  loading. 

Construction/compaction  records. 

Internal  erosion  (due  to 

Starts  when  critical 
void  ratio  is  reached. 
Erratic  and  long  term. 
Fluctuates  with 
groundwater  flow  or 
rainfall . 

Evidence  of  water  flowing 
through  fill.  If  fast  flowing, 
water  will  spring  out  of  slope 
face  and  adjacent  hillside. 
Dispersion  potential  of  fill. 
Presence  of  loose  zones  in  fill 
and  structureless  materials  in 
rock  joints. 

fast  flowing  water  or 
dispersive  soil)  and 
subsequent  settlement  due 
to  embankment  loaoing  and 
surcharge 

I  ID 

Slope  failure  (or  creep) 
due  to  groundwater  flow, 
infiltration  or 
additional  loading 

May  be  associated  with 
rainfall.  Can  be  rapid 
or  slow. 

Laboratory  tests  on  shear 
strength  of  fill . 

Presence  of  perched  water  table. 
Factor  of  safety  of  side  slopes. 

HE 

Hydrocompaction 

(i.e.  collapse  of 
unstable  soil  structure, 
e.g.  loose  fill  or  fill 
compacted  dry  of 
optimum  moisture  content) 

Depends  on  form  of  wetting. 
If  totally  saturated,  then 
settlement  «  fill  thickness. 
If  locally  saturated,  then 
profile  resembles  cavity- 
type  settlement  profile 
(see  IC  above). 

Completes  soon  after 
first  saturation  but  soil 
may  take  some  time  to  be 
completely  saturated, 
particularly  if  water  is 
from  a  local  source.  If 
caused  by  infiltration, 
side  slopes  will 
gradually  subside. 

Estimate  of  collapse  settlements 
of  loose  fill  (oedometer  wetting 
tests). 

Assessment  of  ground  conditions 
for  perching. 

Identification  of  source  of  water 
'or  hydrocompaction. 

Estimate  of  quantity  of  water 
required  for  saturation. 
Construction/compaction  records. 
Assessment  of  fill  density 
(SPT's  and  GCO  probings). 

Table  1  -  Summary  of  the  range  of  possible  causes  and  their  associated  mechanisms 
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POSSIBLE  CAUSES 

Possible  causes  of  the  settlements  can  be 
divided  into  two  categories,  viz  causes  which 
arise  from  the  foundation  and  causes  which  arise 
from  the  fill  embankment  body.  Table  1 
summarizes  the  range  of  possible  causes  and 
their  associated  mechanisms.  Each  of  the  causes 
was  systematically  evaluated  in  the 
investigation. 

As  the  settlement  monitoring  records  are  the 
most  valuable  information  available,  the 
settlement  contours  and  settl ement-time 
relationship  were  used  as  primary  identifiers  of 
the  causes.  These  were  supplemented  by  results 
of  the  site  investigation  and  laboratory 
testings. 

Analysis  of  settlement  data  revealed  that  the 
settlements  can  be  separated  into  three  stages  : 

(a)  Stage  1  settlements  had  a  dish-shape  and 
appeared  to  have  resulted  from  a  point 
disturbance  around  point  r  (Figure  5). 

They  had  a  stick-slip  relationship  with 
time  (Figure  3a),  i.e.  a  'collapse'  type 
of  settlement.  Calculations  indicated  that 
the  20  kPa  test  load  could  have  induced  up 
to  about  10%  of  the  total  settlements  in 
this  stage. 


6/6  to  17/7 

Figure  5  -  Settlement  contours  for  stage  1 


(b)  Stage  2  settlements  were  much  more  rapid 
(Figure  3b)  and  were  likely  to  be  related 
to  slope  instability  (Figure  6).  Stability 
analyses  of  the  side  slopes  assuming  'dry' 
condition,  i.e.  zero  pore  pressures,  gave 
factors  of  safety  in  excess  of  1.2. 

However,  measurements  taken  in  the  grout 
holes  after  drilling  indicated  high  water 
levels  in  the  holes.  In  one  of  the  holes, 
water  was  found  to  be  only  5  m  below  the 
road  surface.  Further  stability  calcula¬ 
tions  using  the  measured  'phreatic  surface’ 
revealed  factors  of  safety  close  to  unity. 
There  was  heavy  rainfall  between  4th  and 
6th  September.  The  rain  could  have  had 
some  effects  on  the  slope,  but  it  could  not 
be  the  main  cause  of  failure  as  the  slope 
had  survived  previously  harsher  rainstorms. 


(c)  S  "age  3  settlements  ranged  from  1.8  to 
3.3  mm  per  month.  They  could  be  due  to 
effects  of  the  previous  stages  or  creep, 
which  could  give  rise  to  a  similar  order 
of  settlements. 


Inclined  holes  grouting  completed  on  11/9 
2/9  to  12/9 


Figure  6  -  Settlement  contours  for  stage  2 


HYDROCOMPACTION 

Systematic  assessment  of  the  range  of  causes  in 
Table  1  revealed  that  hydrocompaction  is  the 
most  likely  cause  of  Stage  1  settlements. 

Hydrocomp^ction  is  defined  as  the  collapse  of  an 
unstable  soil  structure  upon  wetting,  a 
phenomenon  which  has  been  recognized  for  many 
years  (Holtz,  1948;  Hilf,  1975;  Clayton  & 

Simons,  1981).  An  unstable  soil  structure  may 
result  when  the  fill  is  loose  or  when  compaction 
has  been  carried  out  at  too  dry  a  placement 
moisture  content.  The  amount  of  collapse  is 
dependent  upon  the  density  of  the  soil,  the 
placement  moisture  content,  the  consolidation 
characteristics  of  the  soil  and  the  loading 
conditions. 

During  the  ground  investigation,  a  patch  of 
loose  fill  was  detected.  It  was  not  possible  to 
identify  the  source  of  the  loose  fill,  except 
that  all  the  mechanisms  for  which  the  fill  cou.d 
be  loosened  subsequent  to  compaction  had  proved 
to  be  impossible.  For  hydrocompaction  to  have 
occurred,  the  following  needs  to  be  answered  : 

(a)  What  is  the  source  of  water  entering  the 
fill? 

(b)  Do  the  geological  conditions  at  the  site 
permit  it  to  occur? 

(c)  Can  the  order  of  settlements  be  explained? 

(d)  Can  the  source  of  water  provide  sufficient 
quantities  for  hydrocompaction  to  occur? 

Various  sources  of  water  have  been  examined 
during  the  investigation.  The  cracked  gully  was 
identified  to  be  the  main  possible  source.  Its 
location  is  remarkably  close  to  point  r,  where 
maximum  settlement  had  taken  place  (Figure  2). 

The  fill  was  found  to  be  resting  on  top  of  a 
relatively  impermeable  layer  of  decomposed  silt- 
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stone,  wit!)  some  top  soil  and  organic  matter  at 
the  base  of  the  fill.  This  fill/insitu  ground 
interface  would  allow  any  descending  water  from 
the  gully  to  perch  on,  thus  permitting  the 
formation  of  a  wetted  zone  that  can  advance 
upwards  to  initiate  hydrocompaction  of  the  loose 
patch  of  fill  {Figure  7).  An  idealised  1-D 
model  was  used  to  compute  the  order  of 
settlement,  using  the  oedometer  test  results. 

The  following  summarizes  the  analytical  approach 
adopted. 


Test  load 


Cracked 
gully  sump 


Impermeable 

boundary 


Test  load 


Nr 


1 

. 

: 

H 

. 

i 

h 

'  j 

'  1 

*777777 

7777 

cr'vo 

] 

7777777 

T  U 

777  T)  77 

(b)  Idealioed  '<-D  Model 


Figure  7  -  Proposes  hydrocompaction  mechanism 
for  collapse  of  loose  fill 


Figure  8a  shows  a  typical  set,  of  wetting  test 
results.  A  soil  element  denoted  by  point  1, 
upon  wetting,  will  collapse  to  a  denser  state 
denoted  by  point  2.  In  the  field,  this  will 
occur  when  the  wetting  front  has  advanced  beyond 
the  soil  element  at  depth  z  {Figure  7b).  The 
compression,  dsv  of  the  element  is  given  by  : 


f 


(a)  Typical  Wetting  Test  Results 


(b)  Strain  versus  Vertical  Effective  Stress 


Hz-H, 

(c)  Settlement  as  Function  of  Hi  &  Hz 


Figure  8  -  Interpretation  of  oedometer  test 
resul ts 

Using  the  above  equations,  a  series  of  base 
curves  were  produced  (Figure  8c)  and  these 
curves  were  used  to  evaluate  the  wetted  depth  Hj 
at  each  settlement  monitoring  point. 

The  quantity  of  water,  Q,  required  for  hydro¬ 
compaction  can  be  shown  to  be  given  by  : 

Q  =  J{mfpdf  -  m  pd0)  dv  (3) 

vo  1  . 


ds  =  Cdz  ( 1 ) 

where  e  =  (e  -  ef)/(l  +  e  )  is  the  strain  due 
to  collapse,  e  and  ef  are°the  initial  and  final 
void  ratio  of  the  soil  element  respectively. 

From  the  results  of  wetting  tests,  a  relation¬ 
ship  between  strain  e  and  vertical  effective 
stress  a'v  can  be  derived  (Figure  8b). 

For  1-0  condition,  the  total  settlement  at 
ground  surface,  s,  is  given  by  : 


where  m  ,  m-  are  the  initial  and  final  moisture 
contents,  p,  ,  p,,  are  the  initial  and  final 
bulk  densities,  and  dv  is  the  unit  volume  of  the 
soil  element. 

Integration  was  carried  cut  over  a  volume  of  the 
ground  above  which  settlements  had  occurred. 
Because  the  initial  moisture  content  of  the 
loose  material  is  unknown,  a  range  of  likely 
values  (m  =  20%  to  26%)  were  used  to  derive  a 
corresponding  rang»  of  Q  values. 


f  Ha 

J  H,  £dz 


(2) 


The  next  step  in  the  analysis  involved  calcula¬ 
tion  of  the  quantities  of  leakage  water  from  the 
cracked  gully.  This  water  came  from  the  rain 
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that  fell  onto  the  road  carriageway  during  the 
period  of  settlements.  The  permeability  of  the 
soil  is  unknown  but  considered  to  be  of  the 
order  of  10'4  to  10'5  m/s,  based  on  the  nature 
of  the  fill  material.  The  total  amount  of 
leakage  was  estimated  for  this  range  of 
permeabilities,  and  the  results  were  found  to 
agree  with  the  range  of  Q  values  calculated 
previously. 


GROUTING 

Drilling  and  grouting  in  September  1985  had  some 
effect  on  the  slope  but  it  eventually  stabilized 
the  embankment. 

Because  of  the  low  permeability  of  the  fill,  the 
cement  grout  could  not  penetrate  the  fill  mass. 
The  grouting  pressures  imposed  horizontal 
stresses  vhich  fractured  the  fill  and  allowed 
stiff  columns  and  sheets  of  grout  to  be  formed 
within  the  embankment  body.  These  pressures 
momentarily  increased  the  pore  pressures, 
forcing  water  within  the  embankment  towards  the 
slope  surface.  Some  of  the  free  water  in  the 
grout  had  also  leached  into  the  fill  mass  before 
it  had  time  to  hydrate  with  the  cement.  The 
drainage  of  this  water  together  with  the  water 
driven  off  by  hydrocompaction  of  the  fill  are 
considered  to  have  caused  the  rapid  movements  o' 
the  slope  shoulders. 

The  water  from  the  grout  gradually  spreaded  to 
other  parts  of  the  embankment  body,  causing 
collapse  of  any  loose  pockets  it  encountered. 
This  redistribution  and  downward  migration  of 
water  had  caused  the  post-grouting  movements, 
which  became  stabilized  after  thegrout  had 
hardened . 


CONCLUSIONS 

A  rigorous  investigation  was  carried  out  for  a 
fill  embankment  which  settled  and  showed  signs 
of  distress.  A  range  of  causes  was  considered, 
and,  by  a  process  of  elimination,  it  was  found 
that  hydrocompaction,  i.e.  collapse  of  an 
unstable  soil  structure  upon  wetting,  could  have 
caused  the  early  stage  of  settlements.  A  model 
was  proposed  for  hydrocompaction  of  the  loose 
fill.  This  model,  together  with  the  results  of 
site  investigation,  lends  support  to  the 
suggested  cause. 

Drilling  and  grouting  was  considered  to  have 
contributed  to  the  slope  movements.  As  the 
grout  hardened,  stability  of  the  side  slopes  was 
restored . 

As  a  result  of  the  investigation,  no  major 
remedial  works  were  considered  necessary.  Some 
minor  works  were  recommended  to  deal  with  the 
loose  fill  and  improve  the  statility  of  the 
downstream  slope  surface. 
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SYNOPSIS:  Kerrville  Ponding  Dam  is  a  relatively  small  channel  dam  in  the  Guadalupe  River  m 

Kerrville,  Texas.  The  dam  is  22  feet  (6.7M)  high  and  600  feet  (183M)  long  and  provides  a  water 

supply  for  the  City  of  Kerrville.  The  dam  was  constructed  during  1979-1980.  Seepage  problems  in 

the  abutments  were  observed  dui.-  .g  the  initial  filling  of  the  reservoir.  Some  minor  corrections  to 
the  problems  were  made  at  that  time.  In  June  1981,  after  a  moderate  flood  flow  passed  over  the  dam, 
additional  seepage  problems  occurred.  The  downstream  slope  protet  ion  was  displaced  to  the  extent 
that  cracks  appeared  in  the  concrete.  This  damage  lead  to  a  more  .  ignificant  amount  of  repair.  On 
December  31,  1984  the  dam  was  overtopped  by  a  flood  to  a  depth  of  10,5  feet  (3*2M)  above  the 

spillway  elevation.  The  dam  suffered  severe  damage  including  loss  of  a  portion  of  the  concrete  cap 

and  significant  erosion  of  the  clay  core  over  approximately  one-third  of  the  length  of  the  dam,  and 
seepage  related  damage  at  both  the  abutment  areas.  Figure  1  shows  the  conditions  of  the  structure 
in  January  1985.  The  dam  suffered  a  "Type  1  Accident"  as  defined  according  ..  >  International 
Commission  on  Large  Dams  (ICOLD)  . 

INTRODUCTION 

Kerrville  Ponding  Dam  is  owned  and  operated  by 
the  Upper  Guadalupe  River  Authority,  a 
functional  entity  of  the  State  of  Texas.  The 
dam  forms  a  lake  having  an  area  of  105  acres 
with  a  storage  capacity  of  840  acre-feet  at 
normal  pool  elevation.  The  damaged  Kerrville 
Ponding  Dam  consisted  of  a  rolled  clay  core  with 
8-inch  thick  concrete  upstream  and  downstream 
facing.  The  service  spillway  is  21  feet  (6.4M) 
high  and  approximately  200  feet  (60. 9H)  long. 

The  overflow  spillway  is  22  feet  (6.7M)  high  and 
400  feet  (121. 9M)  long.  A  centerline  profile, 
looking  upstream,  is  shown  in  Figure  2.  At  the 
abutments  the  embankment  rises  on  3  horizontal 
to  1  vertical  slopes  to  elevation  1635  msl. 

Cast-in-place  concrete  cut-off  walls  extend  from 
the  clay  core  for  a  distance  of  123  feet  (39M) 
into  the  north  abutment  and  183  feet  (56M)  into 
the  south  abutment.  It  was  intended  that  these 
cut-off  walls  would  bottom  a  few  inches  in  the 
sound  rock  and  extend  to  the  bottom  of  the 
impervious  clay  fill. 

SUBSURFACE  CONDITIONS 

A  typical  subsurface  profile  along  the  axis  of 
the  dam,  showing  the  riverbed  formation,  tho 
natural  abutment  materials  and  the  rolled  filled 
embankment  is  depicted  in  Figure  2.  Kerrville 
Ponding  Dam  is  built  almost  entirely  within  the 
Guadalupe  River  channel.  The  river  bed  exposes 
a  marly  clay  shale  (argillaceous  limestone)  of 
the  Glen  Rose  formation,  Cretaceous  System.  The 
fresh,  unweathered  limestone  is  dark  bluish-gray 
in  color,  is  intact,  and  contains  no  fissures  or 
fractures.  The  rock  rises  approximately  10  feet 
(3M)  above  the  incised  river  channel.  In  the 
north  abutment  the  upper  5  feet  (1.5M)  of  the 
limestone  is  less  marly,  more  earthy,  and  is 
highly  fissured  and  jointed  with  the  fissures  ...  „  ..  _  _  _  .  ,Qa(. 

and  joints  principally  oriented  parallel  to  the  Fl9-  1  Kerrville  Ponding  Dam,  Jan.  198 
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Fig.  2  Subsurface  Profile 


river  flow.  These  fissures  and  joints  are  as 
much  as  3  inches  (76mm)  wide  and  extend 
entirely  through  the  upper  limestone  bed.  On 
the  south  abutment,  the  sound  marly  limestone 
is  overlain  by  a  poorly  cemented,  highly  vuggy 
and  porous,  gravelly  and  cobbly  conglomerate 
which  varies  in  thickness  from  1  to  3  feet  (0.3 
to  0.9M).  A  thin  bed  of  high  plasticity  clay, 
varying  in  thickness  from  3  to  6  inches  (25  to 
150mm),  lies  between  the  sound  rock  and 
fissured  rock  in  the  north  abutment  and  between 
the  sound  rock  and  the  conglomerate  in  the 
south  abutment. 

On  both  abutments  and  the  fissured  limestone 
and  conglomerate  overlain  by  a  loosely 
compacted  silty  and/or  sandy  gravel  containing 
particles  up  to  cobble  size.  This  bed  is 
approximately  10  feet  (3.0M)  in  thickness  and 
becomes  more  gravelly  with  depth.  Overlying  the 
gravel  bed  is  an  approximate  10-foot  (3. OH) 
thick  bed  of  clayey  gravel/gravelly  clay 
containing  fines  of  moderate  plasticity 
characteristics. 


ORIGINAL  PROJECT 


Typical  embankment  sections  are  shown  in  Figure 
3.  The  earth  embankment  consisted  of  moderate 
plasticity  clay  having  liquid  limit  values 
ranging  from  50  to  60.  The  clay  was  compacted 
to  not  less  than  95%  Standard  Proctor  density. 


A  12-inch  thick  layer  of  filter  drainage 
material  was  placed  both  beneath  the  bottom  of 
the  embankment,  between  the  embankment  and  rock 
surface,  and  on  top  of  the  embankment,  between 
the  embankment  and  the  concrete  slope  paving. 
The  filter  materials  were  obtained  from  natural 
sandy  gravel  deposits  upstream  of  the  dam. 
These  deposits  were  continuations  of  the  gravel 
bed  shown  on  the  subsurface  profile.  Figure  2. 
The  upper  filter  blanket  extended  from  the  toe 
of  the  dam  to  the  upstream  edge  of  the  crest 
beam  as  shown  in  Figure  3.  In  the  river  bed 
section  the  lower  filter  blanket  extended  from 
the  toe  to  the  centerline  of  the  embankment.  At 
the  abutments  the  lower  filter  blanket  extended 
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from  the  toe  to  a  point  one-third  the  base 
of  the  embankment.  The  embankment  was  protected 
from  erosion  and  scour  by  a  lightly  reinforced 
8-inch  thick  concrete  slab.  A  2-foot  thick  by 
20  feet  wide  concrete  splash  pad  was  placed 
along  the  downstream  toe.  The  concrete  slope 
paving  was  dowelled  into  the  splash  pad. 
Ten-foot  high  training  walls  were  placed 
adjacent  the  steep  river  banks  downstream  of 
the  embankment  and  extended  approximately 
half-way  into  the  downstream  slope. 

Four-inch  diameter  weep  holes  were  placed  on 
20-foot  (6.1M)  centers  at  the  juncture  of  the 
downstream  slope  protection  and  the  splash  pad 
and  along  the  downstream  training  walls.  To 
prevent  loss  of  filter  materials  through  the 
weep  holes,  one  cubic  foot  pockets  of  cobbles 
ranging  in  size  from  4  to  12  inches  were  placed 
between  the  filter  zone  and  the  weep  holes. 

Slope  paving  extended  up  the  abutments  to  the 
crest  of  the  non-overflown  section  as  shown  by 
the  dashed-line  embankment  in  Figure  3.  A  crest 
width  of  10  feet  (3M)  was  established  for  the 
non-overflown  section.  Slope  paving  was 
extended  land-ward  until  its  elevation  of  1635 
msl  met  natural  ground  surface.  The 
cast-m-place  concrete  cut-off  was  constructed 
in  open  ditches  excavated  with  a  back-hoe 
through  the  conesive  and  non-cohesive  abutment 
materials. 

Construction  of  the  dam  began  in  the  Fall  of 
1979  and  was  essentially  complete  in  the  Fall 
of  1980.  Impoundment  began  in  Aug.  1980  and  the 
reservoir  was  essentially  full  by  October  1980. 

EARLY  DEFICIENCIES 

During  construction  of  the  north  abutment  in 
the  spring  of  1980  it  was  discovered  that  the 
concrete  cut-off  wall  had  been  bottomed  on  top 
of  the  fissured  and  fractured  limestone.  When 
excavations  were  being  made  for  the  left 
downstream  training  wall,  water  was  observed 
flowing  from  the  fissures.  An  additional 
cut-off  wall  upstream  and  adjacent  the  initial 
wall  and  bottoming  a  minimum  of  1  foot  (300mm) 
into  the  sound  rock  was  installed.  The  top  of 
this  additional  wall  abutted  and  overlapped  the 
bottom  of  the  initial  wall  for  a  distance  of  1 
foot  (300mm) . 

In  September  1980,  when  the  reservoir  was  first 
filling,  excess  seepage  was  observed  in  the 
south  (right)  abutment  area.  Significant  seep¬ 
age  was  observed  coming  through  construction 
joints  in  the  downstream  slope  paving  slab.  At 
one  location  a  stream  of  water  was  observed 
jetting  approximately  8  inches  (200mm)  above 
the  slope  t^ving  at  a  point  some  9  feet  (2.7H) 
below  the  then  existing  reservoir  elevation.  A 
portion  of  the  slope  paving  adjacent  the  right 
downstream  train !ng  wall  was  removed  and  a 
2-foot  by  2-foot  ^500  x  500mm)  aggregate  filter 
surrounding  a  4-inch  (100mm)  perforated  pipe 
was  installed.  The  concrete  slope  paving  was 
then  replaced.  The  exit  point  for  the  pipe  was 
established  at  the  downstream  end  of  the  right 
training  wall. 

Kerrville  Ponding  Dam  was  dedicated  in  June 
1981.  During  the  Spring  and  Summer  of  1981 
additional  problems  related  to  performance  of 


the  embankment  structure  appeared.  A  storm  had 
produced  a  flow  5.6  feet  (1.7M)  passing  over  the 
spillway.  After  the  flow  had  subsided,  a 
"rooster-tail",  i.e.  a  fan-like  spray  of  water, 
appeared  on  the  downstream  slope.  This 
"rooster-tail"  was  actually  produced  by  a  crack 
in  the  concrete  slope  paving  with  an  attendant 
3/8-inch  (9.5mm)  vertical  displacement.  When 
the  flow  had  further  receded  and  the  downstream 
slope  paving  could  be  more  closely  examined, 
several  cracks  in  the  slope  paving  could  be 
seen.  Most  notable  of  these  cracks  was  a 
continuous  crack  approximately  mid-way  down  the 
downstream  slope  that  extended  fror..  abutment  to 
abutment.  The  condition  beneath  the  concrete 
slope  paving  was  investigated  by  coring  4-inch 
(100mm)  holes  through  the  concrete.  It  was 
found  that  a  void  space  having  a  depth  of  as 
much  as  3-inches  in  thickness  (75mm)  had  formed 
beneath  the  slope  paving.  The  surface  area 
defining  the  lateral  extent  of  the  void  covered 
a  large  percentage  of  the  northern  one-third  of 
the  embankment.  This  condition  was  "repaired" 
by  drilling  several  holes  through  the  concrete 
paving  into  which  a  mixture  of  concrete  sand, 
water  and  "Revert"  (TM)  was  placed;  mostly  by 
gravity  flow  but  in  some  instances  by  pumping. 
Although  no  surveys  were  made  to  establish 
relative  elevation  of  the  slab,  observers  seem 
to  think  that  the  slab  was  in  a  "bowed"  position 
at  this  time.  The  holes  drilled  through  the 
concrete  were  filled  with  concrete  and  cracks  in 
the  slab  were  sealed  with  an  elastomeric 
compound . 

FAILURE  OF  DAM 

During  the  night  of  December  31,  1984  the  dam 
was  overtopped  by  a  flood  to  a  depth  of 
approximately  10.5  feet  (3.2M)  over  the  spillway 
section.  The  dam  suffered  extreme  damage, 
including  complete  destruction  of  the  downstream 
concrete  slope  protection.  Approximately 
one-half  of  the  concrete  was  completely  removed 
from  the  left  spillway  section.  The  clay  core 
eroded  in  some  places  as  far  as  10  feet  (3.0M) 
beneath  the  remaining  concrete  paving  slab  on 
the  left  one-third  of  the  dam.  The  concrete 
paving  slab  adjacent  the  south  (right)  abutment 
was  cracked  and  displaced  upwards  as  much  as  1 
foot  (300mm) .  A  significant  amount  of  filter 
material  was  eroded  from  beneath  the  slab  for  a 
distance  of  60  feet  (18M)  from  the  south 
abutment.  A  photograph  showing  the  scope  of 
damages  is  shown  in  Figure  1.  The  dam  was  not 
breached,  so  the  incident  could  be  classed  as  an 
ICOLD  TYPE  1 ( 1A)  Accident.  The  reservoir  was 
drawn  down  to  elevation  1613  msl  to  alleviate 
further  damage  and  yet  maintain  a  water  supply 
source  for  the  City  of  Kerrville  and,  except  for 
occasional  rises  of  the  river  during  the 
investigation  and  repair  phase,  was  maintained 
at  that  level  until  repairs  to  the  structure 
were  completed. 

INVESTIGATION  OF  FAILURE,  FINDINGS 


Several  theories  as  to  th,>  cause  of  the  damage  1 
were  propounded  by  various  personalities.  Among  | 
the  causes  put  forth  was  the  effect  of  strong  | 
eddy  currents  and  turbulence  developing  negative  j 
pressures  against  the  concrete  cover.  Another  | 
cause  considered  was  the  beating  and  pounding  | 
action  of  logs  and  other  debris  caught  in  the  J 
roller  waves  downstream  of  the  dam.  However,  | 
careful  observations  of  the  condition  of  the  dam  j 
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and  its  abutments,  review  of  pre-construction 
geotechnical  investigations  together  vith 
construction  quality  control  records,  the 
incidences  of  seepage  during  construction  and 
first  filling  and  the  remedial  procedures  used 
to  mitigate  these  conditions,  coupled  with 
results  of  a  fairly  extensive  subsurface 
investigation  made  after  the  failure  gave  strong 
indications  that  the  basic  problem  dealt  with 
the  design  of  the  dam;  its  internal  hydrostatic 
control  and  drainage  system  and  the 
communication  established  between  the  drainage 
system  and  the  naturally  occurring  pervious 
materials  found  in  the  abutments. 

Samples  of  the  undisturbed  filter  materials  used 
in  constructing  the  dam  were  obtained  for 
testing.  Grain  size  analyses  showed  percent 
fines  (-No.  200  sieve)  varying  from  5  to  18 
percent.  Atterberg  limits  tests  indicated 
plasticity  index  values  on  the  order  of  8  to  15. 
A  typical  grain  size  curve  for  the  filter 
material  is  shown  in  Figure  4. 


Fig.  4  Grain-Size  Curves,  Natural  and  Filter  Materials 


Joints  in  the  concrete.  The  triangular  joint  in 
the  center  of  the  two  right  pieces  of  wall  is 
about  6x8  inches  (152-203mm)  in  size.  This 
condition  is  depicted  in  Figure  5.  A  36-inch 
(0.9M)  boring  was  made  upstream  of  the  cut-off 
to  inspect  the  juncture  between  the  original 
cut-off  and  the  extended  cut-off.  It  was  found 
that  an  approximate  2-inch  (51mm)  vertical  gap 
existed  between  the  two  walls.  The  gap  was 
filled  with  loose  coarse  gravel  and  tree  roots 
up  to  1-1/2  inches  (38mm)  in  diameter. 


Fig.  5  Defects  in  North  Cut-off  Wall 


BASIC  CAUSE  OF  FAILURE 

Based  on  visual  observation,  exploratory 
borings,  and  laboratory  testing  it  was  concluded 
that  the  distress  to  the  dam  was  the  result  of 
three  basic  flaws: 


Bulk  samples  of  the  natural  gravel  stratum  were 
obtained  from  large  diameter  test  holes  dug  into 
the  abutments  both  upstream  and  downstream  of 
the  embankment.  Grain  size  analyses  typical  of 
the  materials  are  also  shown  in  Figure  4.  It  is 
obvious  that  these  materials  have  very  similar 
grain  size  characteristics.  Analyses  of  grain 
size  curves  indicate  that  the  materials  are  of  a 
suffosion  character.  The  D60/D10  ratio  are  well 
in  excess  of  20  which  according  to  U.S.  Army 
Engineer  Waterways  Experiment  Station  Report 
"Design  and  Construction  of  Granular  Filters  for 
Embankment  Dams"  by  Edward  B.  Perry,  indicate 
the  materials  are  internally  unstable  and 
susceptible  to  internal  migration  and  possible 
loss  of  the  finer  particles. 

Trenches  were  excavated  into  both  abutments  at 
locations  where  the  cut-off  trench  could  be 
exposed  for  inspection.  On  the  south  (right) 
abutment  it  was  found  that  the  concrete  cut-off 
bottomed  some  4  to  8  inches  (100  to  200mm)  above 
the  sound  rock.  Very  loose  coarse  gravel  was 
found  in  the  void  between  the  concrete  cut-off 
and  the  rock.  In  the  north  (left)  abutment  a 
void  ranging  from  2  to  6  inches  (51  to  152mm) 
was  found  between  the  concrete  and  the  fissured 
rock.  Additionally,  it  was  found  that  the 
concrete  had  been  cast  in  three  separate 
sections  with  coarse  gravel  intruding  into  the 


1.  The  defects  in  the  cut-off  walls  provided 
direct  access  of  significant  quantities  of 
water  under  excess  head  from  the  reservoir 
into  the  filter  materials  in  the  area 
downstream  of  the  crest  of  the  dam.  The 
sum  of  areas  providing  relief  for  the  water 
flows  was  significantly  less  than  the  sum 
of  inlet  areas.  Consequently  the  filter 
materials  became  overloaded,  high 
hydrostatic  pressures  developed  beneath  the 
paving  slabs,  thereby  lifting  and 
disrupting  the  slab.  Once  the  slabs  were 
displaced  and  broken,  the  rush  of  water 
over  the  crest  completed  the  destruction 
shown  in  Figure  1. 

2.  It  is  noted  that  the  so-called  filter 
material  violated  several  of  the  recognized 
filter  criteria  when  using  the  gravel  as 
the  base  material.  It  can  be  said  that  the 
structure  did  not  have  a  filtration  or 
pressure  reducing  system  m-se-far-as  the 
more  permeable  base  materials  were 
concerned.  Also,  the  filter  materials  were 
quite  variable  as  to  percent  fines.  This 
produced  a  great  variation  in  filter 
permeability.  Much  of  the  filter  contained 
significantly  more  fines  than  are  usually 
permitted  in  a  well  designed  filter 
material . 
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The  "cobble  pockets"  at  each  of  the  weep 
holes  were  without  any  direct  control  as  to 
particle  size  or  size  of  voids  produced. 
The  size  of  the  drain  hole  with  respect  to 
the  size  of  the  cobbles  were  such  that  one 
cobble  could  completely  block  a  drain  hole. 
Close  examination  indicated  that  perhaps 
only  4  of  the  20  drain  holes  in  the  dam 
that  remained  after  the  accident  were 
actually  working. 

REPLACEMENT  DAM 

Constraints  placed  on  repair  to  the  dam  included 
that  the  repair  structure  should  fit  within  the 
footprint  of  the  original  dam.  Also,  the 
reservoir  remaining  behind  the  damaged  structure 
could  not  be  lowered  more  than  10  feet  (3.0M) 
without  adversely  impacting  the  City  of 
Kerrville’s  water  supply.  Six  basic  options 
were  considered:  (1)  remove  the  existing  dam 
and  replace  it;  (2)  repair  and  replace  the 
damaged  portion  in  accordance  with  original 
plans;  (3)  construct  a  vertical  concrete 
buttress  dam;  (4)  replace  the  clay  core  dam  with 
one  having  a  much  thicker  concrete  cap;  (5)  move 
the  dam  to  a  new  location;  and  (6)  replace  the 
dam  with  a  roller  compacted  concrete  (RCC)  dam. 

Whatever  of  these  solutions  were  adopted,  it  was 
considered  imperative  that  the  downstream 
pressure  relief  filter  system  would  require 
replacement  and  that  a  new,  continuous  cut-off 
system  would  be  necessary. 

It  was  determined  that  a  roller  compacted 
concrete  (RCC)  dam  offered  several  advantages  to 
the  other  considerations.  Not  the  least  of 
these  was  the  consideration  that  a  RCC  dam  could 
withstand  overtopping  with  a  minimal  damage  to 
work  in  place. 

Along  the  Guadalupe  River  and  within  easy  haul 
distance  of  the  dam  site,  several  gravel  bar 
deposits  were  being  mined  commercially  to 
produce  concrete,  asphalt  and  base  course 
aggregate.  Generally,  the  sand  and  gravel  is 
processed  by  washing  and  screening  and/or 
crushing  and  blending  to  meet  American  Society 
of  Testing  Materials  or  Texas  Highway  Department 
specification  requirements.  Samples  of  the 
processed  materials  and  pit-run  materials  were 
obtained  from  several  of  these  pits  to  evaluate 
their  potential  use  in  producing  roller 


compacted  concrete.  Specification  limits  for 
grain  size  distribution  were  established  as 
shown  in  Figure  6.  Also  shown  are  the  average 
results  of  grain  size  analyses  tests  conducted 
on  52  samples  taken  from  the  mix  plant  during 
construction. 


Fig.  6  Roller  Compacted  Concrete  Gradation 


Grain-size  analyses  of  pit-run  materials,  and 
visual  examination,  showed  that  the  various 
producers  were  all  mining  essentially  the  same 
materials.  Grain-size  distribution  curves  of 
materials  "scalped"  over  a  3-inch  screen  were 
compared  with  curves  reported  by  other  RCC  users 
and  were  found  to  conform  quite  well.  Trial 
mixes  showed  that  adequate  strength,  and 
durability  could  be  obtained  with  moderate 

amounts  of  cement.  Both  Wetting-and-Drying  and 
Freezing-and-Thawing  (ASTM  D559  and  ASTM  D560) 
on  laboratory  molded  specimens  showed  losses 
ranging  from  6  to  10  percent.  Tests  also 
indicated  that  the  molded  materials  would 

develop  compressive  strength  ranging  from  1100 
to  2000  psi  at  28  days  age  on  materials 

containing  from  5  to  10  percent  Portland  cement, 
by  weight.  The  durability  and  quality  of  the 
aggregates  themselves  were  well  established  by 
their  use  in  numerous  projects  throughout  the 
area . 

The  final  embankment  section  for  the  RCC  dam  is 
shown  in  Figure  7.  The  RCC  structure  was 
designed  to  not  only  resist  the  forces  generated 
by  the  reservoir  but  also  to  support  the 


Fig.  7  Repaired  Embankment  Section 


embankment  that  was  to  remain  in  place  once  the 
dam  was  completed.  Based  on  Culman's  method  to 
determine  the  stability  of  near-vertical  slopes 
composed  of  clay  soils,  it  was  decided  that  a 
vertical  slope  of  17  feet  (5.2M)  would  be  safe 
against  failure  fo*-  some  reasonable  period  of 
time.  Consequently,  the  original  downstream 
slope  was  removed  to  a  point  some  16  feet  (4.9M) 
downstream  of  the  axis  of  the  dam  and  a  vertical 
slope  established.  The  slope  stood  throughout 
the  construction  period  of  seme  four  months  with 
only  minor  sloughing  even  though  it  was 
overtopped  by  flood  flows  on  two  occasions.  The 
portion  identified  as  "original  embankment"  in 


Figure  7  served  to  contain  a  reservoir  during 
the  construction  period." 

Roller  compacted  concrete  was  placed  in  1-foot 
(300mm)  thick  lifts  and  rolled  with  a  10-ton 
vibratory  steel  wheel  roller.  It  was  decided 
that  the  bottom  seven  lifts  and  top  five  lifts 
of  RCC  would  contain  10  percent  Portland  cement 
by  weight  and  that  the  interior  lifts  would 
contain  5  percent  cement.  This  decision  was 
based  on  the  desire  to  provide  a  higher  strength 
material  in  the  base  of  the  dam  where  tensile 
forces  would  be  greatest  and  to  provide  more 
erosion  resistance  at  the  top  of  the  dam. 

Moisture  and  density  control  were  conducted  on  a 
daily  basis.  Additionally,  laboratory  molded 
specimens  were  made  from  the  materials  being 
placed.  Results  of  strength  tests  of  laboratory 
molded  specimens  are  shown  in  Figure  8.  After 
the  dam  was  completed  both  6-inch  (152mm)  and 
10-inch  (250mm)  specimens  of  in-place  RCC  were 
obtained  with  a  diamond  core  barrel.  Strength 
tests  were  conducted  on  specimens  of  the  core. 
Results  of  these  tests  are  shown  in  Figure  8  for 
comparison  with  laboratory  molded  specimens. 
Down-hole  permeability  tests  were  conducted  in 
the  core  holes.  Permeability  values  obtained 
from  these  tests  ranged  from  lxl0~5  to  lxlO-7 
cm/sec . 


Fig.  8  Strength  of  RCC 


The  seepage  through  the  abutments  was  controlled 
by  constructing  overlapping  drilled  cassions  to 
distances  of  130  feet  (33. 6M)  into  the 
abutments.  The  shafts  extended  from  top  cf  dam 
surface  to  at  least  3  feet  (0.9M)  into  the 
unweathered  rock.  The  drilled  shaft  cut-off 
wall  consisted  of  two  rows  of  shafts.  Shafts 


forming  the  downstream  row  were  36  inches 
(914mm)  in  diameter  spaced  on  48-inch  centers. 
Approximately  3  days  after  the  concrete  was  cast 
in  these  shafts  an  18-inch  (460mm)  shaft  was 
drilled  in  the  intervening  space.  Construction 
of  the  shafts  were  closely  monitored  to  insure 
vertical  continuity.  The  performance  of  the 
cut-off  walls,  when  the  embankment  was 
overtopped  near  the  end  of  construction, 
indicated  perfect  performance  of  this  control 
feature . 

The  downstream  pressure  relief  system  (filter 
material)  was  redesigned  using  ASTH  Standard 
Concrete  Aggregate,  2-inch  to  3/4-inch  size. 
Estimated  permeability  of  this  material  is 
quoted  to  be  greater  than  50  feet  per  minute  (25 
cm/sec) .  Surfaces  of  the  gravel  stratum  in  the 
abutments  were  carefully  cleaned  and  this  filter 
material  was  placed  adjacent  the  gravel.  The 
filter  was  carried  along  the  interior  of  the 
downstream  training  walls  and  terminated  at  a 
concrete  encased  mass  of  cobbles  similar  to  a 
gabion.  A  minimum  cross-sectional  area  equal  to 
75  square  feet  (7  square  meters)  drainage  area 
was  provided.  It  is  estimated  that  a  gradient 
of  less  than  1/100  would  develop  in  the  filter 
system  under  maximum  reservoir  head, 
construction  of  the  embankment  began  in  the 
latter  part  of  June  1985  and,  except  for 
downstream  slope  paving,  was  complete  on 
September  29,  1985. 

SERVICE  HISTORY  OF  REPLACEMENT  DAM 

On  October  19,  1985  after  the  embankment, 
cut-off  walls  and  abutment  pavement  were 
complete  but  before  the  slope  paving  above  the 
downstream  training  walls  was  complete,  the 
Guadalupe  River  experienced  a  flood  which 
overtopped  the  spillway  by  13.4  feet  (4.1M).  No 
damage  was  experienced  by  the  embankment 
structure.  Parts  of  the  downstream  face  of  the 
drilled  shaft  cut-off  walls  were  exposed  but 
there  was  no  evidence  of  through-seepage. 
Partially  completed  downstream  filter  zones  and 
some  of  the  concrete  paving  above  the  training 
walls  were  washed  away.  After  the  floodwaters 
receded  no  unusual  seepages  were  observed  that 
could  indicate  that  the  dam  and  cut-off  were  not 
functioning  satisfactorily.  The  minor  damages 
were  corrected,  filter  materials  were  replaced 
and  slope  paving  above  the  downstream  training 
walls  were  completed. 

On  July  17,  1987  the  dam  was  overtopped  to  a 
depth  of  17.2  feet  (5.24M).  This  was  reported 
to  be  the  largest  flood  in  the  past  40  years  in 
this  reach  of  the  Guadalupe  River.  At  the  dam 
the  flood  reached  elevation  1638.2  msl  or  3.2 
feet  (1.0M)  above  the  paved  abutment  sections. 
No  damage  was  experienced  by  the  embankment  nor 
its  downstream  training  walls.  The  only  damage 
suffered  by  any  of  the  Upper  Guadalupe  River 
Authorities'  facilities  was  erosion  of  soil 
above  the  slope  paving  on  the  north  (left) 
abutment  and  the  loss  of  a  head-wall  and  one 
section  storm  drainage  pipe  downstream  of  the 
south  (right)  training  wall.  Photograph  of  the 
dam  taken  eftei  the  July  17,  1987  flood  is  shown 
in  Figure  9, 


Fig.  9  Completed  Dam,  July  1987 


CONCLUSION 

It  is  concluded  that  the  accident  was  caused 
principally  by  inadequate  cut-off  and  filter 
design  and  construction  and  substandard 
hydrostatic  relief  systems  in  the  downstream 
portion  of  the  dam  and  abutments. 


Roller  Compacted  Concrete  proved  to  be  an 
excellent  choice  for  the  replacement.  Although 
the  work-in-progress  was  overtopped  by  river 
flows  several  times  during  construction,  loss  of 
wcrk-in-progress  was  minimal  and  clean-up  and 
restart  of  construction  seldom  required  more 
than  one  day. 

By  using  roller-compacted  concrete  to 
rehabilitate  the  facility  it  was  possible  to 
maintain  a  pool  of  water  sufficient  to  satisfy 
the  City  of  Kerrville's  needs  without  rationing 
the  use  of  water. 

Design  strengths  for  the  RCC  mix  were  achieved 
and  exceeded. 

The  continuous  flow  of  water  plus  several  large 
floods  have  not  produced  any  scour  or 
deterioration  of  the  compacted  concrete  mass. 
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SYNOPSIS:  Since  1979,  in  accordance  with  the  design  program  given  by  the  author,  no  more  than  3  stor¬ 

ied  buildings  with  an  area  of  more  than  200,000  square  metres  have  been  built  in  the  expansive  soil 
area  of  Guangxi  Zhuang Autonomous  Region  and  Guangdong  Province  in  South  China.  The  different  measures 
have  been  adopted  according  to  specification  of  light,  medium  and  heavy  expansive  soil.  Through  the 
test  of  special  weather  and  the  deformation  observation  for  3  to  7  years,  it  has  been  proved  that  the 
intact  rate  of  the  buildings  has  reached  90-98  percent. 

This  paper  mainly  expounds  three  cases  and  has  summed  up  very  effective  treatment  methods  from 
the  practice. 

INTRODUCTION 


In  China,  the  expansive  soil  is  distributed  bro¬ 
adly  over  almost  every  province  except  northwest 
area,  and  especially  widespreaded  in  the  provin¬ 
ces  of  Guangdong,  Hubei,  Hunan,  Yunnan,  Shichuan 
and  Guangxi  Zhuang  Autonomous  Region.  Because  of 
the  natural  geographical  distribution,  these 
areas  are  rich  in  rainfall  with  an  annual  aver¬ 
age  between  1,000  and  2,000mm,  about  70  percent 
are  concentrated  in  the  two  seasons  of  summer 
and  autumn,  i.e.  from  April  to  September.  In 
these  two  seasons,  there' re  many  storms  and  hea¬ 
vy  flow, and  the  monthly  average  temperature  is 
from  20  to  25  degrees  centigrade.  It's  the  main 
typical  characteristics  to  have  frequent  rain 
and  high  temperature  in  the  same  seasons,  so  as 
to  reduce  a  lot  of  rainfall  seeping  into  the 
ground. 


Due  to  the  transverse  movement  of  the  soil,  usu¬ 
ally,  the  crack  with  1  to  10cm  in  width,  1  to  3m 
in  depth  and  30  to  300m  in  length  would  appear 
on  the  ground.  When  the  ground  crack  goes  throu¬ 
gh  the  buildings,  the  fracture  or  crack  on  the 
wall  and  floor  would  emerge. 

As  known  to  all,  the  swelling  and  contr  cting  de¬ 
formation  of  expansive  soil  comes  from  the  change 
of  the  moisture  content  in  the  soil.  The  moisture 
shift  of  foundation  soil  is  a  rather  complicated 
matter  which  may  be  expressed  by  the  moisture 
balance  formula  as  follows: 


W  =  Wo+[P(l-r)+L+e]-(E+T+u) 


In  winter  and  spring,  the  monthly  rainfall  would 
be  only  300mm  or  even  less.  But  the  monthly  ave¬ 
rage  temperature  remains  10  to  20  degrees  centi¬ 
grade.  Therefore,  during  this  period,  the  foun¬ 
dation  soil  becomes  drying  shrinkage,  and  at  the 
same  time,  most  of  the  buildings  and  houses  be¬ 
gin  to  sink  and  crack.  According  to  the  result 
of  moisture  content  observation  for  long  time  in 
South  China,  the  weather- inf luenced  depth  may 
reach  5m,  but  the  serious  influenced  depth  by 
weather  is  bout  1.5  to  2.5m  (figure  1). 


Tig.  1  Two  Storied-Building  Damaged  in  South 
Yunnan 


Where:  W  =  The  moisture  content  in  a  certain 

soil  layer  after  the  moisture  migra¬ 
tion 


Wo=  The  initial  moisture  content  before 
the  moisture  migration 

P  =  Precipitaion 

r  =  Coefficient  of  surface  run-off 

L  =  The  moisture  shifted  up  from  the 
subsoil  by  capillary 

e  =  The  water  condensed  from  water  gas 

E  =  Evaporation 

T  =  The  moisture  transpired  from  plants 

u  =  The  moisture  migrated  or  infiltrated 
down  into  the  ground 


According  to  the  weather  condition  in  China  and 
the  moisture  balance  formula  as  mentioned  above, 
a  program  of  the  comprehensive  protection  meas¬ 
ures  has  been  put  forward  by  the  author  for  the 
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treatment  of  the  foundation  on  expansive  soil. 
Here,  the  program  of  the  comprehensive  protec¬ 
tion  and  management  dosn't  mean  that  all  the 
measures  must  be  adopted  all  together.  It's  re¬ 
quired  that  engineers  should  not  only  have  a  co¬ 
rrect  design  for  the  houses,  i.e.  usually,  the 
foundation  soil  and  foundation  management  would 
be  taken  as  the  main,  and  the  upper-structure's 
strengthening  as  the  second,  but  also  the  treat¬ 
ment  of  the  surroundings  of  the  houses  such  as 
building  retaining  wall,  slope  protection,  drai¬ 
nage,  vegetation,  and  so  on  should  be  put  into 
the  detailed  consideration  of  design,  so  as  to 
keep  the  relative  balance  of  the  moisture  con¬ 
tent  in  foundation  soil,  only  in  this  way  can 
the  deformation  range  be  shortened.  On  the  other 
hand,  whether  the  design  can  be  succeeded  and 
whether  the  desired  result  of  the  management 
measures  can  be  obtained,  it's  not  only  by  ttie 
design  unit  itself,  but  iso  the  close  co-oper¬ 
ation  come  from  the  t  n  charge  of  construc¬ 
tion  and  the  hou°  -ai  .•  ent  or  house  owner.  In 
accordance  with  i’-  .  teristics  of  expansive 

soil  such  as  that  n  .ocid  swell  when  the  mois¬ 
ture  increase  and  i ’  d  contract  when  the  mois¬ 
ture  decrease,  therefore  the  protection  and  ma¬ 
nagement  work  in  all  fields  must  be  done  well. 

for  recent  10  years,  the  buildings  with  an  area 
of  200,000  square  metres  have  been  built  up  in 
the  expansive  area  of  Guangxi  Zhuang  Autonomous 
Region  and  Guangdong  Province.  The  author  has 
conducted  observation  on  foundation  soil  and 
buildings  for  many  years.  Through  the  test  of 
special  weather,  the  building  intact  rate  has 
reached  90-98  percent.  Here  are  the  three 
successful  cases  specified  by  light,  medium  and 
heavy  grades. 

CASES  STU0Y 

Case  1  Medical  Ward  Building  of  a  Hospital  in 
North  Guangdong 

Basic  Condition 

This  is  a  three  storied-building  with  102m  long, 
which  is  divided  into  3  sections  by  deformation 
joints,  and  observation  post  is  in  the  middle 
section  (figure  2B). 

figure  2A  means  the  observation  poles  to  observe 
the  deformation  for  different  layers  in  ‘founda¬ 
tion  soil,  their  depths  are  specified  by  0.5, 
1.0,  1.5,  2.0,  3.0,  4.0m. 


In  figure  2B,  the  numbers  of  9,  10 . 17  are 

observation  posts  of  building  deformation.  The 
characteristics  of  the  ground  features  of  the 
observation  field  are  eroded  hilly  land,  and  ter¬ 
rain  is  a  slight  slope.  The  depth  of  foundation 
soil  layer  is  between  10  and  15m.  Above  5m  is 
residual  clay  by  shale  with  brown  and  yellow  co¬ 
lours  as  the  main  mixed  up  with  light  yellow  and 
greyish  stripes,  hard  to  plasticity,  soil  test 
results  shown  as  Table  1. 

TABLE  1.  Soil  Test  Results 


d  (m) 

WOS) 

WL(S8 

)  Ip 

DOS) 

e(i5 ) 

Ls(SS) 

1.1-1.25 

27 

49 

23 

39 

1.195 

1.12 

2.1-3.25 

26 

47 

22 

44 

3.505 

1.94 

3.0-3.15 

29 

50 

24 

52 

2.155 

1.26 

4.0-4.15 

27 

54 

30 

43 

4.06 

0.66 

4.85-5.0 

27 

46 

23 

40 

2.13 

1.18 

In  Table  1 

:  d  = 

Embeded 

depth 

of  soil 

samplf 

W  = 

Ini 

tial 

moisture  content 

WL= 

Liquid 

limit 

lp  = 

Pla 

sticity  index 

D  = 

<0. 

005mm  grain 

composition 

e  =  Expansive  rate 
Ls=  L-inear  shrinkage 


Management  Measures 

1.  Strip  foundation  have  been  buried  into  lm  deep 
with  sand  cushion  (figure  3)  and  the  two  sides  of 
foundation  trough  are  filled  with  sand. 


fig.  2  Plan  figure  of  Experimental  Site 


fig.  3  Sand 
In  figure3:  1 

2 

3 

4 

5 

6 
7 


Cushion 

=  Outer  ground  surf  ace 
r  Interior  ground  surface 
=  Periphery  beam 
=  Brick  wall 
=  Lime  clay 
=  footing 

=  filled  with  sand 


The  sand  diametre  is  from  0.25  to  0.5mm,  ar.d  the 
moisture  content  is  from  15  to  20  percent. 

The  unit  weight  is  14KN/m^  about. 

2.  The  pour-iniplaced"  reinf  orc'.d  concrete  fiopr 
and  periphery  beam. 
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3.  The  width  of  drainage  slope  is  about  1.5-2. 5m. 


F'ig.  4  Drainage  Slope 

In  figure  4:  1  =  Concrete  surface  layer 

2  =  Cushion  by  lime  clay,  etc. 

3  =  Surface  of  outer  wall 

4  =  Expansion  joint 

The  drainage  slope  around  the  building  is  divided 
by  the  expansion  joint  at  intervals  of  3  to  5m. 

In  order  to  prevent  the  crack  of  the  concrete 
surface  layer  on  the  slope,  the  building-slope 
link  should  be  divided  by  expansion  joint,  so  as 
to  prevent  water  infiltration  into  the  ground. 

The  drainage  slope's  surface  layer  is  made  of 
concrete  with  its  thickness  of  80  to  100mm.  And 
the  cushion  is  made  of  native  cement  (lime,  sand 
,  broken  stone),  lime  soil  or  sand-stone  mater¬ 
ial. 

4.  Surrounding  Management 

The  slope  nereby  the  building  may  be  protected  by 
building  up  the  stone.  At  the  foot  of  the  slope, 
a  retaining  wall  with  1  to  2m  high  should  be  bu¬ 
ilt.  At  the  middle  of  the  slope,  a  drainage  dit¬ 
ch  should  be  excavated  so  as  to  complete  the  dr¬ 
ainage  system  at  the  construction  site. 

The  lower  and  easier  trim  away  unwanted  branches 
and  twigs  trees  may  be  selected  for  scientific 
vegetation  such  as  fruit  and  flower  trees.  It  s 
prohibited  to  plant  quick  growing  or  heavy  trans¬ 
piring  trees  such  as  eucalyptus,  poplar  etc.  The 
distance  from  trees  to  buildings  shoud  be  about 
5m.  The  spare  ground  should  be  covered  by  grass 
and  bush  as  more  as  possible,  but  the  irrigation 
must  be  controlled. 

5.  The  special  requirements  to  the  building  cons¬ 
truction.  . 

To  work  out  a  construction  plan  is  a  special  im¬ 
portance.  The  foundation  must  be  laied  quickly  by 
continuous  construction.  The  trough  or  pit  should 
be  prevented  from  heavy  sunshine  or  soaked  by  wa¬ 
ter.  In  the  construction  site,  used  water  must  be 
controlled  strictly  and  pay  a  good  attention  to 
the  drainage  of  the  construction  site. 

Results  of  Deformation  Observation 

Since  September  1979  to  May  1978,  the  author  has 
conducted  deformation  observation  of  different 
layers  of  foundation  soil  with  precise  leveling 
instrument  Wild  N3. 

The  deformation  curves  are  as  figure  5. 

In  figure  5,  it's  clear  to  see  that  with  the  f*e- 
epening  of  the  foundation  soil  layer*  the  verci- 
cle  deformation  magnitude  would  be  reduced  gra¬ 
dually*  It’s  very  evident  that  they'll  go  up  and 
come  down  in  synchronism. 


f'ig.  5  Deformation  Curves  of  Different  Layers 
of  foundation  Soil 

In  figure  5:  1  =  0.5m  Depth  under  ground 

2  =  1.5m  Depth  under  ground 

3  =  3.0m  Depth  under  ground 

Besides  it,  the  up  and  down  deformation  of  the 
foundation  soil  coincides  very  much  with  the 
changes  of  the  weather  at  the  building  area.  In 
rainy  season,  the  foundation  soil  rises  up,  and 
in  dry  season,  it  would  subside.  In  1983,  it  was 
a  rain-rich  year,  the  rising  magnitude  was  be¬ 
yond  20mm. 

The  comparison  of  the  deformation  curve  of  the 
foundation  soil  in  lm  deep  with  the  deformation 
curve  of  building  observation  post  11  shown  in 
figure  6. 


fig.  6  Comparison  of  the  foundation  Soil  Defor¬ 
mation  with  the  Building  Deformation 

In  fig.  6:  1  -  Deformation  curve  of  the  founda¬ 

tion  soil 

2  =  Deformation  curve  of  the  building 
It's  clear  in  figure  6: 

1.  In  the  same  depth,  the  building  deformation 
range  is  only  the  23  percent  of  the  foundation 
soil  deformation  range. 

2.  In  the  spring  of  1984,  the  foundation  soil 
was  subsided  11mm,  but  the  building  was  subsided 
only  2.5mm. 

Analysis  of  Management  Results 

The  building  was  used  and  observed  for  deforma¬ 
tion  for  8  years.  Through  the  test  of  the  very 
special  weather  in  the  summer  of  1983  and  the 
spring  of  1984,  the  building  remained  well.  It 
shows  thst  the  management  was  successful. 
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The  send  cushion  for  the  foundation  soil  manage¬ 
ment  is  different  from  the  function  of  the  ex¬ 
change  of  soil  by  sand  cushion  on  normal  founda¬ 
tion  soil.  Here  it's  a  part  of  the  buffer  area 
between  the  foundation  soil  and  footing,  and 
plays  role  together  with  upper-structure  for  the 
adjustment  of  the  uneven  swelling  and  contract¬ 
ing  deformation  of  the  foundation  soil.  On  the 
basis  of  scale-down  test  and  abundant  observa¬ 
tion  data,  it  improves  that  on  unit-weight  about 
laXN/mJ  condition,  the  sand  cushion  layer  is  in 
a  state  of  medium  density,  which  has  an  evident 
feature  of  elastic  deformation.  This  feature  can 
adjust  or  redistribute  internal  force  transmited 
by  the  deformation  of  foundation  soil.  The  adju¬ 
stable  value  is  the  2  percent  of  the  sand  cu¬ 
shion  thickness,  or  5  to  10mm.  The  two  flanks  of 
foundation  trough  are  filled  with  sand  in  moder¬ 
ate  and  fine  size,  which  may  prevent  crevice  and 
shift  of  the  foundation  and  wall  caused  by  grou¬ 
nd  crack  when  it  goes  through  the  buildings, 
this  function  has  been  improved  by  broad  inves¬ 
tigation. 


sge  slope. 

The  results  of  the  other  measures  couldn't  be 
introduced  and  analysed  detailedly  because  of  the 
limited  paper  space. 

Case  2  A  Hospital  Dispensary  in  South  Guangxi 
Zhuang  Autonomous  Region 

Basic  Condition 

This  is  the  two-storied  building  with  a  floor 
space  of  282  square  metres  built  on  slight  slope. 
Nereby  the  building,  there're  some  originally 
built  buildings  which  hsve  cracked  and  damaged 
already . 

The  overburden  soil  stratum  on  the  building  con¬ 
struction  site  is  the  residual  clay  with  thick¬ 
ness  of  A  to  5m.  The  colour  of  soil  i3  greyish 
mixed  up  with  light  red  and  grey-green  stripes. 
The  bec'nck  is  weathering  mudstone. 

The  results  of  soil  test  shown  as  Table  2. 


The  function  of  drainage  slope  may  reduce  the 
influence  of  the  moisture  content  of  the  founda¬ 
tion  soil  caused  by  weather  elements  such  as  ra¬ 
infall,  temperature  of  atmosphere  and  earth's 
interior,  and  evaporation.  So  as  to  make  the  co¬ 
vering  condition  of  both  outside  and  inside  bui¬ 
lding  similar  and  reduce  the  deformation  diff¬ 
erence  from  inner  and  outer  walls.  Through  the 
test  and  observation,  it's  improved  that  with 
the  increasing  of  the  width  of  the  drainage  slo¬ 
pe,  the  deformation  range  of  the  foundation  soil 
would  be  reduced  evioently  (Figure  7). 
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In  Figure  7: 

Curve  1  r  Deformation  of  the  foundation  soil 
0.5m  under  the  ground  surface 

Curve  2  =  Deformation  of  the  foundation  soil 
1.0m  under  the  ground  surface 

Curve  3  =  1.5m  deep  Curve  5  =  3.0m  ueep 

Curve  4  =  2.0m  deep  Curve  6  =  4.0m  deep 


In  Figure  7,  it  shows  that  it's  obvious  to  red¬ 
uce  the  deformation  range  of  the  foundation  soil 
between  1  to  2m  under  the  ground  surface  by  drai¬ 
nage  slope.  thereafter,  the  buried  depth  of  the 
foundation  can  be  reduced  by  widening  the  drain- 


Table  2.  Soil  test  Results 


d  (m) 

W(S) 

WL(S ) 

Ip 

DOS) 

e(2) 

Ls(S) 

1 

30 

48 

19 

49 

3.22 

5.03 

2 

30 

58 

26 

64 

3.93 

3.85 

3 

26 

44 

16 

58 

1.30 

6.35 

4 

27 

57 

29 

/ 

3.37 

3.65 

The  means  of  the  symbols:  d,W,  .  as  Table  1 


The  Following  Measures  Taken  for  the  Buildings: 

1.  Strip  foundation  laid  in  1.5m  deep  with  sand 
cushion  in  50cm  thick. 

2.  The  pour-in-placed  reinforced  concrete  floor 
and  periphery  beam. 

3.  Width  of  drainage  slope  is  2.5m. 

4.  Reinforced  concrete  column  constructed  in  the 
four  corners  of  the  outer  wall. 

5.  The  surrounding  management  is  the  same  as 
Case  1. 


Management  Results 


Since  the  end  of  1981,  the  author  had  begun  to 
conduct  deformation  observation  untill  March 
1987.  Figure  8  shows  the  comparison  of  the  defor¬ 
mation  of  managed  and  damaged  old  buildings. 


Fig.  8  Comparison  of  the  Deformation 
In  Fig.  8: 
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Curve  1  =  Damaged  buildings  with  deformation 
range  of  i3mm. 

Curve  2  =  Managed  dispensary  with  deformation 
range  of  3.4mn. 

In  the  rainy  season  of  1986  (from  April  to  Sep¬ 
tember),  the  rainfall  was  22  percent  higher  than 
that  of  the  annual  average  rainfall.  The  river 
was  in  flood,  but  the  newly  built  dispensary  was 
still  in  good  condition,  which  stood  up  to  the 
tests  in  special  weathers. 

Case  3  A  Dormitory  Building  in  South  Guangxi 
Zhuang  Autonomous  Region 

Basic  Condition 

The  building  covers  an  area  of  ISO  square  metres 
,  which  is  a  single-storied  house  and  built  on 
the  middle  section  of  the  slope  covered  by  hard- 
to-plasticity  clay  with  a  thickness  of  3  to  Am. 
The  colour  of  soil  i3  grey-green  and  yellowish 
white.  The  bed-rock  is  mudstone.  The  results  of 
soil  test  shown  as  Table  3. 


Table  3.  Soil  Test  Results 


d  (m) 

W(S) 

WL(5) 

lp 

D(S) 

e(S) 

Ls(S) 

1 

25 

56 

24 

/ 

12.16 

6.275 

2 

26 

52 

20 

59 

8.87 

6.15 

3 

22 

52 

18 

/ 

2.94 

7.725 

4.5 

23 

56 

29 

/ 

/ 

6.68 

The  means  of  the  symbols:  d,W,  .  as  Table  1 


The  Following  Measures  Taken  for  the  Buildings 

1.  The  pier  foundation  laid  in  2.5m  under  the 
ground  surface. 

2.  The  width  of  drainage  slope,  1.2m. 

3.  The  pour-in-placed  reinforced  concrete  roof- 
slab  and  periphery  beam. 

4.  The  surrounding  management  is  the  same  as 
Case  1. 

Management  Results 

The  observation  was  begun  in  the  January  of  1984 
and  untiil  the  March  of  1987,  the  maximum  defor¬ 
mation  range  was  9.91mm  and  the  building  remains 
well  (Figure  9). 


fig.  9  Deformation  Curve  of  the  Building 
CONCLUSION 

The  practice  improves  tnat  in  the  management  of 
the  buildings  on  expansive  soil,  it'3  the  only 
Way  to  reach  the  previous  result  by  comprehensive 
management  with  different  measures  according  to 


the  condition  of  geology,  terrain,  weather,  etc. 

The  observation  data  show  that  the  swelling  and 
contracting  deformation  of  foundation  soil  is 
mainly  influenced  by  weather  elements  such  as 
rainfall,  evaporation  of  atmosphere  and  earth's 
interior  temperature.  The  influenced  depth  of  2m 
is  usually  most  obvious  in  South  China.  Therefore 
,  the  foundation's  embeded  depth  would  be  1-1. 5m 
in  light  expansive  soil  area,  1.5-2m  in  medium 
expansive  soil  area,  more  than  2.0m  in  heavy  ex~ 
pansive  soil  area.  Besides  it,  the  foundation 
soil  must  be  managed  with  the  measures  such  as 
sand  cushion  layer,  replacement  method,  lime 
slurry  injection  process  snd  so  on.  In  architec¬ 
tural  design,  it's  should  be  tried  to  reduce  the 
corner  of  outer  wail,  because  it's  the  aevere-shi 
fting  area  of  moisture.  When  to  determine  the 
outdoor  elevation,  it  should  be  tried  to  reduce 
the  digging  and  filling,  especially  the  measure 
to  stabilize  the  slope  must  be  taken  for  the  bui¬ 
ldings  on  hill-side  field.  The  engineers  oust 
keep  them  in  mind  that  :  to  manage  slope  should 
be  stressed  first,  then  follow  after  to  build 
houses.  In  surrounding  design,  the  stress  3hould 
be  laid  to  water  drainage,  scientific  vegetation, 
so  as  to  reduce  the  influence  of  foundation  soil 
content  caused  by  human  element.  In  building  con¬ 
struction,  something  must  be  stressed  such  as  hi¬ 
gh-speed,  soaking  and  sunshine  prevention.  During 
the  U3age  of  the  buildings,  it  should  be  done  to 
check  whether  the  waterpipes,  buildings  and  other 
facilities  have  been  damaged,  prune  away  unwanted 
branches  and  twigs  in  time,  maintain  the  sod  and 
so  on. 
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Behaviour  of  Inginimiiiya  Embankment  Dam 

T>  Shrapatham 

Deputy  Director,  Irrigation  Department,  Sri  Lanka 


SYNOPSIS 

The  premnent  coopor.ent  of  the  Inginimitiya  Reservoir  Project  is  the  Inginiciitiya  Daa.  This  daa  with  a  aaxiaua  height 
of  58  ft.  is  essentially  a  homogeneous  earthfill  eabankaent  except  for  the  slope  protection,  filter  and  drainage 
arrange aent.  The  cut-off  for  the  foundation  seepage  and  the  provisions  made  in  the  design  for  seepage  control  are 
described  in  this  paper. 


The  reservoir  when  partially  impounded  for  the  first  tine  in  1983  "boiling"  (bubbling  with  fines  heaving  up)  was 
observed  on  the  downstream  at  different  locations  close  to  the  toe  of  the  embankment  between  chainages  71  and  75.  This 
reach  when  investigated  revealed  the  presence  of  an  impermeable  residual  soil  layer  on  the  ground  surface.  The  naten- 
-al  in  the  entire  foundation  of  the  dan  upto  bed  rock  is  insitu  weathered  rock  material  which  is  heterogeneous  in 
nature. 


The  analysis  of  the  problem  and  t.he  remedial  measures  adopted  are  discussed  in  detail.  The  performance  of  the  embank- 
-cent  daa  in  1984  and  1985  after  the  remedial  measures  were  adopted  is  found  to  be  satisfactory. 


1.  INTRODUCTION 

The  Inginimitiya  Reservoir  Project  is  situated 
in  the  North  Western  Province  of  Sri  Lanka.  The 
Embankment  dam  is  the  prominent  component  of  the 
project.  The  dam  is  constructed  across  Mi-Oya 
and  is  2  miles  4,690  ft  long  with  a  maximum 
height  of  58  ft  at  the  river. 


Several  dam  sites  were  investigated  and  the 
present  one  was  ultimately  chosen  as  the  most 
suitable  site  from  considerations  such  as 
geology,  storage  capacity  and  the  availability 
of  foundation  rock  at  the  location  of  the 
spillway. 


Water  balance  studies  for  irrigation  of  6300 
acres  under  the  Project  dictated  the  full  supply 
level  of  202  ft  M.S.L.  The  dam  top  elevation  was 
fixed  at  212  ft  M.S.L.  allowing  for  the  flood 
lift,  wave  height,  wave  ride  up,  etc. 

In  view  of  the  availability  of  homogeneous  and 
suitable  embankment  materials  (all  residual 
soils;  in  the  vicinity  of  the  dam  site  and  the 
foundation  conditions  encountered  along  the  dam 
axis,  a  homogeneous  embankment  dam  was  chosen  to 
close  this  wide  valley.  This  type  of  dam  was 
found  to  be  both  economically  feasible  and 
technically  sound. 


2.  DESIGN  PERTURBS  OP  DAM 

The  plan  and  longitudinal  section  of  the  dam 
axis  are  shown  in  Fig.  I.  The  typical  design 
embankment  section  is  shown  in  Fig.  2. 

The  width  of  the  dam  crest  was  chosen  as  20  ft 
to  facilitate  vehicular  traffic.  The  upstream 
and  downstream  slopes  were  chosen  to  be  1  on  2,5 
and  1  on  2  respectively.  The  upstream  slope  was 
protected  with  rip-rap  to  prevent  erosion  by 
wave  action.  The  downstream  was  provided  with 
turf  to  prevent  surface  erosion  by  rain  water. 
Sufficient  freeboard  was  provided  by  keeping  the 
dam  top  elevation  at  212  ft  M.S.L.  to  prevent 
overtopping  of  the  embankment  dam  during  floods. 
Due  to  the  availability  of  a  large  quantity  of 
decomposed  rock  materials  from  spill  tail  canal 
excavation  it  was  decided  to  use  this  material 
on  the  downstream  slope  as  shown  in  Pig.  2. 

The  average  properties  of  the  fill  materials 
used  for  the  construction  of  the  embankment  are 
shown  in  Table  1  (Nos.  1  &  2). 

Since  the  foundation  rock  along  the  dam  axis 
exists  at  greater  depths  (45  ft  below  bed  level 
at  the  river)  as  shown  in  Fig.  1,  only  partial 
cut  off  was  provided  by  taking  the  core  trench 
to  a  depth  of  one-third  the  dam  height. 
Generally  the  material  encountered  at  the  bottom 
of  the  core  trench  at  this  level  was  fairly 
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Fig.  1.  -  fUn  and  Longitudinal  Section  of  Dan  Axis 


hard  decomposed  rock  materials.  Because  of 
partial  cut  off,  special  attention  was  given  to 
the  downstream  drainage  arrangements  during  the 
design  stage.  The  filters  on  the  downstream 
included  a  horizontal  sand  blanket,  a  larger 
rock-toe  filter  and  toe  drain. 


3.  BEHAVIOUR  OF  THE  DAM 

The  dam  was  completed  in  1983  except  for  the 
construction  of  the  toe  drain  in  certain  reaches 
and  it  was  partially  impounded  in  late  1983  by 
the  help  of  a  coffer  dam  across  the  spillway 
which  was  not  completed  at  that  time.  After  the 
water  reached  a  maximum  level  of  around  194.  ft 
M.S.L.  (full  supply  level  being  202  ft  M.S.L.) 
"boiling”  (bubbling  with  fines  heaving  up)  was 
observed  on  the  downstream  of  the  embankment 
close  to  the  toe  at  many  locations  between 
chainages  71  and  75  and  the  downstream  area  in 
this  reach  was  in  a  "quick  condition".  This 
"quick  condition"  or  "boiling"  was  not  observed 
anywhere  outside  this  reach  of  the  dam.  The 
material  that  came  out  of  the  "boils"  were  very 
fine  silty  sand-clay  mixture  which  was 


decomposed  rock  materials.  It  is  believed  that 
the  seepage  path  is  below  the  bottom  of  the  core 
trench  which  is  about  26  ft  below  ground  level. 
The  dam  height  in  this  reach  is  around  42  ft. 


Immediate  remedial  measures  were  attempted  by 
reducing  the  water  level  by  discharging  water 
through  the  sluice  and  cutting  a  relief  trench 
at  the  toe  and  filling  with  sand.  Since  the 
downstream  area  was  in  a  "quick  condition"  the 
latter  operation  was  found  to  be  difficult. 
Fortunately  the  inflow  into  the  reservoir 
reduced  and  the  water  level  was  gradually 
lowered.  Hence  there  were  no  damages  caused  to 
the  bund. 


Sub-surface  investiations  were  carried  out  in 
the  reach  from  chainages  71  to  75  in  the 
downstram  toe  area.  Auger  holes  were  dug  and  the 
soil  samples  were  tested  and  classified.  The 
material  is  basically  a  residual  soil.  The 
typical  results  of  tests  on  samples  in  this 
reach  are  shown  in  Table  1  (Nos  3  &  4). 
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Fig.  2  -  Design  Embankment  Section 

4.  ANALYSIS  OF  THE  PROBLEM 

The  investigations  revealed  the  following: - 

(i  )  The  downstream  area  in  the  reach  from 
chainage  71  to  75  was  covered  with  a  soil 
of  very  low  coefficient  of  permeability. 

(li)  When  the  reservoir  water  level  was  at  181.6 
ft  M.S.L.  the  piezometric  level  at  the 
downstream  toe  was  at  170.0  ft  M.S.L.  which 
is  the  same  as  the  average  groun  level  in 
the  reach  from  chainage  71  to  75 

(iii)The  bed  rock  is  4  2  ft  below  ground  level 
and  16  ft  below  bottom  of  the  core  trench 
in  the  reach  from  chainage  71  to  75. 


The  seepage  flow  is  confined  only  to  this 
16  ft  between  the  bottom  of  the  core  trench 
and  the  bed  rock. 

The  presence  of  impervious  soil  in  the 
down-stream  area  was  likely  to  have  prevented 
free  exit  of  seepage  water  with  high  exit 
gradients  and  thus  exerted  large  seepage  forces 
on  the  downsteam  which  caused  "boils"  (bubbling 
with  fines  heaving  up)  at  different  locations  in 
the  downstream  area. 

The  material  below  the  foundation  of  the 
embankment  is  insitu  weathered  rock  (residual 
soils)  with  bedding  planes  which  characterise 
the  parent  rock.  In  this  hetrogeneous  material 


Table  1.  -  Average  Results  of  Embankment  materials  and  typical  results  on  samples  between  chalnages  71  and  75. 
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the  locations  of  lines  o£  least  resistance 
against  subsurface  erosion  and  the  hydraulic 
gradients  required  to  produce  a  continuous 
channel  along  these  lines  depend  only  on 
geological  details.  This  cannot  be  determind  by 
any  theoretical  methods,  Terzagaphi  &  Peck 
(1968). 


It  is  seen  from  Fig.  1  that  in  the  reach  from 
chainage  71  to  75  the  distance  between  the 
bottom  of  the  core  trench  and  the  bed  rock  is 
the  smallest  (16  ft)  when  compared  to  all  other 
sections  along  the  entire  length  of  the 
embankment.  Therefore,  there  would  have  been  a 
concentration  of  seepage  flow  which  probably 
would  have  produced  continuous  channels  along 
lines  of  least  resistance  against  internal 
erosion.  The  "boiling"  observed  may  also  be 
atttributed  to  this  internal  erosion. 


5.  PERMANENT  REMEDIAL  MEASURES 

A  seepage  analysis  was  carried  cut  by  sketching 
a  flownet,  Harr  (1962),  using  the  following 
conditions  as  applicable  to  the  site. 

(i)The  worst  condition  during  floods  with  the 
reservoir  water  level  at  204  ft  MSL. 

(ii)The  seepage  through  the  foundation  takes 
place  within  a  42  ft  thick  soil  stratum 
which  overlies  bed  rock  with  16  ft  thick 
soil  stratum  between  the  bottom  of  core 
trench  and  bed  rock. 

(  i  i  i  )  5  ft  thick  top  impervious  layer  extending 
to  a  distance  of  100  ft  from  downstream  toe 
of  dam. 


From  the  flownet,  the  uplift  pressures  were 
calculated  and  the  loads  required  to  balance  the 
uplift  o-easures  with  a  factor  of  safety  of  2.5 
were  computed. 


Materials  from  the  spill  tail  canal  excavation 
which  were  in  spoil  dumps  were  used  over  a  sand 
layer  as  stabilising  fill  to  produce  the  loads 
required.  As  an  additional  safety  measure  a 
relief  trench  was  excavated  along  the  length  of 
the  dam  close  to  the  toe  as  possible  and  filled 
with  sand.  This  sand  was  made  continuous  with 
the  horizontal  sand  layer  below  the  stabilising 
fill.  Wrap-around  toe  drains  and  lead-away 
drains  constituted  the  drainage  for  the  area. The 
details  of  these  arrangements  are  shown  in  Fig. 
3. 

Elsewhere  along  the  downstream  where  this 
phenomenon  of  "boiling"  was  not  observed  and 
where  the  toe  drain  had  not  been  constructed 
relief  wells  of  6  inch  diameter  filled  with  sand 
to  a  depth  of  about  10  ft  at  10  ft  intervals 
were  provided  below  the  bottom  of  the  toe  drain 
at  locations  where  impervious  material  was 
encountered  during  the  excavation  for  the 
construction  of  the  toe  drain.  This  is  also 
shown  in  Fig .  3 . 

The  remedial  measures  were  completed  in  1984. 
The  reservoir  was  impounded  in  1984  and  in  1985 
it  was  spilling  with  water  level  in  the 
reservoir  rising  above  202  ft  M.S.L.  The 
"boiling"  was  not  observed  and  the  entire 
downstream  area  was  safe  with  no  visible  signs 
of  a  "quick  condition." 


El*.  3  -  Downstream  Remedial  Measures 
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6.  CONCLUSIONS 
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SYNOPSIS:  Heavily  instrumented  dams  are  unusual  in  the  midwestern  United  States.  Council  Bluff  Bam, 
Missouri,  USA  has  an  imbankment  that  provides  monitoring  by  piezometers,  inclinometer,  settlement 
plates,  earth  pressure  cells,  extensometers,  tiltmeters,  and  datum  plates.  The  collection,  evalua¬ 
tion,  and  discussion  of  the  data  and  instruments  give  insight  into  embankment  performance.  Emphasis 
has  been  placed  on  monitoring  after  construction. 


INTRODUCTION 

This  paper  evaluates  the  performance  of  Council 
Bluff  Dam  embankment.  The  embankment  height  is 
124  feet  and  represents  the  largest  earthfill 
dam  ever  built  by  the  USDA-Forest  Service. 
Construction  be^an  in  1979  and  was  completed  in 
1981.  The  embankment  is  zoned  with  both  a  fat 
and  lean  clay  zone  and  is  anchored  to  steep 
abutment  rock.  The  area  of  construction  is  a 
narrow  rock  canyon  on  the  Big  River  in  central 
Missouri. 

Instrumentation  was  installed  to  monitor  embank¬ 
ment  performance  due  to  the  High  hazard  classi¬ 
fication  of  the  dam.  Items  being  monitored: 

1)  Piping  potential  along  the  interface  of  the 
clay  core  and  steep  right  abutment,  2)  Piping 
potential  around  the  conduit,  3)  High  stress 
around  the  top  of  the  conduit,  4)  Performance 
of  all  of  the  zones  and  chimney  drain. 

Woodward-Clyde  Consultants  of  San  Francisco, 
California  designed  the  instrumentation  and 
Shannon  and  Wilson,  Inc.  of  St.  Louis,  Missouri 
installed  and  monitored  the  instruments  during 
embankment  construction.  The  Forest  Service 
has  done  all  monitoring  since  construction. 

Instrumentation  is  composed  of  the  following 
units:  21  piezometers,  One  inclinometer  with 
settlement  plates,  Six  sondex  settlement 
devices.  Six  earth  pressure  cells,  Six 
extensometers  with  tiltmeters,  One  mercury 
settlement  device,  and  22  surface  monuments. 

Monitoring  of  the  instruments  began  immediately 
after  installation  and  continues  today.  All  of 
the  instruments  were  in  place  by  the  fall  of 
1980.  Reservoir  filling  began  in  1981  with  full 
pool  achieved  in  1984.  Some  instruments 
malfunctioned  from  the  beginning,  while  others 
gave  questionable  readings,  but  most  have 
performed  well. 


The  dam  has  the  following  characteristics: 


Maximum  Height 
Crest  Length 
Zone  Embankment 
Dam  Section  - 

a)  Fat  Clay  Core 

b)  Lean  Clay  Core 

c)  Lean  Clay  Blanket 
Upstream 

d)  Chimney  Drain 

e)  Drain  Blanket 
Full  Pool  Elevation 
Reservoir  Surface  Area 
Full  Pool  Volume 
Construction  Complete 
Reservoir  Filled 


124  ft 
48S  ft 
285,000  CY 


1087  ft 
440  Ac 

12,640  Ac-ft 

1981 

1984 


EMBANKMENT  INSTRUMENTS 

The  instruments  used  to  provide  the  needed 
information  were  designed  as  six  different 
components.  The  following  is  a  list  of  the 
components : 

1 .  Piezometers 

Twenty-one  piezometers  were  installed  at 
locations  shown  in  Table  2.  These  devices, 
model  number  F4KF10L  or  SINCO  51401,  were 
supplied  by  Franz  Gloetzl,  D-7S12 
Rheinstatten,  4-Fo,  West  Germany.  Their 
purpose  was  to  monitor  construction  pore 
water  pressure  developed  in  the  clay  core 
and  seepage  conditions  developed  in  the  core 
and  the  foundation  as  the  reservoir  filled. 

2.  Slope  Indicator  with  Settlement  Plates 

A  three-inch  nominal  diameter  plastic  casing 
was  installed  from  the  rock  foundation  to 
the  top  of  the  dam  and  aluminum  settlement 
plates  were  placed  every  five  feet  up  the 
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casing.  The  inclinometer  (model  Digitilt 
50320)  and  other  parts  of  the  device  were 
supplied  by  Slope  Indicator  Co.,  3603 
Albion  Place  N,  Seattle,  Washington  93103. 
This  device  is  used  to  measure  horizontal 
and  vertical  movements  within  the  lean  clay 
core  during  and  after  embankment  construc¬ 
tion. 

3.  Continuous  Profile  Settlement  Device 

This  device,  also  called  a  Tube  Profile 
Gauge,  is  installed  to  verify  settlement 
and  compressions  in  the  embankment  across 
and  within  the  various  zones.  Two  gauges 
are  installed,  one  at  elevation  (EL)  1031.S 
and  another  at  EL  1067.  At  each  elevation 
six  datum  plates  are  installed;  one  in  the 
upstream  random  zone,  one  in  the  lean  clay, 
and  the  remaining  four  in  the  fat  clay  core. 
The  gauge  was  supplied  by  the  Slope 
Indicator  Company. 

4.  Extensometer  and  Tiitmeter  Units 

Four  units  were  installed  on  the  right 
abutment  within  the  steep  interface 
between  the  foundation  and  the  fat  clay 
core  to  measure  relative  movement  of  the 
core  with  respect  to  the  abutment.  Tilt 
sensor  (model  SINCO  50322)  and  parts  of  the 
unit  were  supplied  by  Slope  Indicator 
Company.  Two  piezometers  were  installed 
immediately  downstream  of  these  units  to 
monitor  changes  in  seepage  pressure  which 
may  accompany  core  movement. 

5.  Earth  Pressure  Cells 

Two  sets  of  cells  were  installed  on  the 
outside  walls  of  the  outlet  conduit.  Each 
set  consists  of  three  cells  with  one  cell 
mounted  on  the  top  of  the  conduit  and  one 
cell  mounted  on  each  side  of  the  conduit. 

The  cells  measure  the  total  earth  pressure 
on  the  conduit  sections.  The  cells  (model 
number  E  15/25  KFA  or  SINCO  S1482)  were 
supplied  by  Franz  Gloetzl.  Four  of  the 
piezometers  at  elevation  1004  were  located 
near  the  pressure  cells  on  the  side  of  the 
conduit  to  measure  pore  pressure  and  to 
detect  seepage  pressures  near  the  conduit. 

6.  Surface  Monuments 

Thirteen  surface  monuments  were  installed 
along  the  crest  of  the  dam  and  on  the  down¬ 
stream  berms  to  check  horizontal  and 
vertical  movements  after  initial  construc¬ 
tion.  In  1984,  nine  additional  surface 
monuments  were  installed  on  the  upstream 
side  of  the  crest.  The  first  monuments  on 
the  crest  were  located  toward  the  down¬ 
stream  slope. 

A  variety  of  problems  occurred  during  install¬ 
ation  of  the  instruments.  All  of  these 
problems  required  careful  embankment  construc¬ 
tion  of  the  areas  around  and  adjacent  to  the 
instrument.  Bloomsdale  Construction,  St.  Louis, 
Missouri  constructed  the  embankment  and  took 
the  necessary  care' to  protect  the  instruments. 


COLLECTION  AND  EVALUATION  OF  DATA 

Data  collection  has  been  continuous  since 
placement  of  the  embankment  began.  During 
the  construction  phase,  data  collection  was 
the  responsibility  of  Koodward-Clyde,  St.  Louis, 
Missouri.  Once  the  embankment  was  complete 
data  collection  and  evaluation  has  been  done 
by  the  Forest  Service.  The  first  four  years 
after  construction  readings  were  taken  every 
month  except  on  the  surface  monuments,  which 
were  monitored  twice  each  year.  During  1954, 
it  had  become  obvious  that  the  structure  was 
performing  well,  and  the  magnitude  of  the 
changes  was  not  significant.  In  1985,  instru¬ 
ments  were  read  quarterly  and  beginning  in 
1986  twice  each  year.  Surface  monuments  have 
bec-n  surveyed  once  a  year.  The  dam  is 
visually  inspected  several  times  a  year  and  is 
inspected  for  operation  and  maintenance  annu¬ 
ally.  There  is  a  surface  water  elevation 
monitor  that  records  water  levels  daily  and 
also  initiates  a  response  to  3  six-inch  water 
elevation  drop  from  full  pool.  This  recorder 
transmits  the  data  by  radio  signal  to  a 
receiver  at  a  local  office.  The  water  level 
information  will  eventually  be  linked  by  data 
communication  to  several  other  office  loca¬ 
tions. 

Surface  Monuments 

Settlement  of  the  embankment  surface  is  well 
below  the  maximum  anticipated  and  increases 
from  the  abutment  interfaces  toward  the  center 
of  the  embankment.  The  center  1/3  (horizon¬ 
tally)  is  experiencing  the  greatest  amount  of 
settlement.  Maximum  settlement  at  the  surface 
is  .44  feet,  which  is  well  below  the  antici¬ 
pated  1.2  feet.  It  is  also  apparent  that  the 
upstream  edge  of  the  dam  has  settled  more  in 
the  last  two  years  than  the  downstream  edge. 
Settlement  varies  from  0  -  .12  downstream  and 
.02  -  .35  upstream.  Initial  movement  of  the 
monuments  indicated  a  gradual  migration  up¬ 
stream.  The  second  set  of  monuments  installed 
in  1984  new  show  a  reverse  of  this  trend  and 
instead  are  moving  slightly  downstream.  As 
the  zones  are  loaded  by  reservoir  water 
pressures  it  was  anticipated  that  downstream 
movement  would  occur. 

It  was  not  anticipated  that  there  would  be  an 
initial  upstream  movement  of  the  embankment 
surface.  It  appears  that  this  is  a  function 
of  the  differential  settlement  of  various 
zones  that  compose  the  embankment.  Most  of 
these  zones  are  upstream  from  the  surface 
monuments  that  were  initially  installed. 
Associated  with  analysis  of  the  crest  settle¬ 
ment  is  the  information  on  settlement  of  the 
two  downstream  berms  where  the  instrument 
houses  are  located.  Readings  indicate  that 
there  is  very  little  settlement  in  the  down¬ 
stream  random  zone.  The  upstream  surface 
monuments  (installed  in  1984)  have  settled 
almost  twice  as  much  as  the  downstream  monu¬ 
ments  in  the  last  two  years  with  settlement 
over  the  last  three  years  even  greater.  It 
is  apparent  that  the  upstream  fat  clay  and 
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random  zones  have  settled  more  than  the  down¬ 
stream  random  zone  and  lean  clay  zone.  It  was 
expected  that  the  fat  clay  zone  would  exhibit 
the  greatest  amount  of  settlement. 

Settlement  Plates 

The  lean  clay  zone  experienced  68  percent  of 
all  settlement  during  construction.  After 
construction,  settlement  has  been  greatest  in 
the  top  20  feet  of  the  zone  and  the  least  in 
the-  bottom  20  feet.  The  zone  is  performing  as 
anticipated  with  the  middle  1/3  of  the  embank¬ 
ment  experiencing  the  greatest  settlement. 

Very  little  settlement  has  occurred  in  the 
lower  section  of  the  lean  clay  zone,  while  it 
has  settled  1.24  feet  in  the  upper  area.  Maxi¬ 
mum  settlement  has  been  2.S  feet  with  the  maxi¬ 
mum  predicted  settlement  1,2  feet.  The  predic¬ 
tion  by  Woodward -Clyde  was  based  upon  3n 
analysis  of  five  different  dams  with  the 
observation  stations  normalized  with  respect  to 
dam  height.  Actual  settlement  did  exceed 
predicted  settlement  by  1.3  feet,  but  based  upon 
the  empherical  methods  used  for  prediction  it 
is  not  a  cause  for  concern.  Seventy-nine 
percent  of  the  settlement  at  the  station  that 
experienced  the  maximum  occurred  during  construe 
tion. 

Inclinometers 

Information  from  the  inclinometers  indicates 
that  minor  deflections  (less  than  .2  inches) 
occurred  in  both  the  downstream  and  upstream 
directions.  The  bottom  20  feet  and  top  IS  feet 
of  the  lean  clay  zone  have  migrated  a  fraction 
of  an  inch  downstream.  The  middle  80  feet  of 
this  zone  has  moved  slightly  upstream  (maximum 
is  about  1/2  inch).  The  upstream  migration  of 
most  of  the  material  in  the  zone  is  probably 
due  to  the  increased  settlement  of  the  fat  clay 
zone  immediately  upstream.  It  is  more  compress¬ 
ible  and  was  expected  to  settle  2.5  times  more 
than  the  lean  clay  zone.  As  the  upstream  face 
settles  the  lean  clay  core  deflects  slightly  in 
the  upstream  direction.  The  very  bottom  of  the 
zone  has  moved  slightly  downstream  probably 
reflecting  hydrostatic  loading  and  is  less 
affected  by  the  upstream  zones.  The  upper  area 
is  also  less  affected  by  the  settlement  of  the 
upstream  zones.  This  area  is  much  closer  to 
the  downstream  random  zone  and  doesn't  appear  to 
be  as  significantly  affected  by  upstream  settle¬ 
ment.  Once  the  phreatic  surface  reaches 
equilibrium  most  of  this  zone  is  expected  to 
move  slightly  downstream.  The  question  is 
whether  or  not  all  of  the  initial  upstream  move¬ 
ment  will  be  overcome. 

Piezometers 

There  are  six  piezometers  that  will  never  give 
equilibrium  readings  for  the  phreatic  line. 

These  piezometers  were  installed  to  measure  pore 
pressures  during  construction  and  as  precautions 
in  the  chimney  drain  and  immediately  downstream 
from  the  chimney  drain.  Two  piezometers  are  no 
longer  operating.  It  is  obvious  that  the 
phreatic  line  has  not  reached  equilibrium  con¬ 
ditions.  It  appears  that  response  of  the 
foundation  piezometers  and  the  piezometers  at 
elevation  1003  feet  is  good,  but  there  is  a 
substantial  lag  time  in  responding  to  actual 
water  surface  fluctuations.  The  piezometers  at 
elevations  1031.0  and  1067.0  are  much  less 


responsive.  It  took  2  years  and  10  months 
after  first  filling  to  get  a  response  in  the 
first  piezometer  at  1031.0  and  3  years  and  one 
month  to  get  a  reading  at  elevation  1067.  It 
is  difficult  to  draw  conclusions  about  the 
phreatic  line  in  a  pre-equilibrium  state,  but 
several  things  have  become  evident. 

There  is  a  substantial  lag  time  for  the 
piezometers  to  respond  within  the  upstream 
random  zone  and  fat  clay  zone.  It  would  have 
been  useful  to  have  them  located  lower  in  the 
sections.  It  appears  that  it  may  take  10  years 
or  more  to  reach  equilibrium  with  the  phreatic 
surface  and  there  may  never  be  any  readings  for 
some  piezometers. 

Extensometer  and  Tiltmeter  Units 

The  extensometers  placed  on  the  right  abutment 
interface  with  clay  zone  have  moved  very  little 
since  1981.  Maximum  movements  have  been  less 
than  1/4-inch  during  this  period.  Total  move¬ 
ment  of  the  four  extensometers  has  varied  from 
10-1/2  inches  to  1/3-inch  with  83  percent  of 
the  movement  occurring  during  construction. 

This  interface  has  shown  very  little  movement 
since  construction  and  is  performing  well. 

Earth  Pressure  Cells 

The  earth  pressure  cells  along  the  conduit  have 
not  functioned  very  well.  Two  of  the  six  cells 
are  no  longer  working  and  another  is  giving 
questionable  readings.  There  has  been  a  dis¬ 
sipation  of  pore  pressures  on  the  top  of  the 
conduit  since  construction.  It  is  difficult  to 
establish  the  trend  of  the  pore  pressures  on  the 
sides  of  the  conduit.  The  two  surviving  cells 
indicate  that  the  pressures  are  reasonable,  but 
one  shows  that  the  pressure  has  dissipated  since 
construction  while  the  other  has  increased. 

Pore  pressures  around  the  conduit  are  in  the 
anticipated  range  and  in  general  have  dissipated 
since  construction. 


CONCLUSION 

Analysis  of  the  data  on  Council  Bluff  embankment 
indicates  that  most  of  the  parameters  are  as 
predicted.  The  initial  upstream  movement  of  the 
fat  and  lean  clay  zones  is  not  unusual  and  has 
occurred  in  other  dams.  Stanley  D.  Wilson 
noted  a  similar  situation  on  the  Muddy  Run 
Embankment  in  an  article  for  Dam  Engineering  in 
1968.  Equilibrium  of  the  phreatic  surface  takes 
many  years  in  this  type  of  structure,  and 
requires  a  long-term  commitment  to  monitoring. 

Data  collection  and  interpretation  is  important. 
But  it  is  also  important  to  recognize  what  con¬ 
stitutes  a  problem  and  to  have  a  plan  in  mind 
should  a  problem  occur.  The  designer  estab¬ 
lished  anticipated  maximum  values  for  the  para¬ 
meters  being  monitored.  This  was  a  great 
assistance  and  serves  as  a  guideline  for  evalua¬ 
tion.  It  is  also  important  to  provide  more 
responsive  systems  to  evaluate  potential  prob¬ 
lems.  The  embankment  devices  require  time  to 
collect  information  and  can  only  be  monitored 
periodically.  They  are  located  in  specific 
areas  and  provide  information  only  for  those 
areas.  Together,  all  of  the  data  gives  a  good 


589 


picture  of  how  the  embankment  is  performing. 
However,  it  is  necessary  to  provide  more 
responsive  systems  on  some  dams.  Owners  and 
managers  of  major  dams  need  to  consider  these 
systems  in  view  of  their  structure  and  down¬ 
stream  impacts. 

Familiarity  with  instruments  in  a  dam  also 
identified  information  that  would  be  valuable 
to  collect  but  is  not  available.  Surface  move¬ 
ments  on  both  the  front  and  back  crest  of  the 
embankment  would  have  assisted  evaluation  from 
the  beginning.  It  would  also  have  been  bene¬ 
ficial  to  locate  some  piezometers  to  better 
identify  the  pre-equilibrium  phreatic  surface. 
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TABLE  1 

DESIGN  PROPERTIES  OF  EMBANKMENT  MATERIALS 
PROPERTIES  LEAN  CLAY  FAT  CLAY 


Atterberg  Limits  42  61 

Liquid  Limit,  %  18  25 

Plasticity  Index 

Compaction  Test  (T-99) 

Max.  Dry  Density,  PCF  109  100 

Optimum  Moist.  Content,  I  16  22 

Shear  Parameters 
Q-Test 

Angle  of  Int.  Friction, 

Deg.  13 

Cohesion,  TSF  0.8  0.6 

S-Test 

Angle  of  Int.  Friction, 

Deg.  28  22 

Cohesion,  TSF  0  0 

Note:  The  angle  of  Internal  Friction  for 
Sand/Gravel  =  30 
Rockfill  36 


Earth  Pressure  Cells 
Located  on  Conduit 


Max  Antici-  Actual  Readings  (Psi) 
Pressure  Cell  pated  (Psi)  "1931  1983  1985  1987 


North  Side 

*1 

39-62 

3S 

30 

35 

43 

North  Side 

n 

39-62 

34 

18 

12 

13 

Top  »1 

117-156 

ISO 

107 

51 

46 

Top  n 

117-156 

131 

136 

128 

110 

South  Side 

n 

39-62 

31 

NW 

NW 

NW 

South  Side 

n 

39-62 

36 

34 

NW 

NW 

Extensometers 
Right  Abutment 

Extensometer 

Max  (Ft) 

Actual 

Movement 

(Ft.) 

Anticipated 

twt 

1983 

T985 

1987 

#1 

.97 

.  32 

.36 

.36 

.36 

#2 

1.11 

.19 

.23 

.23 

.23 

#3 

1.25 

.87 

.88 

.88 

.88 

#4 

1.39 

.03 

.05 

.05 

.05 

TABLE  3 

Piezometer  Readings 

Piezo-  Est. Const.  Est.  Full  Oct. 
meter  Pore  Pres.  Pool  Pres.  1981 

Oct. 

1983 

Nov. 

1985 

July 

1987 

FP1 

_ 

46 

11.1 

31.1 

37.1 

38.7 

FP2 

- 

41 

23.  S 

-not 

working- 

FP3 

- 

23 

13.7 

16.6 

23.3 

23.8 

FP4 

- 

7 

19.7 

15.7 

17.9 

17.2 

P1A 

78 

26 

0 

4.2 

12.8 

16.8 

P2A 

78 

26 

0 

X 

24.8 

X 

P3A 

77 

20 

0 

6.4 

9.8 

11.3 

P4A 

77 

20 

0 

4.9 

9.3 

11. S 

P5A 

- 

0 

0 

0 

0 

0 

P1B 

- 

24 

---not  working' 

... 

P2B 

50 

20 

0 

0 

0 

0 

P3B 

50 

7 

0 

0 

0 

0 

P4B 

- 

0 

0 

0 

0 

0 

P5B 

- 

0 

0 

0 

0 

0 

PIC 

- 

5 

0 

2.8 

7.7 

8.8 

P2C 

25 

0 

0 

0 

0 

0 

P3C 

26 

0 

0 

0 

0 

0 

P4C 

- 

0 

0 

0 

0 

0 

PAP1 

69 

25 

1.9 

6.8 

9.1 

8.0 

PAP  2 

62 

25 

0 

6.9 

8.7 

8.3 
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Settlement  Plates 


Settlement 


Settlement  (Feet)  Settlement 


Initial  _ Cumulative _  Initial  Cumulative  (Feet) 


Plate  * 

Elevation  (FT) 

TW 

T7ST' 

_mr 

Monument  * 

Elevation 

w 

TJ3T- 

~rwr 

1 

995. S3 

.47 

.64 

*  66 

.68 

1 

1102.98 

.03 

.05 

.01 

.01 

2 

1000.91 

.50 

.71 

.70 

.72 

2 

1103.22 

.06 

.25 

.34 

.41 

5 

1006.39 

.61 

.95 

.89 

.91 

3 

1103.67 

.09 

.26 

.27 

.35 

4 

1011.90 

.  93 

1 . 35 

1 . 36 

1.37 

4 

1103.87 

.10 

.14 

.32 

.44 

5 

1017.32 

1.15 

1.51 

1.56 

1.79 

5* 

1103.75 

.11 

.19 

.43 

6 

1022. 78 

1.34 

1.69 

1.80 

1.83 

6 

1103.51 

.07 

.32 

.  36 

.43 

7 

1028.17 

1.49 

1.84 

1.95 

1.99 

7 

1103. S3 

.04 

.  03 

.03 

.08 

8 

1033. S5 

1.59 

1.95 

2.04 

2.09 

8 

1108.20 

.03 

.09 

.17 

.21 

9 

1038.95 

1.S1 

2.19 

2.28 

2.33 

9 

1103.08 

.01 

.02 

.02 

.01 

10 

1044.29 

1.78 

2.16 

2.25 

2.30 

T-l* 

1065.64 

■1.02 

+  .03 

.00 

.01 

11 

1049. TO 

1.84 

2.22 

2.31 

2.36 

T-2* 

1031 .48 

+  .07 

+  .12 

+  .08 

.00 

12 

1055.08 

1.97 

2.35 

2.44 

2.  SO 

10** 

1102.62 

0 

.04 

13 

1059.99 

1.53 

1.92 

2.02 

2.05 

11 

1102.55 

.06 

.11 

14 

1065.38 

1 . 65 

2.13 

2.10 

2.14 

12 

1102.63 

.08 

.26 

15 

1070.47 

1.27 

1.67 

1.73 

1.79 

13 

1102.68 

.13 

.34 

16 

1075.83 

1.18 

1.57 

- 

1.84 

14 

1102.43 

.13 

.35 

17 

1081.28 

1.16 

1 .  56 

- 

1.89 

15 

1102.81 

.10 

.28 

18 

1086.48 

1.00 

1.40 

- 

1.92 

16 

1102.62 

.08 

.24 

19 

1091.88 

.95 

1.52 

- 

2.04 

17 

1102.67 

.03 

.07 

20 

1096.84 

.60 

1 . 36 

- 

1.84 

18 

1102.75 

.00 

.03 

TABLE  4 

Surface  Monument 
Horizontal  Movement 


*  Predicted  maximum  settlement  at  Station  S  is 
1.20  feet,  T-l  is  .3  feet,  and  T-2  .5  feet. 

**The  initial  elevations  for  Surface  Monuments 
10-18  were  established  in  1984. 
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FIGURE  1:  DAM  SECTION  STATION  10*00 
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FIGURE  2:  FOUNDATION  AND  ELEVATION  1031.5  INSTRUMENTS 
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SYNOPSIS:  In  the  Spring  of  1983,  a  large  landslide  occurred  near  the  town  of  Thistle,  Utah  which 
blocked  major  transportation  routes  and  impounded  the  Spanish  Fork  River,  inundating  the  town  with 
200  feet  of  water.  While  much  attention  has  been  given  to  the  slide  and  its  impact,  very  little  has 
been  directed  toward  a  quantitative  understanding  of  its  causes.  An  analysis  was  performed  of  the 
Thistle  landslide  using  the  SEEPSLOPE  finite  element  system  in  order  to  evaluate  the  mechanisms, 
factors,  and  causes  of  the  failure.  An  elastic,  perfectly-plastic  stress-strain  curve  was  employed 
m  the  analysis  to  model  the  behavior  of  the  overconsolidated  clay  soils.  It  is  concluded  that  the 
landslide  was  a  compound,  progressive  failure  which  initiated  at  the  toe  an*,  progressed  uphill.  Seep¬ 
age  forces  played  a  significant  role  in  the  failure. 


INTRODUCTION 

Early  in  April  1983,  motorists  driving  through 
Spanish  Fork  Canyon  south  of  Provo,  Utah,  began 
noticing  cracks  in  the  road  near  the  small  town 
of  Thistle.  During  the  next  few  days,  the 
cracks  enlarged,  the  road  began  to  heave,  and 
the  nearby  railroad  tracks  began  to  be  distorted. 
By  the  14th  of  April,  the  Thistle  landslide,  a 
Quaternary  earthflow  deposit  lying  in  a  small 
canyon  essentially  perpendicular  to  the  road, 
had  moved  sufficiently  to  lift  the  highway, 
sever  the  railroad,  and  block  the  Spanish  Fork 
River.  Within  30  days,  this  blockage  had  filled 
the  canyon  to  a  height  of  over  200  feet,  butres- 
sing  against  a  large  sandstone  formation  known 
locally  as  Billies  Mountain.  The  small  town  of 
Thistle  was  buried  with  62000  acre  feet  of  water. 

Property  damage  triggered  a  Presidential  Disas¬ 
ter  declaration.  Opening  a  passageway  for  the 
Spanish  Fork  River  and  rebuilding  transportation 
1 ines  through  the  canyon  subsequently  cost  local 
government  and  private  entities  in  excess  of 
200  million  dollars.  The  question  of  what  to  do 
with  the  slide  mass  is  still  unanswered.  In 
addition,  severe  hardships  were  imposed  on  the 
displaced  residents  of  the  small  town  who  as  of 
early  1987  had  not  been  compensated  for  the  loss 
of  their  property. 

This  mass  of  overconsciidated  clay,  over  a  mile 
long  and  several  hundred  feet  wide,  has  moved 
several  times  previously  in  geologic  time,  and 
has  plagued  the  railroad  lines  for  most  of  this 
century  with  occassional  track  movements  due  to 
creep.  Deformation  had  been  noted  by  some 
during  the  early  Spring  of  1983  which  was  attri¬ 
buted  to  the  wet  weather  conditions.  Precipi¬ 
tation  during  the  winter  of  1982-1983  had 
reached  record  levels,  resulting  in  abnormally 
high  antecedent  moisture  conditions.  However,  a 
movement  of  this  magnitude  had  not  been  experi¬ 
enced  in  recorded  time. 

The  geotechnical  aspects  of  the  Thistle  land¬ 
slide  are  complex  and  varied,  and  have  been 
treated  only  qualitatively  in  previous  studies. 


This  study  was  undertaken  to  quantitatively 
address  the  geotechnical  mechanisms  involved  in 
the  occurance  of  the  Thistle  Landslide.  The 
objective  was  to  use  a  finite  element  stability 
analysis  to  draw  conclusions  about  the  physical 
causes  and  mode  of  the  failure  which  occurred 
there.  Evidence  is  presented  which  demonstrates 
that  the  slide  was  a  progressive  failure  in  over¬ 
consolidated  clays  which  started  at  the  toe  of 
the  slide  and  progressed  uphill.  High  seepage 
forces  played  a  significant  role  in  the  failure. 

BACKGROUND 

The  area  of  the  slide  is  near  the  easternmost 
edge  of  the  Middle  Rocky  Mountain  Province  which 
is  characterized  by  generally  high  mountain 
ranges  and  plateaus  transected  by  deeply  incised 
erosional  valleys.  The  toe  of  the  slide  in  the 
bottom  of  the  canyon  was  at  an  elevation  of 
about  5030.  The  slide  extended  west  approxi¬ 
mately  perpendicular  to  Spanish  Fork  Canyon  a 
horizontal  distance  of  1200  feet,  and  then 
southwest  another  4500  feet,  reaching  an  eleva¬ 
tion  of  about  5900  at  the  top.  A  twenty-foot 
scarp  at  the  top  is  noticable,  and  several  re¬ 
lated  slides  adjacent  to  the  main  slide  mass  are 
also  evident.  Total  slide  widths  vary  from 
about  850  feet  at  the  top  to  1200  feet  just 
above  the  bend.  Below  the  bend,  widths  are 
slightly  less  than  1000  feet  (Duncan  et  al., 

1985)  .  The  volume  of  landslide  material  in  the 
canyon  has  been  estimated  to  be  between  3  and 
6.5  million  cubic  yards  (FEMA,  1983;  Dames  and 
Moore,  1985;  Kaliser  and  Fleming,  1986).  Total 
volumes  involved  in  the  landslide  are  generally 
considered  to  be  about  25  to  30  million  cubic 
yards. 

Descriptions  of  the  geology  of  the  Thistle  area 
are  given  by  Witkind  and  Page  (1983) ,  Duncan,  et 
al.  (1985),  and  Kaliser  and  Fleming  (1986). 
According  to  these  sources,  three  formations 
underlie  or  are  present  as  outcrops  adjacent  to 
the  landslide.  The  Triassic  Ankareh  Formation, 
which  is  a  weak,  reddish,  shaly  siltstone  and 


sandstone  underlies  the  Triassic-Jurassic 
Nugget  sandstone,  a  strong,  light  colored  sand¬ 
stone  which  in  turn  underlies  the  Tertiary 
North  Horn  Formation,  a  weak,  partly  alluvial 
partly  lacustrine  deposit  consisting  of  mud¬ 
stone,  claystone,  sandstone,  conglomerate,  and 
limestone.  The  valley  in  which  the  Thistle 
landslide  rests  was  cut  from  the  Ankareh  Forma¬ 
tion  which  completely  underlies  the  landslide 
and  is  exposed  on  the  north  boundary  of  the 
landslide.  The  Nugget  Formation  forms  the 
prominent  ridge  that  delineates  the  southeast 
flank  of  the  landslide  and  underlies  the  land¬ 
slide  in  the  canyon  bottom.  Duncan,  et  al. 
(1985)  concluded  that  "all  movement  of  the 
Thistle  landslide  apparently  was  above  this 
bedrock  unit."  The  North  Korn  Formation  is 
exposed  along  ridges  on  both  the  southeast  and 
northwest  borders  of  the  landslide.  The 
majority  of  the  landslide  is  composed  of  debris 
and  earthflow  material  derived  from  the  North 
Horn  Formation. 

The  Thistle  landslide  is  an  early  Holcene 
(Kaliser  and  Fleming,  1986)  landslide  mass  that 
has  moved  on  several  occassions  in  geologic 
time  (Schroder,  1971  and  Duncan,  et  al.,  1985). 
However,  Duncan,  et  al.  (1985)  argue  that  there 
was  "no  evidence  that  these  older,  deep-seated 
landslides,  should  they  be  present,  were  active 
during  1983  or  later." 

In  approximately  115  years  of  historic  records, 
there  is  no  indication  of  massive  movement  of 
the  Thistle  slide,  and  no  available  written 
accounts  cf  small  movement  (Kaliser  and  Fleming, 
1986) .  However,  the  slide  has  caused  repeated 
problems  to  the  rail  lines  located  at  its  toe 
(FEMA,  1983;  Sumsion,  1983).  The  most  recent 
report  of  troublesome  movements  dates  to  just 
two  months  before  the  catastrophic  failure  of 
1983. 

PHYSICAL  DETAILS  OF  THE  FAILURE 

Opinions  differ  about  when  the  1983  movement  of 
the  Thistle  Landslide  began.  Kaliser  &  Fleming, 
(1986)  report  that  in  January  of  1983  an  offi¬ 
cial  of  the  Denver  and  Rio  Grande  Western  Rail¬ 
road  reported  cracks  on  the  cut  slope  immedi¬ 
ately  west  of  the  tracks  which  were  "of  size 
and  depth  far  in  excess  of  normal."  These 
cracks  apparently  did  not  extend  upslope  of  the 
cut  slope.  In  early  March  (Kaliser  and  Fleming, 
1986) ,  an  inspection  revealed  that  a  set  of 
cracks  had  advanced  upslope  a  distance  of  about 
100  feet,  but  no  material  was  noted  on  the  in¬ 
side  track.  Sumsion  (1983,  p.  12),  showed  a 
photograph  taken  April  2  of  an  active  slump  on 
the  surface  of  the  railroad  cut  at  the  toe  of 
the  landslide.  Tension  cracks  parallel  to  and 
upslope  from  the  railroad  cut  can  be  clearly 
seen  in  the  photograph. 

The  earliest  official  records  of  the  Thistle 
Landslide  are  dated  April  13,  1983.  At  7:30 
a.m.  on  that  day,  Denver  £  Rio  Grande  Western 
Railroad  personnel  reported  that  their  tracks 
were  out  of  alignment  (Sumsion,  1983;  Duncan 
et  al.,  1985).  As  the  tracks  continued  to 
heave,  the  railroad  attempted  to  keep  the  tracks 
open.  Late  that  evening,  heave  was  noted  along 
the  road  surface  of  U.S.  Highway  6  and  89,  which 
lay  about  200  feet  east  of  the  tracks  and  across 
the  Spanish  Fork  River.  By  the  afternoon  of 


April  14,  vertical  deformation  of  the  highway 
surface  was  so  severe  that  the  road  was  closed 
to  traffic,  and  on  the  following  day,  the  road 
had  displaced  approximately  10  vertical  feet 
(Dames  and  Moore,  1985).  On  the  evening  of 
April  15,  the  last  train  used  the  tracks 
(Kaliser  and  Fleming,  1986). 

From  the  first  signs  of  movement  considerable 
effort  was  applied  to  prevent  the  Spanish  Fork 
River  from  being  dammed  and  to  keep  the  canyon 
open.  By  April  17,  it  was  clear  that  these 
efforts  were  failing  and  the  residents  of 
Thistle  were  evacuated.  At  this  time  efforts 
had  already  turned  to  unloading  what  was  thought 
to  be  the  "head"  of  the  slide,  in  the  area  imme¬ 
diately  upslope  from  the  railroad  cut.  Attention 
also  turned  to  preventing  overtopping  of  the  dam 
by  the  new  Lake  Thistle,  and  evaluating  new 
transportation  routes.  On  April  22,  Utah  Gover¬ 
nor  Scott  Matheson  declared  the  area  a  state 
disaster  area,  and  on  April  30,  President  Ron¬ 
ald  Reagan  made  the  Thistle  slide  area  Utah's 
first  National  Disaster  Area. 

Movement  of  the  slide  was  measured  by  Railroad 
and  county  crews  during  the  first  crucial  weeks 
of  sliding.  According  to  Duncan  et  al.  (1985), 
the  Railroad  reported  that  the  landslide  was 
moving  at  about  0.75  feet  per  hour  on  April  14. 
This  average  rate  increased  to  a  maximum  of  2.5 
to  2.8  feet  per  hour  during  the  period  of  April 
17  to  19,  and  declined  to  0.80  feet  per  hour  by 
April  25.  Total  horizontal  displacement  for  the 
bottom  of  the  slide  during  this  period  is  esti¬ 
mated  to  be  about  500  feet.  Vertical  displace¬ 
ments  of  up  to  1.5  feet  per  hour  were  noted 
(Dames  and  Moore,  1985).  Peak  sliding  rates 
measured  by  Utah  County  were  on  the  order  of 
6.6  feet  per  hour  on  April  19. 

By  the  beginning  of  May,  slide  movement  had 
largely  halted  because  of  the  accumulation  of 
slide  debris  in  the  valley  and  the  buttressing 
effects  of  Billies  Mountain. 

ANALYSIS  PROCEDURES 

An  analysis  of  the  Thistle  failure  was  performed 
using  the  SEEPSLOPE  finite  element  system  which 
consists  of  two  component  codes,  CFLOW  and  WOOD- 
LUND.  CFLOW  is  a  code  which  calculates  steady 
state  flow  through  nonhomogeneous  media  (Taylor 
and  Brown,  1967).  WOODLUND  is  a  stress  analysis 
program  for  plane  strain  conditions  originally 
developed  to  analyze  underground  openings  in 
rock  (Chang  and  Nair,  1973) .  It  employs  an 
elastic-perfectly  plastic  stress-strain  formu¬ 
lation  using  a  Drucker-Prager  yield  criterion. 


These  two  programs  were  combined  and  enhanced  by 
the  Bureau  of  Mines  (Corp,  Schuster,  and  McDon¬ 
ald,  1975)  to  analyze  mine  tailing  impoundments. 
SEEPSLOPE  computations  for  the  Thistle  analysis 
were  performed  on  a  Gould  9080  minicomputer  at 
the  University  of  Utah  College  of  Engineering. 
Details  of  the  implementation  of  SEEPSLOPE  are 
given  by  Leonard  (1987). 

An  initial  finite  element  mesh  was  fashioned 
which  consisted  of  1160  nodes  and  1048  elements 
along  an  axis  approximating  the  centerline  of 
the  slide.  The  mesh  is  5800  feet  long  and  rela¬ 
tively  shallow,  as  is  necessary  to  model  the 
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actual  failure.  Thicknesses  vary  from  180  feet 
at  the  top  to  265  feet  at  the  middle,  to  480 
feet  near  the  bottom.  Topography  is  based  on 
USGS  Quadrangle  maps  and  post-slide  topographic 
maps  prepared  by  the  Utah  County  Engineer's  Of¬ 
fice, 

Elements  at  the  head  of  the  slide  were  initially 
100  feet  long  by  about  30  feet  high.  Elements 
in  the  middle  of  the  slide  were  reduced  to  50 
feet  long  and  about  35  feet  high.  In  the  lower 
portion  of  the  slide,  elements  were  further  re¬ 
duced  to  33  feet  long  by  about  30  feet  high. 

The  majority  of  the  elements  are  rectangular, 
although  some  triangular  elements  were  included 
as  needed  to  accommodate  the  physical  boundaries 
and  mesh  transitions.  The  CFLOW  program  uses 
this  initial  mesh  together  with  an  estimate  of 
the  phreatic  surface  to  perform  seepage  calcu¬ 
lations.  As  CFLOW  moves  the  nodes  which  lie  on 
the  phreatic  surface  to  satisfy  continuity  of 
flow,  the  remainder  of  the  mesh  is  distorted 
accordingly  and  element  sizes  vary. 

The  finite  element  mesh  was  divided  into  four 
soil  types,  representing  the  primary  strata  en¬ 
countered  on  the  site.  Material  parameters  used 
in  the  analysis  were  based  on  data  from  inves¬ 
tigations  performed  at  the  site  of  the  slide 
under  the  direction  of  the  Utah  State  Division 
of  Water  Rights  and  the  Utah  County  Engineer 
(Duncan,  et.al.,  1985).  While  four  principal 
soil  types  were  identified  for  analysis  pur¬ 
poses,  there  was  significant  spacial  variability 
in  the  materials  encountered  at  the  site. 

Very  little  is  known  about  the  precise  pre-slide 
hydraulic  conditions  in  the  slide  mass.  Perme¬ 
abilities  were  estimated  from  post-slide  tests. 
Various  inflow  and  outflow  nodes  were  selected 
in  the  CFLOW  analysis  to  model  infiltration  and 
known  springs  within  the  slide  area.  The  SEEP- 
SLOPE  program  calculated  a  phreatic  surface 
location  and  computed  the  corresponding  seepage 
forces. 

For  the  stref  ,  analysis  portion  of  the  study, 
eight  case*  „ere  developed,  each  with  a  slightly 
different  jet  of  soil  parameters.  The  cases 
were  designed  to  provide  insight  into  the 
Thistle  failure,  since  it  was  unlikely  that  any 
specific  set  of  parameters  would  exactly  model 
the  actual  conditions.  Six  of  these  cases  used 
the  full  seepage  forces  computed  by  earlier  por¬ 
tions  of  the  SEEPSLOPE  system.  For  the  other 
two  cases,  seepage  forces  were  reduced  by  one- 
half  (J-l)  or  one-quarter  (k— 1 )  for  all  nodes 
within  or  above  the  zone  of  failure.  This  was 
done  in  an  attempt  to  compensate  for  the  assump¬ 
tions  of  steady-state  seepage  and  fully  satura¬ 
ted  conditions  which  the  SEEPSLOPE  system  made. 
The  transient  conditions  and  partially  satura¬ 
ted  soil  zones  above  the  phreatic  furface  be¬ 
lieved  to  exist  prior  to  the  slide  would  yield 
lower  seepage  forces  than  computed  by  the 
steady-state  analysis  performed  by  SEEPSLOPE. 

The  materials  in  the  slide  were  predominantly 
stiff  overconsolidated  clays  with  many  fissures 
and  zones  of  high  permeability.  The  strength 
of  these  materials  also  exhibited  significant 
spatial  variation.  While  there  was  undoubtably 
some  minor  excess  pore  pressure  buildup  during 
the  failure,  the  analysis  was  performed  using 
effective  stress  methods  and  drained  conditions 


which  are  more  appropriate  for  slopes  in  stiff 
fissured  materials  (Lambe  &  Whitman,  1969) . 

The  strength  parameters  for  the  materials  which 
participated  in  the  slide  are  shown  in  Table  1. 
While  there  was  considerable  variation  in  the 
measured  values  of  friction  angle  and  cohesion 
(Leonard,  1987) ,  there  were  data  which  suggested 
that  the  upper  50  feet  was  slightly  weaker  than 
the  underlying  materials.  Accordingly,  the  top 
row  of  elements  was  designated  as  soil  1  while 
the  remainder  of  the  material  above  the  clay- 
stone  and  sandstone  bedrock  was  designated  as 
soil  2. 


TABLE  1.  Soil  Strength  Parameters  for  Soils  1 
and  2  for  Each  Case  of  WOODLUND 
Stress/Stability  Analysis 


Soil  1 

Soil  2 

phi 

c 

phi 

c 

(deg) 

(psi) 

(deg) 

(psi) 

Case 

1-14 

11.0 

0.0 

9.0 

0.0 

Case 

1-15 

27.4 

0.0 

27.4 

0.0 

Case 

1-16 

11.0 

106.0 

9.0 

106.0 

Case 

1-17 

11.0 

122.0 

9.0 

122.0 

Case 

1-18 

20.0 

33.3 

20.0 

47.8 

Case 

1-19 

20.0 

122.0 

20.0 

122.0 

Case 

J-l 

11.0 

122.0 

9.0 

122.0 

Case 

K-l 

11.0 

122.0 

9.0 

122.0 

The  first  two  cases  represent  the  pure  residual 
shear  strength  condition.  Duncan  et  al.  (1985) 
theorized  that  "antecedent  movements  had  proba¬ 
bly  reduced  the  strength  along  the  sides  and 
base  of  the  slide  to  residual  frictional  values'.' 
In  such  a  case,  the  stress  strain  curve  would 
have  no  peak,  but  would  level  off  at  the  resi¬ 
dual  value.  In  addition,  the  cohesion  intercept 
would  be  zero.  Case  1-14  uses  the  lowest  resi¬ 
dual  friction  angle  measured  on  Thistle  samples 
in  the  laboratory.  Case  1-15  represents  the 
highest  angles  measured. 

Even  in  circumstances  where  residual  shear  stre¬ 
ngths  generally  govern  stress-strain  behavior, 
small  peak  strengths  are  sometimes  developed 
over  time  due  to  thixotropy.  In  addition,  por¬ 
tions  of  a  slide  which  do  not  contain  previous 
failure  surfaces  will  exhibit  peak  strengths 
before  dropping  to  residual  levels.  In  order  to 
model  these  conditions  the  soil  parameters  used 
in  case  1-16  were  modified  to  include  a  cohesion 
intercept.  An  unconfined  compression  test  value 
of  106  psi  was  selected  for  use  as  a  cohesion 
value,  representing  the  second  highest  such 
value  noted  in  the  test  data.  A  relatively  high 
value  was  selected  in  order  to  insure  stable 
results.  Preliminary  analyses  had  indicated 
that  lower  cohesion  values  would  yield  a  totally 
unstable  slide  mass. 

Case  1-17  uses  slightly  higner  cohesion  values 
in  an  attempt  to  bracket  the  true  failure  condi¬ 
tion*. 

Case  1-18  represents  the  average  frictional  and 
cohesion  shear  strength  parameters  from  the 
laboratory  data.  Not  a  true  residual  strength 
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case,  this  set  of  data  reflects  a  buildup  of  sore  peak 
strength  due  to  thixotropy  of  unsheared  soils  with  dia- 
genetic  bending.  The  cohesion  values  are  different  for 
the  two  soils,  reflecting  the  difference  between  the 
average  unconfined  expression  values  for  soils  shallower 
than  40  feet  and  deeper  than  40  feet. 

Case  1-19  is  intended  to  provide  some  cooperative  infor¬ 
mation  relative  to  the  other  cases.  This  case  uses  tlto 
sane  cohesion  intercept  as  1-17,  but  with  a  higher  fric¬ 
tion  angle.  It  also  uses  the  same  friction  angle  as 
I-i3,  but  with  higher  cohesions,  lhe  sensitivity  cf  the 
stress  analysis  with  respect  to  these  two  soil  parameters 
can  be  evaluated  using  the  results  of  this  and  the  two 
previous  cases.  In  addition,  this  cctrhination  of  para¬ 
meters  forms  an  upper  hound  on  the  strength  envelopes 
used  for  the  analysis. 

lhe  last  two  cases  use  the  same  strength  parameters  as 
Case  1-19,  but  with  reduced  seepage  forces.  For  Case 
J-l,  seepage  forces  above  the  assumed  failure  surface 
wore  reduced  to  one-half  of  their  original  values.  For 
Case  K-i,  nodal  seepage  forces  were  reduced  to  one-quar¬ 
ter  of  their  original  levels  for  this  case. 

Each  of  the  cases  analyzed  had  some  failed  elements 
which  led  to  redistribution  of  stresses  during  the 
calculations.  These  redistributions  were  successful  in 
converging  to  a  solution  in  all  cases  except  1-14  and 
1-15.  In  these  two  cases  computed  stress  levels  ware  so 
high  relative  to  soil  strengths  that  nearly  every  ele¬ 
ment  yielded  in  early  load  increments.  In  successive 
computer  iterations,  stresses  were  transferred  back  and 
forth  between  yielded  elements  and  convergence  toward 
a  solution  could  not  occur. 

In  all  of  the  other  cases  a  solution  was  produced  with 
elements  at  or  near  failure  clustered  at  or  near  the 
bottom  of  the  slope.  Only  case  1-18  with  lower  cohesion 
failed  elements  higher  than  approximately  one-third  of 
the  way  up  the  slope.  In  this  case  only  the  upper 
approximately  one-fourth  of  the  mesh  was  stable. 

In  order  to  better  compare  the  various  analyzed  oases 
and  more  fully  evaluate  the  stability  amputations  for 
the  Thistle  Landslide,  average  factors  of  safety  were 
cortputed  for  seven  tried  failure  surfaces  using  data 
from  each  analysis  case.  The  seven  failure  surfaces 
were  selected  specifically  to  aid  in  the  understanding 
of  the  nature  of  the  failure.  Weighted  average  factors 
of  safety  were  confuted  for  each  of  the  seven  failure 
surfaces  for  each  of  the  WOODLUND  cases  described  above. 
Results  of  these  computations  are  shown  in  Table  2. 
Although  the  total  length  of  the  landslide  is  known  to 
be  about  5700  feet,  the  depth  and  shape  of  the  failure 
surface  is  still  in  question,  and  it  is  unclear  whether 
the  slide  is  made  up  of  one  long  failure  nass  or  many 
snail  oonpound  failures. 

Failure  Surface  1  represents  the  full  length  failure, 
based  on  the  theory  that  the  slide  was  a  long,  shallow, 
continuous  failure  nass.  Surface  2  also  represents  a 
relatively  long,  shallow  landslide  mass,  but  extends 
only  one-third  the  length  of  the  total  slide,  and  does 
not  completely  cross  the  canyon  floor.  Failure  Sur¬ 
face  3  is  much  shorter,  and  approaches  the  shape  of  a 
circular  failure.  Failure  Surface  4  was  developed  to 
evaluate  the  validity  of  a  deep  failure.  Sore  have 
postulated  that  the  Thistle  Landslide  involved  a  deep 
failure  which  lifted  the  highway  in  the  canyon  floor. 
Surface  5  is  a  snail,  shallow,  nearly  circular  failure. 
Surfaces  6  and  7  represent  snail,  localized  failures  of 
the  landslide.  A  small  failure  of  this  sort  could  be 
triggered  by  weather  conditions  or  construction  activity, 
and  may  lead  to  a  larger,  progressive  failure  event. 


TABLE  2.  Factors  of  Safety  for  Selected  Failure  Surfaces 


Failure  Surface  Kunber 


Case 

1 

2 

3 

4 

5 

6 

7 

1-14 

0.33 

0.22 

0.55 

0.84 

0.72 

0.67 

0.57 

1-15 

0.58 

0.62 

1.05 

0.96 

1.42 

1.83 

1.8S 

1-16 

6.14 

7.87 

1.57 

1.71 

1.09 

1.G3 

1.33 

1-17 

6.85 

8.95 

1.74 

1.89 

1.30 

1.80 

1.39 

1-18 

2. 55 

0.73 

0.81 

1.05 

1.05 

1.27 

1.31 

1-19 

6.92 

9.16 

1.95 

2.09 

1.46 

1.98 

1.63 

J-l 

6.83 

7.20 

4.24 

3.57 

2.07 

1.87 

1.45 

K-i 

7.40 

9.24 

2.7S 

2.50 

1.70 

1.91 

1.44 

Di?cu>.sia;  of  results 

Sufficient  data  about  the  Hustle  p  .e-slide  groundwater 
conditions  are  n.>t  available  to  accurately  model  the 
variable  transient  conditions  and  resulting  forces.  In 
general,  the  phreatic  surface  computed  by  SEEPSIOPE  seems 
realistic  in  its  locative,  and  shape.  Nodal  seepage 
forces,  however,  are  probably  higher  than  they  should  be. 
Without  the  availability  of  more  detailed  information, 
arbitrarily  reducing  seepage  forces  above  the  failure 
surface  is  a  simple  method  for  approximating  the  tran¬ 
sient  conditions.  Seepage  forces  were  cut  to  one-half 
and  one-quarter  their  original  levels  and  the  effects  of 
those  lowered  forces  studied  in  the  stress  analysis  por¬ 
tion  of  this  research.  The  effectiveness  of  this  approach 
is  demonstrated  in  two  sets  of  relationships.  First,  it 
was  evident  in  the  distribution  of  failed  elements  in 
Cases  1-19,  J-l,  and  K-1  that  the  nuztoer  of  failed  ele¬ 
ments  in  the  analyses  with  reduced  forces  is  less  than  in 
1-19,  particularly  in  the  shallower  elements.  Since  the 
seepage  forces  were  reduced  m  these  cases  for  elements 
above  the  proposed  failure  zone,  this  result  is  expected. 
Second,  some  trends  can  be  seen  in  the  factors  of  safety 
for  the  trial  failure  surfaces.  Ccnparing  Case  J-l  with 
1-19,  the  decreased  seepage  forces  yield  higher  or  es¬ 
sentially  equal  factors  of  safety  for  five  of  the  seven 
failure  surfaces.  The  average  increase  in  factor  of 
safety  is  27  percent.  Ccnparing  Case  K-1  with  J-l,  higher 
or  equivalent  factors  of  safety  are  yielded  for  four  of 
five  surfaces.  The  factors  of  safety  for  Surfaces  6  and 
7  renain  roughly  unchanged  in  all  three  cases.  This  would 
have  relatively  low  seepage  forces. 

SEEPSIOPE  was  not  able  to  ccnpute  realistic  factors  of 
safety  for  Cases  1-14  and  1-15  which  did  not  converge. 

The  specific  results  of  these  two  cases  nust  be  generally 
disregarded,  except  as  they  relate  to  the  overall  failure 
parameters  of  the  Thistle  slide.  The  results  of  these 
two  cases  indicate  that  Thistle  was  not  strictly  a  re¬ 
currence  of  an  old  slide  along  a  previously  failed  sur- 
faoe.  Element  factors  of  safety  were  so  uniformly  lew 
that  transfer  of  excess  stresses  could  not  be  accom¬ 
plished.  Even  the  high  friction  angle  used  in  Case  1-15 
was  ret  sufficient  to  bring  about  stability.  Based  on 
this  infonration,  it  is  likely  that  soma  peak  strengths 
were  involved  in  the  failure. 

All  of  the  cases  analyzed  clearly  indicate  that  the  slide 
initiated  at  the  toe.  Even  when  large  numbers  of  elements 
are  yielded,  as  in  Case  1-18,  factors  of  safety  near  the 
head  are  consistently  greater  than  one.  As  the  nuirber  of 
yielded  elements  decreases,  they  tend  to  be  located  pri- 
narily  at  the  toe.  This  observation  is  strongly  supported 
by  the  failure  surface  factors  of  safety.  Disregarding 
cases  1-14  and  1-15,  Failure  Surfaces  1  and  2  never  have 
the  lewest  factors  of  safety  for  a  given  case.  In  addi- 
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tion,  in  five  of  the  six  cases,  the  factors  of  safety  for 
these  two  surfaces  are  considerable  higher  than  those  for 
the  other  surfaces. 


Tension  cracking  noted  in  a  photograph  taken  ten  days 
before  the  slide  began  supports  the  argument  that  sliding 
began  at  the  toe.  It  has  been  suggested  (Duncan,  et  al. , 
1985)  that  it  was  unclear  whether  events  at  the  toe  or 
the  head  were  more  important  in  the  initiation  of  sli¬ 
ding.  Evidence  from  this  study  clearly  indicates  other¬ 
wise;  the  slide  began  at  the  toe. 

With  full  seepage  loads  applied,  the  most  stable  result 
is  yielded  in  Case  1-19.  The  distribution  of  yielded 
elements  clearly  shows  fewer  yielded  elements  in  this 
case  than  in  the  other  cases  using  a  full  seepage  load. 
The  failure  surface  factor  of  safety  results  also  support 
this  observation.  For  any  given  failure  surface.  Case 
1-19  yields  a  higher  lactor  of  safety  then  the  others. 

Two  observations  can  be  drawn  about  the  shape  of  the 
failure  surface  based  or.  results  of  trial  failure  sur¬ 
face  computations.  First,  the  failure  was  not  a  deep 
seated  circular  failure.  Among  the  six  converging  cases, 
the  minium  factor  of  safety  was  associated  with  Failure 
Surface  5  in  three  of  the  cases  and  with  Failure  Surface 
7  in  two  of  the  cases.  Surface  5  is  a  very  shallow, 
circular  surface,  and  Surface  7  is  a  superficial 
sloughing  failure  of  the  toe.  Failure  Surface  4,  the 
deep  seated  failure,  never  yields  the  lowest  factor  of 
safety.  Second,  the  failure  did  not  involve  a  long, 
continuous  surface.  Failure  Surface  1  yields  the  highest 
aggregate  factor  of  safety  in  each  of  the  six  cases. 

Relatively  high  cohesion  values  were  required  to  achieve 
convergence  and  stability  in  the  various  analyses.  Cases 
involving  low  cohesion  values,  such  as  1-18,  resulted  in 
numerous  yielded  elements  and  low  factors  of  safety  on 
the  trial  failure  surfaces.  Four  of  the  seven  surfaces 
had  factors  of  safety  near  or  below  one  in  Case  1-18. 

None  of  the  failure  surfaces  analyzed  yielded  factors  of 
safety  less  than  one  in  Cases  1-17  and  1-19.  The  co¬ 
hesion  value  used  in  these  two  cases  was  122  psi,  repre¬ 
senting  the  highest  value  obtained  in  the  laboratory 
frcm  unoonfined  oorrpression  tests.  Since  significant 
cohesion  was  required  to  achieve  stability,  it  seems 
likely  that  soil  strengths  mobilized  during  the  slide 
were  higher  than  residual  levels. 

Only  small  increases  in  stability  were  obtained  by  in¬ 
creasing  the  friction  angle.  Comparison  of  Cases  1-17 
and  1-19  demonstrates  that  for  an  82  percent  increase  in 
friction  angle,  only  a  9  percent  increase  in  factor  of 
safety  resulted.  The  comparison  of  Cases  1-16  and  1-17 
and  Cases  1-18  and  1-19,  however,  demonstrate  the  sensi¬ 
tivity  of  the  analysis  to  the  cohesion  parameter.  Case 
1-17  used  a  15  percent  higher  cohesion  value  than  1-17, 
with  a  resulting  increase  in  factor  of  safety  of  11  per¬ 
cent.  Case  1-19  used  a  cohesion  value  averaging  31Q  per¬ 
cent  higher  than  Case  1-18,  with  a  resulting  increase  in 
factor  of  safety  of  340  percent. 

Definite  trends  relating  to  the  development  of  a  conpound 
failure  surface  Eire  not  evident  in  the  results  of  this 
study.  However,  the  observations  that  yielded  elements 
are  always  concentrated  at  the  toe  of  the  slide,  and 
long,  continuous  failure  surfaces  always  have  high  fac¬ 
tors  of  safety  indicates  that  the  failure  as  a  conpound 
progressive  failure.  Computed  failure  surfaces  with  low 
factors  of  safety  are  generally  short,  but  the  actual 
failure  was  quite  long.  It  seems  reasonable  that  small 
zones  could  fail  near  the  toe  of  the  slide,  resulting  in 
the  removal  of  the  resisting  forces  supporting  higher 
elements,  ultimately  causing  similar  small  failures  of 
uphill  areas.  In  this  way,  the  failure  would  gradually 


progress  up  the  hill.  For  instance,  in  Case  1-16,  the 
nuninun  factor  of  safety  is  for  the  short,  shallow  Fail¬ 
ure  Surface  5.  With  a  factor  of  safety  of  1.09,  this 
surface  is  near  failure.  Cnee  this  mass  of  elements 
fails  and  the  support  is  removed  frcm  the  mass  above 
Failure  Surface  3,  it  is  likely  that  Surface  3  will 
approach  instability.  With  the  removal  of  elements  near 
the  canyon  bottom,  excess  stresses  would  be  passed  to 
elements  higher  on  the  slide,  and  lower  factors  of  safety 
would  result.  Such  a  scenario  supports  the  expound 
failure  theory. 

CONCLUSIONS  AND  RECOMMENDATIONS 

Several  conclusions  can  be  drawn  frcm  this  study  of  the 
Thistle  Landslide  based  on  the  results  presented  and 
considerations  discussed.  They  are  as  follows. 

1.  The  Thistle  Slide  was  not  a  simple  recurrance  of  a 
pre-existing  slide  acting  solely  at  residual  shear 
strength  levels.  It  appears  to  be  a  compound  pro¬ 
gressive  failure  with  peak  strengths  mobilizing  in 
many  of  the  soil  zones.  While  ancient  slides  have 
occurred  at  this  location  and  sane  of  those  failure 
surfaces  may  have  been  reactivated  in  1983,  the  ma¬ 
jority  of  the  failure  surface  appears  to  have  been  in 
previously  unfailed  material.  If  this  were  not  so, 
stability  could  be  seen  in  those  cases  involving 
residual  strength  parameters. 

2.  Analyses  performed  in  this  study  indicate  that  the 
slide  started  at  the  toe  and  progressed  uphill. 

3.  The  failure  did  not  involve  a  deep-seated,  circular 
failure  surface  or  a  long,  continuous  failure  sur¬ 
face.  It  is  more  likely  that  relatively  shallow 
masses  of  soil  failed,  progressively  triggering 
failures  in  adjacent,  uphill  zones. 

4.  Seepage  forces  played  a  significant  role  in  the  fail¬ 
ure  at  Thistle.  As  suggested  by  previous  investi  • 
gators  of  the  Thistle  Slide,  water  in  the  soil  re¬ 
sulting  from  high  precipitation  levels  was  definitely 
a  factor  contributing  to  this  failure. 
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SYNOPSIS  .  A  preleading  embankment,  and  its  foundation  soil,  have  been  closely  monitored  in  the  Po 
river  delta  (Italy).  After  showing  that  the  complete  consolidation  of  the  peaty  and  clayey  soil 
has  taken  place,  the  shear  strength  increase  measured  with  various  tests  has  been  considered  and 
analyzed . 


PLANNING  PROBLEMS  AND  SOIL  CHARACTERISTICS 

The  new  electric  power  station  in  Adria  situated 
in  the  Po  delta  has  been  recently  built  in 
an  area  of  about  70,000  nr,  (210  x  315  m). 
This  area  is  located  in  the  sorroundings  of 
the  navigable  canal  “Canal  Bianco"  and  is 
distant  about  two  kilometers  from  the  Po  river. 
Because  of  hydraulic  protection  problems 
against  floods,  due  to  the  fact  that  the  area 
was  subject  to  a  subsidence  phenomenon  in 
the  past,  the  design  of  the  final  plan  of 
the  station  provided  for  its  being  raised 
from  ground  level,  situated  at  -1  -  -2.5, 

to  +1  a.s.l.,  by  means  of  a  large  sand  filling. 
Stratigraphy  from  the  surface  downwards  was 
as  follows: 

-  from  0  to  -2m  :  over-consolidated  silty  clay 

of  low  plasticity; 

(Formation  1) 

-  from  -2  to  -5m:  mainly  peaty  soil  of  high 

plasticity  composed  of  not 
very  fibrous  peats  mainly 
of  amorphous  and  granular 
type  (Amaryan  et  al .  1973) 

(unity  weight  10  -:  14  kN/m  , 
liquid  limit  PI  >  100  and 
water  content  W  > 1 20 )  ; 
(Formation  2) 

-  from  -5  to  -8m:  normally  consolidated  silty- 

-clayey  soils  of  medium 
plasticity; 

(Formation  3) 

-  from  -8  to  -14m:fine,  sometimes  silty,  sands 

of  medium  density  ; 

(Formation  4) 

-  from  -14  to-21m: al ternati ng  layers  of  fine 

sands  and  normally  consolida^ 
ted  silty  clay  of  medium 
and  high  plasticity ; 
(Formation  5) 

-  from  -21  to-30m: homogeneous  medium  fine 

grained  sands  of  medium 

and  high  density ; 

(Formation  6). 

The  foundation  soils  showed  very  poor  cha¬ 
racteristics  of  strength  and  high  compressi¬ 
bility.  Figure  1  shows  a  stratigraphic  profile 
with  spme  characteristics  determined  through 
a  wide  research  suivty  in  the  laboratory 
and  "in  situ". 


FIG.  1  -  Some  geotechnical  properties 
of  soil  formations. 


Therefore,  the  embankment  foundation  soil 
posed  problems  because  of  considerable  settle¬ 
ments  deferred  in  time  due  to  the  presence 
of  plastic  clay  layers  and  organic  soils. 
Organic  soils  of  similar  nature  to  the  one 
found  in  this  site  have  been  studied  by  Colle- 
sel 1 i  et  al .  (  1  975  ) . 

It  was  decided  to  create  a  preloading  embank¬ 
ment  raising  the  design  embankment  of  about 
3  m  (to  level  *4),  which  meant  5  f  6.5  m  in 
total  height. 

Figure  2  shows  the  general  plan  of  the  pre- 
loading  embankment  and  figure  3  shows  a  cross 
section  of  the  embankment  side  berm  built 
in  order  to  ensure  the  stability  of  the  em¬ 
bankment  itself. 

The  purpose  of  preloading  „as  to  reduce  the 
compressibility  and  to  improve  the  characte- 
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FIG.  2  -  General  plan  of  the  preloading 
embankment . 


FIG.  3  -  Cross  section  of  the  preloading 
embankment.  Sea  level  has  been 
taken  as  +  10.0  m. 


ristics  of  shear  strength  of  the  soil,  thus 
allowing  realization  of  buildings  with  shallow 
foundations. 

The  preloading  design  presented  problems  con¬ 
nected  mai  nly  with  the  prevision  of  settlement 
pattern  in  time  and  of  the  behaviour  of  peat 
soil  layers  under  loading  action. 

Still  during  the  planning  stage,  total  settle¬ 
ments  due  to  secondary  compression  in  the 
order  of  2  i  3  cm  per  year  were  estimated 
in  the  various  zones,  they  were  related  to 
the  height  of  the  embankment  and  to  the  thick¬ 
ness  of  the  compressible  layers. 

Moreover,  the  preloading  embankment  was  to 
be  mantained  for  about  20  months  assuming 
that  90  percent  of  primary  consolidation  would 
mature  in  roughly  500  days. 

In  order  to  control  the  foundation  soil  beha¬ 
viour  during  all  of  the  preloading  phases, 
a  remarkable  geotechnical  instrumentation 
consisting  of  plate  bench  marks,  borehole 
extensometers  and  Casagrande  and  electro¬ 
pneumatic  piezometers  was  incorporated  in 
the  design. 

T|e  whole  sand  embankment  of  about  500,000 
m  in  volume  was  built  between  July  1980 
and  January  1981  and  was  kept  until  the  end 
of  1982. 


The  embankment  was  then  removed  to  +1  {cor¬ 
responding  to  +11  in  figure  3),  final  design 
height,  and  the  construction  of  the  buildings 
of  the  electric  power  station  began.  It  was 
completed  at  the  end  of  1983. 

Before  removing  the  preloading,  a  new  research 
survey  was  carried  out  both  in  situ  and  in 
the  laboratory  in  order  to  control  the  effects 
of  the  foundation  soil  improvement. 

In  this  paper  the  increase  of  foundation  soil 
mechanical  properties  due  to  the  consolidation 
of  the  foundation  soils  themselves  due  to 
preloading  is  roaily  considered. 


PRELOADING  EMBANKMENT  BEHAVIOUR 

In  order  to  calculate  the  preloading  embankment 
settlements,  the  compressibility  parameters 
(mv  )  of  cohesive  and  peat  formations  have 
been  obtained  from  oedometric  consolidation 
tests . 

Figure  4  shows  the  values  of  mv  as  a  function 
of  effective  stresses.  The  parameters  for 
the  settlement  calculations  have  been  chosen 
as  function  of  geostatic  stresses  o'vo  and 
of  vertical  stresses  induced  by  overloading 
o'vo.  +  4°  v  and  calculation  was  carried  out 
considering  the  hypothesis  of  monodimensicnal 
consolidations,  which  correspond  to  the  geo¬ 
metry  of  the  case  examined. 
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FIG.  4  -  Trends  of  the  my  values  of 
various  formations  vs.  ver 
tical  effective  stress. 


The  preloading  embankment  behaviour  has  been 
monitored  with  a  considerable  number  of  plate 
bench  marks  and  borehole  extensometers. 

Figure  5,  referring  to  a  central  point  of 
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FIG.  5  -  Trends  of  vertical  settlements 
vs.  consolidation  time. 


the  embankment  area,  summarizes  the  settle¬ 
ment  pattern  in  time  of  the  foundation  plan, 
and  of  the  various  layers,  obtained  through 
the  difference  measurements  given  by  deep 
settlements  gauges.  The  deep  settlement  gauges 
showed  that  soils  at  a  depth  greater  than 
30  m  from  ground  level  are  responsible  for 
a  portion  of  the  settlement  equal  to  about 
5-10  percent  of  total  settlement. 

From  the  diagrams  it  can  be  noticed  that  the 
settlement  due  to  primary  consolidation  ended 
completely  within  600  days  from  the  beginning 
of  the  embankment  realization. 

From  the  examination  and  interpretation  of 
figure  5  and  of  data  from  other  deep  settle¬ 
ment  gauges,  it  was  possible  to  estimate  soil 
deformation  moduli.  In  figure  6  the  calculated 
moduli  are  compared  with  th.se  established 
by  laboratory  tests:  a  substantial  agreement 
between  measurements  in  situ  and  in  tne  labo¬ 
ratory  with  variations  of  *  25  percent  can 
be  noticed. 

At  the  end  of  the  preloading  permanence  pe¬ 
riod,  after  about  20  months,  settlements  va¬ 
rying  from  60  to  110  cm  matured  in  the  founda¬ 
tion  soil. 

Measurements  of  electropneumatic  piezometers 
placed  in  clayey  and  peaty  layers  have  given 
values  of  maximum  pore,,  pressures  after  con¬ 
struction  of  20-130  kN/mf  These  pressures  dis¬ 
sipated  in  about  18  months. 

Once  the  preloading  was  removed  to  H,  a  2 
-  4  cm  swell  of  foundation  soil  occured.  To 
date,  after  the  completion  of  the  construction 
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FIG  5  -  Comparison  between  in  situ  and 
in  the  laboratory  constrained 
modul i . 


of  the  buildings,  which  have  a  medium  weight 
of  20kN/mz,  distributed  on  the  embankment, 
a  constant,  and  continuous,  practically  uni¬ 
form,  settlement  o  1  -  2  cm/year  occurred. 


IMPROVEMENT  OF  THE  MECHANICAL  CHARACTERISTICS 
OF  SOIL  STRATA. 

The  complete  primary  consolidation  of  cohesive 
and  peaty  layers  due  to  preloading  embankment 
action  was  recorded  with  plate  bench  marks 
and  borehole  extensometers .  The  superficial 
pressure  of  the  embankment,  about  .6  m  high, 
turned  out  to  be  equal  to  105  kN/nr  .  In  the 
central  part  of  the  embankment  this  vertical 
stress  is  practically  constant  in  the  first 
20  metres  of  soil  which  is  the  thickness  our 
experimental  research  is  concerned  with. 

As  is  well-known,  the  increase  in  vertical 
effective  stresses  causes  a  corresponding 
increase  of  shear  strength  in  cohesive  and 
granular  materials.  This  strength  increase 
was  examined  with  routine  laboratory  tests 
(i.e.  unccnfined  compression  tests)  and  with 
routine  in  situ  tests  (i.e.  CPT  and  Field 
Vane)  carried  out  on  specimens  or  on  soil 
layers  before  and  after  the  action  of  the 
preloading  embankment. 

In  the  cohesive  soils  examined  the  measured 
strength  parameters  are  of  the  undranined 
type.  The  results  of  the  different  types  of 
tests,  will  be  examined  separately. 

UNCONFINED  COMPRESSION  STRENGTH 

Unconfined  compression  tests  have  been  carried 
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FIG.  7  -  Variation  of  unconfined  compression  strength  in  clayey  formations  due 
to  the  increase  in  vertical  effective  stresses. 


out,  on  specimens  of  the  cohesive  formations 
no.  1,  3  and  5,  both  before  and  after  the 

preloading  of  the  embankment. 

The  results  of  the  performed  tests  have  been 

summarized  in  fig.  7.  Cui  are  the  values  of 

the  initial  parameters  while  cuf  are  the 

final  ones.  From  these  results  the  increase 
in  shear  strength  is  clearly  visible  and  va¬ 
ries  from  25  percent  to  almost  190  percent 
depending  on  the  vertical  effective  overburden 
stresses  and  on  the  preconsolidation  pressures 
acting  at  various  depths  as  shown  below. 

From  the  research  of  Ladd  e  Foott  (  1974), 
Ladd  et  alii  (1977)  and  Ladd  (1982),  the  un¬ 
drained  shear  strength  can  be  expressed  by 
the  empirical  relation  : 

c J  <r'v0  ■  s  ( OCR )m  (1) 

where  Oy0  is  the  vertical  effective  stress, 

S  3  c  /o' yo  at  OCR  3  1, 

OCR  'overconsol idation  ratio  3  o'c/o'vo  and 
m  =  o.8  *  0.05(empirical  -  experimental  parame 
ters  as  given  in  the  above  quotea  referen” 
ces ) . 

The  well  accepted  Skempt-on  equation  (  1957) 
has  been  utilized  to  express  S,  such  as: 

S  *  cu/  °vo  *  (0-n  '  0,37  PI)  (2) 

For  plasticity  indexes  ranging  from  20  to 
35  S  can  be  taken  as: 

S  3  0.21  t  0.03 

and  equat 1  on  (1 ) can  be  rewritten  as: 


cu  *  0.21x  o;Qx  OCR  (3) 

so  that  the  overconsol idation  ratio  of  a  soil 
specimen  can  be  determined,  if  its  cu  and 
the  values  of  the  vertical  effective  stresses 
are  known,  by  the  relation  : 

OCR  3(cu/(0.21x  c;0))1,25  (4) 

Relation  (4)  and  the  data  of  fig.  7  have  been 
utilized  to  determine  the  OCR  preconsolidction 
pressure  (  o' c)  for  the  specimens  ?t  the  depth 
of  2,  7  and  18  m  below  ground  level  as  repor¬ 
ted  in  Table  1 


TABLE  1 


Depth 

(m) 

0 1 
vVO 

(kPa) 

cui 
!  kPa ) 

OCR 

0‘  c 
(kPa) 

2 

36 

22 

3.8 

137 

7 

65 

13 

1 .0 

65 

18 

160 

30 

0.9 

144 

The  values  of  the  preconsolidation  pressures 
have  been  plotted  on  fig,  7. 

It  can  be  seen  that  above  the  peaty  formation 
the  clay  is  well  overconsol idated  while  below 
it  results  normally  consolidated  (NC). 

In  the  other  hand  the  final  effective  vertical 
stresses:  o' f  *  cvo  +  Jo >v .equal  to  the  sum  of 
the  vertical  effective  and  induced  stresses 


FiG.  8  -  Variation  of  field  vane  strength  in  peaty  formation  as  a  consequence 
of  increase  in  vertical  effective  stress. 


are  about  equal  to  the  preconsolidation  pres¬ 
sure  in  formation  l.  This  explains  the  reason 
why  the  smallest  increase  in  shear  strength  was 
measured  at  low  depth. 

With  regard  to  IIC  soils,  greater  increases 
in  percentage  of  strength  were  of  course  found 
where  the  ratio  Jo'y/ovo  was  greater. 

In  this  case  a  direct  proportion  of  the  type 

Jcu  =  (Jo*v/o-vo)  x  cu<  (51 

can  be  used  for  NC  soils  to  estimate  the  in¬ 
crease  in  shear  strength  and  confirms  the 
general  validity  of  Sxerapton's  equation  (no. 2 
of  this  article). 


HELD  VANE  STRENGTH 

The  structure  of  the  soil  being  formed  predo¬ 
minantly  of  a  peaty  component  did  not  allow 
execution  on  an  undrained  shear  strength  test 
in  the  laboratory.  The  comparison  was  there¬ 
fore  carried  out  through  the  use  „f  field  vane 
tests.  In  fig.  8  we  can  see  the  values  for 
Cu(FV!  as  a  function  of  depth.  As  it  is  possi¬ 
ble  to  see,  the  undrained  shear  strength  va¬ 
lues  before  the  application  of  the  preload 
diminuisches  with  depth  going  from  values 
of  50  kN/m1-  to  40  kN/m  after  consolidation 
the  situation  changes  with  higher  values  being 
found  equal  to  85  kN/m‘deep  down,  and  lower 
value'  75  kN/m^  on  the  surface. 

The  average  values  of  the  consolidation  pressu 
re  of  the  whole  layer  o'c  was  calculated  witF 
reference  to  the  shape  of  the  envelopes  of 
the  oedomctric  compressibility  coefficients 
in  fig.  4,  1  r.terpretated  according  to  the 
Indicat'ons  given  by  Riccerl  ed  al .( 1485) .  That 
1>,  for  soils  with  a  PI  grater  than  50  the 


o'pcan  be  determined  from  the  change  of  slope 
in  the  diagram  log  mv  vs.  1  og  o’v  .  , 

This  value  resulted  to  be  about  80  kN/nr  and 
is  reported  together  with  the  vertical  effecti 
ve  stress  values  seen  in  the  third  column 
of  fig.  8.  The  peaty  formation  resulted  to 
be  slightly  overconsolidated  with  an  average 
OCR  value  of  about  1.8  The  load  application 
induces  an  Increase  of  vertical  effective 
stress  to  the  point  where  it  exceeds  the  pre- 
-consol idation  pressure  value.  The  final  condi 
tion  reached  is  a  normal -consol idated  state 
that  brings  a  percentage  increase  of  the  un- 
rirained  shear  strength  that  is  variable  in 
depth  from  50  to  1 00% . 

If  the  relation  between  the  undrained  shear 
strength  value  and  the  vertical  effective 
stress  Cyf  (F¥)/o'vf  is  determined  on  the 
whole  peaty  formation,  we  obtain  a  pattern 
more  or  less  constant  with  depth  (fig. 8, fourth 
column),  with  the  exception  of  the  first 
stretch,  whose  different  slope  can  be  presuma¬ 
bly  explained  taking  into  account  the  clayey 
composition  of  the  superficial  layer  that 
probably  influenced  the  results  of  the  field 
vane  tests  In  some  zones.  The  constant  value 
of  this  relation  is: 


C u ( F V )/  o;f  =  0.53  (6) 

and  is  fairly  high  Nonetheless  we  need 
to  remember  that  the  ratio  is  related  to  the 
plasticity  of  the  material.  Taking  into  ac¬ 
count  the  Indications  given  by  Bjerrum  and 
Simons  (1960)  relative  to  the  relationship 
between  this  same  ratio  and  the  plasticity 
index  (PI)  and  extrapolating  their  considera¬ 
tions  to  higher  plasticity,  we  obtain  va¬ 
lues  that  vary  between  0.40  and  0  55  for  pla¬ 
sticity  Indexes  that  range  from  100  to  200, 
these  later  values  being  limiting  values  cha- 
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DEPTH  ( nr. ) 


racteristic  of  the  formation  under  examina¬ 
tion  Thus,  the  calculated  values  correspond 
well  with  extrapolated  values  according  to 
what  was  previously  indicated. 

The  pattern  of  the  ratio  cui/o'c  was  introdu¬ 
ced  for  comparison  sake  with  the  cuf /®yf 
ratio  in  fig.  3.  The  variation  of  the  first 
with  depth  ii.e.  the  larger  ratioes  are  to 
be  found  closer  to  the  surface)  can  oe  justi¬ 
fied  taking  into  account  that  the  more  super¬ 
ficial  part  of  the  peaty  layer  may  have  been 
subjected  to  a  drying  phenomenon  that  may 
have  in  this  manner  increased,  in  much  the 
same  manner  that  was  seen  for  superficial 
clayey  layers,  the  degree  of  consolidation. 
On  tiie  contrary  the  ratio  was  represented 
considering  a  uniform  pre-consolidation  pressu 
re  equal  throughout  the  whole  formation  under 
examination . 


THE  CPT  STRENGTH 

The  static  cone  penetration  test  (CPT)  has 
also  been  utilized  to  estimate  the  increase 
in  strength  consequent  to  increase  in  vertical 
effective  stress  and  other  stresses  correlated 
to  it.  The  increase  in  strength  has  been  di¬ 
rectly  measured  and  correlated  to  the  soil 
nature  as  reported  below:  two  typical  CPT 
tests  carried  out  in  the  same  position  before 
and  after  the  preloading  are  shown  in  fig. 9 


FIG.  9  -  Results  of  two  typical  CPT  tests 
before  and  after  the  preloading. 


Cohesive  soils 

Clay  and  peaty  clay  are  both  considered  cohe¬ 
sive.  In  this  case  the  undrained  shear 
strength  is  generally  estimated  by  the  ex¬ 
pression 

cu  ■  (<ic  -  «;0,/H  <7> 

where  q  c  is  the  point  resistance  of  the  CPT 
and  N  is  a  bearing  factor  which  due  to  the 


sane  shape  of  the  penetrating  tip  should  sub¬ 
stantially  remain  constant  within  each  soil 
formation.  Nevertheless,  it  has  been  seen 
from  much  experimental  research  (ESOPT  I, 
II)  that  N  may  vary  over  a  wide  range  depen¬ 
ding  on  the  soil  plasticity  (Baligh  et  al. 
1980). 

Equation  (7)  can  be  expressed  as  a  function 
of  N,  such  as: 

N  -(qc  -  o;o)/cu  (8) 

The  value  of  N  has  been  determined  referring 
the  undrained  shear  strength  parameter  deternn 
ned  in  unconfined  compression  tests  (for 
clayey  soil)  and  field  vanes  (for  peaty  soils) 
The  results  of  these  determinations  are  repor¬ 
ted  in  table  2  and  they  refer  to  average  cu 
and  qc  values. 

TABLE  2 


Depth 

CPT 

PI 

**c 

,Cu 

N 

(m) 

No . 

( kN/m 

2) 

BEFORE 

PRELOAOING 

Clayey 

formations 

C .  5 

(1) 

20 

300 

13 

18 

6.5 

(2) 

300 

13 

18 

16.0 

(1) 

30 

800 

26 

25 

15.0 

(2) 

900 

25 

30 

Peaty  formation 

3.5 

(1) 

>100 

300 

45 

6 

3.5 

(2) 

300 

45 

6 

AFTER 

PRELOAOING 

Clayey 

formation 

6.5 

(1) 

20 

1000 

30 

28 

6.5 

(2) 

900 

30 

24 

16.0 

(1) 

30 

1700 

44 

32 

15.0 

(2) 

1800 

42 

36 

Peaty  formation 

3.5 

(1! 

>100 

1400 

80 

16 

3.5 

(2) 

1000 

80 

11 

These  results  indicate  that  notwithstanding 
a  remarkable  increase  in  both  undrained  shear 
strength  and  unit  point  resistance,  the  factor 
N  does  not  remain  constant  with  the  strength 
increase  in  any  specific  formation. 

Because  of  the  limited  number  of  tests  and 
of  the  low  values  of  the  point  resistance 
of  the  CPT  no  general  comment  can  be  made, 
except  that  N  values  are  higer  for  cohesive 
soils  (N  =  18-3G)  than  for  organic  soils  (N 
=  6-16). 

Granular  soils 

Sandy  soils  exhibited  a  substantial  increase 
in  the  unit  point  resistance  of  the  CPT 
(qc)  as  a  consequence  of  the  stress  increase. 
So  the  normalized  cone  resistance,  that  is 
the  qc  ,  divided  by  effective  vertical  stress 
a' vo  should  remain  about  constant.  This  li¬ 
neary  in  the  behaviour  is  not  fully  represen¬ 
ted  in  nature  as  reported  by  Schmertmann(  1976) , 
Baldi  et  al .  (1982).  This  effect  has  been 
seen  analyzing  the  ratio 

(qc/<r;  =  «  (9) 
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In  our  case  this  ratio  varies  in  CPT  1  and 
2  from  0.83-0.85  in  formation  no.  4  and 
from  0.87-0.90  in  formation  no. 6.  a  values 
lower  than  1.0  indicate  a  decrease  of  the 
normalized  cone  resistance  with  the  increase 
of  stresses.  (This  has  been  defined  as  scale 
effect) . 


CONCLUSIONS 

The  findings  presented  in  this  paper  are  based 
on  two  well  defined  and  controlled  conditions: 
-  a  consolidation  process  developed  in  uni¬ 
axial  conditions  due  to  the  remarkable 
extension  of  the  embankment  compared  to 
to  the  analyzed  depth; 

a  stress  variation  in  a  particular  site 
that  induced  a  complete  primary  consolida¬ 
tion  of  the  peaty  and  clayey  strata. 

Based  upon  the  above  conditions  the  shear 
strength  increase  has  been  considered  analyzing 
the  results  of  various  types  of  tests:  unconfi 
ned  compression,  field  vane  and  cone  penetrar 
tion  tests 

It  has  been  shown  that  each  test  must  be  consi 
dered  separately  and  that  it  does  not  seem 
correct  to  generalize  the  use  of  empirical 
relations  proposed  in  scientific  literature. 
Each  one  needs  to  be  verified  on  each  site 
and  on  each  formation  before  being  used  in 
the  design. 

In  the  laboratory  only  the  clayey  formations 
have  been  analyzed. 

It  has  been  shown  that  from  the  results  of 
unconfined  compression  tests  the  OCR  can  be 
determined  as  well  as  the  increase  in  the 
undrained  shear  strength. 

The  peaty  formation  has  been  studied  with 
field  vane  (FV)  tests. 

The  ratio  Cu /  o'v  resulted  to  be  in  the  order 
of  0.5  both  before  and  after  consolidation 
(  o'  v  =  o'c  has  been  utilized  before  applying 
the  preload);  this  apparently  high  value  can 
be  easily  justified  considering  the  very  high 
plasticity  of  the  peaty  formation  as  pointed 
out  by  Bjerrum  and  Simons  (1960).  The  CPT 
has  shown  that  N  values  for  cohesive  and  orga¬ 
nic  soil  may  vary  considerably  both  due  to 
the  soil  nature  and  to  the  stress  level. 

In  granular  soil  a  small  scale  effect  has 
been  clearly  seen 
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Deformation  Response  of  Some  Earth  and  Rock-fiii  Dams 

T.  Ramamurihy  S.L.  Jain 

India  India 


SYNOPSIS:  Vertical  compress ionai  data  obtained  from  10  earth  and  earth  rock  fill  dams  built  in  India 
has  oeen  analysed  far  during  construction  and  post-construction  response.  The  performance  of  these 
dams  has  been  compared  with  some  dams  built  in  USA  wherein  the  construction  practices  have  been  simi¬ 
lar.  The  contributions  of  various  factors,  namely  height  of  embankment,  gradation  and  plasticity  of 
soil,  and  placement  conditions  of  moisture  and  density  have  been  examined.  A  major  portion  of  the 
total  compression  occurad  by  the  end  of  construction.  These  compressions  were  found  to  be  the  func¬ 
tions  of  the  height  of  the  embankment.  Both  the  compressions  across  and  along  the  valley  have  been 
found  to  be  small. 


INTRODUCTION 

A  large  number  of  earth  and  earth  rockflll  dams 
have  been  constructed  in  India  during  the  last 
four  decades.  It  is  believed  that  there  are 
as  many  as  160C  large  dams  constructed  in  India. 
The  nlghest  earth  structure  constructed  so  far 
has  been  about  130  m  height  and  the  one  with  a 
height  of  240  m  is  under  construction  and  more 
such  high  earth  structures  are  in  the  planning 
stage.  The  embankment  dams  which  have  already 
been  constructed  were  designed  safe  against 
failure  by  rupture  and  were  expected  to  undergo 
compressions  of  safe  value  without  excessively 
distorting  the  structure  and  its  function..  To 
check  the  performance  of  these  dams,  they  were 
instrumented  to  measure  compressions  within  the 
body  of  the  dam  and  the  foundation  and  also  to 
measure  and  control  the  development  of  pore 
water  pressures.  The  practices  generally  adop¬ 
ted  oy  USBR  have  been  followed  in  choosing 
and  selecting  soils  for  different  zones  of  earth 
embankment  dams,  in  laboratory  and  field  tes¬ 
ting,  in  controlling  placement  conditions  of 
density  and  moisture  content,  in  laying  the  thi¬ 
ckness  of  layers  for  fine  grained,  coarse 
grained  and  rockfills  and  also  in  the  technique 
of  compacting  the  soils.  The  cross-arm  devices 
installed  were  similar  to  those  adooted  by 
USBR.  The  construction  periods  were  longer  for 
the  Indian  dams.  The  performance  ot  these  dams 
was  in  no  way  different  from  those  of  USBR  as 
far  as  the  extent  and  nature  of  compressions 
are  concerned. 

This  paper  presents  the  case  histories  of 
10  Indian  dams  built  in  different  geological 
formations.  Their  performance  in  terms  of 
embankment  compression  has  been  analysed  and 
compared  with  a  few  dams  of  USA.  These  fifteen 
dams  have  indicated  definite  trends  of  vertical 
compression  during  construction  and  after  cons¬ 
truction  with  the  height  of  the  embankment. 

Tu°  influences  of  soil  parameters  like  Atterberg 
li- its,  grain  size  distribution  and  placement 
conditions  have  also  been  examined. 


BEAS  DAM 

Beas  dam  is  situated  in  the  Himalayan  foot  hills 
19.3  Km.  south  of  Kangra.  It  is  a  central  earth 
core-gravel  shell  type  dam  with  a  maximum 
height  of  132.5m.  above  the  deepest  foundation 
lever,  as  shown  in  Fiq.l. 


p-AXIS  OF  DAM 


Geology 

The  Dam  site  is  characterised  by  the  presence 
of  sedimentary  rocks  of  alternative  layers  of 
sand  rock  and  clay  shale  of  the  Upper  Shivalik 
formation.  A  bed  of  boulders  was  located  from 
27  to  76  m.  below  the  ground  level.  The  clay 
shale  is  generally  massive  but  includes  silt 
and  sand  fractions.  The  sand  rocks  are  coarse 
grained  and  showed  considerable  loss  of  strength 
upon  soaking. 

Construction  Material 

The  impervious  core  was  made  up  of  the  clay 
stone  and  sand  rocks.  The  material  containing 
more  than  50  per  cent  of  clay  shale  was  placed 
in  zone  1(a)  whereas  the  material  containing 
more  than  50  per  cent  sand  rock  in  zone  1(b). 

The  material  of  the  zone  1(a)  contains  70  per- 
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cent  finer  than  200  mesh  and  zone  1(h)  contains 
40  per  cent.  For  the  filter  and  the  previous 
zone,  hard  quartzite  with  22  to  31  per  cent 
sand  and  40  to  77  per  cent  qravel  was  used. 

Design  Properties 

The  properties  of  the  soil  for  core  adopted 
in  the  design  of  dam  were  as  follows: 


Bulk  dei  ..  ty 

Saturated  density 

Specific  gravity 

Permeability 

Angle  of  shearing 
resistance 

Cohesion 


2.08 
2.16 
2. 

10 


.67 

-6 


g/c.c. 

g/c.c. 

cm/sec. 


26.5 


0.35  kg/sq.  cm. 


F ii 1 _ Placement  and  Compaction 

The  fill  placement  for  impervious  zone  was 
carried  out  in  20  cm.  thick  layers  compacted 
to  15  cm.  The  specification  allowed  a  minimum 
Proctor's  density  of  98  per  cent  and  maximum 
104  per  cent.  The  laboratory  Proctor's 
density  was  1.96  g/c.c.  The  compaction  mois¬ 
ture  content  specified  varied  from  +1  per  cent 
to  -2  per  cent  of  the  optimum  moisture  content 
(i.e.  18  per  cent) . 


Fig. 2.  Settlements  of  Cross-arms  in  Beas  Dam 


Instrumentation 


For  the  measurement  of  settlement  of  foundation 
and  compression  in  the  dam,  seven  USBR  tele¬ 
scopic  cross-arms  were  installed  in  the  body 
of  the  dam.  Three  each  at  station  74  and  60 
(at  right  abutment  and  central  portion)  and 
one  at  station  47  (on  left  abutment)  were 
installed  and  labelled  as  A  to  G.  To  measure 
the  cross  valley  deformation,  six  of  the  tele¬ 
scopic  cross-arms  were  provided  with  internal 
horizontal  movement  devices  at  30.5  m.  vertical 
intervals.  An  Inclinometer  was  installed  at 
the  deepest  section  through  the  impervious 
core.  Surface  movements  to  measure  both  settle¬ 
ment  and  horizontal  alignment  were  set  up  on 
the  upstream  and  downstream  faces  (Berry  1975, 
Char  1979) . 

Observations 


The  settlement  of  individual  cross-arms  against 
their  elevation  have  been  plotted  as  shown  in 
Fig.  2.  From  the  figure  it  is  clear  that  the 
maximum  settlement  occurred  at  mid  height  of 
the  dam. 


Period 


Fig. 3.  Settlement  with  Height  of  Fill  in  Beas 
Dam 


Settlement  of  the  individual  cross-arm  for 
each  of  the  settlement  devices  has  been  plotted. 
It  is  observed  that  the  maximum  settlement  have 
occurred  in  the  device  F  which  was  embedded  in 
the  impervious  core.  During  the  early  construc¬ 
tion  period  compression  was  faster  which  slowed 
down  with  time.  On  an  average  22.5  per  cent 
of  the  total  compression  took  place  during  the 
first  one  month  after  placement.  Generally 
lower  layers  showed  higher  .compression  than  the 
upper  layers. 

The  total  settlement  has  also  been  plotted 
as  the  percentage  of  the  height  of  the  embank¬ 
ment  fill  height  for  the  period  of  the  raising 
of  the  embankment  as  shown  in  Fig. 3.  From  this 


plot,  it  is  seen  that  the  settlement  curve 
largely  follow  the  pattern  of  the  fill  placement 
curve  with  respect  to  time,  (Ramamurthy  1984). 

It  is  further  observed  that  the  maximum 
settlement  took  place  in  the  settlement  devices 
embedded  in  the  impervious  core.  The  highest 
percentage  of  settlement,  2.02  t,er  cent,  had 
taken  place  at  the  device  C  which  was  embedded 
in  the  core  and  where  the  height  of  fill  was 
maximum. 
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RAMGANGA  DAM 


Fill  Placement  and  Compaction 


The  main  earth  and  rockfill  dam  (127.5m  high} 
constructed  across  Ramganga  river  at  3.2  Kms. 
upstream  of  Kalagarh  in  district  Garhwal  Fig. 4. 


AXIS  OF  DAM 


Fig. 4.  Cross-section  of  Ramganga  Dam 

The  dam  was  located  in  the  gorge  portion  bet¬ 
ween  two  right  angled  bends  and  the  diversion 
tunnels  and  surplusing  works  located  on  the 
right  flank  together  with  the  Power  Houses. 


The  clay  stone  was  compacted  by  12  to  14  passes 
on  15  cm.  thick  layers,  for  sandstone  the  number 
of  passes  varied  from  17  to  21  on  layers  of 
30  cm.  thick.  The  river  bed  material  was  com¬ 
pacted  by  2~3  passes  of  10  tonne  vibratory 
roller  on  60  cm.  thick  layer.  The  specification 
allowed  90  per  cent  of  proctor  density.  The 
laboratory  proctor  density  was  1.76  g/c.c. 

The  compaction  moisture  content  was  specified 
as  -2  per  cent  of  the  optimum  moisture  content. 

Instrumentation 

Six  numbers  of  USBR  cross-arm  devices  coupled 
with  horizontal  movement  plates  were  installed 
at  various  sections  and  zones  of  the  dam,  to 
record  settlements  and  horizontal  movement  in 
the  body  of  the  dam. 

Observations 

The  settlement  of  the  individual  cross-arm  in 
each  of  the  six  devices  were  plotted  against 
their  original  elevation.  It  is  observed  that 
the  maximum  settlement  took  place  approximately 
at  the  mid-height  of  the  embankment. 


Geology 

The  dam  rests  on  alternate  bands  of  sand  rocks 
and  clay  shale  of  middle  Shivalik  age.  The 
general  dip  of  the  rock  is  towards  upstream. 

The  sand  rock  is  massive,  coarse  jointed  and 
poorly  consolidated,  whereas  the  clay  shale 
layers  vary  from  soft  clays  to  silt  stones. 

In  the  river  bed  the  rock  formations  are  cove¬ 
red  by  river  bed  deposits  consisting  mainly  of 
sand,  gravel  and  boulders.  Percentage  of  fines 
being  quite  low. 

Construction  Materials 

The  inner  core  consists  of  crushed  clay  shale 
and  is  encased  on  either  side  by  crushed  sand 
rock.  Both  these  materials  are  impervious  in 
nature.  The  permeability  of  the  crushed  clay 
shale  andthe  crused  sand  rock  is  of  the  order 
of  0.8x10°  cm/sec.  and  0.1  to  2.6x10”®  cm/sec. 
respectively. 

The  main  source  of  pervious  material  for 
the  shell  of  the  dam  is  river  bed  deposit;  on 
an  average  50  per  cent  of  the  material  is  above 
7.5  cm.  in  size,  17  per  cent  is  sand  and  about 
3  per  cent  is  silt  and  clay. 

Design  Properties 


The  properties  of  the  soils  adopted  for  the 
design  of  the  dam  were  as  follows: 


Properties 

Impervious 

Material 

Sand  rock/ 
Clay  shale 

Pervious 

Material 

Bulk  density  g/c.c. 

2.0/2.08 

2.16 

Saturated  density, 
g/c . c . 

2.2/2.24 

2.24 

Specific  gravity 

2.67 

2.67 

Angle  of  shearing 
resistance 

22° 

36.5° 

The  settlement  of  individual  cross-arm  for 
the  devices  have  been  plotted  in  the  form  of 
contours  of  vertical  settlement.  It  is  observed 
from  these  contours  that  maximum  settlement 
occurred  at  about  the  mid-height  of  the 
embankment. 

The  total  settlements  have  been  plotted 
as  percentage  of  the  height  of  the  embankment 
for  the  period  of  raising  of  the  embankment. 

It  is  observed  that  maximum  settlements  had 
taken  place  in  the  devices  embedded  in  the 
impervious  core  and  where  fill  heights  are 
maximum  (Verma  and  Raj  1978). 

The  total  compression  in  the  fill  was  about 
1.8  per  cent  of  the  height  of  the  dam.  In  the 
clay  stone  forming  the  core,  the  percentage 
compression  at  10  Kg/sq.  cm.  was  about  3.3  per 
cent  and  in  the  sandstone  this  value  was  2.9  per 
cent . 

TAWA  PROJECT 

Tawa  dam  project  is  located  across  the  river 
Tawa,  a  tributory  of  river  Narmada  in  the 
district  of  Hoshangabad  of  Madhya  Pradesh.  The 
reservoir  is  created  by  constructing  a  36.6  m. 
high  earth  dam  with  a  masonry  spillway  in  the 
river  bed.  Two  saddles  which  exist  on  the 
left  flank  are  also  connected  by  the  earth  dam. 
The  total  length  of  the  embankment  is  about 
1.64  Km. 

Geology 

The  rocks  met  with  at  the  dam  site  are  Pachmarhi 
sandstones  which  are  gritty  in  nature.  Similar 
formation  termed  as  the  Bijori  formation  also 
exists,  but  with  interbedded  carbonaceous 
shales  and  coal  seems  with  occasional  layers 
of  red  clay  stones.  Both  the  formations  have 
upstream  dips. 
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Construction  Materials 

The  inner  core  consists  of  clay  and  is  encased 
on  either  side  by  semi-impervious  material.  The 
permeability  of  the  core  material  and  the  casing 
material  is  of  the  order  12.2x10”®  cm/sec.  and 
42x10”® cm/sec.  respectively.  The  properties 
adopted  in  the  design  are  given  below: 


Properties 

Impervious 

Semi- 

pervious 

Founda¬ 

tion 

Bulk  density, g/c.c 

2.0 

2.17 

2.06 

Saturated  density. 

2.04 

2.20 

2.10 

g/c.c 

Angle  of  shearing 

19° 

30 

25° 

resistance 

Cohesion,  kg/sq.cm 

0.155 

0.105 

0.105 

Instrumentation 


To  measure  compression  within  the  embankment 
six  US3R  cross-arm  devices  coupled  with  hori¬ 
zontal  movement  plates  were  installed  at  three 
sections  vis.  16.60,  36.35  and  44.10  as  shown 
in  Fig.  5. 


Fig. 5.  Cross-section  of  Tawa  Dam 
Observations 

The  settlement  of  the  individual  cross-arm  of 
all  the  settlement  devices  were  plotted  against 
their  original  elevation. 

The  settlement  of  individual  cross-arm  for 
the  devices  have  been  plotted  in  the  form  of 
contours  of  vertical  settlement.  It  was  obser¬ 
ved  that  the  maximum  settlement  occurred  at 
about  the  mid  height  of  dam.  The  embankment 
settlements  were  larger  than  those  observed  for 
other  dams,  (Ramamurthy,  1984). 

BUGGAVAGU  DAM 

A  31  meters  high  Buggavagu  dam  constructed  acro¬ 
ss  Buggavagu  stream  is  situated  on  Nagarjuna 
Sagar  Right  Canal  in  Andhra  Pradesh.  The  canal 
passes  through  Buggavagu  streams  in  between 
27.2  Km.  and  33.0  Km.  It  is  a  rolled  earth 
dam  consisting  of  an  impervious  core  zone  with 


semi-pervious  shell  and  upstream  and  downstream 
rock  toes. 

Geology 

The  foundation  of  the  dam  consists  of  Nepa  and 
quartzite  variety  of  rocks  with  a  few  widely 
spaced  earth  joints  except  in  a  length  of  279  m. 
where  it  is  soft  conglomerate. 

Construction  Materials 

The  average  properties  of  soils  for  both  core 
ar.d  shell  zones  of  the  dam  are  given  below: 


Characteristics 

Core 

Shell 

zone 

zone 

Liquid  Limit 

58% 

31% 

Plasticity  Index 

37% 

23% 

Maximum  Dry  Density 

1.60 

oo 

Average  Embankment 

Dry  Density,  g/c.c. 

1.66 

1.92 

Optimum  Water  Content 

18% 

10% 

Average  Construction 
Water  Content 

17% 

9% 

Instrumentation 


The  dam  is  provided  with  two  sets  of  cross-arm 
CUSBR)  at  1.5  m.  vertical  interval  for  measuring 
settlement  within  the  embankment.  Settlement 
observations  of  various  cross-arm  showed  that 
the  maximum  vertical  movement  of  any  individual 
cross-ami  during  construction  period  occurred 
near  the  mid  height  of  the  dam  and  equals  to 
34  cm. 

The  end  of  construction  settlement  at 
upstream  installation  of  Buggavagu  dam  has  been 
observed  to  be  1.49  per  cent  of  the  embankment 
height. 

BOR  DAM 

Bor  dam  is  a  rolled  earthfill  structure,  35.7  m. 
high  above  lowest  river  bed  level  across  the 
Bor  river,  a  tributory  of  Nardha  river  in  Waraha 
district  of  Maharashtra. 

Geology 

The  dam  lies  in  an  area  covered  by  rocks  of  the 
Deccan  trap  formation  comprising  of  massive 
basalt. 

Construction  Materials 

The  dam  embankment  comprises  of  a  core  zone  of 
yellowish  silty  clay,  mostly  ML  type  with  shell 
of  murmy  soils  reddish  grey  in  colour  (SC  type). 

Properties 

Properties  of  the  soils  used  for  the  core  shell 
are  as  follows: 


| 


< 


610 


Characteristics 

core 

shell 

zone 

zone 

Liquid  Limit 

38  to  521; 

30  to  38% 

Plastic  Limit 

10  to  17% 

Non-plastic 

Dry  Density 

1.6  g/c.c. 

1.87  g/c.c. 

Optimum  Moisture 
Content 

18  to  22% 

11  to  19% 

Permeability  cm/yr. 

7.3  -  7.6 

51.8  -  167.7 

Specific  Gravity 

2.67-  2.71 

2.74  -  2.91 

Instrumentation 


The  dam  is  provided  with  a  USBR  cross-arm 
installation  in  the  core  zone  having  22  cross- 
arms  at  1.5  m.  interval. 

Results 


At  the  end  of  construction,  the  settlement  has 
been  on  the  lower  side  i.e.  0.8  per  cent  of 
the  embankment  height  only.  Post  construction 
settlement  during  the  following  2  years  has 
been  much  higher  i.e.  1.1  of  embankment  height. 
It  has  been  observed  that  the  maximum  ocrtion 
of  settlement  was  recorded  by  the  lower  level 
cross-arm. 

Settlement  of  embankment  during  construc¬ 
tion  though  on  lower  side  was  still  within  the 
range  of  settlement  observed  on  USBR  dams  of 
same  soil  classification  i.e.  ML  soil  (Gould, 
1953,1954). 

Lower  placement  moisture  as  compared  to 
optimum  moisture  content  seems  to  be  mainly 
resoonsible  for  the  lower  settlement  during 
construction.  Substantial  consolidation  of 
soil  due  to  rearrangement  of  soil  gains  after 
saturation  of  embankment  seems  tc  be  mainly 
responsible  for  higher  post  construction 
settlements.  It  may  be  noted  that  althoi  h 
soil  was  compacted  to  97.0  per  cent  of  modified 
proctor  maximum  dry  density  but  the  value  of 
average  placement  density  was  still  substan¬ 
tially  lower  at  1.63  g/c.c.  as  against  natural 
dry  density  of  the  soil  which  was  found  to  be 
1.68  to  1.71  g./c.c. 

SETTLEMENT  CORRELATIONS 

Settlement  of  embankments  of  the  end  of 
construction  versus  height  of  embankment  at 
cross-arm  installations  in  respect  of  15  earth 
and  rockfill  dams  (5  of  USA,  Gould  1953,  1954) 
and  10  of  Indians)  has  been  plotted  on  log-log 
scale  as  shown  in  Fig. 6.  It  is  seen  from  this 
figure  that  at  the  end  of  construction,  the 
compression  is  a  power  function  of  H,  (i.e. 
the  height  of  embankment) .  This  data  is 
included  in  Table  1.  The  best  fit  through  the 
plot  is  given  very  closely  by  the  relationship 
(Jain,  1985). 

s  =*  0.007  H1*22  (1) 

c 

where, 

3  »  settlement  In  metres 

c 

H  *  embankment  height  in  meters 


Fig. 6.  Settlement  Variation  during  Construction 
with  Fill  Heights 

Post-construction  compression  of  the  fill  in 
respect  of  the  dams  has  been  plotted  against 
height  of  the  embankments  on  log-log  scale. 

The  points  so  obtained  are  very  scattered  and 
the  plot  does  not  Indicate  any  definite  corre¬ 
lation.  It  shows  that  the  hoight  of  embankment 
of  a  rolled  earth  dam  seem  to  have  influence  on 
the  post  construction  settlements. 

Fiqure  7  gives  a  plot  between  the  height  of 
embankment  and  the  total  compression  on  log- log 
scale.  It  indicates  a  best  fit  relationship 
to  the  data  given  by 

sfc  *  0.014  H1'1  (2) 


where, 

s  *  total  settlement, -end  of  construction 
*  and  post-construction, 

H  -  embankment  height  in  meters. 

Most  of  the  dams  referred  above  have  indicated 
increasing  post-construction  compression  with  the 
the  increasing  variation  in  the  compaction 
moisture  content  allowed  on  the  dry  side  of 
optimum  moisture  content.  These  dams  have  been 
compacted  at  moistures  ranging  from  0.2  to  4.0 
per  cent  below  optimum  moisture  content  except 
for  two  dams  which  were  compacted  at  1.0  and  2.0 
per  cent  above  the  optimum  moisture  content. 
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TABLE  X.  Settlement  Observational  Bata  of  some  Embankment  Dams 


SI.  Name  of  Dam 

Soil 

Degree 

Max. height 

Settle- 

Post-constructiDn 

Total 

No. 

in 

of  com- 

of  cross- 

nent 

settlement  in 

Settlement 

Core 

paction 

arm  insta- 

during 

meters 

in  meters 

llatior.  in 

constru- 

Vo 

meters 

ctiot 
in  Rsi*rs 

1. 

Nanak  Sagar, 

CL 

99.0 

16.36 

0.247 

0.148  in  5  1/2  yrs. 

0.395 

*  « 

India 

■J 

j 

2. 

Baur,  India 

CL 

99.0 

18.59 

0.262 

0.061  in  3  yrs 

0.323 

i 

3. 

Moosa  Khand, 
India 

CL 

101.2 

30.48 

0,533 

0.092  in  3  1/2  yrs. 

0.625 

( 

4. 

Meia,  India 

CL 

104.0 

34.30 

0.469 

0.131  in  3  1/2  yrs. 

0.600 

i 

i 

5. 

Jigro,  India 

CL 

101.5 

27.59 

0.524 

0.11  in  3  yrs. 

0.634 

6. 

B'nuggavagu,  India 

CL 

99.0 

31.1 

0.463 

0,143  in  2  1/2  yrs. 

0.607 

7. 

Box,  India, 

CL 

97.0 

36.3 

0.289 

0.400  in  2  1/2  yrs. 

0.689 

8. 

Hor-setooth, 

USA 

CL 

98.8 

36.89 

0.457 

0.198  in  3  1/2  yrs. 

0.655 

i 

9. 

Jackson  Gulach, 
USA 

CL 

100.2 

44.20 

0.762 

0.244  in  3  1/2  yrs. 

1.006 

10. 

Granby,  USA 

SC 

98.8 

72.56 

1.73 

0.05  in  3  yrs 

1.78 

♦ 

11. 

Deer  Creek,  USA 

CL-GC 

99.4 

46.03 

0.753 

0.127  in  8  yrs 

0.88 

12, 

Fresno,  USA 

ML-CL 

99.8 

23.47 

0.286 

0.073  in  14  yrs 

0.359 

13. 

Beas,  India 

CL 

98-104 

110 

2.32 

0.39  in  3  yrs. 

2.71 

14. 

Ramganga,  India 

CL 

99.0 

67.0 

1.24 

0.106  in  3  yrs 

1.346 

15. 

Tawa,  India 

CL 

101.0 

44.0 

1.458 

0.022  in  3  yrs. 

1.480 

Fig. 7.  Variation  of  Total  Settlement  with  Fill 
Height 


Gould  (1954)  had  established  that  under 
pressures  greater  than  7  kg/sq.cm,  the  compre¬ 
ssibility  of  the  embankment  is  mainly  governed 
by  the  gradation  of  soil  and  plasticity  of 
fines;  the  latter  property  has  the  predominant 
influence.  For  the  cases  of  dams  presented  in 
this  paper  no  influence  of  these  factors  was 
observed. 

Post-construction  compression  of  these 
dams  increased  near  linearly  with  the  increase 
of  liquid  limit  which  indirectly  reflects  on 
the  magnitude  of  the  higher  compression  index 
of  the  soils  for  having  compacted  on  the  drier 
side  of  the  optimum  moisture  content. 

When  the  data  of  the  degree  of  compaction 
achieved  has  been  compared  with  the  total  com¬ 
pression,  a  trend  exists  indicating  lower  com¬ 
pression  with  higher  degree  of  compaction. 

CONCLUSIONS 

Based  on  the  data  collected  from  ten  Indian 
earth  and  earth  rockfili  dams  and  some  similar 
embankment  dams  of  USA,  the  following  broad 
conclusions  are  made  on  their  compressional 
response : 
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1.  a  major  oortion  of  the  total  compression  in 
earth  and  earth  rockfill  dams  occurred  by 
the  end  of  construction. 

2.  Significantly  large  compression  took  place 
in  the  vertical  direction  in  the  central 
region  of  the  core. 

3.  Compaction  techniques  and  placement  condi¬ 
tions  similar  to  those  adopted  by  USBR;  the 
end  of  compression  and  total  compression  in 
these  dams’ were  found  to  be  functions  of 
the  embankment  height. 

4.  Both  the  compressions  across  and  along  a 
the  valley  have  been  small. 

5.  Larger  compression  was  observed  with  larger 
deviations  on  dry  side  of  the  optimum 
moisture  content. 

6.  No  definite  influence  of  mean  particle  size 
and  plastic  limit  of  soil  was  observed  on 
the  compression  of  the  embankments.  On  the 
contrary,  a  definite  influence  of  liquid 
limit  on  the  compression  was  observed. 

Higher  the  liquid  limit  higher  was  the 
compression. 

7.  The  degree  of  compaction  achieved  during  the 
construction  as  related  to  Proctor's  maximum 
dry  density  did  effect  the  compressibility 
of  the  embankment;  higher  degree  of  compac¬ 
tion  indicated  reduced  compression. 

8.  Although  the  bottom  layers  of  embankments 
understandably  undergo  maximum  vertical 
strain,  the  maximum  vertical  movement  of  any 
individual  cross-arm  occurred  nearly  at  the 
mid-height  of  the  embankment. 
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SYNOPSIS  :  A  *60.5  n.  high  rockfili  dam  is  one  of  the  main  components  of  Tehri  Dam  Project  which  is  under  construction  for 
the  last  over  seventeen  years.  During  this  period  detailed  site  investigations  have  been  carried  out  and  design  of  the  dam  is 
kept  under  constant  review.  A  number  of  studies  are  conducted  to  provide  feasible  solutions  to  anticipated  problems.  The  paper 
describes  main  design  features  of  the  dan.  mentioning  the  changes  necessiated  time  to  time  with  regard  to  these. 


INTRODUCTION 

The  Tehri  Project  is  an  irrigation-power  project  of  the 
State  of  Uttar  Pradesh,  in  India,  envisaging  construction 
of:  (I)  A  260.5  m  high  rockfili  dam  across  the  Bhagirathi 
River  to  store  2,380,000  acre-ft  of  water;  (2)  underground 
power  house,  having  installed  capacity  of  2000-2200  MW; 
and  (3)  spillway  for  design  discharge  capacity  of  11,700m  vs. 
The  four  diversion  tunnels  of  11.00  m  diam  each  have  already 
been  constructed.  The  layout  of  project  works  is  given  in 
Fig.  1.  The  dam  is  to  be  placed  at  the  site  such  that  its 


Fig.  1  -  General  Layout  o'  the  Project  works 


toundatiun  will  be  highly  jointed  aid  sheared  phyllitic  rocks 
and  its  abutment  contact  slopes  be  steep.  The  area  is  also 
seismically  active.  The  construction  of  the  project  was 
taken  up  in  1970.  However,  the  activities  did  not  move 
fast  mainly  because  of  the  paucity  of  funds.  But  this  provided 
the  design  engineers  enough  time  to  tackle  the  complex 
problems  of  this  gigartic  structure.  The  problems  examined 
are:  U)  The  location  of  tne  dan  axis;  (2)  the  dam  section 
(3)  design  of  coffer  dam;  (4)  the  approach  to  slope  stability 
analysis  under  static  and  dynamic  conditions;  and  (5)  the 
foundations  treatment. 

GEOLOGY  OF  AREA 

The  rocks  exposed  in  the  area  of  the  project  site  are  phy Hites 
of  Chandpur-Series  (Lavania,  1975,  Gupta  et  al.,  1979). 
The  rock  bands  are  of  variable  thicknesses  have  dips  of 
45°-60°  in  the  downstream  direction,  and  strike  almost 
east-west.  The  river  flow  in  this  reach  is  north-south.  On 
the  basis  of  their  physical  condition,  the  argillaceous  and 
arenaceous  materials  present,  and  the  varying  magnitude 


of  tectonic  deformations  suffered  by  them,  have  been  broadly 
graded  as  follows: 

Phyllitcs  of  Grade  I.  -  This  rock  unit  is  predommcntly 
arenaceous,  massive  in  character,  and  distinctly  jointed 
at  phritiferous  places  that  have  lenticular  elongated  streaks 
of  brown  colored  calcarlous  material. 

Phyllitcs  of  Grade  11  -  This  rock  is  conspiciously  banded 
due  to  the  rapid  alterations  of  arenaceous  and  argillaceous 
material.  In  physical  quality  and  competenance  this  unit 
is  considered  next  to  grade  1  phyllitc. 

Phvllites  of  Grade  HI  -  This  unit  is  composed  mainly  of 
the  argillaceous  components  with  lesser  amounts  of  arenaceous 
material.  It  carries  quartz  veins  and  is  traversed  by  closely 
spaced  foliation  planes,  cleavages,  and  joints.  The  unit 
is  generally  weathered.  It  is  involved  in  minor  folds  and 
puckers. 

Sheared  Phyllite  -  The  sheared  phyllitcs  constitute  the 
weakest  bedrock  unit  in  the  gorge  and  have  resulted  from 
crushing. 

Shear  Zones  -  A  number  of  shear  zones  have  been  noticed 
at  the  dam  site  and  its  vicinity.  Some  of  them  are  quite 
prominent.  Shear  zones  arc  alined  mostly  along  the  foliation 
direction  and  trending  in  N  40°  W-S  40°E  to  N  70°  W-S 
70°E  direction  with  dips  of  30°-45°  in  the  southwest  direction, 
i.e.  the  downstream  direction.  These  shear  zones  vary  in 
thickness  from  fraction  of  centimeter  to  about  half  a  meter. 
Apart  from  these,  transerse  shear  zones,  cross  shear  zones, 
and  longitudinal  shear  zones  (with  respect  to  axis  of  dam) 
are  also  present. 

1.  Transverse  Shear  Zones  -  There  are  a  number  of 
transverse  shear  zones  in  the  area.  During  initial  investi¬ 
gations,  a  very  prominent,  about  (10-m  to  15-m  thick)  shear 
zones  was  interpreted  from  drill  hole  data  m  the  river 
bed.  It  was  therefore  proposed  (design  of  Dam,  1973)  to 
construct  an  across  the  river  tunnel  to  confirm  its  presence. 
However,  the  subsequent  drilling  and  electrical  logging 
did  not  indicate  the  presi'’'re  of  such  a  prominent  feature, 
and  the  tunnel  was  not  constructed.  But,  now,  after  a  period 
of  fourteen  years,  its  construction  has  been  started  so  as 
to  leave  no  doubts  about  its  presence  before  construction 
of  the  dam. 

2.  Cross  Shear  Zones  -  There  are  also  a  number  of  cross 
shear  zones  in  the  area.  The  most  prominent  of  these  is 
exposed  in  the  vicinity  of  the  dam.  It  has  a  strike 


of  N  S5°  W-S  %y  E  and  dips  at  55°  in  south-north  direction. 
It  appears  at  both  banks  of  the  river,  as  shown  in  Fig.  2, 
and  its  thickness  in  this  area  is  about  4.0  m< 


in  Fig.  3,  zone  A  was  proposed  to  consist  of  better  clay, 
with  a  PI  greater  than  796  and  zone  B,  enveloping  zone 
A,  was  to  consist  of  clay  from  other  borrow  areas. 
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Fig.  2  -  Geology  of  Dam  Site 

DAM  AXIS 

a  number  of  alternative  ay.es  were  considered  for  the  dam. 
Initially  dam  axis  No.  1,  as  shown  in  Fig.  2,  was  considered 
the  suitable  axis.  It  provided  excellent  seating  for  the  dam. 
But  with  it,  the  major  cross  fault  was  coming  under  the 
core  of  the  dam  and  therefore  any  movement  along  the 
fault  due  to  earthquake  or  otherwise  would  have  created 
some  damage  or  evtn  rupture  of  the  core.  The  problem 
became  more  important  in  view  of  steep  valley  slopes. 
It  was  then  proposed  that  the  axis  be  shifted  upstream  of 
this  abutment  shear  so  that  the  dam  core  lies  clear  of 
it  upstream.  The  shifted  axis  is  shown  as  No.  2  axis  in  Fig.2. 

The  investigations  of  the  No.  2  axis  pointed  out  that  very 
heavy  overburden,  of  the  order  of  a  40-m  depth,  would 
most  likely  be  met  on  the  right  abutment.  Because  of  this, 
contact  of  the  right  abutment  with  the  dam  would  have 
to  be  shifted  further  away  into  the  hill,  thereby  shifting 
the  spillway  to  the  right,  and  thus  involving  increased  excava¬ 
tion  or  a  massive  retaining  wall  about  50-rn  high,  which 
would  have  to  be  constructed  at  the  contact  of  the  dam 
and  spillway.  This  necessitated  modification  in  the  dam 
axis  No.  2.  Axis  No.  3,  which  is  on  two  spures  as  shown 
in  Fig.  2,  was  considered.  However,  this  was  also  not  agreed 
upon  because  of  the  valley  divergence  downstream  of  it. 
Finally,  axis  No.  4  was  recommended  for  the  axis  of  the 
dam.  At  this  axis,  the  downstream  convergence  is  available 
and  the  overburden  on  the  right  abutment  is  less  compared 
to  axis  No.  2. 

Curvature  in  the  dam  axis  was  proposed  to  give  a  little 
convexity  to  the  dam  axis  upstream,  with  a  view  toward 
providing  some  sort  of  arch  action  in  the  dam  which  might 
help  in  reducing  the  tendency  of  transverse  crack  formation 
in  the  body  of  the  dam. 

DAM  SECTION 

Available  Fill  Materials  -  Phyllitic  rocks  are  not  suitable 
for  use  in  the  dam  section  where  high  pressures  are  expected 
to  occur.  Thus  only  grade  I  rocks,  available  from  chute 
spillway  excavation,  will  be  utilized  in  the  upper  portions 
of  the  dam.  The  survey  for  construction  materials  for  the 
dam  indicated  that  the  river  terrace  material  containing 
silt,  sand,  gravel,  and  boulders  can  be  utilized  in  pervious 
zones  of  the  dam.  Therefore,  initially  it  was  decided  to 
have  the  core  of  the  dam  consist  of  two  zones.  As  shown 
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Fig.  3  -  Initially  Proposed  Section 

Further  investigations  for  the  dam  fill  materials  suggested 
that  in  case  the  clay  in  the  top  layer  of  the  river  terraces 
is  mixed  with  the  underlying  pervious  materia!  consisting 
of  silt,  sand,  gravels,  and  boulders,  a  very  good  well-graded 
impervious  material  can  be  obtained  for  the  core.  The  pro¬ 
posed  gradation  envelope  of  such  a  blended  core  material 
is  given  in  Fig.  4.  Such  blended  materials  have  already 
been  used  in  the  construction  of  the  core  of  high  dams 
like  Nurek  (300-m)  in  USSR,  Mica  (244  m)  in  Canada  and 
Oroville  (234  m)  in  the  United  States.  In  1960  Bleifuss  and 
Hawke  recommended  the  use  of  a  well-graded  mixture  of 
fine  and  coarse  material  for  the  core  of  the  dam. 
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Fig.  4  -  Proposed  Gradation  Envelope  for  Core  Material 

The  project  lies  in  the  seismically  active  area  of  the  country. 
Earthquakes  with  an  8-MM  scale  intensity  have  occurred 
on  this  seismic  belt.  Webster  (1970),  while  describing  the 
crack  resistant  measures  taken  at  Mica  Dam,  mentions 
the  use  of  blended  material  in  the  core  as  one  of  them. 
Hjelness  and  Lavania  (1980)  have  also  found  such  material 
to  be  leakage,  erosion  and  crack  resistant.  However,  the 
practical  difficulty  of  removing  oversize  boulders  still  persists. 
In  case  of  Nurek  Dam,  it  was  achieved  by  rolling  down 
the  material  on  a  hill  slope. 

Zoning  of  Dam  Section  -  To  be  practical,  all  the  materials 
used  in  the  dam  fill  must  be  obtained  from  river  terraces. 
The  core  material  has  to  be  obtained  from  the  terraces 
where  the  thickness  of  upper  clay  layer  is  sufficient  to 
impart  the  desired  impermeability  to  the  blended  material- 
without  adding  fine  material  from  other  areas.  The  pervious 
material  for  upstream  and  downstream  shell  of  the  dam 
has  to  be  obtained  from  terraces  where  the  thickness  of 
upper  impervious  material  from  it  has  good  drainability; 
this  must  be  done  without  screening  off  the  fine  material. 
The  material  for  the  filters  between  core  and  shells  has 
to  be  obtained  either  from  a  river  bed  where  clean  gravels 
are  available,  or  screened  from  the  terrace  material.  Thus 
the  zoning  of  the  dam  section  became  a  very  simple  job. 
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The  proposed  dam  section  is  shown  in  Fig,  S- 
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Fig,  *  -  Proposed  Section 

Shape  of  Core  -  Both  the  vertical  and  inclined  cores  have 
been  provided  in  high  dams.  The  core  of  the  Mica  Dam 
is  also  moderately  inclined  with  an  upstream  slope  of  0.4:1 
and  a  downstream  slope  (sloping  towards  upstream)  of  0.1:1; 
the  core  of  the  Oroville  Dam  has  an  upstream  slope  of 
0.9:1  and  a  downstream  slope  (sloping  towards  upstream) 
of  0.3:1;  and  the  core  of  Nurck  Dam  is  a  central  core, 
with  both  upstream  and  downstream  slopes  of  0.25:1.  The 
model  studies  carried  out  at  the  University  of  California 
in  195S  and  at  University  oi  Roorkee  in  1962  have  indicated 
that  an  inclined  core  is  somewhat  more  earthquake  resistant. 
A  vertical  clay  core  was  initially  proposed  for  the  section 
shwon  in  Fig.  3.  It  was  thereafter  proposed  to  have  a  moder¬ 
ately  inclined  core  for  the  dam,  as  shown  in  Fig.  5. 

Thickness  of  Core  -  Site  investigations  revealed  the  presence 
of  sound  rock  in  the  river  bed  at  EL  579  m.  The  core 
was  therefore  extended  upto  this  level.  Also,  it  was  considered 
to  have  a  seapage  gradient  of  0.5  and  therefore  the  thickness 
of  the  core  has  been  increase,  as  shwon  in  Fig.  6,  at  the 
foundation  contact  level  to  0.5H. 
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Fig.  6  -  Main  Dam  and  Cofferdam  Section 

Design  of  Filters  -  For  high  dams,  specially  in  seismically 
active  areas,  well  designed  thick  filter  layers  are  preferred 
as  compared  to  transition  zones  that  roughly  satisfy  the 
filter  criterion.  However,  it  was  not  possible  to  design  filter 
layer  with  respect  to  the  proposed  blended  material  for 
the  core  using  Terzaghi  or  U.S.B.R.  Criterion.  Sherard 
(1979)  provided  solution  to  this  problem  of  broadly  graded 
coarse  soils  that  are  internally  unstable  and  accordingly 
fine  to  medium  sand  layer  has  beeh  provided  on  upstream 
and  downstream  faces  of  the  core  as  shown  in  Fig.  6.  The 
rest  of  filter  layers  on  upstream  and  chimney  drain  on  down¬ 
stream  have  been  designed  with  respect  to  this  sand  layer 
as  the  base  layer. 

DESIGN  OF  COFFER  DAM 

It  was  estimated  that  a  104.5  m  high  coffer  dam  would 
be  needed  to  safe-guard  against  1  in  1000  year  frequency 
flood  with  a  preceeding  flood  of  1  in  25  year  and  2.7  m 
freeboard.  Fig.  6  shows  the  placement  of  the  coffer  dam 
as  part  of  the  main  dam.  Its  upstream  and  downstream 
slopes  are  2:1  and  1.85:1  respectively.  There  have  been 
a  number  of  exercises  with  various  combinations  of  hydro¬ 


logical  parameters  to  determine  the  height  of  the  coffer 
dam  corresponding  to  i  in  1000  year  frequency  flood  and 
it  has  been  found  to  vary  between  85.0  in  to  If 5.0  m.  There 
have  been  discussions  also  regarding  the  design  flood  fre¬ 
quency  and  the  decision  has  been  in  favour  of  i  in  1000 
year  mainly  because  of  not  taking  any  risk  for  expected 
unprecedented  flash  flood  in  the  absence  of  long-term  hydro¬ 
logical  data  of  the  region.  For  the  cotfcr  dam  section  shown 
in  Fig.  6,  about  2.3  million  of  fill  is  to  be  placed  in 
one  non-monsoon  period  of  about  six  months  in  a  very  narrow 
gorge  of  the  river.  Corresponding  to  1  in  !00  year  flood 
the  fill  quantities  reduce  to  half.  Alternate  designs  for 
placing  the  fill  in  two  working  seasons  were  worked  out 
(upto  et  ai.,  J9S0).  The  sections  were  designed  to  withstand, 
(i)  the  overtopping  (Fig.  Nos.  7a  and  7b)  and  ,  (ii)  through 
flow  and  overflow  simultaneously  (Fig.  Nos.  8a  and  8b). 


Fig.  7a  -  Overflow  Section  with  u/s  Blanket 
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Fig.  7b  -  Overflow  Section  with  Central  Core 


Fig.  8a  -  Through  Flow  Section 


Fig.  8b  -  Through  Flow  Section  with  Raised  Section  and 
u/s  Blanket. 
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There  have  been  also  suggestions  for  construction  of  concrete 
overflow  section,  below  the  core  of  the  main  dam,  tc  serve 
as  coffer  dam  or  tc  reduce  the  fill  quantities.  There  is 
yet  another  problem  with  the  placing  of  coffer  dam  or 
the  first  stage  dam  as  shown  in  Fig.  6.  The  axis  of  coffer 
dam,  about  300  m  upstream  of  the  axis  of  main  dam,  would 
have  all  the  problems  anticipated  for  axis  No.  2  of  the 
dam  as  mentioned  before. 

Study  to  construct  the  first  st3ge  dam  by  directional  blasting 
technique  was  also  conducted  in  1978.  The  inference  drawn 
from  the  study  was  not  in  favour  of  adopting  the  technique 
mainly  because  of  presence  of  very  weak  (sheared  phyllites) 
rock  bands,  effect  of  heavy  blasting  on  ether  structures 
of  the  project  and,  proximity  of  the  site  to  the  town. 

STABILITY  ANALYSIS  OF  DAM  SLOPES 

Nonscismic  Condition  -  The  outer  slopes  of  the  dan,  have 
been  fixed  by  carrying  out  the  stability  analyses  by  the 
rellcnius  method  of  slices  (of  circular  slip  surface)  and 
by  wedge  method  for  the  conditions  of,  (i)  end  of  construction, 
(it)  steady  seepage,  (i.i)  sudden  drawdown  opto  dead  storage 
level  and,  (iv)  sudden  drawdown  upto  partial  pool  levels. 


For  determining  the  properties  of  fill  materials,  extensive 
sampling  and  testing  has  been  done.  In  the  borrow  area 
for  shell  material  (Dobata),  53  number  of  pits  having  depth 
of  9-10  metres  were  excavated  (Gupta,  et  al.,  1979).  the 
gradation  envelope  of  the  material  as  in  the  borrow  area 
is  shown  in  Fig.  9.  Initially  the  shear  parameters  of  this 
material  were  determined  by  30  cm  x  30  cm  size  direct 
shear  box.  The  maximum  size  of  rock  particle  which  could 
be  used  in  the  test  apparatus  was  25  mm  only.  The  gradation 
curve  for  the  specimen  materia!  was  made  in  such  a  way 
that  the  curve  for  the  coarser  70%  of  the  material  is  parallel 
to  that  of  borrow  material  as  shown  in  Fig.  10.  In  order 
to  find  out  the  effect  of  particle  size,  plot  was  obtained 
for  maximum  particle  size  tested  versus  angle  of  friction 
vlaue,  as  shown  in  Fig.  11.  Extrapolation  of  this  curve  can 
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Fig.  10  -  Gradation  curves  for  Parallel  Gradation  Modelling 
Technique 
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Fig.  11  -  Extrapolation  of  Values  Against  Maximum 

Particle  Size  (I.R.I.  1977) 

be  done  for  higher  sizes  of  materials  along  any  of  the  three 
indicated  paths.  The  lower  most  curve  (No.  3)  indicates 
angle  of  internal  friction  as  L2.5®.  The  eltcct  ol  confinement 
was  later  studied  by  conducting  tests  on  38  cm.  dia  size 
samples  ir.  the  tnaxial  apparatus  lor  shell  and  core  materials 
(Lavama  1982).  The  angle  of  internal  friction  lor  the  shell 
material  (Zone  111)  adopted  for  the  design  is  38°.  For  core 
material  friction  angle  is  27®  and  Cohesion  10  kilonewtons 
per  square  metre.  For  transition  zone  or  filter  layers  friction 
angle  adopted  is  32®. 

Seismic  Condition  -  The  conventional  pseudostatic  analysis 
was  also  carried  out  along  with  nonscismic  condition  analysis 
and  the  outer  slopes  were  fixed  on  the  base  of  minimum 
safety  factor  of  1.5  and  unity  for  nonsetsmic  and  seismic 
condtion  with  seismic  coefficient  of  0.15.  Thereafter,  a 
number  of  studies  were  taken  up  for  seismic  stability  of 
the  dam.  Design  earthquake  parameters  were  determined 
for  the  site  U983).  Fig.  12  shows  the  normalised  plot  of 
the  design  time  history  for  the  site.  The  recommended 
values  (max.)  of  design  base  earthquake  (DBL)  and  maximum 
credible  earthquake  (MCE)  are  u.125  g  and  0.25  g  respectively. 


Fig.  12  -  Artificial  Earthquake  for  Tchri  Site. 

Normalized  to  g. 

Attempt  has  been  made  to  estimate  the  non-recoverable 
deformations  (1983)  due  to  MCE,  on  the  basis  of  evaluation 
of  yield  acceleration  for  rigid  body  movement  of  the  sliding 
mass.  As  shown  in  the  Fig.  13,  only  about  15.0  m  and  lCm 
depths  of  the  upstream  and  downstream  slopes  are  likely 
to  be  affected.  Therefore,  it  has  been  proposed  to  place 
20  m  deep  grade  I  rock  (instead  of  gravel  and  boulder  fill), 
which  has  angle  of  friction  of  about  l>5°.  With  this  provision, 
as  shown  in  Fig.  6,  there  is  no  liklihood  of  any  slope  defor¬ 
mation. 

Tests  were  conducted  at  site  on  fill  and  foundation  materials 
for  determining  the  numerical  values  of  dynamic  shear 
modulus  and  damping  coefficient.  The  plots  of  shear  modulus 
versus  strain  level  for  the  shell  and  core  materials  are 
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given  in  Figs.  14  and  15  (1983).  The  damping  ratio  of  10% 
has  been  adopted  for  these. 
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Fig.  13  -  Affected  Wedges  of  Dam 


Fig.  14  -  Dyanmic  Shear  Modulus  Versus  Shear  Strain 
(Dobata  Material) 


The  shell  material  as  available  in  borrow  areas  has  quite 
high  percentage  of  silt  and  sand  (Fig.9).  Though  it  has  been 
decided  to  restrict  the  silt  size  particles  to  6%  by  selective 
borrowing  but  still  the  development  of  excess  pore  water 
pressure  during  earthquake  could  not  be  ruled  out  without 
tests  on  such  a  meterial.  Similarly,  there  could  be  develop¬ 
ment  of  excess  pore  water  pressures  in  the  core.  Therefore 
tests  were  conducted  (1983)  on  shake  table  by  placing  the 
material  in  saturated  condition  with  desired  density  and 
subjecting  it  to  the  sinusoidal  cycles  equivalent  to  the  MCE 
design  time  history.  It  was  observed  from  these  tests  that 
there  would  be  no  excess  pore  water  pressure  development 
(and  thereby  reduction  in  shear  strength)  tot  more  than  70%  R.D. 

A  number  of  finite  element  analyses  have  been  carried 
out  for  the  dam.  Two  dimensional  linear  and  non-linear 
analyses  do  not  show  any  sign  of  distress  to  the  proposed 
dam  section.  There  is,  of  course,  slight  concentration  of 
stresses  upstream  of  the  core  (in  the  ohell)  where  it  changes 
slope  (from  0.5:1  to  1:1).  But  this  does  not  seem  to  be 
of  any  consequence.  The  three  dimensional  analyse,  which 
are  in  progress,  are  likely  to  present  a  more  rational  picture 
as  the  valley  is  very  narrow  and  confinement  effect  would 
be  substential. 


FOUNDATION  PROBLEMS 

The  foundation  problems,  which  include  abutment  contact 
problems,  are  of  the  following  two  types:  (1)  Routine  problems 
of  earth  dams;  (2)  special  problems  of  the  Tehri  Dam  arising 
out  of  the  geological  topographical  conditions  (Design  Memo. 
1973,  Lavania  1975  and  Gupta  et  al.,  1979). 

Routine  problems  that  are  characteristic  to  any  earth  dam 
generally  relate  to:  (1)  Seepage  through  foundation  rock; 
(2)  development  and  accumulation  of  water  pressure  in 
abutments;  (3)  removal  of  weathered  or  undesirable  zones 
in  foundation;  (4)  easing  off  the  overhangs  and  local  steep 
slopes  in  the  area  and;  (5)  treatment  of  local  pockets  of 
weak  material,  seams,  and  joints. 

PROPOSED  REMEDIAL  MEASURES 

Routine  Foundation  Problems 

Foundation  Grouting  -  For  making  the  foundation  sufficiently 
impervious  so  as  to  prevent  excessive  seepage,  curtain  grou¬ 
ting  and  blanket  grouting  in  the  core  and  transition  filter 
contact  was  earlier  proposed.  In  view  of  the  highly  jointed 
and  sheared  phyllitic  rocks  in  the  foundation,  a  three-line 
grout  curtain  was  proposed.  The  depth  of  the  primary  holes 
at  12.0  m  spacing  would  be  0.3  H,  with  a  minimum  of  25.0m 
at  the  crest.  The  secondary  and  tertiary  holes  would  be 
about  two-thirds  and  one-third  the  primary  hole  depth. 
This  depth  can  be  modified  depending  on  the  grout  intakes. 

Area  grouting  for  the  core  contact  area  and  downstream 
fine  filter  has  been  planned  at  3.0  m  spacing  10.0  m  deep 
upstream  of  the  curtain  and  5.0  m  deep  downstream.  The 
foundation  grouting  plan  is  given  in  Fig.  16. 


Fig.  16  -  Foundation  Grouting  Plan 

There  has  been  lot  of  thinking  on  this  aspect  of  foundation 
treatment  during  last  about  ten  years  and  a  number  of 
alternative  proposals  have  been  studied.  Though,  the  grou- 
tability  tests  conducted  at  the  site  have  not  shwon  any 
cause  of  concern;  but  the  unprecedented  height  of  the  dam 
made  some  engineers  to  think  for  post  construction  groutting 
arrangements  and  accordingly  the  proposals  of  having  foun¬ 
dation  grouting  tunnels  as  provided  in  Nurek  Dam  and  Chico- 
asen  Dam  were  prepared.  Recently,  proposals  have  been 
prepared  that  have  grouting  tunnel  below  the  core  either 
fully  or  partly  (cut  and  cover)  in  the  foundation  rock  and 
connected  to  shafts  or  abutment  drainage  tunnels  on  both 
the  banks. 

Drainage  Tunnels  -  For  preventing  development  and  accum¬ 
ulation  of  pore-water  pressures  in  the  abutments,  drainage 
tunnels  are  proposed  at  EL  700  m  on  both  banks.  A  rock 
cover  of  30.0  m  (100  ft)  minimum  has  been  proposed  over 
the  tunnel  below  the  dam  fill. 

Foundation  Stripping  -  The  ASCE  Committee  (1972)  found, 
for  the  dams  studied,  that  the  overburden-having  depth 
of  t  10.0  ft  (3.0  m)  and  less  was  removed  from  the  entire 
area.  In  case  of  the  Mica  Dam,  the  overburden  (called 
common  material)  was  removed  only  below  the  core  foun¬ 
dation;  at  Oroville  Dam,  the  removal  was  done  over  the 
entire  area;  and  at  Bennet  Dam  it  was  in  the  area  below 
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core  and  filters.  The  depth  of  overburden  at  the  Tehn  Dam 
area  is  not  uniform.  It  has  been  proposed  that  in  the  area 
under  upstream  and  downstream  shells  where  overburden 
is  met,  stripping  of  a  maximum  6.0  m  (20.0  ft)  be  done. 
But  the  area  under  the  dam  core  would  be  excavated  upto 
sound  rock  level  to  provide  an  effective  cut-off.  The  core 
foundation  level  and  shell  foundation  level  will  be  joined 
by  excavation  at  a  gentle  slope  not  steeper  than  IH:1V. 

Abutment  Easing  -  As  shown  in  Fig.  17,  the  gorge  section 
has  slopes  of  right  and  left  abutments  as  1.1:1  and  0.95:1, 
respectively.  Therefore,  it  is  proposed  that  the  local  steep 
slopes  and  overhangs  if  any,  be  eased  at  a  slope  of  70° 
(0.36H:1V),  as  was  done  at  the  Mica  Dam.  However,  the 
depth  of  silt,  gravel,  and  boulder-fill  in  the  river  bed  is 
expected  to  be  ol  the  order  of  10-15  m.  The  gorge  in  this 
depth  is  likely  to  have  almost  vertical  walls.  Therefore, 
considerable  excavation  may  have  to  be  done.  Keeping  this 
in  view,  another  proposal,  as  mentioned  in  the  following 
section  on  "Special  Treatment",  is  under  consideration. 


Fig.  17  -  Proposal  of  Concrete  Plug 


Treatment  of  Joints  and  Seams  -  It  is  proposed  that  the 
foundation  below  core  and  filters  be  cleaned  of  loose  and 
foreign  materials,  joints,  faults,  shear  zones  etc.;  that  it 
be  cleaned  upto  a  depth  at  least  three  times  their  width; 
and  that  it  be  back-filled  with  concrete  or  pneumatically 
applied  mortar.  Larger  depressions  would  be  backfilled  with 
concrete. 

Study  has  also  been  done  to  assess  foundation  settlements 
after  the  dam  construction  on  the  basis  of  plate  load  test 
data  (Gupta  et  al.,  1979). 

Special  Foundation  Problems 

Concrete  in  River  Section  -  The  abutments  of  the  Tehri 
Dam  are  steeper  than  those  of  the  Mica,  Oroville,  and  Bennet 
Dams,  and  the  water  head  is  also  greater  than  for  these 
dams.  However,  the  abutment  slopes  of  the  Nurek  Dam 
(300  m)  are  of  almost  the  same  order,  and  the  water  head 
is  also  greater  than  that  for  the  Tehri  Dam.  For  the  Tehri 
Dam,  in  case  the  excavation  of  abutments  is  done  at  the 
limiting  slope  of  70°  from  the  core  foundation  level  in  the 
river  bed,  it  would  involve  a  huge  excavation  of  the  rocks 
and  for  a  considerable  height  the  abutment  contact  would 
be  at  a  slope  (70°)  steeper  than  that  available  naturally 
from  above  the  river  water  level.  In  the  Nurek  Dam,  for 
a  similar  situation,  it  has  been  considered  economically 
and  technically  sound  to  have  the  portion  at  the  river  bed 
filled  with  concrete  (Odintov  and  Gladkov,  1971).  This  con¬ 
crete  block  m  the  river  bed,  under  the  core  contact  area, 
is  called  a  "concrete  plug".  It  is  157  m  long,  30  m-60  m 
wide,  and  accommodates  three  grouting  galleries.  Similar 
proposal  (Fig.  17),  with  and  without  grouting  galleries  have 
been  proposed  for  the  Tehri  Dam. 

Counterforts  at  Junction  -  As  the  spillway  is  very  close 
to  the  dam,  a  retaining  wall  of  the  order  of  about  25  m 
hight  is  to  be  constructed  at  the  junction  of  the  two 


structures.  The  main  problem  is  to  obtain  a  secure  junction 
between  the  core  of  the  dam  and  the  retaining  wall.  This 
problem  is  likely  to  be  greater  importance  when  the  behaviour 
of  this  junction  is  visualized  during  an  earthquake.  At  present, 
the  wall  of  counterfort  type  is  proposed. 

CONCLUSIONS 

The  paper  describes  the  design  of  main  features  of  a  260.5m 
high  Tehri  rockfill  dam  with  brief  explanations  as  to  what 
changes  have  been  made  time  to  time.  This  is  to  augment 
the  rockfill  dam  technology  and  invite  suggestions. 
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SYNOPSIS  :  The  ielt  bank  ol  khan  Diversion  Dam  was  anticipated  unstable  because  of  toe  submergence  and  drawdown  effects 
after  the  construction  oi  the  dam,  on  the  weak  geological  formations.  Extensive  laboratory  and  field  investigations  were  carried 
out  to  determine  the  extent  of  stabilising  measures  needed.  The  proposals  of  providing  pretensioned  steel  anchors  or  alternatively, 
reinforced  concrete  shaft  anchors  were  considered  in  details  to  obviate  the  possibility  of  deep  seated  slides.  The  choice  fell  in 
favour  of  R.C.  anchors  mainly  because  there  is  no  uncertaimty  about  their  in  situ  strength  .  These  anchors  were  provided  in  two 
rows  tone  having  vertical  and  other  inclined  anchors)  at  9.0m  spacing.  The  design  of  these  anchors  was  done  as  contineous  space 
frame  with  ultimate  load  theory.  The  two  rows  are  connected  at  the  top  with  a  6.0m  thick  concrete  slab  (monolith).  A  massive 
concrete  retaining  wail  of  9.0m  height  rests  on  this  slab  with  provision  of  shear  keys.  Above  this  elevation,  concrete  bocks  and 
boulder  pitching,  with  back  filters,  have  been  used  to  stabilise  the  slope  at  a  gradient  of  1.5:1  (H:V)  in  the  hili  wash  material  zone. 


INTRODUCTION 

The  works  of  Ichari,  constructed  during  1969-72  under  Yamuna 
Hydroelectric  Scheme  stage  II  in  State  of  Uttar  Pradesh, 
India,  comprise  the  diversion  dam  (55.0m  high)  and  intake 
arrangements  to  divert  the  waters  of  river  Tons  into  a 
7.Gm  diameter  and  6.3  km  long  head  race  tunnel  for  generation 
of  hydro-power  at  Chibro  underground  power  house.  The 
elevation  of  top  of  the  dam,  above  mean  sea  level,  is  652.0m. 
and  the  river  bed  elevation  before  construction  of  the  dam 
was  about  610.0m.  The  preconstruction  study  of  the  geology 
of  the  left  bank  slopes  of  the  river  at  the  dam  site  revealed 
thick  overburden  of  hill  wash  material  and  debris  overlying 
a  rock  ledge  which  rises  steeply  behind  it,  at  an  approximate 
elevation  of  636.0m.  The  underlying  rock,  consists  of  almost 
horizontal  bands  of  quartzite,  quartizite  slate  and  thinly 
bedded  slate,  and  has  a  number  of  shear  zones  and  glid 
cracks  dipping  towards  the  river.  On  the  basis  of  data  from 
various  drifts  in  the  left  abutment  the  formation,  from 
the  face,  can  be  divided  into  the  four  zones,  Fig.  1,  viz, 
(i)  hill  wash  material  and  debris  (Zone-i),  (ii)  highly  frag- 
manted  and  weathered  rock  mass  (Zone  Ii),  (iii)  fresh  but 
fractured  and  jointed  rocks  (Zone  III)  and,  (iv)  sound  and 
fresh  rock  (Zone  IV).  The  mantle  of  overburden  extends 
to  about  more  than  250  m  in  height  above  the  river  bed 
and  about  140.0m  upstream  of  the  dam  axis.  On  the  downs¬ 
tream  of  the  dam  axis  also,  the  over- burden  material  exists 
but  to  a  lesser  extent. 

THE  PROBLEM 

The  existence  of  these  geological  features  had  created 
the  problem  of  ensuring  the  stability  of  the  left  bank  slopes 

and  also  of  tying  the  dam  securely  to  the  left  bank  rocks 

The  solution  of  the  first  problem  only  is  described  in  the 
paper .  The  slopes  upsteam  of  the  dam  axis,  comprising 
of  overburden  material  and  the  rock  mass  below  it  were 
found,  by  analysis,  to  be  in  a  state  of  limiting  equilibrium. 
The  construction  of  the  dam  had  to  raise  the  water  level 
from  the  general  elevation  level  of  about  612.0m  to  644.75m 
(toe  submergence).  Also  for  peaking  on  the  power  houses 
daily  there  has  to  be  drawdown  in  the  reservoir  from  EL 

644.75m  to  EL  636.0m,  in  a  very  short  duration  of  about 

4  hours.  These  situations  had  to  bring  down  the  stability 
of  the  hill  mass.  The  condition  of  the  slopes  on  the  down¬ 
stream  of  the  axis  did  not  materially  change  after  the  cons¬ 
truction  of  the  reservoir  and  therefore  did  not  require  as 
elaborate  treatment  as  tor  upsteam  slopes. 


SHEAR  PARAMETERS 

The  overburden  material,  consisting  of  mainly  boulders  and 
rock  pieces,  mixed  with  sand  and  small  percentage  of  clay 
(GM,  GP)  was  standing  at  an  angie  of  about  37°.  Any  large 
scale  removal  of  this  material,  which  has  maximum  depth 
of  over  30rn  at  places,  would  have  resulted  in  instability 

of  the  steep  hill  behind  it  that  has  number  of  secondary 

joints,  cracks  and  shear  zones.  The  insitu  permeability  of 
this  material  was  found  to  vary  frem  3  x  lC'Jcm/sec.  to 

7  x  10  cm/sec.  and,  therefore,  it  may  be  considered  as 
semipervious  to  pervious.  The  cohesion  and  internal  friction 
values  obtained  from  laboratory  tests  were  in  the  range 
of  0.07  to  0.27  kg/errr  and  34°  to  36°  respectively.  The 

shear  zone  material  samples  were  obtained  from  the  three 
drifts  in  the  left  abutment  at  elevations  625.0m,  640,0m, 
649.0m  made  to  establish  the  extent  of  overburden  and  sound 
rock  profile  along  the  .dam  axis.  These.samples  gave  cohesion 
values  of  0.29  kg/cm  to  0.35  kg/cnr  and  angle  of  internal 
friction  values  of  24°  to  25°.  The  saturated  unit  weight 
of  hill  wash  and  the  rock  are  2.15  t/rrr  and  2.7  t/rrr  respec¬ 
tively.  The  pore  water  pressures  in  slope  in  the  drawdown 
range  were  accounted  for  in  the  analysis  by  taking  submerged 
weight  of  material  for  resisting  forces  and  saturated  weight 
for  sliding  forces.  In  the  rock  mass  lying  above  the  normal 
reservoir  level,  the  pore  water  pressures  due  to  rains,  were 
not  expected  to  be  more  than  25  %  of  the  full  saturation 
pressures  due  to  perviousness  of  the  overburden  and  existence 
of  cracks  and  fishers  in  rocks. 

STABILITY  ANALYSIS 

For  evaluation  the  stability  of  the  slope  a  number  of  poten¬ 
tial  shear  surfaces  were  considered  (Fig.2).  The  stability 
of  the  overburden  material  was  analysed  by  considering  the 
two  circular  shear  surfaces  (case  1  &  2).  The  safety  factors 
were  calculated  for  each  case  with,  (a)  no  pore  water  pre¬ 
ssures  and,  (b)  25%  pore  water  pressures  and  then  combination 
of  these  conditions  with  earthquake  loading  (horizontal  seismic 
coefficient  -  0.1).  For  case  1,  the  existing  slopes  were  just 
stable  (safety  factor  1.05)  with  no  pore  water  pressures, 
no  cohesion  and  no  earthquake  inertia  force.  Under  drawdown 
conditions  the  safety  factor  reduced  to  1.00  with  no  pore 
water  pressures  above  EL  645.0m.  In  case  2,  the  stability 
had  been  tested  with  a  small  section  of  the  earth,  above 
EL  680.0m,  removed  with  a  provision  of  berm  of  4.0m.  The 
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FIG.  1  -  Geology  at  Section  70.m  Upstream  of  Dam  Axis  (with  Initial  Proposal  of  Steel  Anchors) 
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FIG.  2  -  Location  of  Potential  sliding  Surfaces 
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remaining  portion  below  EL  6S0.0m  was  assumed  to  have 
bean  dressed  at  an  angle  of  3 4°  with  berms  at  EL  660.0;n 
and  EL  645.0m.  The  safety  factors  for  this  slope  worked 
out  to  be  1.1  with  no  pore  pressures  and  0.96  with  2596  pore 
pressures.  With  earthquake  effect  these  reduced  to  0.89 
and  0.77  respectively.  For  drawdown  condition  these  safety 
factors  were  1.06  with  no  pore  pressures  above  drawdown 
level  and  0.95  with  25%  pore  pressures.  For  dynamic  condition 
these  factors  reduced  to  0.84  and  0.75.  The  stability  of 
the  rock  mass  was  analysed  for  three  different  potential 
shear  surfaces  (case  3,  4  and  5)  having  toe  elevations  6iS.0m 
where  lowest  anticipated  shear  zone  and  crushed  rock  seam 
exist.  The  top  elevations  and  hence  the  rock  mass  above 
the  potential  sliding  circular  surfaces  vary  in  the  three  cases. 
In  case  3f  it  was  considered  that  the  entire  hill  mass  might 
slide  down  along  the  junction  of  zone  III  (fractured  and  jointed 
rocks)  and  zone  IV  (sound  rock)  and  the  shear  zone  at  EL 
618.0m.  Neglecting  the  cohesion,  all  pore  water  pressures 
(dry  condition)  and  the  passive  resistance  to  be  offered  by 
the  eventual  fill  m  the  river  bed,  the  safety  factor  worked 
out  to  1.19.  With  cohesion  above  EL  644.75m  and  passive 
resistance  of  the  fill,  the  safety  factor  was  1.26;  with  259c 
pore  pressures  it  reduced  to  1.12.  In  case  of  earthquake 
with  drawdown  and  no  pore  pressures  above  EL  644.75m, 
the  safety  factor  was  0.89.  This  improved  to  0.94  by  taking 
into  account  the  cohesion  and  passive  resistance  of  the  fill. 
In  case  4,  the  stability  of  lower  portion  of  the  rock  mass 
upto  EL  690.0m  and  overburden  dressed  upto  EL  680.0m 
was  worked  out,  considering  sliding  along  shear  zone  and 
crushed  rock  seam  near  EL  618.0m.  The  safety  factors  for 
this  shear  surface,  as  compared  to  that  of  the  previous  shear 
surface,  were  found  to  be  lower.  These  were  0.85  against 
1.19,  0.76  against  1.12,  0.61  against  0.89  and,  0.68  against 

0.94.  This  indicated  that  there  were  more  chances  of  failure 
occuring  in  the  lower  portion.  In  case  5,  the  stability  of 
upper  portion  (above  EL  670.0m)  was  worked  out  and  the  safety 
factors  obtained  were  C.94  in  the  existing  condition  without 
pore  pressures  and  0.84  with  259b  pore  pressures.  With  the 
earthquake  effect,  these  reduceo  to  0.85  and  0.76  respecti¬ 
vely.  Hence  it  was  considered  necessary  to  take  measures 
to  stabilise  this  portion  of  the  slope  also. 

STABILISING  MEASURES 

A  number  of  measures  were  considered  to  stabilise  the  slopes. 
Ail  these  measure  fall  in  two  categories,  namely,  (i)  reducing 
the  actuating  forces  and,  (n)  increasing  the  resisting  forces. 
Under  the  first  category,  easing  of  the  slopes,  provision 
of  drainage  by  drainage  cum  grouting  galleries  and,  surface 
protection  of  the  overburden  material  against  water  velocities 
during  floods  and  also  during  drawdown  were  considered. 
It  was  decided  that  the  overburden  slopes  be  dressed  to 
1.5:1  (H:V)  slopes  (34°)  with  5.0m  berms  at  different  levels 
above  EL  645.0m.  Pucca  surface  drains  be  provided  along 
the  berms  and  along  the  slopes.  The  drainage  holes  be  drilled 
above  EL  645.0m  (reservoir  elevation)  and  all  joints  and 
glide  cracks  be  sealed  by  effective  grouting.  Also  a  thick 
filter  layer  (1.0m)  and  drainage  holes  with  nonreturn  flapper 
valves  be  provided  behind  and  in  the  toe  wall  in  the  drawdown 
range  (EL  636.0m  to  645.0m).  The  slope  between  elevations 
645.0m  to  652.0m  (dam  top  elevation)  was  proposed  to  be 
protected  by  concrete  blocks  laid  on  boulder  layer  that  was 
to  be  on  a  filter  layer. 

Under  the  second  category,  i.e.,  for  increasing  the  resisting 
force  the  two  proposals  considered  were:  (1)  Prestensioned 
steel  anchors  to  hold  down  a  R.C.  toe  wall  constructed  bet¬ 
ween  EL  636.0m  to  EL  645.0m  with  varying  thickness  from 
3.0m  at  bottom  to  1.5m  at  the  top,  and  provision  of  the 
steel  anchors  from  EL  636.0m  to  EL  618.0  through  the  rock 
mass  and  butting  against  a  R.C.  membrane  300  mm  thick 
on  the  rock  face  (Fig.  1).  (2)  Reinforced  concrete  anchors 
construction  (in  situ  upto  EL  608.0m)  below  a  concrete  gravity 
toe  wall  that  is  based  on  the  rock  ledge  at  EL  636.0m  and 
varying  in  thickness  from  7.0m  at  bottom  and  3.0m  at  EL 
645.0m  (Fig.  3).  Preliminary  designs  for  the  proposals  were 
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FIG.  3  -  Stabilising  Measures  Provided 

prepared  and  cost  aspect  was  studied  which  revealed  that 
provision  of  steel  anchors  would  be  slightly  cheaper.  The 
steel  anchors  find  favour  because,  (i)  a  better  solution  lies 
in  preventing  the  movement  rather  than  catering  for  the 
support  to  the  rock  mass  in  which  sliding  tendency  has  been 
initiated,  (li)  these  anchors  along  with  consolidation  grouting 
would  make  a  big  chunk  of  rock  mass  at  the  toe  to  support 
the  hill  mass  and,  (iii)  to  obviate  the  necessity  of  blasting 
in  a  already  sheared  rock  mass.  However,  this  has  disadvan¬ 
tages  also  mainly  because  of  the  problems  of,  (i)  maintaining 
the  prestress  in  the  anchors  in  the  rock  over  long  periods 
and  on  occurance  of  earthquakes  due  to  cxistancc  of  glide 
cracks,  (ii)  possibility  of  stress  corrosion  in  the  cables  even 
after  grouting  and,  (iii)  reliability  of  maintenance  of  prestress 
in  anchors  passing  through  overburden  material.  On  the  other 
hand,  the  provision  of  concrete  shaft  anchors  have  the  advan¬ 
tages  that,  (i)  their  strength  is  fully  known  and,  (ii)  know 
how  for  the  construction  was  available  at  the  site.  The  dis¬ 
advantages  of  this  proposal  are,  (i)  the  construction  of  shafts 
for  the  anchors  would  involve  large  scale  but  controlled 
blasting  in  already  fractured  and  sheared  rocks  and,  (ii) 
the  concrete  anchors  would  come  in  to  play  only  after  initi¬ 
ation  of  slide. 

The  decision  was  taken  in  favour  of  the  second  proposal 
mainly  because  the  strength  of  R.C.C.  anchors  is  fully  known 
and  there  is  no  factor  of  unccrtainity  in  the  same.  It  was 
also  decided  that  the  shattered  and  laminated  rock  from 
EL  636.0m  to  630.0m  be  replaced  by  concrete.  Accordingly 
the  rock  loads  (actuating  force)  for  the  design  of  the  retaining 
wall  and  the  concrete  anchors  were  worked  out  on  the  basis 
of  the  stability  analyses  of  the  rock  mass.  Actual  observations 
were  made  in  bore  holes  for  water  table  in  the  hill  mass 
and  it  was  found  to  be  parrallcl  to  the  rock  profile  at  an 
approximate  slope  of  1.5:1.  If  was,  therefore,  assumed  that 
after  the  rise  in  water  level  upstream  of  the  dam  to  EL  644.75  m, 
the  water  table  would  also  rise  and  readjust  in  a  slope  of 
approximately  1.5:1  above  this  elevation.  In  the  zone  above 
the  hill  mass  water  table,  2596  of  the  full  pore  pressures 
were  accounted  for  in  the  calculations.  The  vertical  and 
inclined  (30°  to  vertical)  concrete  anchors  in  two  rows  were 
designed  to  be  placed  alternately  at  9.0m  centre  to  centre. 
The  load  per  9  metres  under  no  earthquake  condition,  for 
safety  feactor  of  1.25,  worked  out  to  be  11300  tons.  With 
earthquake  for  safety  factor  of  1.0,  it  was  10660  tons.  In 
the  design  the  failure  of  the  concrete  anchors  was  considered 
in,  (i)  direct  shear  through  the  R.C.C.  section,  (u)  flexure 
through  bending  by  cantilever  action  and,  (m)  cracking  due 
to  diagonal  shear.  The  design  was  thus  governed  by  the  min- 
mum  strength  from  these  three  considerations.  Studies  indi¬ 
cated  that  if  these  concrete  anchors  were  considered  acting 
separately  and  individually  the  deflections,  bending  moments 
and  shear  stresses  were  too  high  to  enable  worked  out  a 
safe  design.  Hence  the  design  of  these  anchors  was  done 
as  a  continuous  space  frame  (Fig.  4)  consisting  of  the  inclined 
and  vertical  anchors  placed  9.0m  c/c  and  connected  through 
a  series  of  horizontal  members  of  6.0m  depth  (from  EL  630.0m 
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FIG.  4  -  DETAILS  OF  RETAINING  WALL  AND  ANCHORS 
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to  EL  636.Cm).  The  design  was  worked  out  for  the  lour  cases 
of  the  load  distribution  between  the  two  legs  of  the  frame, 
namely,  (i)  100%  load  on  inclined  anchor,  no  direct  lead 
on  vertical  anchor,  (ii)  75%  load  on  inclined  anchor  25% 
on  vertical,  (iii)  66%  on  inclined  and  34%  on  vertical  and 
(iv)  50%  on  inclined  and  50%  on  vertical.  The  anchors  were 
designed  with  ultimate  load  theory  using  tor  (deformed) 
high  strength  steel  bars. 

CONSTRUCTION 

The  vertical  and  inclined  anchors  were  constructed  (by  shaft 
construction)  and  placed  alternately  at  9.0m  centre  to  centre. 
Six  metre  thick  concrete  was  alid  from  EL  630.0m  to  EL 
636.0m  to  replace  the  weathered  rock.  The  reinforced  concrete 
retaining  wall,  held  down  by  the  anchors,  was  constructed 
from  EL  636.0m  to  EL  645.0m  to  retain  the  slopes  of  over¬ 
burden  material.  One  drainage  gallery  was  constructed  at 
EL  636.5m  at  right  angles  to  the  dam  axis  inside  the  rock 
mass  with  cross  galleries  !5.0m  apart  and  extending  uoto 
15.0m  inside  the  hill  mass.  These  cross  galeries  have  been 
provided  with  S.Om  deep  75  mm  diameter  drainage  holes 
fanning  out  in  all  directions  to  intercept  seepage.  Another 
gallery  was  constructed  at  EL  652.0m.  The  retaining  wall 
is  7.0m  thick  at  base  (EL  636.0m)  and  3.0m  thick  at  the 
top  (EL  645.0m)  with  weep  holes  75.0  mm  diametre  3.0m 
centre  to  centre.  The  vertical  anchor  is  22.0m  long  and 
the  inclined  anchor  is  26.0m  long.  The  details  are  shown 
in  Fig.  4. 

CONCLUSION 

This  treatment  of  the  slope  was  completed  with  the  cons¬ 
truction  of  the  dam  in  1972.  See -page  discharge  and  other 
measurements  are  being  taken  regularly  since  then.  The 
slope  has  not  shown  any  sign  of  distress  since  last  over  four¬ 
teen  years. 
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Design  and  Construction  of  Geocell  Mattress  as  Embankment  Foundation 

Alistair  J.T.  GHchrist 

Area  CM  Engineer,  NeVon  Limited,  United  Kingdom 


SYNOPSIS:  This  paper  describes  the  use  Of  a  high  strength  Geocell  nattress  as  a  new  solution  to 
the  problem  of  the  construction  of  embankments  on  soft  foundations. 

The  paper  deals  in  detail  with  the  design  of  the  Geocell  aattress  to  support  and  distribute  the 
imposed  loading  onto  soft  foundation.  It  considers  the  plastic  condition  of  the  soft  clay  to 
determine  the  factor  of  safety  against  foundation  failure. 

Two  case  studies  will  be  examined  to  illustrate  the  construction  techniques.  Monitoring  of 
settlement  during  construction  of  the  Geocell  and  during  embankment  filling  is  compared  with 
predicted  values. 


INTRODUCTION 

The  A807  Auchenhowie  Road  runs  to  the  north  of 
the  City  of  Glasgow,  Strathclyde,  Scotland  and 
follows  a  very  torturous  route  with  some  very 
narrow  right  angled  bends. 

The  general  poor  alignment  and  the  sub  standard 
condition  of  the  road  has  contributed  to  a  high 
accident  record,  thus  the  local  Highway 
Authority  embarked  on  a  capital  worts  scheme  to 
re-align  the  road  along  a  new  route  (Fig  1). 

To  the  south  of  the  exisiting  road  runs  four 
large  diameter  water  pipes  which  supply  a  large 
proportion  of  the  population  of  Central 
Scotland  with  drinking  water.  *ny  disturbance 
of  these  pipes  would  have  incurred  a  very  heavy 
cost  penalty  (approximately  £1.0  million). 


This  therefore  pushed  the  realignment  to  the 
north  into  an  area  of  marsh  which  once  formed 
the  southern  part  of  the  Oougalston  Loch  which 
had  been  drained  many  years  before.  This  area 
was  also  very  heavily  wooded  and  to  achieve  the 
required  vertical  alignment  and  embankment,  of 
some  4.5n  in  height,  was  required  to  be 
constructed  across  this  marshland. 


SITE  INVESTIGATION 

In  the  area  cf  the  swamp  (Fig  2)  bore  holes 
103-105  penetrated  between  31.1s  and  3.95a  of 
very  soft  deposits  generally  comprising  of  1.3n 
to  1.5a  of  very  soft  brown  organic  silty  clay 
interbanded  with  black  peat  and  occasional 
lenses  of  fine  sand  and  sediua  gravel.  This 
was  underlain  by  between  0.99a  and  2.45a  of 
very  soft  brown  laminated  silty  clay 
interbanded  with  frequent  partings  of  clayey 
silt. 

The  bore  holes  were  terainated  at  approxiaately 
4.0a  depth  in  very  weak  highly  weathered 
becoaing  weak  friable  grey  mudstone. 

Surprisingly  the  bore  holes  were  generally  dry 
with  water  only  becoaing  apparent  at  the  clay 
mudstone  interface. 

Hand  bores  number  h.b.  101  to  h.b.  104  again 
penetrated  the  very  soft  deposits  to  a  depth  of 
about  l.Ga  where  they  were  terainated.  Hand 
bores  h.b.  105  and  h.b.  106  went  deeper  but 
still  remained  within  the  soft  laminated  silty 
clay. 


Figure  1 


Figure  2 

Sore  hole  number  101  was  sunk  into  the  bank  of 
the  loch  and  penetrated  2.2a  of  firm  to  stiff 
friable  reddish  brown  very  sandy  clay  underlain 
by  1.3Sa  of  dense  to  very  dense,  very  clayey- 
sand  and  gravel  over  decomposed  mudstone. 


In  bore  holes  103,  104  and  105,  moisture 
contents  as  high  as  1232  were  recorded  but 
average  figures  were  in  the  order  of  402  with 
average  liquid  limits  of  502  and  plasticity 
index  of  242  (Fig  3). 


Three  bore  holes  sunk  in  the  location  of  bore  To  supplement  the  available  inforaation,  1 

holes  nuober  102  all  terminated  on  obstructions.  laboratory  vane  shear  tests  were  carried  out  on  I 

undisturbed  saaples  froa  bore  holes  nusbers  :] 

Laboratory  Results  103,  104  and  105.  These  yielded  undisturbed  j 

shear  strengths  of  between  11  kii/sq  a  to  30  J 

Due  to  the  poor  nature  of  the  underlying  soils  fcii/sq  a  with  an  average  value  of  17.0  ktl/sq  a.  | 

aany  undisturbed  samples  proved  unsuitable  for  The  respective  remoulded  values  varied  from  3  J 

testing.  kli/sq  n  to  8  kli/sq  □  with  an  average  value  of  1 

5.0  kli/sq  m.  '] 

Where  triaxial  testing  was  possible,  values  of  \ 

apparent  cohesion  of  between  12  and  19  kli/sq  □  The  soft  organic  clay  silt  had  an  average 

were  recorded.  organic  content  of  11.02.  j 
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SUMMARY  OF  GROUND  CONDITIONS 

From  an  inspection  of  the  bore  hole  logs  and 
from  the  available  laboratory  results  obtained 
from  site  investigations  the  underlying  strata 
beneath  the  proposed  embankment  is  summarised 
as  follows: 

(a)  Peaty  topsoil 

(b)  Loose  brown  organic 
cl  a yey  silt  and  peat 

(c)  Very  soft  brown 
1 aminated  silty  clay 

(d)  Ueak  weathered 
friable  grey  mudstone 

For  design  purposes  the  soft  silty  clay  and 
peat  area  was  taken  to  tn  average  depth  of  4 . Om 
with  an  average  undisturbed  shear  strength  (Cl 
of  15.0  kN/sq  m  and  =  C  degrees. 


0.4  m  thick 
1.50  m  thick 
2.5C  m  thick 


EMBANKMENT  FOUNDATIONS 

Substituting  these  soii  strengths  into 
Terzaghi's  equation: 


qu  =  Cu  x  Nc  +  y  x  0  x  Hq  +  (r  x  B/2)  x  Ny 

taking  0  =  0,  Nq  =  0,  Nc  =  (s  +  2),  gave  the 
following  value 

Ultimate  bearing  capacity  -  surface  material 


qu  =  77.1  kN/sq  m 

Assuming  a  density  of  the  imported  material 
of  19.0  kN/Cu  m  and  the  height  of  the 
proposed  embankment  of  4.5m  then: 

Imposed  bearing  pressure  =  4.5  x  19.0 

=  85.5  kN/sq  m 

Therefore  factor  of  safety  against 
foundation  failure  =  0.9 


DESIGN  CONSIDERATIONS 

A  number  of  design  alternatives  were  looked  at 
for  the  embankment,  although  only  two  are 
considered  further  by  the  author. 

(a)  Removal  of  the  soft  layer  of  material  and 
replacing  with  suitable  rock  fill. 

This  method  would  have  involved  a 
considerable  increase  in  traffic  on  and  off 
the  site.  No  rock  cut  was  locally 
available  on  the  site  so  al1  rock  fill 
would  have  to  be  imported. 

Owing  to  <.he  high  moisture  content  of  the 
soft  silts  excavation  and  maintaining  a  dry 
site  would  have  been  difficult  and  weather 
dependent  as  would  the  removal  and  disposal 
of  this  highly  fluid  material  off  site. 

Due  to  the  local  environment  this 
construction  method  would  not  be  readily 
acceptable. 


(b)  Construction  of  a  high  strength  Geocell 
mattress  directly  onto  the  soft  layer  to 
form  a  foundation  to  the  embankment. 

This  method  of  construction  would  require 
no  significant  increase  in  site  traffic. 

It  would  also  not  be  weather  dependent  and 
require  no  specialised  site  operations. 

A  straight  cost  comparison  was  made  between 
these  two  options: 

Cost  Comparisons 


Excavation  and  replacement 


I  ten 

Quanti  ty 
cu  m 

Rate 

£ 

Total 
cost  £ 

Strip  top  soil 
Excavate  U/s 

1840 

1.00 

1840.00 

(d  =  3.5m) 

21460 

0.50 

10730.00 

Disposal  off  site 
Import  suitable 

21460 

3.00 

64380.00 

fill 

21460 

3.50 

75110.00 

TOTAL  =£152,060.00 
Construction  of  Geocell  mattress 


I  tarn 

Quanti ty 

Rate 

£ 

Total 
cost  £ 

Provide,  assemble 

and  infill  Geocell 
Free  draining 

6132  sq  m 

11.00 

67452.00 

infill 

6132  cu  m 

8.00 

49056.00 

TOTAL  =  £116,508.00 

Less  cost  of 
10. m  of 

embankment  6132  cu  m  2.00  12264.00 

Therefore  effective 

cost  of  Geocell  £104,244.00 

This  represents  an  estimated  saving  of 
approximately  31%  or  £48,000.00 


This  saving,  by  using  the  Geocell  mattress, 
does  not  take  into  account  the  reduction  in  the 
environmental  nuisance  by  cutting  down  off  and 
on  site  traffic.  It  was  therefore  decided  to 
proceed  with  the  detailed  design  of  the 
mattress. 


DESIGN  OF  FOUNDATION  MATTRESS 

Netlon  Limited  were  approached  in  October  1984 
by  Strathclyde  Regional  Council  Roads 
Department  for  advice  on  a  suitable  method  of 
constructing  an  embankment  over  this  soft 
material.  At  this  time  only  approximate 
parameters  for  the  soft  clay  were  available  and 
a  preliminary  design  was  prepared  utilising  a 
high  strength  Geocell  mattress  which  had  been 
successfully  used  on  similar  sites. 

The  main  criteria  for  design  was  for  an  overall 
factor  of  safety  of  1.5  to  be  achieved  against 
foundation  failure. 
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DESIGN  PHILOSOPHY 

A  Geoceil  mattress  is  a  very  stiff  rigid 
foundation  mattress  designed  to  support  an 
embankment  over  very  soft  ground.  It  is 
generally  installed  at  existing  ground  level 
and  with  no  soil  strip  (Fig  4). 


(1)  Sufficient  tensile  strength  to  ensure  that 
the  full  C()  value  is  mobilised  on  the  base. 

(2)  The  mattress  is  rigid  to  ensure  an  even 
distribution  of  load  onto  the  foundation 
material.  This  is  provided  by  the  high 
tensile  strengtn  of  the  Tensar  SR2 
diaphragms  forming  a  triangular  cellular 
construction. 

(3)  The  base  of  the  mattress  is  rough  to 
provide  high  frictional  contact  with  the 
underlying  soils.  The  base  material  is 
Tensar  SS2  which  allows  partial  penetration 
of  the  infill  material  through  the 
apertures,  creating  a  rough  underside  to 
the  mattress. 


Figure  4 

The  mattress  is  constructed  ?rom  high  strength 
Tensar  geogrids  to  form  a  cellular  construction. 


The  preliminary  design  was  carried  out  prior  to 
the  site  investigation  Deing  completed  and  was 
based  on  a  depth  of  soft  silty  clay  layer  of 
2.5m  with  an  average  C-  =  30kN/sq  m  and  0=5 
degrees. 

From  the  preliminary  design  the  factor  of 
safety  against  foundation  failure  was  3.51  and 
against  failure  of  the  mattress  of  1.71. 

The  very  high  factor  of  safety  reflected  the 
under  utilisation  of  the  load  carrying  capacity 
of  the  Geocell  mattress  but  compared  with  the 
alternative  options  available  this  still  proved 
to  be  economical  and  the  design  was  accepted  by 
the  Roads  Department. 


This  rigid  foundation  mattress  is  assumed  to 
alter  the  direction  of  the  normal  slip  circle 
failure  plane  by  forcing  it  to  pass  vertically 
through  the  mattress. 

This  has  the  effect  of  forcing  the  slip  plane 
deeper  into  the  underlying  stiffer  weathered 
mudstone. 

Before  this  weathered  mudstone  can  fail  in 
shear,  a  plastic  failure  would  be  initiated 
within  the  softer  silty  clay  beneath  the 
embankment.  The  plastic  failure  condition  or 
the  soft  silty  clay  is  therefore  considered  in 
the  design. 

The  foundation  mattress  is  assumed  to  display 
the  following  properties: 


However,  when  more  accurate  soil  parameters 
became  available,  a  further  design  assessment 
was  carried  out. 


The  design  parameters  used  in  this  final  design 
were : 


Depth  of  soil  si  1 ty  clay 
1  ayer 

Average  strength  of  layer 
Height  of  embankment 
Width  of  embankment 


d  =  4.0  m 
Cu  =  15.0  kN/sq  m 
n  =  4 . 2  m 
1  =  27.4  m 


From  this  design  the  minimumn  factor  of  safety 
against  foundation  was  1.58  and  against 
mattress  failure  was  1.93. 


The  mattress  required  to  be  edge  stiffened  over 
the  outer  6.0m.  This  was  achieved  by  using  0.5m 
cells  along  the  outer  edges  and  conventional 
1.0m  cells  within  the  remainder  (Fig  5). 


7.3m  wide 
carriageway 


Figure  5 


1 0  5m  cells 
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It  w as  also  shown  that  where  the  minimum  value 
of  Cu  =  8.0  kN/sq  in,  the  minimum  factor  of 
safety  remained  greater  than  unity. 

The  Geocell  now  showed  to  be  a  very  economical 
solution  and  was  adopted  for  the  contract. 

The  design  procedure  for  the  Geocell  mattress 
is  outlined  in  detail  in  Appendix  1. 
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CONSTRUCTION 

The  Geocell  foundation  mattress  was  constructed 
insitu  during  January  and  February  1986.  The 
dense  vegetation  of  shrubs  and  trees  was 
removed  in  order  to  gain  access  to  the  site. 

An  island  across  tne  line  of  the  mattress  was 
partially  levelled.  Other  than  this  no  site 
preparation  was  required.  The  site  was 
waterlogged  and  under  standing  water  during  the 
period  of  construction. 

4.0m  wide  lengths  of  Tensar  SS2  were  rolled  out 
along  the  line  of  the  road  to  form  the  base  of 
the  mattress.  These  strips  were  lapped  by 
500mm.  The  main  transverse  diaphragms  were 
Tensar  SR2  and  were  installed  at  1.0m  centres 
across  the  mattress.  The  Tensar  SR2  was 
stitched  to  the  base  material  using  HOPE  braid 
(Fig  6). 
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Figure  7 

The  infill  material  is  not  compacted  and  slight 
overfilling  compensates  for  any  slight 
settlement  and  also  protects  the  top  of  the 
diaphraqns  from  damage. 

As  the  filled  Geocell  progresses  the  Contractor 
utilises  it  as  a  construction  platform  for 
infilling  plant  and  the  delivery  of  infill 
material.  At  no  time  does  the  Contractor’s 
plant  run  on  soft  ground  so  delays  from  bogging 
down  are  eliminated  (Fig  8). 
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Figure  6 


After  tensioning  of  the  main  diaphragms,  the 
intermediate  diaphragms,  again  Tensar  SR2,  were 
installed  and  fixed  to  the  main  diaphragms 
using  steel  bodkins.  This  forms  1.0m 
triangular  cells.  Over  the  areas  where  the 
edge  stiffening  was  required,  0.5m  triangular 
cells  were  constructed  using  short  intermediate 
transverse  diaphragms  (Fig  7). 

The  cellular  mattress  was  then  infilled  with 
imported  free  draining  granular  material.  The 
filling  procedure  ensures  that  no  cell  is 
filled  to  more  than  half  the  height  of  the 
adjacent  cell.  This  prevents  excessive  bulging 
of  the  cell  walls  (Ref  6). 


Figure  8 

This  work  was  a  new  experience  for  the 
Contractor,  Raynesway  Construction  Services 
Limi ted . 

After  the  initial  learning  curve,  outputs  of 
completed,  filled  mattresses  in  excess  of  350 
sq  m  per  shift  were  achieved.  Heather 
conditions  during  the  initial  construction 
period  were  very  poor. 

The  total  time  for  construction  was  six  and  a 
half  weeks  and  the  actual  installation  cost  was 
some  £111,000.00  being  £5,500.00  less  than  the 
original  estimate. 


The  embankment  was  then  constructed  directly 
onto  the  Geocell  mattress  using  conventional 
eartnmoving  plant.  The  embankment  was  raised 
to  its  full  height  rapidly  and  was  completed  in 
about  7  days  (rig  9). 


Figure  9 


SETTLEMENT 

Using  the  information  from  the  site 
investigation,  the  overall  settlement  of  the 
completed  embankment  was  expected  to  be  in  the 
order  of  175mm  over  1  year.  The  expected 
settlement  during  the  3  month  construction 
period  was  expected  to  be  140mm. 

Tubular  settlement  pins,  welded  to  metal  base 
plates,  were  placed  onto  the  top  of  the 
completed  Geocell  base  grid  and  supported  by 
the  infill  material  of  the  embankment.  They 
were  levelled  every  week  as  infilling  and 
embankment  construction  progressed  and  the 
settlement  recorded  and  plotted  on  a  graph.  An 
average  initial  settlement  of  approximately 
90mm  was  recorded  after  the  embankment  was 
complete  and  before  carriageway  construction 
was  started. 

The  settlement  was  noted  to  be  even  across  the 
width  of  the  embankment.  No  differential 
settlement  has  been  monitored  along  the  length 
of  the  completed  road. 


CONCLUSIONS 

1.  By  using  the  Geocell  mattress  there  was  no 
need  to  remove  large  quantities  of 
unsuitable  material  from  the  site  with  the 
resulting  problems  of  handling  and  disposal. 
There  was  also  no  appreciable  increase  in 
the  off  site  traffic  and  environmental 

nui sauce. 

2.  The  factor  of  safety  against  foundation 
failure  was  significantly  increased  and 
embankment  constuction  continued  rapidly 
without  having  to  incorporate  rest  periods 
into  the  construction  programme  to  allow 
excess  pore  water  pressures  to  dissipate. 


3.  The  Contractor  had  a  dry  working  platform  on 
which  to  carry  cut  Geocell  filling 
operations  and  any  subsequent  drainage  works 
it  these  were  required.  Wick  drains  can  be 
installed  through  the  mattress  with  no 
Impairment.  The  mattress  enables  the 
Contractor  to  work  continuously  through  bad 
weather  with  delivery  vehicles  running  on 
the  inf i 1  led  Geocell . 

4.  The  infill  material  to  the  Geocell  provides 
a  massive  drainage  blanket  which  aids 
consolidation  of  the  completed  embankment 
and  reduces  consolidation  times. 

5.  The  Geocell  mattress  showed  considerable 
cost  savings  over  alternative  methods  of 
construction. 

6.  No  differential  settlement  had  been  evident 
after  completion  of  the  embankment. 
Settlement  has  been  less  than  that  protected 
for  an  unrei nforced  embankment.  The  Geocell 
mattress  effectively  spreads  the  load  more 
evenly  along  the  embankment  foundation. 


APPENDIX  1 

In  this  design,  reference  is  made  to 
“Engineering  Plasticity"  by  Vi  Johnson  and  P  B 
Mellor,  (Chapter  12.5:  pages  392  to  401). 

This  consioers  the  plastic  failure  of  material 
compressed  between  two  rough,  rigid  parallel 
platens  being  brought  together.  The  platen 
widths  exceed  the  soft  material  layer  thickness 
(Fig  10). 

The  Geocell  mattress  represents  the  upper 
platen  with  the  weathered  mudstone  representing 
the  lower. 


Figure  10 


DESIGN  PARAMETERS 

Weight  of  embankment  h  =  4.2m 

Embankment  width  1  =  27.4m 

Depth  of  soft  material  d  =  4.0m 
Strength  of  soft  layer  Cy  =  15.0  kN/sq  m 

The  pressure  diagram  for  half  the  embankment  is 
evaluated.  A  value  equal  to  twice  the  cohesion 
is  added  on  to  take  into  acount  the  effect  of 
passive  pressure  beyond  the  toe  and  neglecting 
the  effect  of  upthrust  within  0.45  x  2h  of  the 
toe. 


Load  distribution  on  the  base  is  obtained  from 
the  equations  given  in  the  extract  from 
"Engineering  Plasticity"  and  from  the  15  degree 
flow  net  (Fig  11) . 
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Figure  11 


Figure  12 


Calculation  of  the  average  base  pressure  over 


the  rigid  zc.ie:- 
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Therefore,  adopting  an  average  cohesion  of  15.0 
kN/sq  m  for  the  soft  layer,  the  load  to  failure 
for  the  half  embankment  is  (Fig  12):- 


Imposed  loading  for  half  the  embankment  i s : - 

W=(( 3. 2x7. 15)+ (1.0x13.6)+ (0.5x3. 2x4. 8)) 
x  20.0  =  883.2 

Surcharge  =  3.65  x  12.0  =  43.8 

Therefore  Total  Imposed  Load  =  927.0  kN/m 

Therefore  factor  of  safety  against  foundation 
failure:- 

F.o.S  =  1.58 


Consider  load  within  the  diaphragms  of  the 
Geocel 1 . 

For  the  factor  of  safety  reduced  to  1.0,  at  the 
centre  of  the  embankment,  the  equivalent 
apparent  cohesion  for  the  soft  layer  would 
become: - 

15.0  /  1.50  =  9.49  kN/sq  m 


From  a  Mohr  construction  it  can  be  shown  that 
the  horizontal  load  to  be  resisted  by  the 
Geocell  mattress  is:- 


2.8  x  4.57  Cu  =  190.40 

5.8  (3.43/2  +  4.57)  Cu  =  545.20 

5.0  x  9.67  Cu  =  725.25 

Therefore  load  to  failure  =  1460.85  kN/m 


Tf  =  C„ _ 

Sin  0 

Based  on  the  infill  material  properties  0  =  30 
degrees.  Therefore  for  a  factor  of  safety  of 
1.0  the  horizontal  load  is:- 


T,  q  =  9.49 _  =  18.98  kN/m  run 

Sin  30° 
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Tnis  is  the  minimum  condition  and  applies  over 
the  worst  centre  portion  of  the  embankment. 

At  the  edge  of  tne  embankment  assume  the  worst 
condition  where  the  factor  of  safety  drops  to 
2.0. 

i.e.  Cu  beneath  embankment  -  18.98  kN/sq  m 

The  embankment  .oad/four.dation  diagram  is  shown 
in  Fig  12.  The  cut  off  line  at  support  value 
of  927  kN/m  shows  tne  extent  of  the  plastic 
zone. 

Over  this  zone  the  horizontal  force  to  be 
resisted  by  the  mattress  is:- 

T2  O  *  18-98  =  37.96  kN/m  run 

Sin  30° 


The  diaphragms  to  the  Geocell  and  Tensar  SR2 
geogrid. 

Working  load  in  the  grid  =  21.48  kN/m  (Ref  5) 
Therefore  resistance  of  1.0m  cells  is:- 


T  =  21.48  +  21.48  =  36.76  kN/m  run 

Tr¬ 


end  resistance  of  0.5m  cells  i s : - 

T  =  2  x  36.67  =  73.34  kN/m  run 

Therefore  factor  of  safety  of  Geocell  against 
failure  =1.93 

Therefore  use  0.5m  cells  within  6.0m  of  the 
edge  of  the  mattress  and  1.0m  in  the  remainder. 
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SYNOPSIS:  Ihe  main  dan  at  the  Bighorn  development  consists  of  a  zoned  earthfill  embankment  with  a  concrete  cut-off  wall 
constructed  through  the  river  alluvium  by  the  slurry  trench  technique.  Upon  first  filling  of  the  reservoir  in  1972, 
erratic  drops  In  plezometric  heads  in  the  alluvium  upstream  of  the  cut-off  and  significant  downstream  leakage  prompted 
the  construction  of  a  weight  berm  at  the  downstream  toe  and  implementation  of  a  program  of  regular  monitoring  of  all 
piezometers  and  seepage  measuring  facilities.  Concern  for  the  Integrity  of  the  structure  was  not  allayed  until 
completion  of  a  dam  safety  evaluation  in  1984.  The  paper  summarizes  the  design  and  construction  aspects  of  the  main  dam 
and  concrete  cut-off,  documents  the  results  of  monitoring  records  of  seepage  and  plezometric  heads  since  reservoir 
filling  and  assesses  the  extent  of  reservoir  siltation.  Records  and  inspections  demonstrate  satisfactory  performance  of 
the  structure. 


INTRODUCTION 

The  Bighorn  hydroelectric  development,  located  on  the 
North  Saskatchewan  River  in  the  frontal  ranges  cf  the 
Rocky  Mountains  about  100  miles  northwest  of  the  town  of 
Banff,  Alberta,  was  completed  in  1972.  The  project 
consists  of  a  300  ft  high  main  dam,  a  100  ft  high  closure 
dam,  an  emergency  spillway,  and  a  gated  intake  structure 
for  the  22.5  ft  dla.  power  tunnel  In  the  left  abutment 
leading  to  the  120  megawatt  powerhouse. 

The  main  dam,  consisting  of  a  zoned  earthfill  embankment 
with  a  total  crest  length  of  1700  ft,  is  founded  on  a 
210  ft  deep  deposit  of  sand,  gravel  and  boulders.  To 
minimize  seepage  through  the  pervious  foundation 
alluvium,  a  concrete  diaphragm  cut-off  wall  aligned  along 
the  dam  axis  was  constructed  through  the  alluvium  to  key 
into  badrock  using  slurry  trench  techniques.  The  layout 
of  the  dam  and  appurtenant  facilities  are  shown  on 
Figure  1,  and  a  typical  section  through  the  dam  is 
illustrated  on  Figure  2.  The  emergency  spillway  and 
closure  dam  are  located  at  the  entrance  of  a  natural 
gully  about  1.6  ml  north  of  the  damslte. 

Bighorn  dam  Impounds  Lake  Abraham  which,  with  a  storage 
capacity  of  1,165,000  acre-feet,  is  the  largest  man-made 
lake  in  Alberta.  The  project,  owned  and  operated  by 
TransAlta  Utilities  Corp.  of  Calgary,  serves  as  a  storage 
and  flood  control  facility  while  providing  power  genera¬ 
tion  benefits. 

The  control  of  seepage  about  the  dam  was  of  particular 
concern  in  view  of  the  disturbed  condition  of  the  sedi¬ 
mentary  rocks  forming  the  abutments  and  the  locally  high 
permeabilities  of  the  overburden  deposits,  particularly 
within  the  deep  riverbed  sediments.  The  countermeasures 
which  were  adopted  comprised  blanketing  of  the  riverbed 
and  certain  abutment  slopes  upstream  of  the  dam,  the 
Installation  of  shallow  drains  at  the  downstream  toe  and 
the  downstream  slope  of  the  north  abutment,  and  the 
construction  of  a  concrete  diaphragm  cut-off  wall  to 
control  seepage  through  the  deep  bed  deposits.  The 
performance  of  the  main  earthfill  dam  and  the  diaphragm 
wall  forms  the  principal  topic  of  this  paper.  A 
description  of  the  development,  previously  reported  by 
Gordon  and  Rutledge  (1972)  and  Forbes  et  al  (1973),  is 
given  in  the  following  sections. 


Fig.  1  Site  layout 
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SITE  CONDITIONS 


Tne  topography  of  the  region  is  well  suited  for  hydro¬ 
electric  development,  with  the  broad  glacial  valley  of 
the  North  Saskatchewan  River  providing  a  large  reservoir 
capacity  upstreaa  from  the  narrow  canyon  in  which  the  dew 
is  sited.  The  geological  conditions  are,  however,  less 
favourable,  with  the  disturbance  arising  froia  the 
tectonic  upheavals  during  mountain  building  masked  by 
subsequent  glaciation  and  post-glacial  downcutting. 

The  dominant  rock  formations  in  the  region  comprise  thick 
strata  of  interbedded  siltstones  and  sandstones  of  the 
Cretaceous  period  which  were  extensively  faulted,  folded 
and  tilted  with  the  building  of  the  Rocky  Mountains.  A 
major  regional  strike  faurt  of  this  period  traverses  the 
project  site  about  1000  ft  upstreaa  of  the  a  am  axis  and 
has  been  estimated  to  have  moved  more  than  1.5  ml  In  the 
northeast  direction  along  its  strike.  The  thrusting  has 
produced  a  series  of  olosely-s paced  parallel  step  faults 
in  the  adjoining  sediments,  in  which  the  slippage  ranges 
from  a  few  inches  to  several  feet,  while  numerous  shear 
planes  cr  bedding  faults  are  evident  in  the  weaker 
strata. 

In  the  area  of  the  canyon,  the  upstream  limb  of  the 
regional  fault  is  formed,  in  ascending  order,  by  the 
Luscar  and  Mountain  Park  Formations  of  Lower  Cretaceous 
origin,  while  the  downstream  limo  is  formed  by  the  Black- 
stone,  Bighorn  and  Wapiabl  Formations  of  Upper  Cretaceous 
otigin.  The  downstream  formations  form  the  western  arm 
of  a  broad  syncline  through  which  the  canyon  was  downcut 
by  valley  glaciers,  glacial  meltwaters  and  the  present 
river.  Siting  of  the  dam  within  the  canyon  locates  it 
wholly  downstream  from  the  regional  fault  with  only  the 
impervious  blanket  extending  onto  the  upstream 
formations. 

The  Blackstone  Formation  forms  the  upstream  segment  of 
the  canyon  and  descends  downstream  below  riverbed  level 
beneath  the  Bighorn  Formation  which  predominates  within 
the  abutment  areas  of  the  dam  as  shown  on  Figure  3.  The 
contact  between  the  two  formations  dips  conformably  with 
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Fig.  3  Section  through  north  abutment 

the  bedding  at  about  14  degrees  downstream  and  is 
estimated  to  lie  at  a  depth  of  between  40  and  70  ft  below 
the  riverbed  surface  at  the  location  of  the  cut-off 
wall.  The  Blackstone  beds  of  dark,  fissile,  often 
ferruginous  shales  and  dark  grey  siltstones  extend  to 
heights  of  up  to  165  ft  above  the  valley  floor  at  their 
upstream  limit  where  they  daylight  within  the  reservoir. 
The  overlying  Bighorn  Formation  embraces  three  principal 
fine-grained  grey  sandstone  3trata  separated  by 
relatively  massive  beds  of  siltstone,  while  some  thin 
partings  of  carbonaceous  shale  and  conglomerate  were 
encountered.  The  blocky  sandstones  of  this  formation 
constitute  th-.  hardest  rocks  in  the  project  area.  The 
Wapiabl  Formation,  which  overlies  the  Bighorn  on  the 
downstream  flanks  of  the  canyon,  consists  of  highly 
friable  siltstones  in  a  fractured  and  weathered 
condition. 

The  permeability  of  the  rock  formations  was  given 


particular  attcrtlon  in  view  of  the  fractures  and 
disturbance  evident  in  outcrops.  However,  while  drill 
water  losses  were  often  experienced  In  the  investigation 
program,  the  packer  permeability  tests  indicated 
generally  tight  conditions,  even  within  the  brecclated 
zones  along  the  fault  planes  and  in  the  Wapiabl 
Formation.  Bedrock  permeabilities  measured  In  both 
abutments  generally  increased  from  about  5  x  10-^  cs/sec 
near  the  surface  to  about  5  x  10"^  cm/sec  at  260  ft 
depth,  while  tests  at  shallow  depths  in  the  valley  floor 
gave  about  1  x  10~"*  cn/’sec.  The  highest  values, 
exceeding  1  x  10~^  cm/sec,  were  obtained  in  the  higher 
strata  near  the  abutment  slopes. 

The  rock  formations  outside  the  canyon  are  capped  by 
glacial  drift  comprising  clean  sands  and  gravels,  slits, 
gravelly  till  and  bouldery  till.  Though  generally  of 
shallow  depth,  the  drift  attains  a  depth  of  165  ft  on  the 
north  abutment  within  a  linear  depression  in  the  bedrock 
surface.  Seepage  through  this  buried  channel  at  higher 
reservoir  levels  was  countered  by  blanketing  the  upstream 
exposure,  constructing  a  series  of  shallow  drains  in  the 
natural  slopes  downstream  and  Installing  three  deep 
drainage  wells  collared  at  crest  elevation. 

The  downcutting  which  formed  the  canyon  extended  through 
the  cover  of  glacial  drift,  the  Wapiabl  and  Bighorn 
Formations  and  into  the  Blackstone  beds  to  a  total  depth 
of  about  560  ft.  Drilling  in  the  valley  floor  Indicated 
Infill  deposits  extending  to  a  maximum  depth  of  216  ft 
and  consisting  mainly  of  interbedded,  river-sorted,  silty 
to  relatively  clean  sands  and  gravels  In  varying 
proportions,  interspersed  with  bouldery  talus  from  the 
canyon  walls.  It  is  noteworthy  that  the  investigation  of 
the  bed  was  satisfactorily  accomplished  only  with  the 
advent  of  the  Becker  hammer  drill,  though  it  was 
difficult  to  appraise  the  consistency  of  the  finer 
granular  deposits  and  several  lines  of  closely-spaced 
holes  were  needed  to  distinguish  the  massive  boulders 
from  the  parent  intact  rock.  The  bedrock  profile  along 
the  axis  of  the  cut-off  wall,  and  the  boulders 
encountered,  are  shown  on  Figure  4. 


(a)  Longitudinal  Section 


{ b)  Cutoff  Detail 


Fig.  4  Concrete  cut-off  construction 


Sxteaxive  permeability  testing  in  the  riverbed  deposits 
delineated  three  broad  zo&cs.  Is  the  uppermost  zone, 
which  comprises  a  49  ft  depth  of  siity  sands  and  gravels, 
the  horizontal  permeability  was  found  to  be  widely  varia¬ 
ble  visile  the  measured  overall  vertical  permeability  was 
l  x  10~*  cs/sec.  The  underlying  zone,  which  extends  to 
luO  ft  depth,  consists  aiimiy  of  uniform  sands  with  sone 
gravel  and  boulders.  It  was  the  most  pervious  zone 
within  the  depth  tested,  giving  horizontal  and  vertical 
permeabilities  of  about  2  x  10“*  ca/sec  and  5  x  '.0~ 
ex/ etc,  respectively.  The  lowest  zone  extends  to  140  ft 
depth  am  is  composed  of  send,  coarse  gravel  and  bouidery 
tains.  The  tests  indicated  overall  permeabilities  of 
roeghly  l  x  I0“‘  cm/sec  in  the  horizontal  direction  and 
4  x  10~^  c s/sec  In  the  vertical  direction.  The  permea¬ 
bility  of  the  bouidery  deposits  beyond  140  ft  depth  was 
sot  treasured  as  a  consequence  of  difficulties  encountered 
in  drilling  through  large  boulders. 


DAM  DESIGN 

The  site  wax  considered  to  be  suitable  for  a  zoned 
earthfill  embankment  structure  founded  on  the  riverbed 
deposits.  The  aost  critical  factor  in  the  design  was  the 
selection  of  the  scans  of  controlling  seepage  through  the 
bed  deposits,  and  detailed  consideration  was  given  to 
four  alternatives,  specifically,  a  grouted  cut-off,  an 
iapervlous  upstream  blanket,  an  excavated  cut-off  to 
bedrock  and  a  concrete  diaphragm  wall  keyed  into 
bedrock.  The  use  of  a  grouted  cut-off  va3  soon  discarded 
due  to  uncertainties  about  its  effectiveness  and  the  high 
cost  and  fine  for  implementation,  while  an  upstreaa 
blanket  was  considered  unsuitable  in  view  of  the  limited 
space  in  the  canyon  for  concurrent  diversion  of  the  river 
flows  as  well  as  the  problems  of  ensuring  an  effective 
seal  against  the  abutments.  Although  a  core  trench 
excavated  to  rock  and  backfilled  with  compacted 
Impervious  fill  clearly  constituted  the  most  positive 
neans  to  control  seepage,  its  construction  would  have 
added  at  least  fix  months  cc  the  construction  schedule. 
Furthermore,  its  high  direct  cost  would  have  been 
compounded  by  the  added  costs  for  related  construction, 
such  as  a  longer  diversion  tunnel.  In  comparison  with  a 
concrete  diaphragm  wall.  The  cost  of  dewatering  alone 
was  estimated  to  almost  equal  the  cost  of  a  diaphragm 
wall. 

The  relative  advantages  of  a  diaphragm  wall  were  evident, 
particularly  from  a  cost  viewpoint.  It  could  also  be 
built  during  the  winter,  within  a  heated  enclosure,  and 
would  not  in  consequence  interfere  with  other 
construction  activities  or  prolong  the  overall  schedule. 
Nevertheless,  the  decision  to  adopt  diaphragm  wall 
construction  was  made  only  after  extended  deliberation  of 
the  possible  adverse  effects  of  anticipated  settlements 
due  to  compression  by  the  dam  fill  of  loose  zones  In  the 
foundation.  There  was  concern  chat  the  settlements  might 
be  large  enough  to  cause  discontinuities  in  the  wall 
sufficient  to  impair  its  effectiveness  or  within  the 
impervious  core  as  It  settled  downwards  over  the  top  of 
che  wall.  Another  reason  for  hesitation  was  the  limited 
precedent  for  the  use  of  a  concrete  diaphragm  cut-off 
wall  under  such  high  fill  and  hydraulic  loadings. 

The  adoption  of  the  diaphragm  wail  was  based  on  the  con¬ 
fidence  expressed  in  les  suitability  by  Dr.  A.  Casagrande 
who,  together  with  Dr.  R.M.  Hardy,  provided  specialist 
geotechnical  expertise  to  the  project.  To  counter  the 
effects  of  any  disruption  of  the  core  arising  from 
settlements  relative  to  the  wall,  the  wall  was  capped 
with  a  30  ft  wide  galvanized  steel  plate  surmounted  by  a 
5  ft  wide  trench  centred  over  the  wall  and  filled  with 
bentonite,  as  shown  on  Figure  3.  As  it  was  anticipated 
that  differential  heads  across  the  wall  exceeding  100  ft 


I.  CONCRETE  CUT-OFF  WALL 

2-  NEOPRENE 

3.  STEEL  PLATE 

4.  BENTONITE  FILL 

5.  IMPERVIOUS  CORE 

Fig.  5  Detail  of  cap  at  top  of  wall 

would  be  sufficient  to  wash  out  the  bentonite  slurry 
bordering  any  imperfections  or  windows  in  the  wall,  the 
decision  was  taken  to  supplement  the  underseepage  control 
by  connecting  the  impervious  core  of  the  dam  to  the  core 
of  the  integral  upstream  cofferdam,  and  to  add  a  short 
upstream  blanket. 

Though  the  site  offered  an  abundance  of  both  impervious 
and  pervious  borrow,  the  zoning  selected  for  the  dam 
maximized  use  of  the  more  readily  available  impervious 
glacial  deposits  within  the  core  and  inner  shells,  and 
limited  the  pervious  materials,  originating  mostly  from 
the  riverbed,  to  the  filters  and  thin  outer  shells.  A 
filter  of  well-graded  pit-run  sand  was  provided  between 
the  core  and  the  downstream  common  fill  to  protect 
against  cracking  the  relatively  brittle  and  low 
plasticity  core  material  as  a  result  of  differential 
settlement.  The  dam  was  also  arched  upstream  for  the 
same  reason. 


DIAPHRAGM  MALL  CONSTRUCTION 

The  panel  construction  of  the  2  ft  thick  cut-off  wall  is 
shown  on  Figure  4.  Panel  widths  of  15  ft  were  used  at 
the  two  ends  of  the  wall  where  depth  to  bedrock  did  not 
exceed  120  ft  and  widths  of  12.3  ft  were  used  in  the 
centre  section  where  rock  was  deeper.  The  15  ft  wide 
panels  were  constructed  in  sequence,  each  being  excavated 
through  the  bentonite  slurry  to  bedrock  by  clamshell,  and 
the  excavation  extended  the  requisite  2  ft  into  bedrock 
by  percussion  chisel.  After  clean-up  a  2  ft  diameter 
pipe  was  positioned  vertically  at  the  leading  end  of  the 
excavation  to  prepare  a  concave  interface  for  the  next 
panel.  The  slurry  was  then  displaced  by  treoie  concrete 
with  3/4  in  maximum  size  of  aggregate  and  a  mix  designed 
for  a  28  day  strength  of  4000  psi.  The  12,5  ft  wide 
panels,  on  the  other  hand,  were  constructed  alternately. 
Guide  holes  were  first  drilled  at  the  ends  of  an  Initial 
panel  in  order  to  maintain  alignment,  and  the  material 
between  then  excavated  2  ft  into  the  bedrock  as  for  the 
15  ft  wide  panels.  Concave  interfaces  were  again  left  at 
the  end  of  each  panel. 

Slurry  losses  within  the  more  pervious  deposits  were 
reduced  by  the  addition  of  sawdust  and  cellophane 
flakes.  These  additives  proved  insufficient  in  only  one 
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of  the  earlier  guide  holes  where  hole  sealing  was 
accomplished  by  backfilling  with  weak  concrete.  The 
guidehole  was  re-established  by  percussion  chisel  cnce 
the  concrete  had  partially  cured.  Sloughing  of  the  bed 
deposits  at  the  top  of  panels  S  and  M  (Figure  A)  led  to 
the  formation  of  a  large  bulb  of  concrete  which  was 
subsequently  line  drilled  and  severed  from  the  wall. 

Numerous  boulders  up  to  18  ft  in  size  were  encountered 
and  were  either  broken  up  by  percussion  chisel  or  drilled 
and  blasted.  To  ensure  that  the  wall  penetrated  bedrock 
and  not  boulders,  soundings  were  made  at  frequent 
intervals  and  the  rock  cuttings  were  closely  observed. 
Excavation  was  terminated  at  the  specified  2  ft  embedment 
depth  only  when  bedrock  had  been  positively  identified. 
To  enhance  water  tightness  at  the  periphery,  grouting  was 
performed  through  vertical  pipes  embedded  in  the  wall  at 
5  ft  Intervals. 

Reinforcing  steel  cages  were  installed  in  the  top  20  ft 
of  the  slurry  displaced  wall,  and  dowels  were  left 
projecting  above  its  surface  for  juncture  with  the  25  ft 
high  wall  of  conventional  concrete  that  was  later 
superimposed  to  extend  into  the  impervious  core  of  the 
daD.  To  further  increase  the  seepage  path  a  galvanized 
steel  sheet  30  ft  wide  was  installed  on  top  of  the  wall 
after  the  latter  had  first  been  ground  smooth  and  a  thick 
neoprene  pad  added  with  rubber  cement  bonding  to  both 
concrete  and  steel.  This  is  shown  on  Figure  5.  Also  to 
protect  the  impervious  core  against  cracking  near  its 
base  due  to  either  arching  or  differential  settlement  a 
plug  of  soft  bentonite  paste  with  a  dry  density  of  35  pcf 
was  added  in  a  trench  5  ft  wide  and  8  ft  deep  immediately 
above  the  wall  during  subsequent  construction. 

During  the  initial  placement  of  core  fill  against  the 
wall,  a  flow  of  water  emerged  on  the  riverbed  downstream 
at  the  juncture  of  panels  R  and  Q  (Figure  A).  The  flow, 
originating  as  seepage  through  the  upstream  cofferdam, 
was  attributed  to  an  imperfect  interface  between  the 
panels  or  possibly  a  window  in  the  vicinity  of  the  large 
boulder  overlying  bedrock  in  that  area.  The  joint  was 
thoroughly  grouted  from  holes  extending  to  the  boulder. 
The  grouting  was  apparently  successful,  because  later  it 
proved  necessary  to  provide  temporary  drainage  for  water 
ponding  at  the  same  location  on  the  upstream  side  of  the 
wall. 

TUNNEL  DESIGN 

The  diversion  tunnel  had  a  length  of  1700  ft  and  passed 
through  the  slltstone  and  sandstone  strata  of  the  Bighorn 
and  Blackstone  Formations  in  the  north  abutment 
(Figure  3).  It  was  lined  throughout  with  concrete  12  in 
thick.  Later  it  was  plugged  with  concrete  at  an  inter¬ 
mediate  point,  and  converted  to  a  power  tunnel  with  an 
inclined  shaft  sloping  up  to  a  surface  Intake  from  the 
downstream  side  ot  the  plug.  About  690  ft  of  the 
orip.nal  tunnel  downstream  of  the  plug  was  utilized  in 
the  conversion.  Uhen  completed  the  power  tunnel  had  a 
total  length  of  approximately  1350  ft  and  a  finished 
diameter  of  22.5  ft.  The  upstream  602  of  its  length  has 
a  concrete  lining  2A  in  thick,  and  the  downstream  A0X  (or 
560  ft  to  be  exact),  where  internal  pressure  exceeds  the 
overlying  weight  of  reck,  has  a  steel  liner. 

To  prevent  the  bu'.ldup  of  excessive  hydraulic  pressure 
behind  the  lining  when  the  tunnel  is  unwatered,  radial 
drain  holes  were  drilled  into  the  rock  at  several 
sections  along  the  tunnel  alignment  during  construction. 
The  discharge  from  these  holes,  as  well  as  any  leakage 
from  the  tunnel,  is  collected  In  header  pipes  behind  the 
lining  and  conducted  to  the  tallrace.  On  the  way  the 
flow  is  measured  by  a  venturi  meter. 


INSTRUMENTATION 

To  monitor  the  post-construction  performance  of  the 
embankment  and  the  seepage  control  components  incorpor¬ 
ated  into  the  structure,  piezometers,  settlement  gauges 
and  movement  hubs  were  Installed  during  construction.  A 
total  of  A6  pneumatic  and  standpipe  piezometers  were 
placed  in  che  embankment,  foundation  alluvium  and  abut¬ 
ment  to  monitor  piezcmetric  head  variation.  Four  settle¬ 
ment  gauges  were  Installed  to  measure  the  settlement  of 
the  foundation,  embankment  fill  and  cut-off  wall  respec¬ 
tively.  Movement  hubs  consisting  of  2  in  diameter 
galvanized  pipe  8  ft  long  were  Installed  at  50  ft  inter¬ 
vals  primarily  along  the  upstream  edge  of  the  crest  to 
monitor  dam  displacement  and  settlement  as  a  result  of 
reservoir  operation  and  embankment  weight. 

Upon  first  filling  of  the  reservoir,  when  erratic  drops 
in  head  were  observed  in  the  foundation  piezometers  and 
seepage  was  reported  at  the  downstream  toe,  additional 
piezometers  and  seepage  measuring  weirs  were  installed 
downstream  of  the  dam.  In  198A  as  part  of  the  dam  safety 
evaluation,  an  inclinometer  was  installed  in  the  north 
abutment  to  monitor  potential  downdip  displacement  of  the 
rock  above  Che  powerhouse. 

DAM  PERFORMANCE 

Seepage  -  As  Indicated  by  flow  measurements  from  Heir  1, 
located  between  the  downstream  toe  of  the  dam  and  che 
tailrace  (Figure  1),  the  variation  of  seepage  flows  with 
reservoir  elevation  since  first  filling  of  the  reservoir 
is  reasonably  consistent  indicating  no  major  Increase  in 
seepage  with  time.  However,  since  a  significant  portion 
of  the  total  dam  and  foundation  seepage  is  flowing 
through  the  river  bed  alluvium  under  the  weir,  it  is 
possible  chat  reasonably  large  variations  in  total 
seepage  may  occur  before  a  change  in  Heir  1  flows 
is  observed.  Maximum  seepage  flows  as  determined  from 
stream  gauge  measurements  taken  In  the  river  channel 
downstream  of  the  powerhouse  when  the  tunnel  headgate  Is 
closed  havo  reached  28  cfs  (Figure  6)  whereas  the  peak 
flows  recorded  at  Weir  1  have  been  about  3.5  cfs.  The 
flow  values  for  different  reservoir  levels  given  on 
Figure  6  represent  stream  gauge  readings  taken  at  least  8 
hr  after  headgate  closure  to  minimize  the  effect  of 
riverbed  and  abutment  storage  outflow  at  lower  river 
levels.  However,  outflow  from  riverbed  and  abutment 
storage  is  a  significant  component  of  the  measured  flows 
as  indicated  by  che  1981  reading  taken  21  days  after  gate 
closure. 

Since  the  stream  gauging  station  is  approximately  0.5  mi 
downstream  of  the  powerhouse,  it  was  recognized  that  the 
measured  seepage  flows  at  this  location  Included  not  only 
seepage  through  the  dam  and  foundation  but  also  headgate 
leakage  as  well  as  seepage  through  the  abutments.  To 
increase  confidence  in  the  measured  values  an  estimate  of 
seepage  through  the  cut-off  wall,  i.e.  through  construc¬ 
tion  Joints,  cracks,  etc.,  was  made  utilizing  measured 
piezometric  levels  in  the  alluvium  downstream  of  the 
wall,  permeability  values  from  pump  tests  and,  since  the 
bedrock  channel  below  the  riverbed  narrows  In  the  tail- 
race  to  about  1/2  the  width  of  that  at  the  cut-off,  an 
average  area  of  flow  equal  to  75 X  of  the  cut-off  wall 
area  below  the  river  bed.  The  calculated  seepage  flow 
through  the  wall  was  thus  estimated  to  be  between  8  cfs 
and  13  cfs  when  the  reservoir  is  at  full  supply  level 
(FSL).  To  this  was  added  leakage  past  the  headgate, 
estimated  at  7  cfs  based  on  depth  of  water  In  the  tunnel 
and  the  velocity  of  a  floating  wood  chip  observed  during 
a  tunnel  inspection  in  198A.  An  assessment  of  abutment 
leakage  was  more  difficult  to  perform  in  view  of  the 
conflicting  evidence  available.  The  steep  faces  of  the 
canyon  walls  downstream  of  che  dam  are  visibly  Jointed 
and  faulted  but  exhibit  insignificant  seepage  above  the 
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Fig.  b  Variation  In  seepage  with  reservoir  level 

river  bed.  Leakage  from  the  diversion  tunnel  outlet  in 
the  north  abutment  rarely  exceeds  0.5  cfs  and  plezometrlc 
heads  ulthln  the  left  abutment  rock  remain  well  below  FSL 
and  are  not  significantly  affected  by  changing  reservoir 
levels.  However,  water  losses  were  reported  In  a  number 
of  abutment  drill  holes  and  one  hole  required  about  29 
ft3  of  grout,  bran,  plaster  of  paris,  calcium  chloride 
and  bentonite  to  seal  the  hole  over  a  100  ft  interval. 
Allowing  for  random  jointing,  the  total  seepage  through 
both  abutments  could  be  2  to  3  times  the  quantity  deter¬ 
mined  for  Intact  strata  and  may  be  In  the  order  of  6 
cfs.  Likewise  an  estimate  of  the  leakage  through  bedrock 
below  the  cut-off  contact  was  difficult  to  assess  but, 
based  on  lnsltu  pump  tests,  should  be  no  greater  than  1 
cfs.  It  was  concluded  that  the  total  calculated  seepage 
from  all  sources  when  the  generating  units  are  not  oper¬ 
ating,  the  headgates  are  closed  end  the  reservoir  is  at 
FSL  was  within  the  range  of  18  to  27  cfs,  which  is 
comparable  to  measured  flows  in  the  tailrace  after 
deducting  the  riverbed  and  abutment  storage  component. 

Plezometrlc  Records  -  Only  five  standpipe  piezometers 
upstream  of  the  cut-off  have  remained  operational  since 
1972  to  monitor  piezometric  heads  in  the  river  bed  allu¬ 
vium.  Of  these  P25  is  located  30  ft  upstream  of  the  wall 
and  the  tip  is  set  approximately  60  ft  below  the  original 
river  bed  (Figure  7).  The  other  four,  PAS  through  PAS 
inclusive,  are  collared  on  a  berm  on  the  upstream  slope 
about  135  ft  from  the  cut-off  wall  and  are  set  just  below 
the  contact  between  the  dam  fill  and  the  native  gravels. 


Fig.  7  Relative  locations  of  foundation  piezometers 


Downstream  of  the  cut-off  eleven  piezometers  set  in  the 
alluvium  are  still  functioning.  Readings  from  P26,  set 
closest  to  the  wall  and  at  about  the  same  depth  as  P25, 
have  been  used,  in  conjunction  with  P25  readings,  aa  an 
indication  of  the  head  drop  across  the  cut-off. 

As  the  reservoir  was  being  filled  in  1972,  plezometrlc 
levels  upstream  of  the  concrete  cut-off  lnitielly  rose  as 
expected  in  response  to  the  rising  reservoir  level.  When 
the  reservoir  reached  a  height  about  150  ft  above  the 
river  bed,  however,  P25  readings  showed  s  sudden  drop  of 

9  ft  while  P26  heads  downstream  of  the  cut-off  rose  about 
3  ft.  An  additional  drop  of  15  ft  In  P25  and 
simultaneous  increase  of  A  ft  in  fZb  occurred  when  the 
reservoir  rose  to  210  ft.  At  the  same  time,  excessive 
seepage  and  sand  boils  were  observed  at  the  downstream 
toe  of  the  embankment.  The  sudden  drops  in  differential 
head  were  attributed  at  the  time  to  "blow-outs*  of  the 
bentonite  cake  deposited  in  construction  joints  or  other 
defects  in  the  wail  due  to  the  high  gradients  across  the 
wall.  As  a  result  of  these  observations  and  in 
accordance  with  the  recommendations  of  the  specialist 
consultants,  a  filter  and  buttressing  berm  50  ft  wide  and 

10  ft  high  was  constructed  along  the  downstream  coe  to 
enhance  stability.  Additional  piezometers  and  a  weir 
were  installed  adjacent  to  the  downstream  toe  and  a 
program  of  regular  monitoring  of  all  piezometers  and 
seepage  measuring  facilities  was  institute. 

Over  the  years  the  piezometric  levels  in  the  alluvium 
immediately  upstream  of  the  cut-off  gradually  decreased 
until  about  1982  when  steady-state  conditions  were 
reached  (Figure  8).  Readings  from  piezometer  P19, 
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Fig.  8  Plezometrlc  heads  ir.  P19  and  P25 
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located  about  30  ft  upstreaa  of  the  cut-oft  near  the  top 
of  the  river  sediments  about  10U  ft  south  of  P25,  shoved 
an  almost  Identical  variation  in  plezomerrlc  elevation 
as  P25  until  it  became  unserviceable  in  197b.  The 
records  of  these  piezometers  in  the  first  fev  years  of 
reservoir  operation  appear  to  confirm  an  abrupt  and  not 
insignificant  reduction  in  the  effectiveness  of  the 
concrete  cut-off,  resulting  from  either  leaky 
construction  joints  in  the  panel  vail.  Inadequate  sealing 
of  che  vail  at  the  bedrock  contact  or  other  imperfections 
in  the  concrete  of  unknown  character. 


Since  about  1982,  however,  P2S  readings  have  varied 
monotonously  with  reservoir  level.  This  phenomenon  is 
considered  to  be  the  result  of  either  stabilized  seepage 
conditions  in  the  alluvium  adjacent  to  wall  apertures,  or 
an  increase  in  reservoir  sedimentation  or  a  combination 


of  both  effects.  Records  from  piezometers  P45,  P46,  P47 
and  P48,  100  ft  farther  upstream,  are  not  particularly 
useful  in  explaining  the  current  steady-state  conditions 
across  the  vail.  P46  readings  indicate  an  hydraulic 
connection  exists  betveen  this  piezometer  and  P25, 
whereas  plezoaetric  levels  in  PAS,  PA7  and  PA8  have 
remained  relatively  constant  over  the  years  (Figure  9). 
The  linear  relationship  between  P25  and  PA6  is  not 
surprising  as  these  piezometers  appear  from 
preconstruction  river  valley  contours  to  lie  In  the  main 
river  channel.  PA5,  P47  and  P48,  on  the  other  hand,  are 
located  In  the  flood  plain  on  either  side  of  the  main 
channel  where  less  pervious  sediments  could  be  expected 
as  a  result  of  leasing  and  beaching  effects. 
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Fig.  9  Hydraulic  connection  between  P46  and  P25 

An  Indication  of  the  performance  of  the  cut-off  wall  is 
Illustrated  on  Figure  10.  Except  for  erratic  variations 
during  the  first  few  months  following  reservoir  filling, 
the  head  drop  across  the  wall  has  declined  at  a  decreas¬ 
ing  rate  over  the  years  until  the  early  1980 's  when 
conditions  more  or  less  stabilized  (Figure  10a),  varying 
only  with  reservoir  elevation  (Figure  10b).  Downstream 
of  the  cut-off  wall,  the  piezometric  profile  through  the 
bottom  of  the  chimney  drain  and  underlying  alluvium 
(Figure  II)  Indicates  that  hydr08tatic  conditions  with 
heads  25  to  30  ft.  higher  than  the  tailrace  level  have 
prevailed  In  the  alluvium  since  1973.  However,  pneumatic 
piezometer  G32,  located  In  the  chimney  drain,  denotes 
pressures  In  excess  of  hydrostatic  suggesting  the  native 
sands  and  gravels  are  more  pervious  and  acting  as  an 


underdrain.  Piezometers  downstream  of  P26  exhibit  an 
average  gradient  over  a  distance  of  approximately 
1300  feet  between  the  cut-off  and  the  tailrace  channel  of 
about  0.C2,  a  value  which  has  decreased  only  marginally 
since  reservoir  filling. 


TEAR 

(4)  HEAD  DROP  VARIATION  WITH  TIME 


Fig.  10  Head  drop  across  the  cut-off 

During  initial  reservoir  filling,  the  impervious  core  of 
the  main  dam  was  not  fully  saturated  and  water  from  the 
pervious  upstream  shell  and  the  foundation  gradually 
seeped  into  the  core  as  well  as  the  common  fill  below  the 
impervious  blanket  establishing  a  steady-state  phreatic 
surface.  Subsequent  pressure  reductions  in  the  river 
gravel  has  allowed  the  foundation  alluvium  to  act  as  an 
underdrain  for  the  blanket  and  the  impervious  core 
(Figure  12).  The  hysteresis  effects  exhibited  by 
pneumatic  piezometer  G37  also  indicate  the  common  fill 
under  the  upstream  blanket  is  relatively  impervious  and 
the  blanket  Is  working  satisfactorily  (Figure  13). 

Displacements  -  A  survey  carried  out  in  1S84  on  monuments 
installed  along  the  dam  crest  indicated  negligible  down¬ 
stream  movement  and  a  maximum  settlement  of  3.b  in.  The 
crest  profile  remains  from  6  to  12  in  above  design  grade. 

Settlement  of  the  top  of  the  cut-off  wall,  monitored  with 
a  settlement  gauge  installed  during  embankment  construc- 
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cion,  was  reported  co  be  1.93  In  at  the  end  of  construc¬ 
tion  (Gordon  and  Rutledge,  1972),  with  negligible  settle¬ 
ment  subsequently. 


Fig.  11  Piezometric  profile  through  alluvium  downstream 
of  cut-off 

RESERVOIR  SILTATION 

To  determine  the  extent  of  tightening  of  the  lake  bed 
upstream  of  the  dam  by  siltatlon  and  thus  ascertain 
whether  the  observed  drop  in  piezometric  heads  in  the 
alluvium  upstream  of  the  cut-off  could  result  from 
reservoir  siltatlon,  an  underwater  survey  was  carried  out 
by  divers  in  the  spring  of  1986  at  six  locations  in  the 
reservoir  below  low  supply  level  (LSL).  The  survey 
indicated  that  the  accumulation  of  silt  on  the  reservoir 
floor  varied  from  8  to  14  in  with  an  average  of  about 
12  in  in  the  active  reservoir  area. 

A  rough  estimate  of  the  head  loss  through  the  silt 
blanket  was  made  using  D'Arcy's  law  as  follows: 

Q  -  kAl  -  kAh/t  (1) 

where:  Q  ■  Quantity  of  seepage  through  the  silt 
k  “  Permeability  coefficient  for  silt 
A  ■  Effective  area  of  silt  blanket  contributing  to 
seepage 

1  »  Hydraulic  gradient 
h  «  Head  drop  across  silt 
t  *  Silt  thickness 


analysis,  the  calculated  head  lose  deuonscrates  the 
potential  of  reservoir  siltatlon  for  reducing  piezoaetfic 
heads  in  the  pervious  foundation.  Whether,  in  fact,  the 
actual  head  reductiona  observed  are  due  primarily  to 
siltatlon,  to  an  imperfect  cut-off,  or  to  a  combination 
of  both  effects,  is  hot  certain.  Nevertheless,  it  ie 
considered  that  the  silt  deposition  to  date  has  been 
instrumental  in  stabilizing  seepage  losses  through  the 
foundation  alluvium  and  compensating  for  same  leakage 
through  the  concrete  cut-off  wall. 


P1K0METRIC  EUVAHOM  tm 
oJPIETCMETERS  BELOW  IMPERVIOUS  BLANKET 


b)  PIEZOMETERS  IN  DAM  CORE 


Fig.  12  Piezometric  profile  in  embankment  upstream  of 
cut-off 

TUNNEL  PERFORMANCE 


Assuming  as  a  first  approximation  that  the  seepage 
through  the  alluvium  and  thus  the  silt  layer  varies  as 
previously  estimated  from  8  to  13  cfs  or  about  10  cfs  on 
average,  the  area  of  reservoir  floor  effectively 
contributing  to  seepage  is,  say,  1000  ft  long  by  400  ft 
wide,  the  permeability  coefficient  for  the  clayey  silt  is 
about  5xlO”S  ft/min,  and  that  the  silt  layer  has  a 
uniform  thickness  of  1  ft,  the  calculated  head  loss  from 
Equation  1  Is  estimated  to  be  about  30  ft  when  the 
reservoir  Is  close  to  FSl.  Although  not  a  precise 


Periodic  inspections  of  the  tunnel  when  It  Is  unwatered 
for  routine  plant  maintenance  indicate  the  steel  lined 
section  is  in  good  condition.  On  the  other  hand  some 
cracking  of  the  concrete  lining  has  occurred  near  the 
foot  of  the  inclined  section  leading  down  from  the  head- 
gate.  Three  cracks,  located  in  the  10  o’clock,  noon  and 
2  o'clock  positions,  have  been  observed  extending 
downstream  for  a  distance  of  120  ft.  The  maximum  crack 
width  was  about  3/16  in.  Measurements  with  a  lead  scilbe 
installed  across  one  of  these  cracks  In  1986  indicate 
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choc  che  annual  variations  in  tunnel  pressure  (!7>J  to 
300  ft  head  change)  and  water  temperature  (range  32 *  to 
53*F)  are  sufficient  to  cause  the  crack  aperture  to  open 
and  close  by  about  1/8  In  froa  that  observed  when  tho 
tunnel  is  unvatercd,  giving  a  total  movement  or  l/o  In. 


PIEZOMETRIC  ELEV  (FT) 

Fig.  13  Hysteresis  effects  in  G37 

Discharge  from  the  tunnel  drainage  system  when  the  tunnel 
Is  pressurized  and  the  reservoir  Is  at  FSL  Is  approxi¬ 
mately  1800  Imperial  gallons  per  minute.  The  discharge 
reduces  the  zero  when  the  tunnel  16  drained  signifying 
minor  storage  in  the  surrounding  rock.  In  addition  there 
appears  to  be  no  hydraulic  connection  between  the  tunnel 
drainage  system  and  the  river  bed  alluvium  through  faults 
and  joints  In  the  abutment  rock.  When  the  tunnel  was 
unwatered  In  late  1972,  the  pressure  head  In  the  rock 
surrounding  the  tunnel  dropped  about  90  ft  to  Elev.  4095 
ft  as  recorded  in  nearby  piezometer  P10  (Figure  14) 
whereas  the  piezometric  heads  In  the  river  gravels 
remained  within  the  range  of  Elev.  4148  (P19)  to  Elev. 
4168  (P46). 


DAM  SAFETY  EVALUATION 

The  safety  evaluation  of  Bighorn  dam  was  carried  out  in 
1984  as  part  of  a  staged  evaluation  program  for  thirteen 
different  projects  comprising  the  hydroelectric 
generating  system  owned  and  operated  by  TransAlta 
Utilities  Corp.  (Wade  et  al,  1985).  The  evaluation  was 
conducted  In  accordance  with  the  Dam  and  Canal  Safety 
Guidelines  established  by  the  Government  of  Alberta 
(1979).  The  guidelines  designate,  for  new  and  existing 
dams,  design  floods  ranging  from  full  PMF  for  high  hazard 
structures  to  1  In  100  year  floods  for  small  storage 


ponds.  These  guidelines  are  similar  to  those  adopted  by 
other  regulatory  agencies  such  as  the  U.S.  Corps  of 
Engineers  (1979)  and  che  British  Institution  of  Civil 
Engineers  (i978).  Present  day  river  basin  use  and  the 
more  stringent  safety  requirements  have  resulted  in  a 
situation  where  many  existing  dams  and  spillways  no 
longer  exhibit  acceptable  factors  of  safety  when 
considering  the  PMF  design  requirements. 

The  safety  evaluation  procedures  used  at  Bighorn 
consisted  of  the  following  (Konenno,  1986): 

Review  Existing  Data  -  The  object  of  the  file  search  was 
to  obtain  the  original  information  on  construction 
materials,  geological  assessment  of  foundations,  design 
calculations  and  noces,  drawings  and  reports  chat  were 
developed  during  construction.  These  records  were  then 
reviewed  together  with  a  summary  of  the  maintenance 
history. 

Inspect  Site  -  Site  inspections  were  carried  out 
systematically  using  prepared  check  lists  with  emphasis 
on  problems  or  specific  areas  of  concern  as  established 
through  the  file  search  ana  discussion  with  owner’s 
staff.  Surveys  and  measurements  were  undertaken  to 
obtain  structural  dimensions  and  verify  Information  on 
the  construction  drawings. 


VltfQVtT.IC  CUV  IN  .'0  (M  } 

Fig.  14  Piezometric  heads  in  north  abutment 

Exploratory  Drilling  and  Monitoring  Installations  -  The 
terras  of  reference  established  by  the  Safety  Guidelines 
require  that  geotechnical  properties  and  condition  of 
embankment  and  foundation  be  verified  by  testing  and 
instrumentation  unless  sufficient  data  exist  to  support 
the  chosen  parameters.  Since  considerable  geotechnical 
Information  in  the  form  of  studies,  reports,  foundation 
investigations  and  construction  records  was  available  on 
file,  drilling  was  limited  to  one  hole  in  the  north  abut¬ 
ment  for  inclinometer  installation  and  recovery  of  rock 
cores  for  strength  testing.  The  objective  in  monitoring 
is  to  detect  both  gradual  and  rapid  change  of  condition 
so  that  appropriate  preventative  action  may  be  taken. 
Through  the  process  of  check  lists,  site  inspections  and 
evaluation  of  instrumentation  records,  long  terra  perfor¬ 
mance  was  assessed.  Leakage  flows  and  piezometric 
levels,  when  plotted  against  corresponding  reservoir 
levels,  gave  a  good  indication  of  the  health  of  the  dam. 
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Hydrology  and  Hydraulics  Studies  -  Analyses  ot  the  river 
basin  hydrology  included  a  review  of  the  reservoir  oper¬ 
ating  criteria  and  available  stream-flow  records.  Hazard 
potential  for  the  project  was  assessed  by  carrying  out 
routing  studies  for  various  floods  up  to  the  probable 
maximum  flood  (PMF)  and  by  evaluating  flood  action  plans. 

Hydraulic  studies  were  then  aade  in  conjunction  with 
flood  routing  analyses  to  determine  the  capacity  of  the 
existing  spillway  structures.  Using  the  spillway  dis¬ 
charge  rating  curve,  the  head-discnarge-load  relationship 
for  the  turbines  and  the  established  operating  pro¬ 
cedures,  it  was  found  that  the  reservoir  retaining  struc¬ 
tures  would  not  be  overtopped  during  the  PMF. 

Geotechnical  and  Structural  Analyses  -  Stability  analyses 
were  carried  out  on  each  major  structure  considering 
records  of  seepage  flows,  piezometric  and  uplift 
pressures,  geotechnical  strength  parameters  and  updated 
hydrologic  criteria.  Finally,  an  evaluation  was  made  of 
the  structural  Integrity  of  all  concrete  structures, 
including  spillway  gates,  hoists  and  stoplogs  to  ensure 
each  was  sounc  and  in  satisfactory  working  condition. 

Report  -  A  dam  safety  evaluation  report  was  ptepared  'or 
the  project  that  Itemized  the  deficiencies  found,  recop- 
mended  modifications  or  remedial  work,  revised  opera¬ 
tional  practices,  additional  monitoring  requirements  and 
the  frequency  of  future  Inspections.  To  ensure  continued 
safety  against  unexpected  failure  and  provide  an  early 
warning  of  deteriorating  conditions  in  the  future, 
critical  monitoring  procedures  were  outlined  and  "alarm" 
criteria  established  for  piezometer  levels  and  seepage 
flows. 

CONCLUSIONS 

As  a  result  of  the  annual  reviews  of  the  plezcoetric  and 
seepage  data  and  the  1984  dam  safety  evaluation,  it  was 
concluded  that  the  performance  of  the  main  dam  and  con¬ 
crete  cut-off-wall  is  satisfactory.  Because  of  the 
magnitude  of  the  seepage  flows,  however,  it  was 
recommended  that  readings  of  all  monitoring  installations 
be  continued  on  a  regular  basis,  that  routine  Inspections 
of  the  facility  be  carried  out  by  plant  operating  staff 
to  ensure  early  detection  of  potential  distress,  and  that 
a  thorough  Inspection  by  professional  engineers  exper¬ 
ienced  in  the  design,  construction  and  performance  of 
earthfill  and  concrete  dams  be  conducted  every  five 
years. 
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SYNOPSIS  :  A  short  term  slip  occured  while  excavati  no  the  foundation  trench  for  an  earth  dam  at 
Wraysburv  in  U.K.  The  slip  took  place  three  days  after  opening  of  the  excavation.  The  clay  present 
at  the  site  was  the  Blue  London  Clay.  The  qeometry  of  the  slip  surface  was  noted.  When  the  slip  was 
analysed  taking  conventionally  accepted  undrained  strength  of  38  mm  x  76  mm.  Triaxial  samples, 
the  factor  of  safety  worked  out  to  be  much  greater  than  one  showing  no  failure  condition. 

Different  factors  and  analyses  responsible  for  reducing  the  undrained  strength  for  factor 
of  safety  of  1.0  have  been  studied  in  this  paper.  It  is  found  that  the  major  role  has  been  played  by 
size  of  the  sample,  the  anisotropy  of  undrained  strength  and  the  assumptions  involved  in  stability 
analysis. 


INTRODUCTION 

When  a  saturated  non-fissured  clay  is  brought 
to  state  of  failure  under  condition  of  no  water 
content  change,  it  exhibits  an  angle  of  shear¬ 
ing  resistance  (with  respect  to  applied 
total  stresses)  equal  to  zero.  This  fact  forms 
the  basis  of  the  $  =  0  analysis  of  stability, 
when  the  most  critical  condition  occurs  immedi¬ 
ately  after  the  construction  before  the  clay 
has  had  the  apportunity  to  dissipate  pore 
water  pressure  or  to  change  its  water  content. 
Skempton  and  Sowa  (1963)  showed  that  the 
undrained  strength  of  saturated  clay  is  inde¬ 
pendent  of  the  changes  in  total  stresses 
acting  on  the  clay  provided  the  water  content 
remains  constant. 

An  earth  dam  was  to  be  constructed  in 
the  estuary  of  river  Thames  at  Wraysbury  which 
is  about  40  to  50  kms  from  London  in  U.K. 
When  foundation  trench  for  the  construction 

of  the  earthdam  was  excavated,  a  slip  occured 
in  the  trench  three  days  after  opening  of 
the  excavation.  The  geometry  of  the  slip 

surface  was  precisely  surveyed  and  noted. 
An  undisturbed  Block  sample  of  the  clay  was 
also  taken  from  the  site  with  the  actual 

slip  surface  at  about  mid  height  in  the  sample, 
alongwith  other  undisturbed  samples. 

A  large  number  of  undrained  shear  tests 
were  run  on  the  clay  both  in  the  field  and 

in  the  laboratory.  The  Blue  London  Clay  is 
typically  a  highly  over  consolidated  marine 
clay  deposited  before  about  4000  years.  It  is 
a  stiff  clay  which  has  microcracks  developed 
called,  the  fissures.  Fissures  act  as  stress 
concentrators  and  tend  to  reduce  the  undrained 
strength.  A  general  description  of  the  clay  and 
a  discussion  of  the  geological  history  are 
given  elsewhere  (Cooling  &  Skempton,  1942  & 
Glossop,  1948). 

EXCAVATIONS  AND  STRATA  DESCRIPTION 
Excavations  were  made  so  as  to  make  a  composite 


slope  with  side  slope  of  nearly  1:1  in  gravel 
and  1  horiz  :  2.2  Vert,  in  London  Clay  with  a 
berm  of  about  2.13  in.  As  shown  in  Fig.  1,  the 
upper  strata  is  6.06  m  thick  of  gravel 

(  y  =  2.083  Ton/m3).  Below  this  layer  of 

gravel  there  is  saturated  clay  (y  =  1.923  Ton/m3) 
of  sufficient  depth  to  check  the  stability  of 
the  slope.  The  maximum  depth  of  excavation  in 
clay  was  3.02  m. 

UNDRAINED  SLIP 

The  short  term  slip  occured  at  chainage  of 
3684.9  m.  The  slip  took  place  three  days 

after  opening  of  the  complete  excavation. 
The  approximate  shape  of  the  slip  has  been 
shown  in  Fig.  1.  The  undrained  strength  mobi¬ 
lised  along  the  slip  surface  was  found  by 

taking  unit  weights  of  gravel  and  clay  as 

2.083  t/m3  and  1.923  t/m3  respectively.  The 

undrained  strength  mobilised  in  clay  was 

2 

3.082  t/m  without  considering  the  strength  of 
gravel.  If  the  strength  of  gravel  is  considered, 
the  mobilised  strength  in  the  clay  would 
have  been  lower.  The  average  water  content  of 
the  mass  of  soil  along  slip  surface  in  clay 
was  29.3  percent. 

UNDRAINED  STRENGTH  OF  CLAY 

One  undisturbed  block  sample  of  clay  with 
the  slip  surface  at  mid  height  was  taken 

from  the  site.  Two  undisturbed  samples  of  size 
6  cm  x  6  cm  were  prepared  for  direct  shear 
box  test  with  the  slip  surface  at  about  mid 
height.  The  undrained  shear  tests  were  run  on 
these  samples  causing  shearing  along  the 
slip  surface  in  the  tests.  The  stress  displace¬ 
ment  curves  are  given  in  Fig.  2.  The  results 
of  the  tests  are  given  in  Table  1. 

As  can  be  seen  from  the  Table,  the  average 
water  content  of  the  samples  tested  in  the 
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STRESS ,  kg/em‘ 


TABLE  1 


Test 

No. 

Location 

W 

% 

Cu 

t/m2 

Cf 

(min) 

Displace¬ 

ment 

(at  failure) 
(cm) 

1 . 

Block  on 
slip 

30.9 

2.874 

3.5 

0.08 

2. 

Block  on 
slip 

31 . 1 

3.339 

4.0 

0.09 

Average 

31.0 

3.107 

0.085 

laboratory  was  1.7  percent  higher  than  that  in 
the  field.  This  must  be  due  to  the  fact  that 
block  sample  was  taken  about  3  to  10  days 
after  occurence  of  the  slip  and  there  is  a 
possibility  that  water  must  have  migrated  to 
the  slip  zone  after  failure. 

Shear  tests  were  also  run  on  undisturbed 
samples  of  clay  obtained  by  Block  sampling 
or  by  U.4.  tube  from  the  site.  A  few  600mm  x 
600mm  field  shear  box  tests  were  also  done  at 
site.  The  triaxial  shear  tests  were  done  on 
undisturbed  block  samples  both  on  bigger  sizes 
and  conventional  sizes  i.e.  300mm  x  600mm; 
150mm  x  300mm;  100mm  x  200mm  and  38mm  x  76mm. 

The  results  of  the  tests  on  different 
sized  samples  to-gether  with  the  strength 
mobilised  in  the  slip  are  all  summarised 
in  Table  2. 


the  laboratory  shear  box  samples  with  the 

shearing  along  the  field  slip  surface  was  8% 
higher  then  the  mobilised  strength. 

ORIENTATION  AND  ANISOTROPY 

In  all  $  =  0  analysis  for  short  term  loading, 
the  undrained  strength  of  the  day,  except 

for  the  effects  of  sampling  disturbance,  gener¬ 
ally  seems  to  have  been  considered  unique 

irrespective  of  the  type  of  test  (triaxial, 
vane  or  simple  shear  test)  used  to  measure 

it  and  irrespective  of  the  inclination  or 
orientation  of  the  slip  surface  implied  in 
the  problem. 

In  nature  most  soils  are  probably  some¬ 
what  anisotropic,  due  to  orientation  and 
or  sagrigation  of  particles  during  deposition 
and  due  to  orientation  arising  from  its  sub¬ 
sequent  stress  history.  Consequently  the 
shear  strength  of  some  soils  will  vary  with 
the  direction  of  the  failure  surface.  For 
instance  consider  a  siope  as  giving  in  Fig.  3. 
AB  is  the  potential  surface  of  rupture, 
along  which  the  failure  of  the  slope  is  incipi¬ 
ent.  As  can  be  seen  from  the  figure,  the 
orientation  of  the  failure  plane  (sliding 
surface)  is  different  at  every  point.  If 
the  angle  between  the  failure  plane  and  the 
plane  on  which  major  principal  stress  acted 
in  the  past  (the  horizontal  plane)  is  called 
1  a  ',  then  it  can  be  seen  from  the  figure  that  1  a  1  various 
from  about  56°  (assumed  for  London  Clay)  for 
a  vertical  sample  to  about  -  34°  for  a  hori¬ 
zontal  sample.  The  undrained  strength  may 


TABLE  2 


Test 

W 

% 

fcf 

mm 

Average  Cu 

t/m2 

Cu  Corr. 
w  =  28% 

t/m2 

Cu  Corr. 

w  =  28%  & 

tf=  4000  min 
r  , 

t/nT 

Ratio  w.r.t. 
Cu  on  slip 

Slip 

29.3 

4000 

3.082 

3.620 

3.620 

1 .00 

600mm  x  600mm 
Shear  Box 

28.1 

71 

4.907 

4.990 

4.500 

1.24 

300mm  x  600mm 
TXL  (Block) 

28.2 

63 

4.990 

5.185 

4.672 

1.29 

38mm  x  76mm 
Block  TXL 

28.1 

7 

11.878 

11.985 

10.322 

2.85 

38mm  x  76mm 
U.4.  Tube 

26.8 

8 

9.686 

8.267 

7.093 

1.96 

All  the  undrained  strength  were  corrected  to 
a  moisture  content  of  28  percent.  The  time 
for  slip  to  occur  was  taken  as  4000  minutes 
and  hence  the  undrained  strengths  were  further 
corrected  to  a  time  to  failure  of  4000  min. 
on  the  basis  of  La  Rochellis  work  (  1960).  As 
can  be  seen  from  Table  2,  the  average  undrained 
strengths  from  300mm  x  600mm  vertical  samples 
and  600mm  x  600mm  field  shear  box  tests  were 
1.29  and  1.24  times  the  strength  mobilised 
along  the  slip  surface.  The  38mm  x  76mm  samples 
from  blocks  and  U.4  tubes  measured  2.85  and 
1.96  times  the  mobilised  strength  which  shows 
that  the  conventional  factor  of  safety  of 
1.5  on  conventional  undrained  test  results 
is  rather  inadequate.  The  measured  strength  on 


be  different  at  different  points  due  to  rota¬ 
tion  of  principal  stresses  and  due  to  anisotro¬ 
pic  structure  and  subsequent  stress  history 
of  the  soil. 

The  influence  of  orientation  on  undrained 
strength  for  the  Blue  London  Clay  from  Wraybury 
was  studied  by  taking  the  triaxial  samples 
using  undrained  block  sampling.  The  samples 
tested  were  38mm  x  76mm  cut  from  block  sample 
their  axis  vertical,  horizontal  and  inclined 
at  45°  and  56°  to  vertical.  The  tests  were 
also  done  of  300mm  x  600mm  samples  with  their 
axis  vertical  and  inclined  at  45°  to  vertical. 


The  influence  of  orientation  on  undrained 
strength  is  studied  by  drawing  a  Polar  diagram 
of  strengths  in  terms  of  percentage  of  strength 
of  vertical  samples  as  shown  in  Fig.  4.  which 
is  given  by  the  relation, 

Cu  =Cu ( ve rt )  (1  -  a  Sjr2  e  )  -  b  Sin2  2  6  ) 

where  9  is  the  angle  with  the  vertical,  C. _ 

^  u( vert ; 

is  the  uodramed  strength  of  vertical  sample. 

The  values  of  parameters  'a'  and  'b'  were 

found  to  be  -0.07  and  +0.3  respectively. 

It  can  be  seen  from  Fig.  1  that  the 
most  of  the  field  slip  surface  m  the  clay  was 
nearly  horizontal.  This  means  that  the  most 
of  the  strength  mobilised  should  correspond 
to  the  strength  measured  on  samples  tested 
with  their  axis  at  45°  and  56°  to  the  vertical. 
The  undrained  strength  along  the  slip  surface 
before  failure  may  not  be  constant  along 
the  length  of  the  slip  surface  but  may  be 
dependent  upon  the  orientation  and  the  length 
of  the  rupture  surface  at  any  particular 
orientation. 

ANALYSIS  OF  WRAYSBURY  SLIP 

Considering  the  failure  surface  to  be  circular, 
many  possible  slip  circles  were  analysed  at 
different  tangent  levels.  The  maximum  mobilised 
shear  stress  is  3.278  t/nr  when  the  circle 
is  tangent  at  7.8  m  level  line.  Whereas  along 
the  actual  failure  surface  the  shear  stress 
is  3.082  t/m^.  This  shows  that  the  critical 

rupture  surface  obtained  dv  the  method  is 
different  from  the  actual  surface. 

The  actual  rupture  surface  is  analysed 
by  different  methods.  Janbu's  method  (1954) 
of  non-circular  analyses  gives  the  undrained 
strength  of  3.368  t/mf  whereas  Nonveiller's 
method  gives  3.261  t/m  Block  analysis  gives 
3.167  t/m  .  The  analysis  clearly  shows  that 
the  minimum  mobilised 2  undrained  strength 
in  the  clay  is  3.082  t/nr  without  considering 
the  strength  of  gravel.  If  the  strength  of 
gravel  is  considered,  the  mobilised  strength 
will  be  further  lowered. 

The  measured  undrained  strength  of  38mm  x  76mm 
Block  samples  of  day  is  2.85  tames  the  mobilised  strength 
i.e.  8.784  t/m.  The  Blue  London  Clay  is 
a  fissured  clay  and  therefore  38mm  x  76mm 
size  of  sample  may  not  include  the  represen¬ 
tative  soil  structure  and  matrix.  The  300mm  x 
600mm  size  Tnaxial  block  sample  gave  the 
undrained  strength  of  3.975  t/nr  showing  that 
there  is  significant  sample  size  effect.  How¬ 
ever  consideration  of  only  sample  size  effect 
does  not  reduce  the  value  of  undrained  strength 
to  strength  mobilised.  This  shows  that  effect 
of  orientation  and  anisotropy  of  undrained 
strength  is  also  there. 

Based  on  the  assumption  that  the  angle 
made  by  failure  plane  with  respect  to  horizon¬ 
tal  in  the  triaxial  sample  is  56°,  irrespective 
of  the  orientation  of  the  sample,  the  actual 
rupture  surface,  Fig.  1,  can  probably  be 
divided  into  three  sections  approximately  of 
length  of  about  10  to  15%  -  Section  I,  about 
75  to  85%  -  Section  II  and  about  0  to  5%  of 


total  length  of  slip  surface  as  Section  III.  ' 

As  can  be  seen  from  Fig.  1.,  the  vertical 
strength  may  be  taken  as  effective  for  Section  I 

I,  the  average  inclined  strength  along  Section  , 

II  and  the  horizontal  strength  along  Section  < 

III.  If  the  sections  I,  II  and  III  are  taken  as  , 

10%,  85%  and  5%  respectively,  the  average  ’ 

undrained  strength  mobilised  along  the  slip  j 

surface  can  be  worked  out,  using  Fig.  4, 
as  78.7%  of  that  of  vertical  samples  tested  i 

in  triaxial  machine,  due  to  effect  of  orienta¬ 
tion.  If  this  ratio  is  applied  to  the  undrained  1 

strength  of  300mm  x  600mm  vertical  samples,  \ 

the  ratio  of  measured  strength  to  that  mobili-  1 

sed  along  the  slip  surface  becomes  of  the  j 

order  of  1.015,  showing  only  1.5%  difference. 

This  clearly  shows  that  only  when  we  considar  ; 

the  influence  of  sample  size,  orientation 
and  anisotropy  on  undrained  strength  of  London  j 

Clay,  the  mobilised  strength  becomes  nearly 
equal  to  measured  strength  making  the  failure  i 

along  the  actual  rupture  surface  at  Wraysbary 
possible.  | 

CONCLUSION  j 

The  mobilised  strength  along  the  sliu  surface 
at  Wraysbury  was  found  to  be  3.082  t/nr  without 
taking  strength  of  gravel  into  consideration. 

If  the  effect  of  orientation  is  taken 
into  account,  the  average  undrained  strength  ' 

mobilised  along  slip  is  78.7%  of  that  of 
vertical  samples.  Considering  the  orientation 
effect,  the  ratio  of  undrained  strength  of 
38mm  x  76mm  vertical  samples  from  blocks 
with  respect  to  mobilised  strength  becomes 
2.24,  but  if  this  factor  is  applied  to  un¬ 
drained  strength  of  300mm  x  600mm.  Triaxial  ■ 

block  samples,  the  ratio  becomes  equal  to 
1.015.  It  can  be  concluded  that  Wraysbury  slip  i 

can  be  analysed  only  if  the  effects  of  sample 
size  and  the  anisotropy  of  undrained  strength, 
both  are  considered  to-gether. 
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SYNOPSIS:  Arena  Dam  is  located  in  north-central  Trinidad,  West  Indies.  The  dam  forms  a 
35,000-acre-foot  reservoir,  which  serves  as  the  main  raw  water  storage  facility  for  Trinidad.  The 
1.6-million-cubic-yard  earthfill  embankment  has  a  crest  elevation  80  feet  above  the  original 
strearobed.  The  upstream-sloping  core  is  composed  of  dispersive  clay.  The  shells  are  composed  of 
compacted  fine  sand  and  silty  fine  sand.  The  dam  is  founded  on  deep,  stiff,  fissured  clay  deposits 
interbedded  with  sand.  The  project  is  located  approximately  12  miles  from  the  El  Pilar  Fault,  a 
major  Caribbean  fault  with  seismic  activity  comparable  to  that  of  the  San  Andreas  Fault  in  the 
United  States.  Important  design  concerns  included  the  dispersive  clay  core,  residual  strength 
properties  of  the  foundation,  embankment  and  control  structure  settlement,  and  the  seismic 
environment.  This  paper  discusses  the  design  criteria  and  approach,  and  field  performance  data  from 
foundation  and  embankment  piezometers  and  survey  monuments  in  the  outlet  conduit. 


INTRODUCTION 

Arena  Dam  is  located  on  the  Arena  River  in 
north-central  Trinidad.  Figures  1  through  4 
show  the  location,  plan  view,  and  sections  of 
the  dam.  The  dam  forms  Arena  Reservoir,  which 
provides  35,000  acre-feet  of  storage  to  augment 
the  dry  season  flow  of  the  Caroni  River.  Water 
from  the  Arena  River  is  impounded  during  the 
wet  season  (January  through  June)  for  release 
during  the  dry  season  (July  through  December) . 
The  Arena  River  provides  about  40  percent  of 
the  water  needed  to  fill  the  reservoir;  the 
remainder  is  obtained  from  the  adjacent  Tumpuna 
River.  A  weir  located  downstream  of  the 
confluence  of  the  Arena  and  Tumpuna  Rivers 
backs  water  up  the  Arena  River  channel  to  the 
dam  toe.  During  the  wet  season,  a  pump  station 
at  the  base  of  the  dam  pumps  water  through  the 
outlet  works  and  into  the  reservoir.  During 
the  dry  season,  water  is  released  through  the 
outlet  works  and  flows  down  the  Arena  and 
Tumpuna  Rivers  to  the  Caroni  River,  from  which 
it  is  withdrawn  for  treatment.  This  system 
allows  year-round  production  of  75  million  U.S. 
gallons  per  day  of  treated  drinking  water, 
about  half  of  the  island's  supply.  The  dam  was 
designed  from  1973  to  1975  and  constructed  from 
1977  to  1983  for  the  Water  and  Sewerage  Author¬ 
ity  of  the  Government  of  Trinidad  and  Tobago. 

PHYSIOGRAPHY  AND  GEOLOGY 

The  main  physiographic  features  of  Trinidad  are 
three  mountain  ranges  and  two  intervening 
basins.  The  Northern  Range  mountains  are  the 
largest  mountains  on  the  island.  They  are 
oriented  east-west,  and  form  the  northernmost 
portion  of  the  land  mass.  The  Southern  Range 
lies  along  the  south  coast  of  the  island,  and 
is  also  oriented  east-west.  The  Central  Range 
forms  much  of  the  central  portion  of  the  land 
mass,  and  is  oriented  generally  west-southwest 
to  east-northeast.  The  Caroni  River  Basin  lies 
between  the  Northern  and  Central  Ranges,  and 
drains  to  the  west.  The  Arena  River  rises  in 
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the  Central  Range  near  the  center  of  the 
island,  and  flows  northerly  to  the  Caroni 
River. 

At  the  southern  toe  of  the  Northern  Range,  and 
12  miles  north  of  the  dam,  lies  the  El  Pilar 
Fault  Zone.  This  major  fault  is  the  contact 
between  the  South  American  tectonic  plate  from 
the  Caribbean  subplate.  The  fault  turns  north¬ 
ward  to  the  east  of  Trinidad.  To  the  west,  it 
extends  into  northern  Venezuela.  From  a 
seismicity  standpoint,  the  El  Pilar  fault 
system  is  a  major  fault  comparable  to  Cali¬ 
fornia's  San  Andreas  Fault.  Other  regional 
faults  are  present,  but  none  are  as  significant 
as  the  El  Pilar  Fault  due  to  both  its  energy 
release  potential  and  its  proximity  to  the  dam. 
A  number  of  small  faults  in  the  vicinity  of  the 
dam  are  believed  to  have  resulted  from  the  same 
forces  that  created  the  major  fault  systems. 
Few  earthquakes  have  occurred  in  Trinidad, 
based  on  over  300  years  of  historical  data; 
seismic  activity  is  centered  in  northern 
Venezuela,  55  to  95  miles  west  of  the  dam. 


Fig.  2 
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At  the  damsite,  a  flood  plain  approximately 
800  feet  wide  lies  at  an  elevation  of  approx¬ 
imately  73  feet  above  mean  sea  level.  This 
flood  plain  is  underlain  by  up  to  50  feet  of 
alluvium.  Prior  to  dam  construction,  the  Arena 
River  flowed  in  a  channel  approximately  20  feet 
deep  incised  m  the  Hood  plain.  The  reservoir 
area  consists  of  rolling  hills  with  relief 
generally  ranging  from  150  to  200  feet. 

The  reservoir  site  is  underlain  by  a  thick 
sequence  of  poorly  indurated  sandstones  and 
claystones,  and  by  alluvium.  The  claystones, 
known  geologically  as  the  Upper  Caparo  Clay, 
consist  of  highly  consolidated,  stiff,  fis¬ 
sured,  fat  clays.  Based  on  the  regional 


geology  and  data  from  nearby  oil  wells,  this 
clay  is  at  least  800  feet  thick  at  the  dam. 
Approximately  2,400  feet  of  overlying  material 
have  been  removed  from  the  site  by  geoicgic 
forces. 

SITE  CONDITIONS 

The  Upper  Caparo  Clay  contains  frequent  very- 
thin  sand  partings;  occasional  chin  layers  of 
sand  (up  to  2  feet  thick';  interlayered  sand, 
silt,  and  clay  beds  varying  from  a  few  inches 
to  a  few  feet  in  thickness;  and  some  varved 
sand/  clay  layers.  Typical  upper  Caparo  clay 
properties  are  given  m  Table  1.  The  recom¬ 
pression  index  was  determined  by  conducting 
conventional  consolidation  tests  with  repeated 
loading  and  unloading  at  the  stress  levels 
expected  to  occur  after  dam  construction.  The 
average  slope  of  the  unloading  and  reloading 
curves  was  used  as  the  recompression  i-sdex. 
The  plasticity  characteristics  of  the  clay  are 
shown  in  Figure  5.  The  grain  size  distribution 
is  shown  in  Figure  6. 

The  Upper  Caparo  Clay  is  typically  highly 
plastic.  Kaolinite  predominates,  followed  by 
illite  and  montmoriilonite.  Measured  clay 
mineral  percentages  {x-ray  diffraction  method) 
ranged  from  40  to  65  percent  for  kaolinite,  19 
to  34  percent  for  illite,  and  16  to  28  percent 
for  montmoriilonite. 

The  alluvium  consists  of  interbedded  soft  clays 
and  loose  sands  up  to  50  feet  thick.  Standard 
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UPPER  CAPARO  CLAY  RUSTICITY 

TABLE  1.  Typical  Engineering  Properties  of 

the  Upper  Caparo  Clay 


Parameter 

Typical  Values 

Dry  Unit  Weight,  pcf 

85-110 

Moisture  Content,  percent 

20-35 

Percent  Passing  #200  Sieve 

75-100 

In  Situ  Initial  Void  Ratio 

0.71-0.93 

Recompression  Index 

0.12 

Penetration  Test  results  in  the  alluvium  ranged 
from  4  to  41.  Most  values  were  20  or  less;  the 
higher  values  were  generally  associated  with 
clayey  sand  lenses  in  the  alluvium. 

To  the  north  of  the  damsite,  the  Mahaica  or 
Arcr.a  Band  is  exposed  This  is  a  fine  sand  to 
tine  silty  sand.  The  grain  size  range  is  shown 
in  Figure  6. 

DESIGN  PROPERTIES 

Design  properties  were  selected  based  on 
laboratory  testing.  The  material  properties 
chosen  tor  design  are  presented  in  Table  2. 

TABLE  2.  Adopted  Engineering  Design  Properties 


Material  Type 

Total 

Unit 

Weight 

(pcf) 

Effective 
Cohesion 
(psf)  . 

Effective 

Friction 

Angle 

(degrees) 

Remolded  Borrow 

120 

200 

19 

Upper  Caparo  Clay: 
Peak  strength 

120 

850 

13 

Residual  strength  120 

250 

7.5 

In-situ  Alluvium 

120 

0 

23 

Arena  Sand 

125 

0 

28 

MAJOR  DESIGN  CONCERNS 
Seismicity 

Because  of  the  project's  importance,  its 
location  upstream  ot  major  population  centers, 
and  its  proximity  to  the  El  Pilar  Fault  Zone,  a 
detailed  study  of  the  3ite's  seismicity  was 
undertaken  b^  seismic  consultants  from  the 
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University  of  the  West  Indies  (Tomblin  and 
Aspinall,  1973)  .  The  results  of  the  seismicity 
study  were  used  to  develop  three  design  earth¬ 
quakes  (Table  3) .  These  three  design  earth¬ 
quake  levels  were  developed  in  the  early 
1970‘s,  and  differ  from  current  practice. 


TABLE  3 . 

Design  Earthquake 

Accelerations 

Acceleration 

Hypocentral 

Distance 

Maximum 

Horizontal 

Event 

(mi) 

<%  of  q) 

MPE 

94 

18 

MRE 

56 

60 

MCE 

12 

160 

The  Maximum  Probable  Earthquake  (MPE)  was  the 
greatest  earthquake  that  was  leasonably 
expected  to  occur  during  the  project  life. 
During  the  MPE,  only  minor  damage  would  be 
tolerated,  and  all  structures  were  designed  to 
remain  functional.  Damages  such  as  small 
cracks  in  concrete  or  minor  surface  slumps  were 
considered  to  be  acceptable. 

The  Maximum  Credible  Earthquake  (MCE)  was  the 
greatest  earthquake  that  could  possibly  be 
expected  to  occur  if  the  greatest  conceivable 
rupture  were  to  occur  at  the  closest  possible 
location  and  at  the  shallowest  possible  depth, 
releasing  the  maximum  conceivable  amount  of 
energy.  This  resulted  in  theoretical  ground 
accelerations  at  the  damsite  that  were  so  large 
that  it  was  judged  impractical  to  attempt  to 
design  a  dam  that  could  survive  such  an  event. 

Historic  earthquakes  haa  occurred  55  or  more 
miles  west  of  the  damsite.  Consequently,  a 
third  event,  the  Maximum  Reasonable  Earthquake 
(MRE)  was  defined  as  the  earthquake  that  could 
be  expected  to  occur  if  the  greatest  conceiv¬ 
able  rupture  were  to  occur  55  miles  west  of  the 
site.  The  design  goal  for  the  MRE  was  to  retain 
the  reservoir,  with  the  understanding  that 
damage  could  occur  at  ancillary  facilities  such 
as  the  pump  station  or  spillway. 

Settlement 


Foundation  settlement  calculations  were  made 
based  on  Terzaghi  theory,  except  that  the 
recompression  index  was  used  in  place  of  the 
compression  index.  Stresses  were  assumed  to  be 
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distributed  elastically  in  the  foundation  in 
accordance  with  the  boussinecq  equations.  The 
predicted  total  settlement  was  6  to  8  feet  at 
the  centerline  of  the  dam  at  its  maximum 
section.  This  estimated  settlement  was  reduced 
by  a  factor  of  two  based  on  the  observation  of 
Terzaghi  and  Peck  (1967)  that  Terzaghi  consol¬ 
idation  theory  overestimates  settlement  of 
highly  preconsolidated  soils  by  a  factor  of 
2  to  5  or  more.  The  resulting  predicted 
consolidation  settlement  was  3  to  4  feet. 
Drainage  conditions  were  complex  beneath  the 
dam,  ranging  from  thin  laminations  of  sand  to 
widely  spaced  sand  beds.  It  wa^  estimated  that 
approximately  one-half  of  the  consolidation 
settlement  would  occur  during  the  dam  con¬ 
struction  period.  Postconstruction  foundation 
consolidation  was  thus  estimated  to  be  1.5  to 
2  feet.  The  embankment  itself  was  expected  to 
undergo  0.3  to  0.4  foot  of  postconstruction 
settlement  based  on  the  data  collected  by  the 
U.S.  Bureau  of  Reclamation  and  reported  in 
Sherard  et  al.  (1963).  Thus,  crest  settlement 
of  approximately  2  to  2.5  feet  was  anticipated 
after  construction. 

The  same  method  was  used  at  the  outlet  conduit. 
Settlement  during  embankment  construction  was 
included  since  the  outlet  conduit  was  con¬ 
structed  prior  to  the  embankment.  The  maximum 
estimated  settlement  of  the  outlet  conduit  was 
approximately  3.5  feet  at  the  dam  centerline. 

Base  Spreading 

Dam  settlement  was  expected  to  cause  spreading 
of  the  dam  base,  as  described  by  Rutledge  and 
Gould  (1973)  .  The  principal  concern  was  the 
outlet  conduit.  The  maximum  predicted  exten¬ 
sion  was  approximately  1/2  inch  per  20  feet  at 
the  dam  centerline.  Predicted  extensions 
decreased  toward  the  dam  toes.  The  outlet 
conduit  had  to  be  designed  to  tolerate  this 
extension  as  well  as  the  predicted  settlement. 

Dispersive  Clay 

During  the  dam  design,  dispersive  clays  were 
becoming  widely  recognized  as  a  potential 
problem  in  dam  design  and  construction  (Sherard 
et  al.,  1972).  Several  of  the  preliminary 
identification  tests  (crumb  test,  SCS  labor¬ 
atory  dispersion  test,  cation  exchange  capac¬ 
ity)  were  performed  on  samples  of  soil  from  the 
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dam  area.  When  these  tests  suggested  that 
dispersive  clay  could  be  present,  a  more 
definitive  test  (the  pinhole  test,  as  later 
described  by  Sherard  et  al.,  1976)  was  per¬ 
formed  on  a  variety  of  samples.  The  pinhole 
test  results  showed  that  most  of  the  soils  in 
the  dam  and  reservoir  area  were  dispersive. 
Thus,  the  design  was  required  to  provide 
defense  against  piping  erosion  of  the  dam  and 
foundation  materials. 

Stiff,  Fissured  Clay  Foundation 

Laboratory  testing  of  undisturbed  and  remolded 
specimens  of  the  Upper  Caparo  Clay  exhibited 
high  peak  strength  at  low  strain  followed  by  a 
rapid  strength  reduction  until  a  constant  value 
was  reached.  This  suggested  that  residual 
strength  analysis  similar  to  that  used  in 
considering  progressive  failure  (Bjerrum,  1967) 
should  be  used.  Residual  strengths  were  deter¬ 
mined  by  slow  direct  shear  tests  and  confirmed 
by  a  review  of  natural  slopes. 

Laboratory  residual  strength  values  were  deter¬ 
mined  by  conducting  direct  shear  tests  on 
2.5-inch-diameter  specimens  with  precut  shear 
surfaces  at  approximately  0.0001  in/iam.  The 
results,  shown  in  Table  2,  were  used  for  the 
stability  analysis. 

For  the  natural  slope  review,  66  slopes  near 
the  damsite  were  measured  with  tape  and  hand 
level.  An  additional  19  slopes  were  measured 
on  topographic  maps.  The  data  were  plotted  as 
shown  in  Figure  7 .  A  bounding  curve  was  then 
drawn,  representing  the  maximum  observed  slope 
for  any  given  height.  By  assuming  that  the 
safety  factor  of  these  slopes  was  approximately 
one  during  saturated  conditions,  effective 
cohesion  and  friction  angle  values  could  be 
calculated  using  stability  charts  (Taylor, 
1948) .  An  effective  cohesion  of  200  pounds  per 
square  foot  and  an  effective  friction  angle  of 
7.5  degrees  produced  a  bounding  curve  that 
enveloped  all  but  one  of  the  observed  points 
with  a  smooth  curve,  as  shown. 

DESIGN  APPROACH 

The  above  concerns  required  that  special 
details  be  incorporated  into  the  design  of  the 
dam  and  outlet  conduit. 

Stability  Analysis 

Because  of  the  potential  for  progressive 
failure  of  the  foundation,  slope  stability 
analysis  for  long-term  conditions  considered 
both  peak  and  residual  foundation  strengths. 
The  stability  design  criteria  involved  a 
long-term  safety  factor  of  not  less  than  1.5 
using  peak  strengths,  and  not  less  than  1.1 
using  residual  strengths.  The  calculated 
safety  factor  for  the  residual  foundation 
strength  case  was  1.1,  which  controlled  the 
design.  The  calculated  safety  factor  was  2.0 
using  peak  foundation  strenths  parameters. 

Dam  Section 

The  dam  section  is  shown  in  Figure  3 .  An 
upstream-sloping  core  was  chosen  to  provide  a 
large  drained  downstream  shell  for  improved 
stability  under  earthquake  conditions.  The 
core  was  constructed  of  dispersive  clay 
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obtained  from  the  reservoir  area.  The  clay  was 
compacted  to  not  less  than  95  percent  of 
Standard  Proctor  density  at  a  moisture  content 
between  1  percentage  point  dry  and  5  percentage 
points  wet  of  optimum.  This  was  provided  a 
flexible,  low  permeability  core.  With  the 
large  settlements  expected  and  the  possibility 
of  distortion  due  to  earthquakes,  the  core  was 
made  more  flexible  and  the  dam  crest  was  made 
wider  and  higher  than  it  would  have  otherwise 
been. 

The  dam  shells  were  constructed  of  fine  Arena 
Sand.  The  specifications  required  a  minimum  of 
six  complete  coverages  of  each  6-inch-thick 
sand  lift  with  a  vibratory  s'neepsfoot  roller 
having  a  dynamic  energy  of  at  least 
25,000  pounds.  The  sand  moisture  content  was 
not  permitted  to  exceed  3  percentage  points  wet 
of  Standard  Proctor  optimum.  If,  after  six 
passes  of  the  vibratory  roller,  a  density  less 
than  98  percent  of  Standard  Proctor  Density  was 
obtained  in  any  area,  additional  passes  of  the 
specified  roller  were  paid  for  on  an  hourly 
basis.  Densities  generally  exceeded  98  percent 
of  Standard  Proctor  density  with  six  passes. 

A  20-foot-wide  zone  immediately  downstream  of 
the  core  was  constructed  of  sand  selected  to 
provide  sand  with  not  more  than  8  percent,  by 
weight,  passing  the  No.  200  sieve,  washed 
basis.  This  zone  serves  as  a  downstream  filter 
for  the  dispersive  clay  core  and  as  a  drain. 
Laboratory  filter  tests  in  both  the  pinhole 
apparatus  and  in  4-inch-diamerer  molds  were 
used  to  confirm  that  the  sand  would  filter  the 
clay,  even  when  preformed  holes  were  made  in 
the  clay. 
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coarse  enough  to  prevent  piping  into  the 
predicted  joint  openings  and  other  cracks  that 
may  develop.  The  gravel  also  provides  drainage 
for  the  downstream  shell  near  the  conduit. 

The  4 8 -inch-diameter  steel  pressure  pipeline 
was  constructed  in  40-foot  lengths  with 
thrust-restrained  flexible  couplings.  The  pipe 
joints  were  located  at  the  conduit  joints  so 
the  conduit  and  the  pipe  could  move  together. 

At  the  core  penetration,  the  clay  core  material 
within  5  feet  of  the  outlet  conduit  in  all 
directions  was  treated  with  hydrated  lime 
[Ca(OH)2].  Pinhole  tests  conducted  on  soil 
samples  treated  with  lime  showed  that  an 
application  rate  of  3  percent  by  dry  weight  of 
soil  rendered  the  soil  nondispersive.  This 
reduced  the  potential  for  piping  of  the  clay 
core  into  cracks  or  joints  in  the  conduit. 


The  upstream  shell  sand  provides  a  supply  of 
cohesionless  material  to  flow  into  cracks  that 
may  develop  in  the  core  due  to  settlement, 
earthquake,  or  other  causes. 

Outlet  Conduit 

The  outlet  conduit  (Figures  4  and  8)  was 
designed  as  a  reinforced  concrete  cut-and-cover 
dry  tunnel  with  a  48-inch-diameter  steel 
pressure  pipe.  This  design  was  chosen  to 
accommodate  movement  of  the  pressure  pipe  and 
to  permit  access  for  inspection  and  mainte¬ 
nance  of  the  conduit. 

The  outlet  conduit  was  constructed  in  20- 
foot-long  segments.  Construction  joints  were 
provided  on  20-foot  centers  so  that  the  conduit 
would  elongate  in  a  controlled  manner.  Because 
of  the  area's  seismicity  and  the  expected  dam 
base  spreading,  the  longitudinal  reinforcement 
was  extended  through  the  construction  joints  to 
provide  continuous  conduit  reinforcement.  A 
3-foot-long  plastic  pipe  sleeve  was  provided 
for  each  bar  crossing  each  construction  joint 
so  that  extension  of  the  conduit  would  result 
in  opening  of  the  joints  rather  than  cracking 
of  the  conduit  segments.  To  provide  for  this 
extension,  high-ductility  steel  was  used  for 
longitudinal  reinforcing. 

Each  conduit  construction  joint  was  provided 
with  a  center-bulb  waterstop  to  allow  extension 
without  leakage.  The  conduit  was  surrounded 
with  a  2-foot-thick  zone  of  2-inch-minus, 
well-graded,  sandy  gravel  (Figure  6) .  This 
gravel  acts  as  a  filter  for  the  sand,  and  is 


Control  Tower 

The  control  tower  was  located  in  the  upstream 
shell  of  the  embankment  (Figure  4)  to  improve 
the  tower's  seismic  performance  by  reducing  the 
height  of  the  free-standing  portion  of  the 
tower . 

Because  of  the  tower's  location  within  the 
embankment,  considerable  settlement  was  antic¬ 
ipated.  The  estimated  total  settlement  at  the 
tower  location  was  2.5  to  3  feet.  For  this 
reason,  the  uppermost  lift  of  the  tower  con¬ 
crete  was  not  placed  until  the  dam  was  topped 
out  in  the  area  of  the  tower.  This  reduced  the 
estimated  postconstruction  settlement  of  the 
tower  top  by  eliminating  the  effects  of  elastic 
settlement  and  a  portion  of  the  consolidation 
settlement. 

A  small  amount  of  tower  tilting  was  also 
expected  during  and  after  construction  because 
of  the  settlement  and  spreading  of  the  dam. 
This  tilting,  together  with  movement  during 
earthquakes,  was  expected  to  cause  several 
inches  of  relative  motion  between  the  tower  and 
the  dam  crest.  To  maintain  access  to  the 
tower ,  the  bridge  was  connected  to  the  tower 
with  a  structural  hinge,  and  was  supported  on 
the  dam  with  a  special  bridge  bearing  that 
allows  the  bridge  to  move  up  to  18  inches 
toward  or  away  from  the  dam  crest. 

EMBANKMENT  PERFORMANCE 

The  embankment  performance  was  satisfactory  and 
similar  to  the  design  assumptions.  Figure  9 
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shows  the  results  of  pore  pressure  monitoring 
at  four  instruments  and  the  rate  of  embankment 
construction  at  the  instruments.  The  instru¬ 
ment  locations  are  shown  in  Figure  2. 

The  data  shown  are  typical  of  12  piezometers 
and  6  foundation  settlement  plates/ standpipes. 
Only  one  piezometer  showed  unusual  behavior: 
W23B.  This  piezometer  was  installed  by  dril¬ 
ling  approximately  50  feet  into  the  foundation 
from  the  bottom  of  the  core  trench  prior  to 
embankment  construction.  The  riser  was  then 
protected  and  extended  throughout  embankment 
construction.  At  this  piezometer,  pore  pres¬ 
sures  rose  as  the  dam  was  constructed.  Even¬ 
tually,  the  water  level  was  above  the  dam 
crest.  The  riser  pipe  was  extended  above  the 
crest,  but  overflow  continued.  Excess  foun¬ 
dation  pore  pressure  had  been  anticipated 
during  design,  but  the  dam  stability  in  this 
area  was  reanalyzed  during  construction  based 
on  the  results  from  piezometer  W23B  using  a 
variety  of  conservative  pore  pressure  assump¬ 
tions.  Safety  factors  remained  acceptable,  so 
construction  was  not  slowed  or  stopped,  and  the 
design  was  not  modified. 

OUTLET  CONDUIT  PERFORMANCE 

To  monitor  movement  of  the  outlet  conduit, 
monuments  were  installed  inside  the  conduit  and 
regularly  surveyed.  Figure  10  presents  the 
settlement  data  for  the  outlet  conduit. 
Despite  the  settlement,  the  outlet  conduit 
continues  to  have  positive  drainage.  The 
settlement  at  the  dam  centerline  through 
December  1983  was  approximately  1  foot,  com¬ 
pared  to  the  estimate  of  3.5  feet. 

CONCLUSIONS 
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3.  Residual  strength  analysis  resulted  in  a 
design  that  has  performed  successfully  to 
date  and  allowed  construction  on  a  diff¬ 
icult  site. 
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SYNOPSIS  ;  In  the  normal  rock,  conditions,  conventional  type  surface  power  houses  have  been  built, 
whereas  in  structurally  sound  rock  with  sufficient  rock  cover,  underground  power  houses  have  been 
attempted  m  India.  The  geological  uncertainities  plays  major  role  in  deciding  the  type  of  power 
house  at  a  particular  site.  While  in  the  surface  type  conventional  power  house  huge  excavation  and 
concreting  are  involved,  the  access  to  the  power  house  involves  major  work  in  the  case  of  under¬ 
ground  power  house.  There  are  very  little  examples  when  semi  underground  type  of  power  houses  have 
been  attempted  in  India.  The  Mahi  power  house-II  of  Rajasthan  is  the  sole  attempt  of  shaft  type  of 
power  house  after  the  succesful  completion  of  small  Giri  power  house  in  Himachal  Pradesh.  This  paper 
presents  the  case  study  of  this  shaft  type  semi  underground  power  house.  Important  features  about 
its  layout,  design  and  construction  have  been  discussed  here. 


INTRODUCTION 

Mahi  Bajaj  Sagar  Project  is  a  multi  purpose 
river  project  providing  irrigation  facilities 
besides  generation  of  power  at  two  power  houses. 
The  power  house-1  is  located  at  about  8  Km 
upstream  of  Mahi  dam.  The  water  released  from 
this  power  nouse  is  discharged  through  balancing 
reservoir  Ho.l  and  thereafter  through  the  canal 
and  hydel  channel  to  balancing  reservoir  No. 2 
which  is  the  forebay  of  power  house-II.  The 
power  house-II  is  having  installed  capacity  of 
3x45  MW.  This  power  house  was  initially  planned 
as  a  conventional  type  of  surface  power  house 
involving  nearly  3.75  lacs  cum  of  excavation  in 
58  M  deep  open  pit  and  44,000  cum  concreting. 

The  huge  quantities  of  excavation  and  concrete 
and  availability  of  reasonably  good  rock  strata 
made  to  re-think  about  the  whole  planning  of 
this  power  house.  By  that  time  nearly  90,000 
cum  of  rock  excavation  had  been  completed  as 
per  original  layout.  After  examining  all 
aspects  about  the  geology  and  the  type  of 
treatment  required,  the  power  house  layout  was 
modified  and  the  idea  of  shaft  type  power  house 
was  conceived. 


GEOLOGICAL  FEATURES 

The  country  rocks  in  the  area  are  phyllities 
intercalated  with  amphibolites  quartzite  or 
quartzite  bands  of  Aravali  super  group,  later 
being  in  much  lesser  quantity.  The  foliation 
strikes  from  N  30°W  -  S  30°E  to  N  20°E-S20°  W 
with  20°  -  40°  dips  on  either  side.  The  values 
of  'c'  and  obtained  were  22.5  Kg/sq.cm, 
and  66°  respectively. 


LAYOUT  FEATURES 

Since  the  excavation  work  as  per  the  conven- 
ventional  type  surface  power  house  layout  had 
already  been  taken  up  upto  certain  elevation, 
the  revised  layout  was  proposed  on  the  follow¬ 


ing  lines. 

(a)  The  power  house  has  been  excavated  as  an 
open  pit  upto  the  erection  bay  level  i.e.  El- 
147. 5m.  (NSL  being  176.0m).  The  auxilliary 
space  requirements  have  also  been  accommodated 
in  the  open  pit  excavation. 

(b)  The  generating  units  have  been  placed  in 
individual  circular/vertical  shafts  of  16.3  m 
dia  and  30.5  m  depth.  Rock  ledge  between  unit 
1&2  is  only  6.0  m  whereas  between  unit  2&3  it 

is  10.25  m  as  the  unit  3  was  taken  up  at  a  later 
stage  when  shafts  for  unit  1&2  had  been  excava¬ 
ted  &  protected  by  rock  bolts  &  shotcrete. 

(c)  For  the  access  to  the  various  parts  of 
generating  units,  the  inter  connecting  tunnels 
have  been  provided  at  3  levels  at  generator 
floor  at  El-139.80  m,  turbine  floor  at  El-136.15 
m  and  draft  tube  inspection  gallery  level  at 
El-126.10  m. 

(d)  Separate  tunnels  for  penstock  and  draft 
tube  have  been  provided  with  each  shaft  for 
entry  and  discharge  of  the  water.  For  control/ 
regulation  of  the  downstream  water  levels,  the 
draft  tube  gate  shafts  have  been  excavated  in 
oblong  shape. 

(e)  The  approach  to  the  power  house  is  avail¬ 
able  only  upto  El-166.0  m  and  therefore,  un¬ 
loading  bay  has  been  provided  at  this  level. 
Provision  of  lift  alongwith  staircase  has  been 
kept  for  access  to  the  auxilliary  floors, 
erection  floor  and  generator  floor. 

(f)  Various  pipes,  cables  etc.  from  the  gene¬ 
rator  level  have  been  taken  to  the  auxilliary 
floors  through  the  nitches  excavated  in  the 
shafts  to  house  their  requirements. 

(g)  The  excavation  to  the  downsteam  of  unit 
bays  had  been  restricted  to  the  level  it  was 


carried  out  till  revision  in  the  layout  was 
made  to  save  the  height  of  protection  wall. The 
protection  wall  of  nearly  14  m  height  has  been 
provided  to  protect  the  power  house  from  the 
floods  of  river  Anas  flowing  downstream  of  the 
power  house. 

DESIGN  FEATURES 

The  shafts  had  been  excavated  after  going  for 
an  open  excavation  upto  the  El-147.5  m  on  up¬ 
stream  side  and  upto  El-157.0  m  on  downstream 
side,  in  open  excavation  stable  slope  of  1/4:1 
had  been  adopted  from  top  upto  E1-1S7.0  m  and 
of  1/8:1  below  El-157.0  m.  The  greatest  risk 
involved  in  underground  construction  projects 
is  the  uncertainity  in  predicting  ground  con¬ 
ditions  and  assessing  rock  behaviour  at  the 
site.  For  stability  of  vertical  rock  surfaces 
in  the  shafts,  surface  treatment  consisting  of 
rock  bolts  and  shotcreting  have  been  adopted. 
Adequate  drainage  arrangements  to  drain  rocks 
around  the  shafts  have  been  made.  Further, 


R.C.C.  lining  has  also  been  provided  to  help 
in  resisting  the  hydro-static  pressure  from  the 
rock. 

Rock  Bolting 

Tensioned  rock  bolts  with  the  slot  and  wedge 
type  anchorage  have  been  used  as  rock  reinfor¬ 
cement  to  prevent  the  deformation  or  dilation 
of  the  rock, to  mobilise  the  rock's  natural 
competency  to  support  itself  with  its  inherent 
strength  and  to  provide  resistance  to  inward 
movement  of  rock.  Rock  bolts  of  4  m  length  made 
from  25  mm  dia  for  steel  bars  were  installed  in 
a  regular  pattern  at  a  spacing  of  1.75  m  c/c. 
For  a  rock  bolt  adequate  anchorage  is  very 
important.  The  effectiveness  of  the  rock  bolts 
was  ensured  through  pull  out  tests.  Fig. 2  gives 
results  of  some  of  the  such  pull  out  tests.  The 
rock  bolts  were  further  grouted  pneumatically 
under  a  pressure  of  3.5  kg/sq.cm,  with  neat 
cement  paste  to  get  full  length  bonding  with 
the  rock  surface  and  to  avoid  the  loss  of 
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To  make  the  supporting  system  more  effective ,75 
mm  thick  shotcrete  in  3  layers  of  25  mm  each 
reinforced  with  10  gauge  G. I. wire  50x50  mesh 
chain  link  fabric  was  applied  on  rock  faces 
after  rock  bolting  in  shafts.  The  chain  link 
fabric  was  fixed  on  the  rock  surface  with  the 
help  of  anchor  bolts.  Shotcrete  mix  was  desig¬ 
ned  satisfying  requirements  such  as  shootabili- 
ty,  self  supporting  without  segging  or  sloughing 
early  strength,  durability,  minimum  rebound, 
economical  etc. 

Shotcrete  was  applied  with  dry  mix  technique  at 
a  pressure  of  3.5  kg/sq.cm.  Natural  river 
gravel  in  maximum  size  12.5  mm  were  used  as 
coarse  aggregates.  The  mix  of  the  shotcrete 
finally  selected  was  as  below. 


o  Vo  jo  3e  3° 
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Fig. 2  Rock  bolt  pull  out  test  results 

anchorage  at  a  later  stage.  Ungrouted  rock 
bolts  were  capable  of  taking  5  M.T.  tensile 
load  without  any  appreciable  displacement. 


Ingradients 


Cement 

Gravel 

Sand 


Batch 

weight. 

525  Kg. 
697  Kg. 
1045  Kg. 

2267  Kg. 


Percentage  of 
total 

batch  weight. 


100.00 


The  shotcrete  with  the  above  mix  gave  compre¬ 
ssive  strer.gtn  of  above  250  Kg/sq.cm.  2% 
sodium  carbonate  m  dry  powder  form  by  weight 
of  cemer.t  was  used  as  set  accelerator  admixture 
for  locations  where  rapid  gam  m  early  stren¬ 
gth  was  required.  Kitn  this  mix,  maximum  re¬ 
bound  noticed  was  30%. 

Drainage  Arrangement. 

In  order  to  release  the  pore  pressure  inside 
the  rocks,  drainage  arrangements  have  been  pro¬ 
vided  by  inserting  4  m  long,  75  mm  dia.  perfo¬ 
rated  pipes  at  a  staggared  spacing  of  3  m  c/c 
in  the  rocks.  These  perforated  pipes  allows 
seepage  water  from  mside  the  rock  to  percolate 
into  the  drainage  pit  through  a  system  of  1  ->n- 
zontal  and  vertical  pipes.  Apart  from  canalis¬ 
ing  the  seepage  water,  arrangements  have  been 
made  to  divert  surface  water  also.  A  drainage 
sump  at  the  bottom  most  auxilliary  floor  at  El- 
147.0  m  has  been  provided  to  collect  seepage 
water  from  the  rock  mass  above  shaft  level 
through  perforated  pipes  and  porous  drains. This 
seepage  water  collected  into  the  sump  is  then 
pumped  into  the  downstream  river. 

Structural  Lining  in  the  Shaft. 

R.C.C.  Lining  400  mm  thick  duly  anchored  to  the 
rock  surface  has  been  provided  in  the  shaft  to 
resist  the  hydro-static  pressure  from  the  rock. 
Although  arrangements  for  percolation  of  water 
have  been  made  to  reduce  the  hydro  static  pre¬ 
ssure  on  the  lining  but  due  consideration  has 
been  given  in  the  design  of  lining  for  this  too. 
Residual  in  site  pressure  have  also  been 
accounted  as  function  of  overburden  pressure. 
R.C.C.  raft  has  been  provided  to  transfer  the 
load  from  crane  columns  to  the  rock  masses. 

This  arrangement  has  not  only  cut  down  the 
excavation  further  for  the  column  foundations 
but  also  avoided  any  damage  to  the  shafts  due 
to  concentration  of  stress  as  the  columns  are 
very  close  to  the  periphery  of  the  shafts. 

CONSTRUCTION  FEATURES 

Tne  main  features  of  construction  are  rock 
excavation,  rock  bolting,  shotcreting,  concret¬ 
ing  and  equipment  erection  work.  Time  leg  in 
different  operations  such  as  excavation,  rock 
bolting,  shotcreting  etc.  is  a  very  important 
parameter  which  largely  depend  upon  quality  of 
rock  and  site  conditions.  This  time  leg  should 
be  kept  at  minimum  so  that  strains  of  inelastic 
nature  are  arrested  early  following  excavation. 

Excavation 

Excavation  for  shaft  has  been  carried  out  by 
controlled  blasting  and  pre-splitting  technique 
to  safeguared  against  the  damage  to  rock  face 
and  to  keep  the  overbreak  to  the  minimum.  Rock 
ledge  between  shaft  No.  1&2  is  only  6m.  and  all 
precautions  were  taken  to  prevent  any  damage  or 
cverbreak  in  this  rock  ledge.  Certain  overbreaks 
were  observed  along  the  periphery  at  top  in  the 
initial  stage  for  which  special  treatment  had 
to  be  carried  out  as  the  column  edges  were 
falling  on  some  overbreak  portions. 

Rock  Bolting. 

The  strength  of  a  rock  bolt  is  determined  by  • 


its  anchorage  and  adequate  anchorage  is  very 
critical  to  the  proper  performance  of  the  rock 
bolt.  In  a  slot  and  wedge  type  rock  bolt  ancho¬ 
rage  is  obtained  by  inserting  the  wedge  into 
the  slotted  end  of  the  bolt  and  expanding  the 
slot  by  driving  the  wedge  against  the  end  of 
the  drill  hole.  Hence  strict  control  over  the 
length  of  drill  hole  has  to  be  exercised. 

Further  hammering  cap  was  used  to  prevent 
damage  to  the  threads  of  the  bolt  on  hammering. 
Full  expansion  of  slot  by  maximum  insertion  of 
wedge  into  it  is  to  be  ensure  required  tension 
of  5.0  M.T.  in  the  rock  bolt. 

Although  rock  bolts  were  installed  in  regular 
pattern,  additional  bolts  m  localised  areas  of 
instability  and  weakness  were  also  provided  as 
spot  reinforcement.  All  rock  bolts  were  grouted 
under  pressure  of  3.5  kg/sq.cm.  with  neat  cement 
slurry  through  a  small  key  hole  slot  left  m 
the  bearing  plate.  The  drill  hole  was  40  mm 
and  the  rock  bolt  was  of  25  mm  dia  deformed  bars 
therefore  not  much  space  was  there  between  the 
hole  ana  the  rock  bolt  and  so  great  care  was 
required  to  ensure  complete  packing  of  the 
cavity. 

Shotcreting 


Dry  process  shotcrete  was  adopted  for  the  shafts 
and  tunnels  applied  in  3  layers  of  25mm  each 


Fig.  4  Photo  showing  shafts 
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with  chain  link  fabric  as  reinforcement.  Highly 
experienced  operator  and  nozzleman  are  required 
for  good  quality  shotcrete  work.  Nozzleman  alone 
controls  mam  factors  effecting  quality  of  shot¬ 
crete  work  such  as  water -cement  ratio,  distance 
between  nozzle  and  the  surface,  angle  of  the 
nozzle,  stream  &  motion  of  the  shotcrete  etc. 
Uniform  air  and  water  pressure  was  ensured  to 
prevent  uneven  flow  of  dry  mix  and  to  minimise 
pulsations  in  the  delivery  hose.  Constant  vigil 
over  the  pressure  gauges  was  kept  for  controll¬ 
ing  the  shotcrete  thickness  steel  pins  were  an¬ 
chored  in  the  rock.  Reinforcement  was  located 
in  the  final  layers  of  shotcrete  to  keep  it  near 
the  outer  fibers  of  shotcrete  to  make  it  more 
effective  and  useful  m  playing  its  important 
role  of  resisting  bending  moment  which  may  deve¬ 
lop  in  the  rock.  Cham  link  fabric  due  to  its 
flexibility  could  be  easily  placed  on  undulated 
rock  profile  m  the  defined  75mm  thickness  of 
shotcrete.  It  is  the  work  which  requires  close 
control  and  supervision  at  all  levels. 

Concreting. 


is  raising  of  this  lining  not  from  the  bottom 
but  from  higher  elevation  i.e.  from  generator 
floor  level  m  the  shafts.  Since  the  area  in 
the  shafts  is  quite  limited  and  the  erection  of 
electrical  parts  may  create  problems  due  to  the 
very  little  space  available  between  the  vertical 
face  of  the  shaft  and  electrical  parts,  the 
lining  in  these  portions  has  not  been  raised 
till  the  time  the  erection  work  is  completed. 

This  requirement  of  the  erectors  resulted  in 
change  m  the  pattern  of  construction  and  thus 
raising  of  lining  from  higher  elevation.  This 
arrangement  involved  additional  anchoring  and 
formation  of  a  ring  beam  at  this  elevation. 

Great  field  problems  have  been  experienced  in 
raising  the  lining  from  higher  elevation  as  it 
involved  a  massive  scaffolding  arrangement  and 
the  preparation  of  a  plateform  for  handling  of 
materials.  The  thickness  of  concrete  lining  is 
only  400  mm  and  placement  of  reinforcement  and 
maintaining  its  continuity  becomes  more  diffi¬ 
cult  in  such  small  section  particularly  where 
vertical  header  pipes  for  carrying  the  seepage 
water  to  the  drainage  pits  have  been  encountered. 


The  concreting  in  such  power  house  carries  sig¬ 
nificance  specially  m  the  shafts.  Quantitative¬ 
ly  it  is  small  but  it  requires  adequate  arrange¬ 
ments.  Since  direct  approach  to  the  shafts  for 
transportation  of  materials  is  not  available, 
the  concreting  in  shaft  is  possible  only  through 
a  crane  or  any  heavy  handling  equipment.  The 
other  important  and  little  difficult  item  is  the 
circular  lining  in  the  shafts.  The  lining  is  re¬ 
quired  to  be  anchored  to  the  rock  surface  pro¬ 
perly.  The  special  features  of  the  construction 


Such  difficulties  in  concreting  have  resulted 
into  more  time  consumption  in  placement  of 
reinforcement  and  erection  of  shutterinq. 
Difficulties  for  proper  access  to  the  shares 
mainly  in  the  gate  shaft  have  also  been  felt 
during  the  construction. 


'i 


j 
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ERECTION  FEATURES 

Normally  in  the  conventional  type  of  power 
house,  the  erection  is  started  when  the  E.O.T. 
crane  is  put  to  operation.  A  different  approach 
has  been  adopted  here.  The  erection  of  the 
draft  tubes  has  been  carried  out  with  the  help 
of  a  mobile  crane.  Similarly,  speed  ring  has 
also  been  lowered  with  the  help  of  mobile 
crane.  The  limited  working  space  in  the  shaft 
poses  many  problems  in  the  erection  work. 

CONCLUSIONS 

The  power  house  shafts  after  rock  bolting  and 
shotcreting  were  left  for  more  tnan  2  years 
without  any  construction  activity  because  of 
some  unavoidable  circumstances.  The  supporting 
system  has  proved  to  be  very  effective  and 
useful  as  the  vertical  surfaces  of  shafts 
faced  all  adverse  effects  of  weather  including 
rains  successfully  for  2  years  and  no  adverse 


effect  or  instability  or  deformation  in  any 
portion  of  shafts  was  observed. 

The  planning  of  a  shaft  type  of  power  house  is 
an  important  and  interesting  feature.  It  is 
definite  that  these  power  houses  are  quite 
economical  both  in  respect  of  cost  and  time. 
However,  judicious  planning  is  required  both 
for  the  layout  and  construction.  Margins  for 
the  overbreaks  and  under  cuts  had  to  be  made 
while  deciding  the  location  of  columns,  Nitches 
etc.  Although  the  quantum  of  excavation  and 
concreting  gets  reduced  in  shafts,  but  at  the 
same  time  it  requires  more  accuracy,  it  is 
costly  and  time  consuming  due  to  restricted 
space,  areas  and  limitations  of  access.  While 
aecidmg  the  layout  of  equipments,  the  erection 
space  required  for  handling  and  erection  of 
equipments  requires  due  consideration. 
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Iron  Gates  II:  Design  and  Performance  of  Dams— 
Geotechnical  Considerations 
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Romania 


SYNOPSIS:  The  first  part  of  this  paper  briefly  presents  the  concept  of  design  and  construction  of  the 
Iron  Gates  II  dans.  The  paper  will  concentrate  on  the  works  performed  by  the  author  for  geotechnical 
investigations  concerning  the  foundation  and  embankment  materials. 

Based  on  the  in  situ  investigations  and  large  scale  laboratory  test  data  the  numerical  analysis  for 
earth  dam  was  carried  out.  In  the  second  part,  the  observation  and  instrumented  behaviour  of  founda¬ 
tions  material  were  related  to  particular  aspects:  river  leftbank  instability  and  earth  dam  connection, 
foundation  rebound  during  excavation  for  concrete  structures;  settlements,  pore  pressures  and  total 
pressures  monitoring  during  construction,  impounding,  reservoir  filling  and  for  the  first  three  opera¬ 
tion  years. 

-  equal  participation  in  the  investment  effort 
and  operating  expenses; 


INTRODUCTION 

The  Danube  is  the  second  of  largest  rivers  of 
Europa  with  a  catchment  area  of  817,000  km2  and 
a  length  of  2,912  km.  About  30%  of  the  Danube  cat- 
chement  area  is  on  the  Romanian  territory;  an  e- 
qual  percentage  of  its  length  represents  the  Ro¬ 
manian  south  state  border  with  Yugoslavia, Bulga¬ 
ria  and  Soviet  Union.  About  40%  of  the  total  po¬ 
tential  of  the  Danube  i.e  15.8  milliards  kWh/year 
is  concentrated  in  the  Roman ian-Yugoslavian  reach. 

Taking  into  account  the  huge  hydroelectric  poten¬ 
tial  of  the  Danube  in  this  reach  the  Governments 
of  both  countries  agreed  to  the  utilization  of 
this  potential  in  the  interest  of  both  Parts  and 
have  decided  to  found  a  Joint  Commission  for  the 
management  and  coordination  of  the  Project.  The 
"Institute  of  Hydroelectrical  Studies  and  Designs 
(ISPH) "- Bucharest,  Romania  and  the  "Energopro- 
jekt"-Belgrad,  Yugoslavia  were  chosen  to  elabo¬ 
rate  the  studies  and  designs  for  the  Project. 

By  means  of  a  detailed  study  of  the  morphologi¬ 
cal,  hydrological  and  geological  particularities 
of  the  Romanian  -  Yugoslavian  reach  of  the  Danube 
and  by  comparing  the  numerous  alternatives  it 
resulted  that  the  best  utilisation  of  the  poten¬ 
tial  could  be  performed  by  the  two  hydroelectri¬ 
cal  and  navigation  systems:  the  first  "Iron  Ga¬ 
tes  I"  located  at  km  D  943  and  a  second  one  "Iron 
Gates  II"  downstream,  located  at  km  D  863. 

The  Iron  Gates  I  was  put  into  operation  at  the 
designed  full  capacity  in  1971;  with  an  installed 
power  of  2.10  millions  kW  and  an  average  annual 
output  of  11.6  billions  kWh  generates  -  one  quar¬ 
ter  of  the  capacity  and  output  of  the  whole  Da¬ 
nube  capabilities  (Spaslc  ed. ,  1972) . 

Having  in  mind  those  successes  got  in  the  Iron 
Gates  I  System  implementation  and  operation,  as 
well  as  the  interest  of  both  Parts  in  the  subse¬ 
quent  utilisation  of  the  Danube  hydraulic  poten¬ 
tial,  bared  on  the  following  principles: 


-  the  right  to  equal  part  of  the  power  capaci¬ 
ty  and  output; 

-  exclusive  property  of  each  country  on  the 
constructions  and  installations  located  in  their 
own  territory,  the  Socialist  Republic  of  Romania 
and  the  Socialist  Federative  Republic  of  Yugos¬ 
lavia  have  decided  in  February  1977,  to  achieve 
the  second  common  development  -  the  "Iron  Gates 
II"  Hydroelectrical  and  Navigation  System. The  de¬ 
veloped  zone  is  located  from  km  860  +  800  to  km 
876  where  the  Ostrovul  Mare  Island  divides  the  Da¬ 
nube  into  two  forks  of  which  the  right  branch  is 
the  main  one  (Fig.l) 

The  Iron  Gates  II  scheme  comprises  the  following 
main  structures  from  the  left  to  the  right  bank 
(Vasiliu  and  Scvorpov,  1976) : 

•  On  the  secondary  left  river  branch  (Gogopu) 
km  D  875:  the  zoned  earth  dam  (H  max  <*  24.4  m, 

I,  =  286  m)  the  spillway  structure  (Romanian  spill¬ 
way  dam)  with  7  sector  gates  (21.0x14.5  m)  de¬ 
signed  to  pass  a  maximum  flow  of  7,000  mc/sec,  a 
secondary  powerhouse  equipped  with  2  horizontal 
bulb  turbine  and  generator  units  of  27  MW  capaci¬ 
ty  each,  and  the  right  side  earth  embankment. 

•  On  the  Ostrovul  Mare  Island  the  5,270  m  long 
eartfill  dam  is  located  on  lower  level  zone  and 
makes  the  connection  with  the  navigation  facili¬ 
ties  on  the  left  side  (the  Romanian  310x34  mand 
125 r  14  m  locks,  upstream  and  downstream  layby 
bays ) . 

•  On  the  main  Danube  branch:  the  Romanian  main 
powerhouse  where  8  x  27  MW  generators  are  instal¬ 
led,  adjacent  with  Yugoslavia  main  powerhouse  si¬ 
milar  in  design  capacity  (8x27  MW)  and  lowe  spill¬ 
way  structure  with  7  sector  gates  (L  =  21.0  m, 

H  =  14.5  m)  to  discharge  a  maximum  flow  of 
8,000  mc/sec.  The  earth  dams  (H  =  24.0  m,  L  =  474  m) 
completes  the  retention  front  between  the  spill¬ 
way,  the  Yugoslavian  lock,  the  secondary  (2x27  W) 
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Fig.l.  Site  Location  Map. 

powerhouse  and  the  right  natural  high  bank  (Fi¬ 
gure  2)  . 


Fig. 2.  Iron  Gates  II -General  Scheme. 

The  total  volumes  are:  15  mill,  me  excavations, 
2.1  mill,  me  concretes,  11  mill,  me  earthfill. 


The  water  diversion  necessary  to  carry  out  the 
main  structures  in  dry  conditions  was  achieved  in 
two  phases.  In  the  first  diversion  phase  the  con¬ 
struction  enclosures  for  spillways,  earth  dams 
and  powerhouses  were  carried  out. 

In  the  second  diversion  phase,  the  construction 
of  the  Yugoslavian  lock,  secondary  powerhouse  and 
earth  dams  is  progressing  successfully  and  schedu¬ 
led  for  completion  in  1991.  By  river  bed  closing 
in  Nov.  1984  the  retention  level  is  rised,  the 
hydro-units  are  put  into  operation  and  the  navi¬ 
gation  is  developing  by  the  lock  on  the  left  bank. 

GEOTECHNICAL  INVESTIGATIONS 

The  damsite  and  the  reservoir  are  situated  in  the 
southwestern  part  ot  the  Romanian  Plain  area 
(Moesic  Plateau).  The  bedrock,  classified  as  stiff 
clays  (marly-clays)  -  a  sedimentary  stratified 
rock  of  the  Poliocene  and  Miocene  ages  is  covered 
with  the  fluvial  Quaternary  deposites  of  variable 
thickness  (from  0.5  m  to  28  m)  consists  of:  clay¬ 
ey  silt, sand  and  gravel. 

The  aims  of  the  geotechnical  investigations  were 
to:  systematically  identify  those  geological  fea¬ 
tures;  determine  representative  geomechanical 
properties  of  the  foundation  strata  which  are  re¬ 
quired  for  design  and  analyses  of  the  structures; 
determine  tne  suitability  of  materials  got  from 
excavations  for  use  in  permanent  structures  and 
facilities. 

Table  I  gives  a  summary  of  the  principal  investi¬ 
gations  carried  out  by  the  specialised  division 
of  ISPH  Bucharest. 

TABLE  I.  Summary  of  Geotechnical  Investigations 


No. 

Length 

(m) 

Rotary  core  drilling 

314 

9364 

Exploratory-  snafts 

16 

220 

-  oalleries 

2 

150 

Seismic  surveys 

18 

4200 

In  situ  tests: 

-  deformability 

11 

-  direct  shear 

34 

-  in  situ  shear  box 

142 

-  permeability 

10 

187 

Laboratory  tests: 

-  direct  shear 

700 

-  triaxial 

80 

-  uniaxial  compr. 

400 

The  main  structures  are  founded  on  bedrock.  The 
lightly  over-consolidated  clay  posseses  macro- 
structured  features,  such  as  fissures  and  joints 
that  make  them  discontinuous.  The  clay  is  of  ma¬ 
rine  origin  containing  numerous  fine  sand  layers 
and  considerable  montmorillonite  clay  mineral 
throughout.  The  firm  clay  (marl)  weathers  rapidly 
when  exposed  in  the  air  and  breaks  down  complete¬ 
ly  on  wetting  and  drying. 

As  space  of  the  paper  is  limited,  this  raport 
pays  a  special  attention  to  the  geotechnical  ca- 
racteristics  only  for  earth  and  concrete  dams. 

At  the  dam  site  the  exploration  works  led  to  the 
definition  of  the  geologic  structure,  which  is 


essentially  constituted  by  three  horizons:  a  sur¬ 
face  layer  (80  -  ICO  ra  thickness  at  left  side)  of 
clay  and  nvurly-clay,  stiff  and  compact  without 
noteworthy  fracturing,  an  intermediate  layer  of 
30  -  60  m  clay  with  thin  fine  sand  layers;  an  lo¬ 
wer  layer  of  50  -  100  m  with  sandy-clay  and  metric 
sand  layers,  all  these  strata  overlying  Cretacic 
rock.  The  bedding  planes  are  suJjhcrizontally  with 
strata  dipping  slightly  (3°  ...  5°)  to  upstream 
and  left  bank. 

The  large  scale  field  load  tests  were  used  to  pro¬ 
vide  a  resonable  estimate  of  numerical  value  of 
bedrock  deformation  properties :  the  prebored  pre- 
surmeter  (PKT  -  of  the  type  developed  by  Menard) 
the  load  tests  (diameter  from  0.5  to  1.5  m)  and 
tests  for  the  study  of  propagation  characteristics 
of  elastic  waves  (geopnisical  methods) . 

For  determining  peak  and  residual  shear  strength 
in  situ  direct  shear  tests  on  34  blocks  80  cm  x 
x  80  cm x 40  cm  and  direct  shear  on  142  specimens 
about  40  cmx40  cm  in  cross-section,  taken  from 
foundation  of  the  concrete  structures,  were  also 
performed. 

In  addition  to  the  in  situ  tests,  on  important 
number  of  laboratory  tests  for  obtaining  informa¬ 
tion  on  compressibility,  consolidation,  shear 
strength  and  stress-strain  relationships  were  car¬ 
ried  out. 

The  initial  design  geotechnical  characteristics 
for  the  specified  three  types  of  clayey  layers 
are  given  in  Table  II. 

TABLE  II.  Properties  of  Bedrock  Adopted  Design 


Property 


Clayey  horizon 


I  II  III 


(Upper) 

(Inter. ) 

(Lower) 

Deformation  modulus 
(MPa) 

75... 100 

45  ...  60 

75... 100 

Poisson's 

ratio 

0.35 

0.35 

0.35 

Apparent 

angle 

friction 

17° 

17° 

17° 

Cohesion 

kPa 

30 

- 

50 

In  the  first  phase's  dry  foundation  enclosures 
a  typical  cross-section  of  the  earth  dams  shown 
in  Figure  3  were  chosen.  The  earth  dam  is  a  san- 
dy-gravel  embankment  with  slightly  inclined  cen¬ 
tral  clay  core  protected  upstream  and  downstream 
by  filters,  drains  and  rockfills  (rip-rap).  Gra¬ 
dation  curves  of  materials  used  are  also  shown 
in  Figure  3. 

The  material  for  shells  was  available  in  a  suffi¬ 
cient  amount  along  the  Danube  river  in  the  form 
of  natural  sand  and  gravel  from  alluvial  depo¬ 
sits,  in  the  river  bed,  or  in  the  teraces. 

As  regards  finding  core  material  a  lot  of  resear¬ 
ches  were  made,  however  the  good-quality  core  ma¬ 
terial  could  not  be  found  in  the  vecinity  of  dam 
site.  Under  these  circumstances  the  Geotechnical 
Division  of  ISPH  Bucharest  made  a  decision  to 
carry  out  an  extensive  testing  program  aiming  to 
confirm  the  suitability  of  materials  obtained 


from  requind  excavations  for  the  powerhouse  and 
the  spillway  in  order  to  use  as  core  dam  imper¬ 
vious  material. 


©  © 

Shell  Core  F|  F2  Bedrock 


!  8*?  55  9  •*  N 


-  §  sal  is-  I 


GRAIN  SIZE  I  mm) 

Fig. 3.  Earth  Dam.  Typical  Section  and  Material. 


This  unconventional  material  presented  in  short 
elsewhere  (Anagnosti,  1986),  was  in  fact  a  highly 
plastic  clay  (CH)  with  a  liquid  limit  fluctuating 
between  50%  and  60%,  a  plasticity  index  ranging 
between  35%  and  43%  and  a  content  of  clay  size 
(  2  )  particle  between  30%  and  42%. 

Before  starting  the  core  placement,  trial  embank¬ 
ment  tests  were  performed  in  order  to  prove  if  is 
physically  possible  to  construct  a  clay  core  with 
this  material  and  to  determine  the  suitable  la¬ 
yer  thickness  of  placement,  moisture  content, 
number  of  compaction  passes  and  yield  of  the  e- 
quipment  to  be  employed. 

The  Proctor  maximum  dry  density  tested  in  labora¬ 
tory  has  been  a  mean  value  of  1500  kg/mc  with  an 
optimum  water  content  of  27%. 

Before  compaction,  the  residual  clay  material  is 
spread  in  150  mm  layers  in  place  by  a  buldoztr 
with  a  padded  roller  to  give  a  good  crushing  and 
squeezing  of  the  rock  lumps  into  the  clay  matrix. 
Water  was  added  on  site  by  a  spray  tanker  to 
counter  evaporation.  Compaction  is  carried  out 
by  six  passes  of  a  30  t  rubber-tired  roller.  The 
smooth  surface  was  scarified  to  form  a  rough  sur¬ 
face  for  a  good  binding  between  the  existing  and 
the  newly  compacted  core  material.  This  techni¬ 
que  remoulded  the  stiff  clay  into  a  homogeneous 
core  so  that  the  product  resembled  a  composite 
of  small  discrete  chunks  (up  to  100  mm)  within  a 
soft  matrix. 

Quality  control  is  performed  by  sampling  and  vi¬ 
sually  (including  pits  and  trenches)  to  check  for 
satisfactory  texture.  Undisturbed  cubic  block 
samples  30  cm  side  and  core  cutters  of  100  mm 
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diameter  weie  extracted  at  different  levels  to 
measure  permeability,  consolidation  and  determi¬ 
ne  deformability  and  shear  strength  parameters. 

The  average  shear  strength  parameters  in  terms 
of  effective  stress  from  consolidated-drained 
triaxial  test  are  about  0'  =15°  and  c'  =70  kPa, 
with  a  yield  strain  above  10%  and  sometimes  20%. 
In  the  quick  undrained  condition  such  large 
strains  were  usual.  The  coefficient  of  volume 
change  mv,  from  oedometer  tests  was  generally 
within  the  range  0.CS7  to  0.013  m^/MS  for 
pressures  between  50  and  1000  KPa.  Permeability 
values  of  1 x l0-3  ...  1 x 10“7  cm/sec  were  ob¬ 
tained.  The  intact  structured  clay  (marl)  is  hi¬ 
ghly  resistant  to  erosion.  Erodability  pinhole 
tests  have  been  conducted  on  clay  core  specimens. 
The  resistance  to  erosion  is  decreased  after  re¬ 
molding  and  reconsolidation,  but  laboratory  tests 
indicated  that  reconsolidated  clay  ir.  dam  core 
(undisturbed  block)  have  a  surprising  high  resis¬ 
tance  to  erosion. 

In  place  density  tests  were  performed  by  relation 
weight-volume  using  rubber  balloan  method  (ASTM 
D-2167-63  T) .  The  core  material  was  placed  with 
an  average  dry  density  of  1550  kg/mc  correspon¬ 
ding  to  102%  Proctor  Standard.  The  moisture  con¬ 
tent  as  placed  (determined  by  oven-drying  method) 
varied  between  23%  and  29%  with  a  mean  value  of 
about  1.2%  wet  of  Proctor  optimum.  This  placement 
wet  of  standard  optimum  was  considered  to  give  a 
"plastic"  behaviour,  better  able  to  adjust  to 
differential  settlements  not  vulnerable  to  crac¬ 
king  although  giving  a  slightly  reduced  density. 

The  design  of  filters  has  been  made  to  protect 
the  core  or.  both  downstream  and  upstream  sides. 
The  fine  filter  (Fi)  were  located  upstream  of 
the  core  to  serve  as  a  crack-stopper  and  down¬ 
stream  side  to  prevent  migration  of  impervious 
core  soil  particles.  The  coarse-grained  filter 
(F2)  were  located  to  prevent  fine  sand  material 
being  washed  into  shell  fills.  Both  good-quality 
filter  materials  were  available  to  the  batching 
plant  were  the  aggregates  (big  fractions)  for 
concrete  have  been  obtained  by  screening. The  fi¬ 
nest  parts  of  filters  (0.1  ...  1  mm)  were  sepa¬ 
rated  by  means  of  hydrocyclones.  Specifications 
require  filter  material  an  average  70%  relative 
density.  This  relatively  light  compaction  was 
based  on  the  recognition  to  minimise  the  stiff¬ 
ness  discontinuity  of  the  core/filter  interface 
and  the  risk  of  cracking. 

The  material  used  for  the  upstream  and  downstream 
shells  was  a  mixture  of  rounded  gravel  particles 
and  sand  from  the  river  bed  deposits,  that  could 
also  be  classified  as  well  graded  sandy-gravel 
(GW).  The  average  percentage  of  minus  No. 4 
(4.76  mm)  fraction  in  the  shell  material  was  50% 
and  the  average  uniformity  coefficient  Cu=32. 
The  shell  material  was  placed  in  50  cm  lifts 
and  compacted  by  smooth  drum  vibratory  rolles. 

The  average  in  place  dry  density  was  2050  kg/mc 
which  was  equivalent  to  Dr =0.80;  the  maximum 
and  minimum  densities  of  the  tested  materials 
(maximum  particle  size:  50  mm)  were  determined 
in  accordance  with  ASTM-D  2049-69.  This  mean  den¬ 
sity  value  was  therefore  adopted  for  simulating 
the  "as  built"  condition  for  the  preparation  of 
laboratory  samples. 

Several  comprehensive  large  scale  tests  were 


performed,  incorporating  the  triaxial  isotropic 
consolidated  drained  and  undrained  tests  (250  mm 
diameter  specimen)  and  direct  shear  tests  (1000  x 
x  1000  mm  and  400  x  400  m  shear-box)  on  modeled 
gradation  and  natural  gravel-fill  materials. From 
this  information  a  drained  angle  of  shearing  re¬ 
sistance  0  =  32°  has  been  estimated  as  design 
value  and  parameters  defining  stress  strain  non¬ 
linear  (hyperbolic)  relationships.  The  vertical 
permeability  of  the  modeled  material  (70  mm  ma¬ 
ximum  particle  size)  determined  from  large  scale 
(400  mm  diameter  samples)  tests  with  surcharge 
pressure  equivalent  to  the  embankment  load  was 
2.4  x  10-2  cm/'see. 

NUMERICAL  ANALYSIS  OF  THE  EARTH  DAM 

The  compacted  sandy  gravel  fill  used  for  the  dam 
has  a  low  compressibility,  however  it  has  also  a 
comparatively  low  permeability  which  makes  it 
susceptible  to  some  strength  loss  due  to  pore 
pressure  increases  when  it  is  subjected  to  earth¬ 
quake  loading  in  a  saturated  condition. 

The  Iron  Gates  II  area  is  considered  one  of  mode¬ 
rate  seismicity.  A  Vrar.cea  (Romania)  maximum  mag¬ 
nitude  M  =  7.2  earthquake  record  of  1977,  loca¬ 
ted  approximately  370  km  from  the  dam  site  was 
chosen  for  scaling  and  modeling  design  levels  of 
earthquake  shaking  (Pascalov  et  al.,  1979). 

In  the  design  phase  a  maximum  seismic  coefficient 
of  0.15  g  was  adopted  for  investigating  the  seis¬ 
mic  stability  of  the  structures  by  the  conventio¬ 
nal  sliding  method.  However,  considering  the  hy¬ 
pothetical  greatest  earthquake  that  could  possi¬ 
bly  occur  at  the  site  we  cannot  avail  ourselves 
of  "limit  equilibrium"  methods  to  predict  the 
dam  safety  and  extent  of  damage.  We  must  push 
the  investigation  further  to  determine  the  extent 
of  permanent  deformation  in  the  analysis  incorpo¬ 
rating  pore  pressure  effects,  using  the  recently 
ICOLD  (Zienkiewicz  et  al.,  1986)  suggested  pro¬ 
cedures. 

The  computer  program  ISEILD  (Ozawa  and  Duncan, 
1975)  were  used  to  evaluate  the  stresses  and  de¬ 
formation  in  the  Iron  Gates  II  earth  dam  prior 
the  earthquake  with  simulating  sequential  cons¬ 
truction  and  nonlinear  (hyperbo)ic)  fi.-.ite  ele¬ 
ment  procedures. 

In  order  to  compute  the  distribution  of  accelera¬ 
tions,  dynamic  stresses  and  strains  the  suitable 
finite  element  computer  programs  FLUSH  (Lysmer 
et  al.,  1975)  and  QUAD  4  (Idriss  et  al.,  1973) 
were  used.  The  strain-dependent  values  of  shear 
modulus  and  damping  ratio  used  were  hypothetical¬ 
ly  assumed  to  be  similar  with  curves  obtained 
and  used  for  Oroville  dam  (Banerjee  et  al.,1979) 
for  the  same  general  gravel  particle  sizes.  A 
series  of  torsional  resonant  column  and  cyclic 
triaxial  tests  were  conducted  in  ISPH  Bucharest 
laboratory  to  evaluate  the  shear  modulus  and  dam¬ 
ping  ratio  for  sand  and  clay  samples  under  diffe¬ 
rent  confining  pressures  and  shear  strain. 

Since  the  dam  shells  involve  saturated  materials 
with  a  vertical  permeability  coefficient  of  the 
order  of  21  m/day  it  v/as  considered  to  be  of  in¬ 
terest  to  investigate  the  pore  pressures  induced 
by  earthquake  shaking  and  degree  of  dissipation 
which  might  be  expected  to  occur  during  and  af¬ 
ter  the  period  of  earthquake  shaking.  The  compu¬ 
ter  program  GADFLEA  (Booker  et  al.,  1976)  has 
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Fig. 4.  Pore  Pressure  Distribution  After  Earthquake  and  Stability  Analysis. 


used  to  evaluate  pore  water  pressure  rations  (ru) 
distribution  m  both  upstream  and  downstream 
shell.  Pore  water  ratio  distribution  imediately 
after  earthquake  (M  =  7.2)  would  have  the  approxi¬ 
mate  form  shown  m  Figure  4.  A  stability  computa¬ 
tion  using  Bishop's  modified  method  with  residual 
pore  water  pressures  (maximum  values)  when  the 
shaking  has  stopped  using  an  effective  stress  ap¬ 
proach,  indicates  a  minimum  factor  of  Fs  =  1.16 
for  critical  circle  upstream,  compared  with  the 
minimum  values  of  Fs-1.28  from  pseudo-static 
analysis  (a  =  0.15  g) .  It  has  been  pointed  out 
that  most  critical  condition  may  not  occur  du¬ 
ring  the  earthquake  itself  but  sometime  later 
when  the  pore  water  pressure  attains  its  maximum 
value  (Popovici  et  al.,  1984),  In  downstream 
shell  the  pseudo-static  analysis  underestimates 
tne  stability.  It  may  therefore  by  concluded  that 
the  dam  is  safe  against  the  development  of  a  ma¬ 
jor  slide  but  the  next  steep  is  to  assess  the 
magnitude  of  embankment  deformations  during  the 
maximum  possible  earthquake. 

This  way  accomplished  by  means  of  the  strain  po¬ 
tential  concept  using  the  nonlinear  finite  ele¬ 
ment  program  DEFORM  (Serff  et  al.,  1976). 

The  maximum  estimated  horizontal  displacement  v/as 
0.18  m  and  settlement  0.30  m  at  the  crest,  which 
would  seem  to  be  tolerable  for  a  dam  of  this 
size  and  for  design  connections  to  the  concrete 
structures . 

OBSERVATIONS  AND  INSTRUMENTAL  RECORDER  BEHAVIOUR 
The  design  of  the  earth  Gogo§u  dam  in  its  left 


zone  was  complicated  by  the  presence  of  the  n- 
verbank  landslides  occured  during  the  spillway 
construction. 

In  the  left  riverbank  zone  between  upstream  and 
downstream  cofferdams  some  settlement  and  cra- 
kmg  proved  initially  during  the  enclosure's  de- 
water  ina. 

Movement  of  the  slides  continued  for  several 
mounths  until  drainage  reduces  the  pore  pressure. 
The  plots  of  aeffection  as  a  function  of  time 
(velocities)  and  composed  direction  for  illustra¬ 
tive  profiles  are  presented  in  Figure  5. 

The  slope  xndicatore  casings  and  piezometers  were 
installed  through  the  location  of  the  failure  a- 
rea  and  a  monitoring  prot  ram  instigated  for  fur¬ 
ther  construction.  The  SINCO  inclinometers  are 
used  to  measure  inclination  of  the  drillhole.  The 
shape  of  the  slope  indicator  casing  indicated 
that  failure  surface  was  at  the  boundary  between 
bedrock  and  overlain  formation  consisting  of  a 
sequence  of  silty  clays  and  silty  fine  sands  as 
shown  also  in  Figure  5. 

A  translational  mode  of  failure  is  considered 
most  likely  to  have  occured.  Back  analysis  of  in¬ 
stability  show  that  the  slide  movements  are  not 
determined  only  by  materials  characteristics , but 
also  by  the  drawdown  water  level  from  dewatering 
and  base  erosion  configuration.  This  specific  ca¬ 
se  of  drawdown  failures  also  explained  by  piping 
of  sand  seams  when  groundwater  flowing  out  of 
sumerged  river  bank  (piping  holes  and  cavities 
in  riverbank  sandy  strata  have  been  observed) . 
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The  axis  of  the  earth  dam  was  upstream  curved  to 
avoid  decomposed  zone  and  to  solve  foundation 
problem  on  the  left  side. 

The  left  bank  eartfill  dam  was  designed  for  com¬ 
patibility  with  the  characteristics  of  the  avai¬ 
lable  foundation:  part  on  bedrock  (unweathered 
soft  marl)  rising  to  the  surface,  part  on  the  ri- 
verbank  alluvials  with  thickness  from  a  few  meter 
to  more  than  20  m.  A  typical  profile  within  the 
dam  on  stiff  bedrock  differs  form  the  ones  with¬ 
in  the  left  portion  of  dam  overlying  the  river- 
bank  deposits  (Fic. 6). 


0  5  Dm 


Fig. 6.  Earth  Dam.  Leftbank  Connection. 

The  material  affected  by  the  slide  was  partial 
excavated  from  the  dam  foundation.  Two  parallel 
steel  sheet  piling  walls  were  driven  from  the 
bottom  of  the  excavated  trench  to  the  stiff  clay 
(bedrock)  to  minimize  seepage  and  to  provide  a 
cutt-off  beneath  the  dam. 

In  the  riverbank  zone  downstream  the  dam, only  a 
upper  part  of  the  terrace  sagged  and  sliced  was 
removed  and  the  aparatures  (cracks)  was  backfil¬ 
led.  A  new  profil  was  reshaped  by  replacing  the 
alluvial  material  with  pervious  blanchet  (urain 
between  filters)  connected  with  the  earth  draina¬ 
ge  trech.  In  order  to  improve  the  riverbank  sta¬ 
bility  the  water-side  embankment  was  protected 
by  rockfill  against  flow  over  the  spillway  and 
waves . 

No  movement  was  noticed  during  the  last  three 
operation  years  in  the  reshaped  and  protected 


riverbank.  In  order  to  measure  the  pore  pressure 
of  the  earth  dam  clay  core,  electrical  cells  (vi¬ 
brating  wire)  were  placed  in  three,  sections.  Du¬ 
ring  construction,  the  pore  pressure  was  close 
to  zero  (generally  negative) .  This  unsual  pore 
pressure  behaviour  could  be  related  to: 

-  placing  the  cells  into  unsaturated  surroun¬ 
ding  clay  and  enough  time  will  remain  before  the 
water  reservoir  will  saturate  the  core  complete¬ 
ly: 

-  properties  of  the  core  material  (Beavan  et 
al.,  1977)  and  relatively  low  height  of  the  em¬ 
bankment  . 

During  the  two  years  measurement  period  a  rise 
of  pore  occured  but  it  do  not  follow  the  reser¬ 
voir  level  exactly. 

Measurement  of  the  deformations  during  the  opera¬ 
ting  period  on  the  crest  and  faces  by  surveying 
and  in  depth  of  earth  dam  by  means  of  electromag¬ 
netic  torpedo  in  PVC  vertical  cashings  showed  ve¬ 
ry  small  values  (up  tp  50  mm).  The  dam  suffered 
no  damage  during  the  1986  Vrancea  earthquake, 

M  -  6.8,  with  strona  attenuation  at  dam  site 
(D  ^  370  km) . 

The  design  and  performance  of  powerhouse  and 
spillway  foundations  are  to  a  large  extent  gover¬ 
ned  by  the  evolution  of  deformation  during  exca¬ 
vation  and  construction  processes. 

A  total  of  26  heave  gauges  were  installed  in  the 
proposed  powerhouse  and  spillway  excavations  for 
field  measurements  of  base  rebound.  In  the  main 
enclosure  an  excavation  having  a  length  of  540  m 
and  a  mean  width  of  125  m  was  at  a  depth  between 
38  m  bellow  existing  level  in  left  position  and 
8  m  along  the  right  border  (Yugoslavian  spillway 
position) .  For  each  gauge  installation  a  86  mm 
hole  was  first  drilled  and  a  telescopic  plastic 
casing  with  metal  rings  around  them  (whose  posi¬ 
tion  is  detected  by  magnetic  torpedoes)  was  em- 
beded  at  a  predetermined  depth. 

Excavation  base  heave  at  various  stages  of  exca¬ 
vation  was  measured.  A  maximum  upward  movement  of 


UNLQADNING  PRESSURE  (KPq) 

Fig. 7.  Field  Measurements  of  Foundation  heave  During  Excavations. 
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Fig. 8.  Spillway  Dam  Instrumentation  Settlement  and  Total  Pressure  Recording. 


10  cm  was  observed  at  gauge  F  5  while  the  heave 
recorded  in  the  spillway  dam  foundation  was  con¬ 
siderably  less,  being  around  of  0.5  cm.  Plot  of 
heave  measurements  versus  pressures  at  various 
times  are  given  in  Figure  7  for  profile  with  ma¬ 
ximum  depth  of  excavation  (3M-R) .  A  good  corre¬ 
lation  between  the  amount  of  the  measured  heave 
and  the  depth  of  excavation  was  observed,  sug¬ 
gesting  that  the  rebound  was  generally  of  a 
pseudo-elastic  nature.  An  average  field  deforma¬ 
tion  modulus  of  200  MPa  was  evaluated  for  the 
excavation  stage.  Factors  such  as  the  variation 
of  rock  properties  accross  the  site,  and  the 
"berm  effect"  (Klym  et  al.,  1977)  associated 
with  excavated  slopes  were  probably  responsable 
for  some  discrepancies  observed.  The  swelling 
process  was  also  governed  by  the  significant 
changes  m  pore  pressures  during  dewatering  and 
long  time  excavation  schedules. 

The  behaviour  of  the  foundations  is  monitored  by: 
multiple  rod  extensometers  to  measure  vertical 
movement  and  deformability  of  the  bedrock;  in¬ 
verted  pendulums  for  horizontal  movement;  water 
pressure  cells  within  the  rock  and  at  the  rock  - 
-  concrete  contact;  total  contact  pressure  cells, 
threeortogonal  jointmeters  installed  in  the  ex¬ 
ploratory  and  drainage  galeries;  survey  target 
on  concrete  installed  in  galeries  and  at  crest. 

During  construction  a  complementary  system  of 
survey  targets  on  the  upstream  and  downstream 
face  of  concrete  block  maxes  possible  to  get  by 
direct  levelling  the  value  of  vertical  founda¬ 
tion  displacement  at  various  phases  of  construc¬ 
tion.  The  spillway  dam  instrumentation  scheme 
and  foundation  settlement  versus  load  during 
concreting  schedules,  impounding,  reservoir  fil¬ 
ling  and  the  first  operational  years  are  presen¬ 
ted  in  Figure  8. 

The  yield  deformation  modulus  evaluated  during 
construction  is  of  200  MPa  for  layer  I  (upper) 
and  250  MPa  for  intermediate  stiff  clay  1 
There  are  presented  recorded  pressure  on  founda¬ 
tion  base  (level  12  mdM)  and  comparison  between 
field  measurements  and  calculated  results. 


CONCLUSIONS 

The  second  major  Romanian  -  Yugoslavian  projects 
"Iron  Gate  II"  have  been  put  into  operation  sin¬ 
ce  1985,  The  compressibility  and  shear  strength 
properties  were  estimated  by  appropriate  in  situ 
tests. 

An  attempt  has  been  made  to  a  general  descrip¬ 
tion  of  the  earth  core  material  and  construction 
procedure  undertaken  to  place  this  material  pro¬ 
duced  bv  way  of  foundation  excavations. 

The  clay,  sand  and  gravel  characteristics  deve¬ 
loped  from  a  comprehensive  "in  situ"  and  large 
scare  laboratory  tests  were  incorporated  in  sta¬ 
tic  and  dynamic  analysis  of  earth  dam,  using  the 
most  current  state  of  the  art.  According  to  the 
dynamic  analysis,  may  be  concluded  that  the  sta¬ 
bility  analysis  of  earth  dam  using  the  pore  pres¬ 
sure  ratios  developed  after  earthquake  indicate 
the  factor  oi  safety  within  the  acceptable  li¬ 
mit.  The  maximum  permanent  deformation  (horizon¬ 
tal  0.18  m  and  vertical  0.30  m)  after  an  hypothe¬ 
tical  earthquake  of  7.2  magnitude  can  be  conside¬ 
red  acceptable  without  significant  damage  or  any 
danger  of  release  of  water  from  reservoir. 

The  investigation  of  the  river  left  bank  insta¬ 
bility  has  occured  during  construction  offered 
the  ultimate  opportunity  to  gain  new  insights 
and  to  improve  the  earth  dam  design  process. The 
progress  of  foundation  heave  and  settlement  was 
measured  during  excavation  and  construction  of 
concrete  structures.  The  maximum  heave  recorded 
was  about  10  cm.  The  movements  were  primarly  of 
an  elastic  nature  and  correlated  with  the  depth 
of  the  excavation.  Rebound  and  compressibility 
moduli  we re  computed  and  compared  with  the  re¬ 
sults  of  in  situ  loading  plate  tests  and  numeri¬ 
cal  computation. 

After  the  first  operation  years  the  Iron  Gates  II 
structures  foundations  and  earth  dam  performs 
successfully . 
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SYNOPSIS:  In  the  area  of  "AKTEA",  a  summer-housing  estate  36  Km  away  from  the  city  of  Athens,  a  great 
landslide  affected  the  stability  of  a  semi-bridge,  constructed  in  198C  for  the  widening  of  the  nearby 
national  road.  Preliminary  studies  carried  out  before  the  semi-bridge  construction  and  after  the  ob¬ 
served  damage  of  most  of  the  houses  in  the  uphill  area,  favoured  the  existence  of  a  very  superficial 
creep  affecting  however  the  one  or  two  storey  buildings  of  the  summer-housing  estate. 

After  the  semi -bridge  construction,  instability  phenomena  continued  in  an  increasing  rate  and  a  more 
systematic  geotechnical  investigation  revealed  definite  landslide  movements  (instead  of  a  superficial 
creep)  in  a  depth  2.S  to  4.0  metres  below  the  foundation  level  of  the  piers  of  the  semi-bridge  and  in 
a  depth  6-8  m  below  the  road  level.  This  paper  describes  details  of  the  above  landslide,  the  investi¬ 
gations  carried  out  and  the  remedial  measures  suggested. 


INTRODUCTION' 

The  national  road  from  Athens  to  Sounion,  68  Km 
long  is  of  paramount  importance  since  it  is  the 
main  coastal  road  connecting  the  city  of  Athens 
(Greece)  with  the  archeological  site  of  Sounion 
passing  through  a  series  of  coastal  boroughs, 
and  some  of  the  most  picturesque  bays  of  Greece 
Unset  to  Figure  1).  Serious  slope  instability 
problems  have  been  observed  between  the  35  and 
37  Km  on  this  road.  In  particular  the  road  and 
the  nearby  summer-housing  estate  of  "AKTEA"  lo¬ 
cated  in  the  36th  Km  have  been  affected  by  a  ma¬ 
jor  landslide.  This  housing  estate  was  built  in 
1972-74  in  a  hilly  region  (40-60  meters  above  sea 
level)  and  in  an  average  distance  of  about  160 
metres  from  the  nearby  coast.  The  national  road 
passes  downhill  from  the  housing  estate  of  "AKTEA", 
in  an  elevation  of  about  25  metres .separating  the 
above  estate  from  the  coastal  area  (Figure  1). 

The  slope  inclination  varies  between  1 5 0 -  18’ 
although  locally  much  greater  values  can  be  obser¬ 
ved.  The  slide  has  been  active  with  intermittent 
movement  for  more  than  30  years.  It  began  to 
gather  interest  in  the  late  1960>s  as  the  summer- 
housing  estate  of  Aktea  was  going  to  bo  founded 
and  the  old  national  road  to  be  wider  ad . 

Before  the  estate  was  built  a  visual  reconnaissa¬ 
nce  conducted  by  Kotzias  and  Stamatopoulos  (1970) 
revealed  some  characteristic  features  of  instabi¬ 
lity  in  the  uphill  region  of  the  road,  such  as 
scarps  on  the  ground  and  disturbed  trees  with  ob¬ 
vious  bends  in  their  trunks.  After  the  comple¬ 
tion  of  the  buildings  construction  some  rather 
severe  damages  were  noted  (Figure  7)  and  another 
study  was  conducted  by  Muller  (1976)  which  inclu¬ 
ded  borings  (depth  up  to  40  metres),  shafts(1.5 
m  diameter  and  up  to  25  m  deep)  and  a  survey  for 
levelling  and  measurement  of  horizontal  displace¬ 
ments  of  slope  surface.  The  results  of  this  stu¬ 
dy  led  to  the  conclusion  that  the  slope  movement 
of  "AKTEA"  was  a  creep  phenomenon  (with  a  rate  of 
displacement  varying  from  0.1  to  0.4  mm/day) 


Fig.  1  Plan  View  of  Slide  Area 

affecting  the  whole  area  of  the  estate  which  co¬ 
vers  a  surface  of  about  12000m2. 

It  must  be  noted  that  such  sliding  phenomena  are 
easily  noticeable  in  adjacent  areas  and  very  clo¬ 
se  to  the  national  road  as  can  be  seen  in  Figure 
3  where  damaged  and  abandoned  buildings  due  to 
lands liding  are  shown. 

Later,  in  1980,  in  order  to  widen  the  national 
road  in  this  region  and  after  taking  into  account 


671 


Fig.  2  Tilting  of  a  Retaining  Wall  inside  the 
"AKTEA"  Estate 


Fig.  3  Damaged  Buildings  due  to  Landsliding 

the  creep  phenomena  observed,  it  was  decided 
that  the  best  solution  to  the  problem  was  by  a 
semi-bridge  construction.  The  piers  of  this 
bridge  were  founded  on  the  sound  rock  and  in  a 
depth  below  the  unstable  superficial  creep  2one. 


GEOLOGICAL  SETTING 

The  broader  area  of  "AKTEA"  consists  mainly  of 
neogene  lacustrine  deposits,  of  a  thickness  more 
than  100  metres,  overlying  the  bedrock  of  Trias- 
sic  marble.  These  deposits  include  alternating 
layers  of  conglomerates  and  clayey  or  sandy  marls 
with  lenses  or  thin  intercalations  of  sandstones. 
The  conglomerates  are  well  cemented  and  polymic- 
tic  with  a  prominent  joint  set  almost  vertical 
to  the  bedding.  The  marls,  brownish  yellow  or 
greyish  coloured,  are  fissured  and  often  lamina¬ 
ted,  and  present  characteristic  polished  surfaces 
with  striations  (slickensides) .  The  intense  mi¬ 
crofolding  and  microfaulting  of  these  marls  re¬ 
sult  locally  in  a  variation  of  the  dip  of  the 


strata  which  generally  is  opposite  to  the  dip  of 
the  natural  slope  (din  direction  of  strata  10°- 
301,E.\'E)  . 

The  geological  reconnaissance  of  some  outcrops 
near  the  coast  and  of  large  excavations  for 
building  foundation  close  to  the  studied  area, 
revealed  characteristic  features  of  synsedimenta- 
ry  faulting  and  slumping  which  disturbed  the  ori¬ 
ginal  structure  of  these  deposits.  Furthermore, 
a  surficial  zone  of  varying  thickness  (2  to  more 
than  5  metres)  was  observed  in  which  a  rather 
great  disturbance  of  rocks  had  taken  place  in  the 
past  probably  due  to  a  hillside  instability  which 
occurred  during  Pleistocene  or  even  earlier.  In¬ 
terpretation  of  old  aerial  photographs  taken  be¬ 
fore  the  "AKTEA"  housing  estate  was  built,  showed 
typical  characteristic  features  of  active  land- 
sides  such  as  scarps  on  the  hillside  and  vegeta¬ 
tion  disturbance. 

Finally,  regarding  the  underground  water  condi¬ 
tions,  the  existence  of  a  permanent  water  table 
is  unlikely,  since  the  water  percolating  the  sur¬ 
ficial  zone  flows  through  the  strata  of  conglome¬ 
rates  and  away  from  the  slope.  The  percolation 
of  underground  water  results,  during  wet  seasons, 
in  the  moistening  of  the  interlayers  of  the  marls 
but  probably  without  anv  pore  pressure  develop¬ 
ment  . 


PROBLEMS  RELATED  TO  THE  SEMI -BRIDGE  CONSTRUCTION 

The  semi-bridge  which  was  constructed  for  the 
road  widening  had  a  total  length  of  about  60  me¬ 
tres  and  12  spans  with  the  sections  of  the  road¬ 
way  slab  freely  supported  (Figures  4  and  S) .  Du¬ 
ring  the  excavation  for  the  foundation  constru¬ 
ction  the  slope  beside  the  working  space  was  near 
ly  vertical  and  without  any  temporary  covering 
or  support. 

The  rising  piers  have  been  backtilled  to  a  new 
working  level  about  three  metres  under  the  level 
of  the  existing  road.  The  cross  section  of  the 
rising  piers  was  0.8  X  0.8  square  metres  with  a 


Fig.  4  View  of  the  Semi-bridge  and  of  "AKTEA" 
Summer-housing  Estate 
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Fig.  5  Cross-section  of  the  Semi-bridge 


varying  foundation  level 

and  Details  of  Excavation  and  Backfilling 


height  of  about  seven  metres.  The  construction 
of  the  piers  was  made  in  sections  in  order  to 
avoid  any  risk  of  slope  failure  uphill  from  the 
semi-bridge.  At  that  time  the  depth  of  the  foun¬ 
dation  level  was  considered  to  be  satisfactory 
and  in  any  case  greater  than  the  depth  of  the  su¬ 
perficial  creep. 

A  strip  foundation  (bearing  chair)  was  construc¬ 
ted  along  the  middle-line  of  the  new  road  at  an 
elevation  of  about  three  metres  below  the  level 
of  the  existing  road  (Figure  5) .  The  whole 
structure  included  also  two  wing-walls  founded 
at  about  the  same  level  as  the  piers. 

However,  two  years  after  the  completion  of  the 
semi-bridge  construction  some  cracks  appeared 
in  the  road-pavement  and  a  rather  large  inclina¬ 
tion  of  the  wing-wall  of  the  bridge  was  observed 
as  it  is  illustrated  in  Figure  6.  In  addition 
a  gradual  loss  of  alignment  of  the  piers  and  an 
offset  increasing  with  time  was  observed  as  it 


Fig.  6  Wing-Wall  Tilting  and  Repaired  Road 
Pavement 


is  clearly  shown  in  Figure  7.  These  phenomena 
continued  in  an  increasing  rate  and  an  extensive 
investigation  program  was  planned  and  carried  out 


Fig.  7  Loss  of  Alignment  of  the  Piers  of  the 
Semi-bridge 

in  order  to  have  a  better  understanding  of  the 
cause  of  these  movements  and  propose  some  reme¬ 
dial  measures  to  solve  the  whole  problem. 


FIELD  AND  LABORATORY  INVESTIGATIONS 

In  the  narrow  area  of  the  semi-bridge,  nine  bo¬ 
rings  (Figure  1)  were  carried  out  in  order  to 
identify  the  subsurface  geology,  to  obtain  sam¬ 
ples  for  laboratory  testing  and  to  install  incli¬ 
nometer  tubes  for  determining  the  depth  and  shape 
of  probable  slides.  Installation  of  four  open 
standpipe  piezometers  at  one  single  location  for 
monitoring  the  underground  water  level  was  also 
considered  necessarv,  even. if  the  surface  recon¬ 
naissance  and  previous  investigations  showed  that 


ground  water  table  was  almost  at  sea  level. 

Finally,  a  surface  surveying  was  carried  out  to 
monitor  movements  of  the  ground  surface, to  deter¬ 
mine  the  extent  of  landslide  activity  and  the 
rate  of  movement.  For  this  purpose  the  slope  of 
"AKTEA"  has  been  covered  by  benchmarks  and  tran¬ 
sit  stations  located  on  stable  ground  and  a  net 
of  hubs  for  which  subsequent  movements  could  be 
determined. 


values  for  the  surficial  layers  of  marl  range  be¬ 
tween  1C  and  JO  whereas  in  greater  depths  these 
marls  present  a  refuse  to  SPT  sampler  penetration. 

Atterberg  limit  determinations  on  samples  of  marls 
obtained  from  borings,  showed  that  most  of  mate¬ 
rial  can  be  classified  as  CL  (low  to  medium  pla¬ 
sticity  clays)  or  CH  (high  plasticity  clays), 
whereas  samples  of  friable  sandstone  or  pockets 
of  sand  can  be  classified  as  SM  (silty  sand). 


Drilling  of  boreholes  and  installation  of  incli¬ 
nometers  and  piezometers  W3S  carried  out  in  Ja¬ 
nuary  -  February  of  1985  and  monitoring  started 
in  March  1985  and  ended  in  May  1987  because  of 
the  distortion  of  the  tubes  due  to  sliding.  The 
surface  surveying  started  in  the  summer  of  1986 
and  is  still  in  progress. 


RESULTS  AND  DISCUSSION 

In  Figure  8  a  typical  soil  profile  is  shown  ba¬ 
sed  on  the  logging  of  borehole  B2.  As  is  shown 
in  this  Figure  the  narrow  area  of  the  semi-bridge 
consists  of  alternating  layers  of  conglomerate, 
sandstone  and  marl,  whereas  the  upper  1  -  2  me¬ 
tres  consist  of  fill  material.  The  thickness  of 
the  well  cemented,  polymictic  conglomerate  is 
about  3  metres.  The  sandstone  is  friable  and  mar¬ 
ly  or  well  cemented  and  its  thickness  varies  from 
3  to  4  metres.  The  marl  is  hard  in  greater  depths 
■and  presents  some  siickensided  surfaces.  The  SPT 


As  it  was  impossible  to  take  undisturbed  samples 
of  marl,  because  this  was  very  hard  and  the  use 
of  thin  wall  samplers  prohibitive,  laborarory 
testing  was  restricted  only  to  the  estimation  of 
its  residual  shear  strength  characteristics,  by 
using  the  ring  shear  apparatus  (Bromhead,  1979). 
The  residual  shear  strength  characteristics  of 
marl,  as  found  in  this  apparatus  using  remolded 
material  with  a  water  content  approximately  at 
the  plastic  limit,  was  c'  =  0  and  <j>'  =  14°-  16? 
These  values  are  very  low  considering  other  marls 
of  various  sites  in  Greece,  (Tsiambaos , 1987) ,  but 
this  can  be  explained  by  the  low  calcium  carbona¬ 
te  content  of  "AKTEA"marls  (<  20%>  as  it  was  de¬ 
termined  by  chemical  analyses. 

Regarding  the  location  of  underground  water  level, 
the  open  standpipes  showed  no  evidence  of  water 
above  the  sea  level.  It  must  be  noted  that  for 
an  accurate  exploration  of  the  underground  water 
level  t..e  four  standpipe  piezometers  were  instal¬ 
led  close,  to  each  other  and  had  different  lengths. 
Their  perforated  sections  were  at  different  le¬ 
vels  so  that  they  covered  totally  a  depth  up  to 
25  metres.  In  this  way  any  groundwater  level 
(free  or  perched)  could  be  easily  detected. 

The  data  from  the  inclinometers  B1 ,  B2,  B3  de¬ 
monstrated  conclusively  that  slope  failure  was 
occurring  along  a  surface  2.5  to  4.0  metres  below 
the  foundation  level  of  the  piers  of  the  semi¬ 
bridge  and  in  a  depth  6  -  8  m  below  the  road  le¬ 
vel.  Analyses  of  the  inclinometer  B4  data  instal¬ 
led  downhill  from  the  semi-bridge  showed  the 
existence  of  a  slide  in  a  depth  of  8m  while  data 
from  inclinometer  B5  installed  uphill  fn\n  the 
semi-bridge  (Figure  1)  located  the  slide  surface 
in  a  depth  of  approximately  5.8  m.  The  mean  rate 
of  movements  (total  horizontal  displacements)  was 
very  low,  locally  varying  between  0.6  and  2.0 
cm/year,  whereas  the  movement  direction  was  N5°W 
to  N25°E,  towards  the  coast.  The  movement  rate 
varied  seasonally,  being  greatest  in  spring  and 
early  summer  and  least  during  fall  and  winter. 

Figure  9  shows  the  angular  variation  and  the  re¬ 
sulted  horizontal  displacement  for  inclinometer 
B2  during  the  period  18.4.1985  and  19.2.1987, 
whereas  in  Figure  10  the  total  horizontal  dispace- 
ment  (N6°E  direction)  with  time,  is  illustrated. 
The  data  from  the  inclinometers  B6 ,  B8  and  B9, 
installed  eastern  from  the  semi-bridge  (Figure  1) 
showed  the  same  type  of  sliding  as  above  in  a 
depth  of  about  7.5  -  8.5  m  below  the  surface  of 
the  new  road.  On  the  contrary,  inclinometer  B7 
showed  no  evidence  of  sliding  and  so  it  could  be 
considered  that  the  location  of  this  inclinometer 
is  out  of  the  limit  of  the  observed  landslide. 
Surface  surveying  which  is  still  in  progress 
showed  a  definite  horizontal  displacement  of  slo¬ 
pe  surface  only  in  the  narrow  area  of  B6,  B8  and 
B9  inclinometers  and  also  a  differential  movement 
of  the  wing-walls  of  the  semi-bridge. 
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Fig.  9  Movement  of  Inclinometer  B2 


On  the  basis  of  the  geological  data,  the  logs  of 
boreholes  and  inclinometers  data,  the  geological 
cross  section  across  the  inclinometers  B5,  B2  and 
B4,  of  a  direction  NNE  to  SSW,  was  able  to  be 
drawn  as  it  is  illustrated  in  Figure  11.  As  is 
shown  in  this  Figure  the  slip  surface  is  a  rather 
undulating  one  which  crosses  the  marl  layers  as 
well  as  the  layers  of  conglomerates  and  sandsto¬ 
nes.  It  must  be  noted  that  sliding  takes  place 


Time 


Fig.  1C  Total  Horizontal  Displacement  of  Inclino¬ 
meter  B2  with  Time 

through  the  mass  of  marls,  but  the  sliding  surfa¬ 
ce  follows  the  joints  and  cracks  of  conglomerates 
and  sandstones  which  are  mainly  subjected  to  ex¬ 
tension  and  not  to  shearing.  It  is  believed  that 
the  structure  of  the  conglomerates  and  sandstones 
above  the  sliding  surface  has  been  disturbed  due 
probably  to  an  old  landslide. 

The  landslide  seems  to  extend  under  the  bottom  tf 


The  landslide  seems  to  extend  under  the  bot¬ 
tom  of  the  sea  and  in  a  remarkable  distance  from 
the  coast  line.  Evidence  to  support  this,  are 
some  characteristic  geomorphological  features  on 
the  bottom  of  the  sea  such  as  long  open  cracks 
and  ridges  which  are  easily  observed  under  favor¬ 
able  weather  conditions. 

Janbu  (1973)  and  Morgenstern  and  Price  (1965) 
methods  of  slope  stability  analysis  were  used  to 
analyze  the  slip  surface  assuming  the  sliding 
mass  to  be  in  a  state  of  limiting  equilibrium  and 
a  piezometric  grade  line  coincident  with  the  sea 
level.  Drained  strength  parameters  of  $'  =  14°- 
15"  c'=  0  were  backfigured  as  the  average  strength 
acting  on  the  slip  surface  producing  a  safety 
factor  of  unity.  It  must  be  noted  that  the  sec¬ 
tions  analyzed  were  slope  configurations  with  : 
a)  the  crest  of  the  landslide  located  in  the  up¬ 
hill  area  (inside  the  housing  estate)  where  the 
main  scarps  are  easily  noticeable,  and  the  toe 
close  to  the  semi-bridge  and  b)  the  same  location 
for  the  crest  of  the  landslide  but  with  toe  loca¬ 
ted  at  the  sea  bottom  and  at  a  distance  from  the 
coast  line  which  is  found  following  the  curvatu¬ 
re  of  the  slip  surface  drawn  in  Figure  11. 

The  average  soil  strength  parameters  estimated 
from  the  above  slope  analyses  were  very  close  to 
the  residual  shear  strength  parameters  of  the 
marly  soil  confirming  that  :  a)  the  landslide 
occurring  in  this  area  is  an  old  one  but  still  ac¬ 
tive  and  b)  the  major  part  of  the  length  of  the 
slip  surface  passes  through  the  mass  of  the  lay¬ 
ers  of  marls. 

It  is  well  known  that  some  actual  or  potential 
slides  can  be  stabilized  by  means  of  piles  (piers) 
driven  or  bored  into  stahle  underlying  soil.  In 
the  case  of  the  semi-bridge  considered  in  this 
article,  it  is  expected  that  a  drilled  cantilever 
pier  wall  downhill  from  the  semi-bridge  to  stabi¬ 
lize  the  slope,  has  the  advantage  of  being  instal¬ 
led  without  significantly  decreasing  slope  stabi¬ 
lity  during  its  construction.  In  addition  such 
a  construction  seems  to  be  particularly  advanta¬ 
geous  in  that  it  may  be  constructed  with  the  mi¬ 
nimum  of  excavation.  It  has  been  observed  that, 
excavation  downhill  from  the  national  road  and 
adjacent  to  the  area  of  the  semi-bridge  for  foun¬ 
dation  construction  of  a  villa  resulted  in  a  large 
instability  of  the  uphill  region  and  in  severe 
cracks  of  the  national  road  pavement.  Considering 
that,, in  urban  areas  such  "AKTEA"  the  rights-of- 
way  are  restricted,  the  authors  favoured  and 
adopted  the  solution  of  a  drilled  cantilever  pier 
wall  suitably  instrumented  for  future  monitoring 
together  with  a  series  of  subsidiary  measures 
which  are  now  under  design. 


CONCLUSIONS 

The  conclusions  that  may  be  made  from  the  case 
history  concerning  the  behaviour  and  performance 
of  the  semi-bridge  and  analyses  described  in  the 
article  are  as  follows: 

-  the  existence  and  implications  of  the  old  land¬ 
slide  in  the  area  of  "AKTEA"  were  not  recogni¬ 
zed  almost  20  years  ago  when  the  works  for  buil¬ 
ding  the  summer-housing  estate  were  designed 
and  constructed. 


-  visual  reconnaissance  and  incomplete  field  stu¬ 
dies  could  not  approach  the  real  situation  and 
the  landslide  was  considered  as  a  superficial 
creep. 

-  the  monitoring  of  the  mass  movements  showed  de¬ 
finite  but  very  slow  landsliding  in  a  depth  of 
6  -  8  m  below  the  road  level  and  2.5  to  4.0  m 
below  the  foundation  level  of  the  piers  affect¬ 
ing  the  overall  stability  of  the  semi-bridge. 

-  the  residual  shear  strength  parameters  of  marly 
soils  obtained  from  laboratory  testing  were  re¬ 
presentative  of  the  actual  in  situ  mobilized 
strength  of  the  soils  involved  and  subjected 

to  continous  landsliding. 

-  since,  the  national  road  from  Athens  to  Sounion 
is  of  a  great  importance,  the  stabilization  of 
the  landslide  in  "AKTEA"  area  is  an  indispen¬ 
sable  work  to  be  done.  The  solution  of  the 
construction  of  a  pier  wall  downhill  from  the 
semi-bridge  seems  to  be  attractive  and  together 
with  some  secondary  remedial  mesures  has  been 
adopted  and  is  now  under  design. 
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SYNOPSIS:  This  paper  presents  a  study  of  the  stress-deformation  behaviour  of  the  Canales  Dam  (Grana¬ 
da)  during  construction.  The  basis  for  this  study  has  beer,  the  three  dimensional  (3D)  finite  ele¬ 
ments  mehod  with  hyperbolic  material  response.  The  analytical  procedure  used  is  presented  and  the 
study  concludes  with  a  comparative  study  of  the  results  obtained  from  the  calculation  programme  used 
and  monitoring  system's  measurements. 


INTP.ODUCTION  ding  with  the  pro  jet'  two  technical  phases:  First 

technical  phase  (up  to  elevation  910)  and  second 
The  Canales  Dam  (Granada,  Spain),  the  subject  of  technical  phase  up  to  termination  of  the  cons- 
this  analysis,  is  an  heterogeneous  cross-section  truction  (elevation  965.5),  Fig.  2. 

Dam  which  has  limestone  and  slate  rock  fill 

shoulders,  with  a  central  core  of  clay.  The  Trie  stress-deformation  study  was  performed  using 
transition  materials  are  kakerite,  a  calcareous  two  different  but  complimentary  methods.  In  the 
fragmented  rock.  The  dam  is  a  155.5  metres  high  first  case,  a  mathematical  model  was  used  by 
and  the  external  slope  Is  1.7:1.  means  of  a  three-dimensional  finite  elements 

programme  simulating  the  process  of  construction 
One  of  the  main  reasons  for  making  a  three  di-  of  the  Dam  throughout  successive  phases  of  in- 
mensional  model  is  the  Dam's  location  in  a  shell  creasing  loads  per  layer  and,  in  the  second  ca- 
offering  longitudinal  support  on  irregularly  se,  the  measurements  taken  by  means  of  dam  moni- 
shaped  di-ssymmetric  and  transversal  slopes,  Coring  system  equipment  were  analyzed.  Prior  ad- 
Fig.  l,  justment  of  the  model  parameters  was  carried  out 

in  order  to  later  establish  a  forecast  of  the 
Analysis  was  carried  out  in  two  stages,  coinci-  behaviour  of  the  Dam. 


FIG.  1  LOCATION  MAP.  PLANT  OF  THE  DAM 
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Calculation  Model 


965.50 


FIG.  2  LONGITUDINAL  PROFILE  ALONG  THE  DAM  AXIS 
ANALYTICAL  METHODOLOGY 

The  analytical  methodology  applied,  is  reflected 
in  the  folowing  diagram,  Fig,  3. 


FIG.  3  METHODOLOGY 
Operation  Method 

The  procedure  has  two  independent  inputs  with  a 
comparative  phase: 

1.  The  geotechnical  data  base  (GDB)  is  used  in 
order  to  obtain  the  calculation  parameters  ior 
the  mathematical  model.  In  this  respect,  sam¬ 
pling  campaigns  are  carried  out  in  order  to  ob¬ 
tain  the  reference  samples  associated  with  each 
different  material  zone.  The  different  tests  ne¬ 
cessary  are  performed  under  site  conditions. 

2.  The  monitoring  proci js  provides  data  serving 
as  direct  input  to  the  comparison  phase. 

3.  At  the  end  of  each  of  the  stages  foreseen  in 
the  control  plan,  an  evaluation  of  the  behaviour 
of  the  Dam  up  to  tnat  moment  is  performed,  and 
the  results  obtained  from  the  instrumentation 
are  contrasted  wich  those  produced  by  the  calcu¬ 
lation  method. 


a.  Computer  programme.  For  calculation  of  the 
stresses  and  movements  within  the  body  of  the 
Dam,  a  mathematical  model  has  been  used  via  a 
computer  programme  called  Fespon,  which  was  de¬ 
veloped  at  the  University  of  Purdue  by  Rong-Her 
Chen  (1981)  and  refined  in  a  PRIME  2655  compu¬ 
ter.  This  programme  is  based  on  application  of 
the  finite  elements  method  to  three  dimensional 
calculation  and  has  been  designed  fundamentally 
for  use  in  studies  of  the  stress-deformation  be¬ 
haviour  of  earth  dams. 

The  programme  allows  the  construction  process  of 
the  Dam  to  be  reproduced  and  simulates  the  in¬ 
corporation  of  new  layers  of  material  by  con¬ 
sidering  the  successive  layers  of  elements.  Pla¬ 
cing  a  new  layer  is  simulated  on  the  basis  of 
the  weight  on  those  already  existing. 

When  the  final  state  of  the  dam  calculation  is 
finished,  the  effect  of  other  external  agents 
can  be  introduced,  for  example  the  effect  of  the 
water  during  the  process  of  reservoir  filling. 

The  deformability  modules  used  by  the  programme 
are  variable  v/ith  the  level  of  material  defor¬ 
mation  and  confinement  pressure.  Specifically, 
the  stress-deformation  model  proposed  by  Kodner 
and  Zelasco  (1963)  and  Duncan  (1970)  and  better 
known  as  the  "hyperbolic  model"  is  used,  Fig.  4. 

Each  increment  in  load  is  analyzed  twice.  At 
first,  using  the  modules  obtained  from  the 
stresses  existing  at  the  beginning  of  the  incre- 


FIG.  4  HYPERBOLIC  MODEL 

ment  and  then  using  the  deformation  modules  ob¬ 
tained  from  the  average  stress  values  due  to  the 
initial  increment  analysis. 

The  changes  occurring  in  stresses,  deformation 
and  movements  with  each  increment  are  added  to 
those  already  existing  at  the  beginning  of  each 
new  construction  stage. 

The  Fespon  programme  uses  incompatible  isopara¬ 
metric  elements  in  calculation,  i.e.  elements 
using  interpolation  functions  for  relationships 
between  displacements  occurring  within  the  ele¬ 
ments  and  displacements  of  its  nodes.  This  gives 
rise  to  excellent  flexure  behaviour  on  the  part 
of  the  element,  but  also  produces  parabol.ic-type 
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Incompatibilities  at  its  limits.  However,  ove¬ 
rall  behaviour  is  better  chan  that  achieved 
using  compatible  isoparametric  elements. 

b.  Finite  element  mesh.  In  order  to  carry  out 
the  study  using  the  Fespon  programme,  the  Dam 
was  simulated  by  means  of  a  three  dimensional 
mesh  made  up  of  six  and  eight-node  isoparametric 
elements  placed  such  that  the  construction  pro¬ 
cess  could  be  reproduced  by  means  of  load  incre¬ 
ments.  Simulation  of  the  process  was  achieved  by 
the  placing  of  ten  layers,  recommended  by  Rong- 
-Her  Chen  (1981),  Schiffmar.  (1977)  and  Marsall 
(1975),  in  order  to  obtain  sufficient  accuracy. 
The  minimum  thickness  of  these  layers  was  ten 
metres  and  the  maximum,  25  metres. 

The  remaining  element  magnitudes  were  adapted  to 
the  finite  elements  theory,  which  recommends  the 
use  of  elements  whose  respective  magnitudes  are 
not  excessively  differentiated  in  order  to 
achieve  reliable  results.  In  this  respect,  a  va¬ 
lid  ratio  value  should  be  between  1.5  and  2, 
transversal  distribution  with  the  Dam  transver- 
sally  distributed  in  13  sections. 

The  number  of  elements  into  which  the  Dam  was 
simulated  was  556,  with  a  total  of  842  nodes, 
Fig.  5. 


FIG.  5  DIAGRAM  OF  FINITE  ELEMENTS  MESH  (FEM) 


c.  Materials  characterization  (Fig.  6).  In  order 
to  determine  the  resistence  and  deformation  pa¬ 
rameters  needed  for  calculation,  the  follov.'ing 
process  was  used: 

Study  of  materials  characteristics  based  on  la¬ 
boratory  and  field  tests,  fundamentally  tri- 
-axial  and  shear  tests  respectively,  during  the 
first  and  second  construction  phases  -estimation 
of  basic  calculation  parameters-  sensibility 
analysis  of  the  values  within  the  variation  ran¬ 
ge,  by  means  of  the  finite  elements  programme 
and  comparison  with  the  real  measurements  obtai¬ 
ned  from  the  Instrumentation. 

Monitoring  System 


965.50 


MATERIALS 

(T)  ROCK  FR.L  SHOULDERS 
©  KAKERITE  TRANSITION  ZONE 
(§)  CLAY  CORE 


HYPERBOLIC  MODEL  PARAMETERS 


K 

n 

«I_ 

500 

0.50 

0.8 

0.2 

38 

400 

0.55 

0.8 

0.2 

36 

150 

0.60 

085 

0.2 

23 

FIG. 6  TYPICAL  DAM  CROSS-SECTION 


draulic  settlement  cells  and  horizontal  displa¬ 
cement  measuring  inclinometers  have  been  taken 
into  account,  Fig.  7. 

The  cells  are  located  on  three  levels  at  eleva¬ 
tions  850.0,  923.5  and  940.0 

Inclinometers  II  and  12  are  located  in  the  vi¬ 
cinity  of  the  left  and  right  hand  banks  respec¬ 
tively. 


a)  TRANSVERSAL  CROSS-SECTION 
CELLS  CH-1S0CH-5 


b)  LONGITUDINAL  SECTION 


In  this  study,  the  values  obtained  from  the  hy- 


FIG.  7  LOCATION  OF  SETTLEMENT  CELLS  AND  INCLINOMETERS 
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RESULTS  ANALYSIS 
General 

Before  analyzing  the  stress-deformation  state 
results  for  the  Dam,  the  following  observations 
on  the  calculations  carried  out  should  be  taken 
into  account: 

-  The  methodology  used  during  discretization  of 
the  dam's  body,  involve  some  problems  of  accu¬ 
racy,  due  to: 

1.  Sudden  changes  in  geometry  and  typology  of 
the  elements,  conditioned  by  the  relative  loca¬ 
tion  of  the  materials,  contact  with  the  bed  rock 
and  outer  slopes. 

2.  Contact  in  steps  on  the  right  hand  bank  and 
vertical  contact  on  the  left. 

3.  Size  of  the  elements,  especially  in  the  bot¬ 
tom  of  the  Dam. 

-  The  Fespon  program,  after  each  incremental 
layer  made  nule  displacements  in  the  top  nodes, 
wich  simulate  the  fact  that  the  end  of  construc¬ 
tion  has  really  happened  at  crown  level. 

-  The  non-deformability  of  the  foundation  in  or¬ 
der  to  simplify  the  element  mesh,  leads  to  small 
errors  given  the  high  degree  of  relationship 
between  the  deformation  modules  of  the  rock  and 
the  materials  used  in  the  Dam. 

-  It  should  be  pointed  out  that  when  comparing 
the  readings  from  the  instruments  with  the  mo¬ 
del,  we  have  taken  into  account  the  fact  that 
the  measurements  obtained  from  the  cel3.s  cor¬ 
responding  to  a  given  height  of  dam  above  the 
cell,  including  an  initial  and  immediate  settle¬ 
ment  which  occurs  when  the  overload  is  increa¬ 
sed,  and  a  second  long-time  consolidation  set¬ 
tlement  process  due  to  readjustment  of  the  ma¬ 
terial  particles,  which  is  a  function  of  the 
friction  of  the  solid  framework  and  the  visco¬ 
sity  of  the  water  surrounding  the  surfaces  in 
contact.  The  rate  of  this  last  deformation  re¬ 
duces  with  time  and  finally  reaches  zero  on  ter¬ 
mination  of  the  phenomenon,  when  a  certain  soli¬ 
dification  of  the  material  occurs. 

The  model  calculates  final  deformations  while 
the  readings  taken  during  construction  do  not 
reflect  the  total  deferred  consolidation.  This 
means  that  in  comparing  the  model  and  data  from 
instruments,  the  deformations  corresponding  to 
settlement  time  curve  asyntotic  values  must  be 
considered.  Given  the  shape  of  these  curves, 
this  has  not  meant  increments  above  10%  with 
respect  to  previous  readings  recorded  for  a  gi¬ 
ven  elevation. 

-  A  ran  was  also  performed  without  including  the 
right  hand  part  of  the  Dam  above  elevation  920, 
whose  construction  did  not  begin  until  the 
height  of  the  central  part  of  the  Dam  was  at 
elevation  955.  The  results  obtained  have  beer 
very  similar  to  those  corresponding  to  the  ove¬ 
rall  Dam,  with  maximun  deviations  of  10%  or  less 
with  respect  both  to  displacements  and  stresses. 

Model  Monitoring  System  Contrast.  End  of  Cons¬ 
truction 


a.  Hidraulic  cells. 

Comparison  between  monitoring  system  and  model 
adjustment  were  performed  during  the  period  bet¬ 
ween  installation  of  the  cells  at  elevation 
923.5  (2nd  October,  1984)  and  practically  the 
end  of  the  construction  period  with  the  Dam  at 
elevation  958.0  on  the  17th  January,  3986. 


-  Elevation  923.5,  Fig.  8.  Contrasts  were  carried 


a)  READINGS  FROM  CELLS  EL.  922.5 


b  )  CONTRAST  IN  TRANSVERSAL  CROSS-SECTION 


c/  CONTRAST  IN  LONGITUDINAL -SECTION 

Fig.  8  CELLS  EL.  923.5  MODEL-MONIIORING  SISTEM 
CONTRAST 
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out  in  two  directions  perpendicular  and  parallel 
to  the  axis  of  the  Dam  by  means  of  cells  CHI  to 
CH5  and  CH6  to  CH15. 


In  the  transversal  cross-section,  where  the  si¬ 
gnificant  comparison  values  are  those  corres¬ 
ponding  to  the  Dam  core-kakerite  contact  points, 
the  most  significant  points  of  contrast  are  the 
following: 

1.  For  an  overload  of  10m,  contrast  is  good  with 
deviations  below  10%. 

2.  For  an  overload  of  20m,  the  above  values  are 
maintained  downstream,  while  upstream  the  de¬ 
viation  reaches  30%. 
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b)  CONTRAST  IN  TRANSVERSAL  CROSS-SECTION 
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t)  CONTRAST  IN  LONGITUDINAL -SECTION  CORE  CLAY 

Fig.  9.  CELLS  EL.S40.0  MODEL- MONITORING 
SYSTEM  CONTRAST 


3.  With  regard  to  the  final  phase  of  reading, 
with  a  difference  in  overload  ratio  of  0.75,  the 
direction  of  contrast  established  in  point  b.  is 
inverted,  giving  a  total  maximum  deviation  of 
24%  which,  following  application  of  the  above 
ratio,  is  reduced  to  20%. 

With  respect  to  the  longitudinal  section  the 
contrast  is  analogous  to  that  established  above, 
with  a  maximun  deviation  of  30%  corresponding  to 
an  overload  of  20m. 

-  Elevation  940,  Fig.  9.  Contrast  was  performed 
with  the  Dam  at  elevation  958,  18m  above  the 
cells. 

On  the  basis  of  the  results,  it  is  estimated 
that  on  termination  of  construction  of  the  Dam, 
the  deviations  with  respect  to  the  model  will  be 
below  20%. 

b.  Inclinometers 

The  readings  recorded  have  given  displacements 
for  upstream  and  left  hand-limit  orientations  on 
the  order  of  15  centimetres  in  both  directions. 
The  results  obtained  from  the  models,  give  va¬ 
lues  of  around  10  cm  upstream  and  practically 
nil  in  the  perpendicular  direction. 

Deformations 


Fig.  10  DEFORMED  TYPE  TRANSVERSAL  CROSS-SECTION 


CROSS-SECTION  • 
Z  •  ZAO 


0  )  ISO-LINES  FOR  HORIZONTAL  MOVEMENTS  X 


b)  SETTLEMENT  ISO- LINES 

Fig.  II  TRANSVERSAL  CROSS- SECTION.  MOVEMENTS 


In  order  to  obtain  an  overall  idea  of  the  beha¬ 
viour  of  the  Baa  at  the  end  of  construction  ti¬ 
me,  a  deformation  diagram  of  the  central  section 
of  the  Dam  has  been  drawn.  Fig.  10.  along  with 
the  vertical  and  horizontal  iso-displacements 
lines  and  a  longitudinal  cross-section  along  the 
axis  of  the  core.  Figs.  11  and  12. 


a)  ISO -LINES  FOR  HORIZONTAL  MOVEMENTS  Z 


the  Dam  to  open  under  its  ovn  weight,  with  va¬ 
lues  of  20  and  60  centimetres  upstream  and  down¬ 
stream  respectively. 

The  normal  rang&  of  maximum  stresses  is  between 
20  and  30  kp/cnr  except  in  the  ca3e  of  certain 
elements  in  contact  with  the  foundation  and  lo¬ 
cated  below  the  maximum  Dam  heights. 
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b )  SETTLEMENT  ISO-LINES 

Fi5.  12  LONGITUDINAL  CROSS-SECTiON.MOVEMENTS 
Stresses 


In  general  terms,  stresses  tend  to  show  a  pa¬ 
rallel  orientation  with  respect  to  the  slopes 
and  material  change  surfaces. 

The  range  of  maximun  stress  has  varied  between 
20  and  30  kg/cnT  with  the  exception  of  certain 
elements  at  the  contact  points  between  the  core 
and  kakerite  and  Dam  foundation  in  the  higher 
sections  and  in  others  having  singular  geome¬ 
tries. 

There  are  almost  no  elements  in  tension  and  only 
a  small  group  of  triangular  elements  and  other 
elements  located  at  the  upstream  point  of  con¬ 
tact  between  the  rock  fill  and  the  kakerite  have 
been  plasticised,  possibly  due  to  excessive 
stresses  arising  as  a  result  of  the  high  degree 
of  deformabillty  of  the  clays  in  this  area. 

CONCLUSIONS 

The  analysis  carried  out  shows  general  devia¬ 
tions  between  the  model  and  data  measured  of 
between  10  and  20%  over  absolute  values  of  bet¬ 
ween  1  and  2  metres. 

The  maximum  settlement  is  2.45  metres,  wich  im¬ 
plies  1.6%  of  the  total  height  of  the  Dam. 


Horizontal  movements  maintain  the  tendency  of 
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SYNOPSIS  Continuous  determinations  of  density,  moisture  content,  and  permeability  through  a  140-foot  high  coarse 
refuse  embankment  impounding  slurry  were  made.  The  density  determinations  were  made  with  nuclear  moisture-density  depth 
gauges  continuously  throughout  120-foot  depth  of  the  embankment.  The  permeability  tests  were  made  with  a  special  packer 
permeability  device  and  were  conducted  throughout  the  120-foot  depth  of  the  embankment.  Compaction  density  tests  were 
made  during  compaction  of  the  refuse.  Comparisons  were  made  to  design,  as-compacted,  and  in-place  permeabilities,  den¬ 
sities,  and  phreatic  surface  within  the  embankment.  The  study  shows  that  coarse  refuse  embankments  compacted  in  roughly 
18-inch  lifts  with  a  special  dozer  and  haulage  equipment  perform  well  In  terms  of  comparisons  of  in-situ  parameters  to 
design  parameters  for  seepage,  density,  and  strength. 


INTRODUCTION 

Two  waste  products  are  created  by  coal  processing 
plants.  The  first  is  coarse  refuse  consisting  of  the 
non-coal  material  mined  along  with  the  coal,  generally 
defined  as  being  the  +28  mesh  sieve  material.  The 
second  is  fine  refuse  or  slurry  which  is  a  by-product  of 
the  washing  of  the  coal  and  is  generally  the  -28  mesh 
material.  The  usual  method  of  disposal  of  these  two 
waste  products  is  the  construction  of  an  embankment  uti¬ 
lizing  the  coarse  coal  refuse  and  pumping  of  the  slurry 
or  fine  coal  refuse  behind  the  embankment.  The  labor¬ 
atory  measured  vertical  coefficient  of  permeability  of 
coarse  coal  refuse  is  usually  on  the  order  of  10*4  cm/s 
and  relatively  large  amounts  of  seepage  from  such  an 
impoundment  are  generally  calculated. 

Typical  design  analyses  of  seepage  from  such  an  embank¬ 
ment  usually  assume  the  embankment  Impounds  water  and 
utilize  the  permeability  of  the  coarse  refuse  to  predict 
seepage.  This  procedure  usually  greatly  over-estimates 
seepage  as  the  fine  coal  refuse  when  settled  generally 
has  a  coefficient  of  permeability  on  the  order  of  10"® 
to  10-7  cm/s.  In  a  normal  disposal  process  the  slurry 
is  usually  deposited  near  the  face  of  the  embankment 
creating  a  relatively  low  permeability  material  on  the 
upstream  face  of  the  embankment  and  very  little  water  is 
impounded  on  the  slurry.  The  factor  controlling  seepage 
is,  therefore,  the  permeability  of  the  slurry  and  not 
that  of  the  coarse  refuse. 

It  Is  also  generally  thought  that  higher  degrees  of  com¬ 
paction  of  coarse  refuse  reduce  the  permeability  and 
Increase  strength.  Very  little  information  relative  to 
in-situ  permeability  and  strength  parameters  for  coarse 
refuse  in  actual  embankments  exists.  This  paper  pre¬ 
sents  the  data  generated  in  an  evaluation  of  the  per¬ 
meability,  density,  and  strength  of  coarse  refuse  in  an 
actual  embankment.  An  embankment  constructed  of  coarse 
refuse  placed  with  standard  in  the  industry  compaction 
techniques,  approximately  140  feet  In  height,  was  chosen 
for  evaluation  of  the  in-situ  density,  moisture  content, 
and  permeability. 


The  embankment  chosen  for  study  is  a  coarse  refuse 
embankment  with  an  earth  starter  dam.  Construction  on 
Stage  I  of  the  embankment  was  begun  in  1979,  with  refuse 
placement  beginning  in  January,  1982.  At  the  time  of 
this  study,  the  embankment  was  approximately  140  feet 
high  with  a  total  of  about  1.2  million  cubic  yards  of 
refuse  having  been  placed.  The  original  specifications 
for  the  project  required  90S  of  standard  Proctor  dry 
unit  weight  as  a  compaction  specification.  The  method 
of  placement  of  the  refuse  was  a  D-B  dozer  tracking  the 
refuse  in  roughly  18-inch  lifts,  and  rubber  tired  scra¬ 
pers  hauling  the  refuse.  No  compaction  eouipment  was 
used. 

This  evaluation  was  designed  to  compare  design  parame¬ 
ters  to  as-placed  and  in-situ  parameters.  Tests  were 
performed  on  the  coarse  refuse  as  a  part  of  the  initial 
design.  These  tests  included  strength,  permeability  and 
other  index  testing.  Subsequent  to  the  design,  the 
coarse  refuse  was  placed  and  some  214  field  density 
tests  were  performed  during  construction.  A  method  was 
devised  to  determine  in-situ  density  and  moisture  by 
nuclear  depth-density  and  moisture  gauges  to  obtain  a 
continuous  determination  of  density  and  moisture  for 
about  120  feet  of  refuse.  Moisture  and  density  readings 
were  made  with  the  nuclear  gauge  at  1-foot  Intervals 
from  elevation  829  feet  to  elevation  706  feet.  In  addi¬ 
tion,  bore  hole  permeability  tests  were  performed  with  a 
special  packer  permeability  device  to  obtain  a  con¬ 
tinuous  determination  of  permeability  from  elevation  829 
feet  to  elevation  706  feet.  Figure  1  shows  the  location 
of  the  test  probes.  In  addition  to  this  testing,  con¬ 
ventional  test  borings  were  made  and  samples  were 
obtained  for  triaxial  and  other  index  testing  on  the 
refuse.  Pneumatic  piezometers  were  Installed  to  deter¬ 
mine  the  in-situ  phreatic  surface  for  comparison  with 
the  design  phreatic  surface.  This  paper  describes  the 
results  of  the  testing  of  the  in-situ  refuse  and  compares 
it  to  the  design  data  and  the  as-compacted  data. 
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Fig.  1  Stage  III  Construction  of  the  Embankment 
at  the  Time  of  the  Study 


preparation  plant.  Shear,  permeability,  and  index 
testing  were  performed  as  a  part  of  the  design  report. 
Table  I  details  the  initial  design  data. 

Table  I.  Initial  Design  Data  for  Coarse  Refuse 

Parameter  Value 


Classification  "GP-GM"  to  *GM" 

Maximum  Standard  Proctor 


Dry  Unit  Weight 

129.4  pcf 

Optimum  Moisture  Content 

5.  as 

Vertical  Permeability 

1.1  x  10-4  cm/s 

Approximate  Gradation 

Gravel 

48%  to  66% 

Sand 

27%  to  38% 

Silt  and  Clay 

7%  to  14% 

Specified  Degree  of 

Compaction 

90% 

at  90S  Compaction 

36.4° 

C‘  at  905  Compaction 

0.0 

EMBANKMENT  DESCRIPTION 

The  Muskingum  refuse  embankment  for  American  Electric 
Power  Service  Corporation  is  located  at  Central  Ohio 
Coal  Company  in  Morgan  County,  Ohio.  The  project  was 
initially  designed  and  permitted  in  1979  as  a  coarse 
refuse  embankment  impounding  slurry.  The  starter 
embankment  for  the  project  was  an  earthfill  embankment 
to  elevation  805  feet.  The  starter  embankment  contained 
approximately  75,000  cubic  yards  and  was  completed  in 
1979.  The  remainder  of  the  embankment  is  constructed  of 
coarse  refuse  placed  as  downstream  construction.  The 
final  planned  embankment  has  several  stages  of  coarse 
refuse  with  a  top  elevation  of  885  feet.  At  the  time  of 
this  study,  the  embankment  was  in  Stage  III  with  the 
configuration  being  approximately  as  shown  on  Figure  2. 
The  top  elevation  of  the  embankment  was  about  845  feet 
and  the  embankment  contained  approximately  1.2  million 
cubic  yards. 


Fig.  2  Cross-Section  of  the  Embankment  at  the 
Time  of  the  Study 

INITIAL  DESIGN  DATA 


Figure  2  shows  the  gradation  range  (a)  of  the  coarse 
refuse  as  initially  tested. 


Fig.  3  Gradation  Range  for  Refuse:  a.  Design; 
b.  In-Situ 

A  phreatic  surface  was  calculated  using  a  standard 
Casagrande  construction.  The  phreatic  surface  for  the 
design  is  as  shown  on  Figure  2.  An  assumption  was  made 
in  this  calculation  that  the  permeability  of  the  coarse 
refuse  was  100  times  that  of  the  slurry  and  that  the 
horizontal  permeability  of  the  coarse  refuse  was  equal 
to  four  times  the  vertical  permeability.  A  10-foot 
thick  cohesive  cover  and  a  rock  drain  were  designed  to 
control  seepage. 


Samples  of  the  various  materials  to  be  utilized  in  the 
embankment  construction  were  obtained  in  an  original 
exploration  during  1979  and  appropriate  testing  was  per¬ 
formed.  Samples  of  the  coarse  refuse  from  which  the 
embankment  would  be  constructed  were  obtained  from  the 


PLACEMENT  TECHNIQUE  AND  ORIGINAL  COMPACTION  DATA 

It  was  decided  to  place  the  coarse  refuse  in  approximate 
18-inch  to  2-foot  lifts  as  experience  had  shown  that 
equipment  tracking  the  material  could  compact  an  18-inch 
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lift  to  90S  of  the  maximum  standard  Proctor  dry  unit 
weight.  The  equipment  hauling  the  refuse  to  the  site 
was  rubber  tired  scraper  equipment.  Compaction  was 
accomplished  by  a  D-8  dozer  spreading  and  tracking  the 
material  and  by  the  haulage  equipment.  This  technique 
proved  satisfactory  to  achieve  greater  than  the  required 
90S  standard  Proctor  dry  unit  weight  and  has  been  used 
throughout  the  placement  of  the  refuse. 


CONDITIONS  AT  THE  TIME  OF  STUDY 

A  testing  program  was  devised  to  determine  the  in-situ 
density,  moisture  content,  permeability,  gradation, 
strength,  and  phreatic  surface.  This  program  was 
designed  to  provide  continuous  determinations  of  den¬ 
sity,  moisture,  and  permeability  throughout  the  depth 
of  the  embankment. 


Approximately  214  density  tests  have  been  performed  as  a 
part  of  the  inspection  program  to  date.  The  average  of 
those  tests  for  each  5-foot  lift  of  refuse  are  plotted  on 
Figure  4. 

AVERAGE  MOISTURE 

AVERAGE  DRY  UNIT  WEIGHT  (Ib/ft1)  CONTENT  (%) 


Fig.  4  Results  of  Measurements:  a.  Laboratory  Standard 
Proctor;  b.  As-Compacted  Values;  c.  In-Situ 
Measurements  After  Completion  of  the  Embankment 

As  the  refuse  was  being  placed  the  character  changed  from 
time  to  time  and  standard  Proctor  tests  were  periodically 
performed  to  achieved  proper  control  of  the  placement.  A 
total  of  thirty-five  standard  Proctor  tests  have  been 
performed.  The  average  values  for  5-foot  lifts  are  shown 
in  Figure  4. 


Table  II.  As  Compacted  Average  Parameters 


Parameter 

Average  Value 

Average  Percent  Compaction 

95% 

Overall  Average  Dry  Unit 

Weight  of  Embankment 

107.8  pcf 

Average  Moisture  Content 
of  Embankment 

10.5% 

Percentage  Moisture  Above 

Average  Optimum 

1.9% 

Average  Standard  Proctor 

Dry  Unit  Weight 

113.4  pcf 

Average  Optimum  Moisture 

Content 

8.6% 

I)  In-Si tu  Density  and  Moisture  Content 

The  density  and  moisture  content  from  elevation  829  feet 
down  to  elevation  705  feet  were  determined  in  1-foot 
intervals  utilizing  depth  nuclear  gauge.  The  gauges 
used  were  Troxler  depth-density  and  moisture  gauges. 

The  depth  gauge  is  equipped  with  an  8  millicurie  source 
of  Cesium  137.  The  moisture  gauge  is  equipped  with  a 
3.5  AM-241/BE  source.  The  density  gauge  works  by 
emitting  gamma  rays  into  the  soil.  Some  of  these  gamma 
rays  are  absorbed  by  the  soil  and  some  are  reflected 
back  to  a  detector.  The  denser  the  soil  the  more  gamma 
rays  are  absorbed  and  the  fewer  are  returned.  It  is 
possible  to  calibrate  the  gauge  to  density  and  this 
technique  has  been  in  use  for  determining  density  of 
materials  since  about  1950.  The  moisture  gauge  works  on 
the  principle  of  emitting  fast  neutrons  into  the  soil. 
The  fast  neutrons  are  "slowed"  by  hydrogen  atoms  and 
counted  as  "slow"  neutrons.  The  moisture  content  can, 
therefore,  be  determined  from  the  nuclear  readings. 

This  technique  has  also  been  in  use  for  about  35  years. 


The  overall  average  degree  of  compaction  of  the  refuse 
embankment  from  date  of  starting  to  the  time  of  study  was 
95%.  The  construction  specifications  required  90%. 
Overall  compaction  moisture  content  varied  between  6.2% 
and  16.4%  with  the  average  moisture  content  at  compaction 
being  10.5%.  The  optimum  moisture  content  of  the  coarse 
refuse  from  the  various  standard  Proctor  tests  varied 
between  5.7%  and  11.3%.  A  weighted  average  shows  that 
the  embankment  was  compacted  at  an  average  moisture  con¬ 
tent  approximately  1.9%  over  the  optimum  moisture  content 
as  achieved  by  the  standard  Proctor  tests.  The  original 
strength  testing  was  performed  at  approximately  1%  over 
optimum.  Table  II  presents  the  average  of  the  various 
parameters  after  compaction  from  1982  through  October  of 
1984,  which  represents  some  1.2  million  cubic  yards  of 
refuse  placed. 


The  density  and  moisture  gauges  were  calibrated  to  the 
refuse.  The  purpose  of  calibrating  the  nuclear  gauge  is 
to  establish  a  calibration  curve  relating  nuclear  gauge 
counts  to  total  unit  weight  values.  This  calibration 
procedure  was  conducted  in  the  field  utilizing  coal 
refuse  from  the  site  being  studied  by  obtaining  nuclear 
density  readings  at  different  density  states.  Coal 
refuse  was  collected  in  sufficient  quantity  to  fill  a 
calibrated  barrel  (approximately  8  cubic  feet)  and  three 
density  states  were  used.  A  metal  tube  was  placed  in 
the  calibration  barrel,  the  barrel  was  filled  with  coal 
refuse,  and  nuclear  readings  recorded.  After  each  den¬ 
sity  state  was  evaluated  in  this  manner  the  calibration 
curve  was  developed. 

The  nuclear  moisture  gauge  calibration  was  made  in  con¬ 
junction  with  the  density  calibration.  Nuclear  moisture 
gauge  readings  were  recorded  for  each  density  state. 

The  moisture  content  was  determined  and  the  calibration 
curve  developed. 
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The  density  and  moisture  content  were  determined  with 
the  nuclear  gauge  every  foot  throughout  the  embankment. 

A  total  of  120  density  and  moisture  content  deter¬ 
minations  of  the  in-situ  material  were  made  during  this 
study.  Figure  4  shows  the  average  density  and  moisture 
contents  for  each  5-foot  increment  throughout  the  depth 
of  the  embankment.  The  percentages  for  compaction  shown 
in  Figure  5  were  calculated  by  utilizing  appropriate 
standard  Proctor  curves  for  the  various  elevations  of 
refuse  from  the  initial  inspection  data.  It  can  be 
calculated  from  Figure  5  that  the  following  average  con¬ 
ditions  exist  in  the  embankment  to  date  (Table  III). 


Fig.  5  Results  of  In-Situ  Measurements 


Table  III.  In-Situ  Average  Parameters 


Parameter 


Average  Value 


Average  Percent  Compaction  102.2? 

Overall  Average  Dry  Unit 

Weight  of  Embankment  116.0  pcf 

Average  Moisture  Content 

of  Embankment  10.1? 

Percentage  Moisture  Above 

Average  Optimum  1.5? 

Average  Standard  Proctor 

Dry  Unit  Weight  113.4  pcf 

Average  Optimum  Moisture 

Content  8.6? 


2)  In-SItu  Permeability  Testing 

Permeability  testing  was  performed  by  a  double  end 
packer  permeability  device  inserted  below  the  casing  as 
the  casing  for  the  nuclear  density  and  moisture  meters 
was  being  removed.  The  casing  was  removed  in  5-foot 
increments  and  5-feet  of  coarse  refuse  tested  at  one 
time.  The  flow  of  water  through  the  5-foot  perforated 
packer  pipe  was  calculated  over  a  10  minute  period  of 
time.  Utilizing  the  flow,  the  area  being  tested  at  any 
given  time,  and  the  total  head  being  applied,  the  per¬ 
meability  for  each  5-foot  section  was  calculated.  The 
permeabilities  are  plotted  on  Figure  5.  The  above- 
referenced  values  obviously  represent  horizontal  per¬ 
meabilities.  In  most  areas  the  horizontal  permeability 
varies  between  about  10'4  cm/s  and  10'6  cm/s.  Some 
areas  were  found  in  which  no  water  was  taken  indicating 
that  there  are  zones  in  which  the  embankment  is  relati¬ 
vely  impermeable.  The  overall  average  permeability  of 
the  embankment  discarding  those  areas  of  zero  per¬ 
meability  is  2.31  x  10'4  cm/s.  The  average  horizontal 
permeability  used  in  the  design  was  1.6  x  lo-4  cm/s. 

3)  In-Situ  Gradation 

In  addition  to  the  above  testing,  samples  were  oDtained 
for  various  parameter  testing.  The  samples  between  ele¬ 
vations  of  different  permeabilities  were  combined  and  an 
overall  gradation  test  was  performed  on  those  samples. 
These  areas  were  chosen  to  coincide  with  the  higher  and 
lower  permeability  zones.  Table  IV  lists  the  pertinent 
factors  relative  to  the  grain  size  of  the  material  in 
these  zones. 

Table  IV.  In-Si tu  Gradation  Data 

Elevation 


Range 

(ft) 

Classi¬ 

fication 

? 

Gravel 

? 

Sand 

?  Silt 
&  Clay 

030 

(mm) 

d6° 

(mm) 

820.0- 

824.0 

SM 

27 

56 

17 

0.23 

2.52 

794.0- 

805.5 

SM 

25 

46 

29 

0.09 

2.UU 

786.5- 

787.5 

SM 

29 

55 

16 

0.85 

3.59 

779.0- 

786.5 

SM 

22 

54 

24 

0.18 

2.16 

760.0- 

765.0 

SM 

33 

53 

14 

0.69 

3.74 

734.5- 

745,5 

SM 

30 

47 

23 

0.17 

2.79 

Figure  3  shows  the  gradation  range 

(b)  for  the  samples 

tested. 

4)  In-Sltu  Strength  Parameters 

Strength  tests  performed  on  undisturbed  samples  of  the 
coarse  refuse  material  yield  the  following  values  in 
comparison  with  design  values. 
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Table  V.  Comparison  of  Design  Strength  to  Actual 
Achieved  Strength 


Samples 

Type  of 
Material 

Effective 
Strength 
Parameters 
: . (T'C'bsi) 

Avg. 

Dry 

Unit 

Weight 

ipef) 

Avg. 

Mois¬ 

ture 

Content 

(i) 

Laboratory 

Compacted 

(Design) 

Black 

Coal 

Refuse 

3S.4  0.0 

117.8 

6.3 

Undis¬ 

turbed 

(Actual) 

Black 

Coal 

Refuse 

39.3  0.0 

102.1 

10.8 

Table  V  shows  that  the  in-si tu  samples  tested  were  at 
lower  densities  than  the  design  tests  (as  well  as  the 
overall  average  for  the  embankment)  and  that  the 
strength  values  are  higher. 

5)  In-Situ  Phreatic  Surface 


Table  VI.  in-Situ  Pnreatic  Levels 

Elevation  of  Elevation  of 
Piezoaeter  Piezoaeter  (ft)  Water  Surface  (ft) 

A  732.6  733.5 

3  707.4  7:1.0 

C  636.9  690.0 

The  above  information  was  used  to  plot  the  actual 
phreatic  surface  in-situ.  It  can  be  seen  frca  Figure  2 
that  the  actual  phreatic  conditions  within  the  embank¬ 
ment  are  such  lower  than  those  assuaed  during  design. 
This  is  partially  because  the  design  conditions  con¬ 
sidered  tne  etta nkaent  to  be  retaining  water  when  in 
actual  fact  the  embankment  retains  fine  refuse  which  in 
itself  has  a  relatively  low  permeability.  There  is  very 
little  water  actually  perched  on  top  of  the  slurry  and 
the  actual  flow  conditions  are  considerably  less  than 
those  calculated  by  assuming  the  esbankeent  to  be 
retaining  water. 

CONCLUSIONS 


In  order  to  establish  the  current  phreatic  surface  three 
pneumatic  piezometers  were  installed.  The  piezooeter 
worxs  by  applying  pressure  through  a  3/16-inch  polyethy¬ 
lene  tubing  to  the  piezometer  point  and  reading  the 
pressure  which  is  equivalent  to  the  head  cf  water  in  the 
boring.  These  piezometers  were  installed  at  the  junc¬ 
ture  of  refuse  and  original  soil.  The  depth  and  eleva¬ 
tion  of  the  three  piezometers  are  shown  in  Figure  2. 

After  the  piezometers  were  installed  they  were  back¬ 
filled  with  5  to  10  feet  of  sand  to  provide  a  filter 
around  the  piezometers.  The  boring  was  tnen  closed  off 
with  5  to  10  feet  of  bentonite  pellets  and  the  remainder 
of  the  hole  filled  with  on-site  material.  The  leads  for 
the  piezometers  were  buried  in  a  trench  and  covered  with 
refuse.  They  were  then  trenched  into  a  manhole  on  the 
left  abutment  for  a  permanent  installation.  These 
piezometers  were  read  at  various  times  after  the  in¬ 
stallation.  Table  VI  shows  the  piezometer  readings 
along  with  the  elevations  of  the  water  level  in  each 
piezometer. 


1}  Permeability  and  Seepage 

Very  little  correlation  between  permeability  and  percent 
compaction  within  the  coarse  refuse  embankment  was 
noted.  The  permeabilities  were  performed  continuously 
from  top  to  bottom  and  coincided  with  various  different 
densities.  Figure  5  shows  the  plots  of  degree  cf  com¬ 
paction  and  permeability.  It  will  be  noted  from  Figure 
5  that  higher  permeabilities  do  not  necessarily  coincide 
with  lower  densities,  nor  do  lower  permeabilities  coin¬ 
cide  with  higher  densities.  The  greater  effect  on  per¬ 
meability  for  coarse  refuse  is  the  grain  size  distri¬ 
bution,  not  the  degree  of  compaction.  Coarse  refuse  is 
basically  a  sand  and  gravel  with  a  percentage  of  fines. 
The  data  shows  percentage  of  fines  in  relationship  to 
the*  percentage  of  the  other  size  fractions  within  the 
total  mix  is  what  controls  the  permeability  of  the 
coarse  refuse.  Table  VII  shows  the  average  permeability 
versos  density  and  percentage  of  each  fraction  for  each 
5-foot  level  throughout  tne  embankment. 


Table  VII.  Comparison  of  Permeability  to  Percent  Compaction  and  Grain  Size 


Elevation 
Ranqe  (ft) 

Permeabi 1 i  ty 
(cm/s) 

%  Compaction 

Average 

Dry  Unit 
Weight 
(pcf) 

%  Gravel 

%  Sand 

%  Silt 

4  Clay 

?30 

(mm) 

827.6-822.6 

0  , 

95.3 

110.7 

822.6-817.6 

2.46  x  lO'4 

94.5 

114.5 

26 

57 

17 

0.23 

817.6-812.6 

1.43  x  10"4 

97.3 

115.6 

812.6-807.6 

4.83  x  ID'6 

105.0 

115.0 

807.6-802.6 

0 

109.8 

111.9 

25 

46 

29 

0.09 

802.6-797.6 

0 

112.9 

122.2 

25 

46 

29 

0.U9 

797.6-792.6 

0  , 

94.4 

108.2 

25 

46 

29 

0.09 

792.6-787.6 

2.90  x  10-o 

104.4 

115.9 

29 

55 

16 

0.85 

787.6-782.6 

7.22  x  10-4 

118.2 

130.7 

22 

54 

24 

0.18 

782.6-777.6 

2.59  x  10-4 

108.7 

119.9 

22 

54 

24 

0.18 

777.6-772.6 

2.41  x  10‘4 

95.5 

111.7 

768.4-763.4 

4.38  x  10'4 

107.3 

117.7 

33 

53 

14 

0.69 

763.4-758.4 

2.29  x  10'4 

95.9 

115.6 

33 

53 

14 

0.69 

758.4-753.4 

7.54  x  10-4 

101.0 

117.8 

753.4-748.4 

2.04  x  10-4 

94.1 

111.3 

748.4-743.4 

3.87  x  lO-o 

102.6 

122.4 

30 

47 

23 

0.17 

743.4-738.4 

4.83  x  10-o 

97.7 

107.7 

30 

47 

23 

0.17 

738.4-733.4 

9.67  x  10-7 

106.3 

116.7 

30 

47 

23 

0.17 

733.4-728.4 

5.80  x  10-6 

95.6 

105.0 

728.4-723.4 

0  . 

114.2 

125.4 

723.4-718.4 

1.95  x  10'4 

103.2 

113.3 

718.4-713.4 

3.84  x  10-4 

104.9 

121.1 

713.4-708.4 

3.33  x  IQ"4 

108.2 

132.5 
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It  can  be  seen  from  Table  VII  that  there  is  no  corre¬ 
lation  between  percent  compaction  and  permeability  of 
the. coarse  refuse.  The  percent  compaction  for  the 
10'4  cra/s  permeability  varied  between  94.1®  and  118.22, 
while  the  percent  compaction  corresponding  to  the  "zero” 
permeability  material  varied  between  94.4%  and  114.2%. 

There  is  a  rough  correlation  between  D30  and  permeabil¬ 
ity.  The  lir4  cm/s  permeability  refuse  has  a  D30 
ranging  between  about  0.18  mm  and  0.85  mm.  The  “zero” 
permeability  material  has  a  D30  of  0.09  mm.  The  per¬ 
meability  of  coarse  refuse  is,  therefore,  much  more 
dependent  on  grain  size,  and  in  particular,  the  amount 
cf  fines  than  it  is  on  percent  compaction.  The  compac¬ 
tion  of  coarse  refuse  at  95%  instead  of  90%  standard 
Proctor,  therefore,  has  no  appreciable  effect  on  per¬ 
meability  or  seepage.  Specifying  a  higher  degree  of 
compaction  for  coarse  refuse  will  not  substantially 
decrease  seepage  through  the  embankment.  Cohesive 
facings  and  subdrains  should  be  used  to  control  seepage 
through  coarse  refuse  embankments  as  it  is  unproductive 
to  try  to  control  seepage  by  increased  compaction  of 
coarse  refuse. 

?.}  Density 

cuiod  of  placing  coarse  refuse  in  18-inch  to  2-foot 
lifts  end  tracking  with  a  dozer  and  hauling  equipment 
produces  a  well  compacted  fill  that  achieves  the  desired 
results.  This  method  produced  an  average  percentage  of 


compaction  of  95%  of  the  standard  Proctor  value  with  no 
additional  compaction  equipment  being  utilized.  The 
embankment  as  it  consolidated  over  a  period  of  time 
increased  in  density.  Thus,  the  density  in  coarse 
refuse  embankments  can  be  expected  to  increase  somewhat 
with  time  as  the  embankment  is  consolidated  under  its 
own  weight. 

3)  Stability 

The  in-si tu  stability  was  found  to  be  greater  than  the 
design  stability  of  the  structure.  The  strength  parame¬ 
ters  in-situ  were  higher  than  the  design  strength  para¬ 
meters  and  the  factor  of  safety  comparably  higher.  This 
conclusion  indicates  that  the  design  criteria  for  coarse 
refuse  embankments  are  conservative  and  that  a  compac¬ 
tion  specification  of  90%  standard  Proctor  is  adequate 
to  produce  the  required  stability  at  slopes  of  2.5:1. 

CONCLUSIONS 

Design  assumptions  relative  to  permeability  and  seepage 
in  coarse  refuse  embankments  compare  favorably  with 
actual  observed  val'i»s.  The  design  assumptiontions  are 
shown  to  be  conservative  in  this  study.  Coarse  refuse 
can  be  compacted  in  38-inch  lifts  by  dozers  and  haulage 
equipment  to  provide  a  satisfactory  embankment.  Corre¬ 
lations  of  permeability  to  percent  compaction  indicate 
that  it  is  not  effective  to  try  to  reduce  the  per¬ 
meability  by  increasing  compaction  for  coarse  refuse. 
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SYNOPSIS:  This  paper  analyzes  a  braced  excavation  executed  during  the  construction  of  Rio  de 
Janeiro  City  subway  along  a  street  (Catete  Street}  in  wriich  several  old  and  historical  buildings 
existed  and  should  be  preserved.  The  excavation  had  an  average  depth  of  33  neters  and  was  executed 
almost  ten  years  ago  in  a  subsoil  in  which  the  principal  problems  wore  caused  by  a  6  neters  thick 
loose  sand  layer,  underlaid  by  a  4  meter  thick  silty  organic  clay  layer.  Several  buildings  were 
damaged  and  had  to  be  repaired.  The  objective  of  this  paper  is  Co  show  that  even  using  the 
incomplete  laboratory  and  field  testing  data  available  at  the  time  the  design  was  made,  some  of  this 
damage  could  be  predicted  and,  therefore,  possibly  prevented.  The  paper  firstly  describes  the 
excavation  and  the  available  information  on  the  subsoil  materials.  Subsequently,  a  finite  element 
analysis  is  made  and  the  results  are  correlated  to  observed  damage. 


INTRODUCTION 

During  the  construction  of  the  first  line  of  Rio 
de  Janeiro  city  subway,  in  Brazil,  there  was  one 
part  that  passed  below  a  street  in  which  old  and 
historical  buildings  were  constructed,  including 
one,  Palacio  do  Catete  (Catete  Palace),  that  was 
the  President's  residence  and  office  while  Rio 
de  Janeiro  was  the  capital  ot  the  country  (1763- 
1900). 

The  shallow  foundations  of  these  buildings  were 
made  at  a  time  in  which  reinforced  concrete  was 
not  available  in  the  country  and  therefore  they 
were  made  with  large  stones  held  together  with  a 
mixture  of  sand  and  cement. 

The  subway  tunnel  was  built  by  a  cut-and-cover 
procedure  with  retaining  walls  being  used  to 
avoid  large  ground  deformations  particularly 
because  the  excavation  comprised  almost  all  the 
street  width  thereby  being  very  close  to  the 
building  foundations.  In  spite  of  the  retaining 
structure  the  movements  caused  by  the  excavation 
in  the  backfill  cracked  almost  all  the  old 
buildings  including  the  Catete  Palace  that  had 
to  be  repaired  over  many  years. 

The  objective  of  this  paper  is  to  show  that  even 
based  on  the  little  information  available  on  the 
de formation  characteristics  or  tne  subsoil 
materials,  an  analysis  using  the  finite  element 
method  and  considering  the  most  important  steps 
taken  during  the  excavation  construction,  leads 
to  differential  settlements  in  the  backfill  that 
according  to  allowable  settlement 
recommendations  should  be  avoided  in  order  to 
prevent  cracking. 

The  paper  firstly  describes  the  excavation  and 
the  available  information  on  the  subsoil 
materials.  Subsequently,  this  information  is 
used  to  obtain  deformability  parameters  for  the 
different  subsoil  layers.  Finally,  an  analysis 


is  made,  its  results  are  presented  and 
conclusions  are  outlined. 


DESCRIPTION  0?  THE  FIELD  CASE 

Part  of  the  Rio  de  Janeiro  city  subway  first 
line  passes  below  Catete  Street  and  joins  Largo 
do  Hachado  Station  to  Catete  Station,  in  an  area 
where  several  small  streets  and  old  buildings 
exist  (Figure  1).  A  cross-section  of  this  part 
is  shown  in  Figure  2.  The  field  and  laboratory 
data  available  corresponding  to  the  stretch 
between  Fereira  Viana  and  Dois  de  Dezercbro 
streets  (Figure  1).  In  this  region,  borehole 
number  S-505  was  considered  to  be  the  most 
representative  and  its  corresponding 
geotechnical  profile  is  shown  in  Figure  3.  As 
can  be  seen  in  this  figure,  the  first  layer  is  a 
fill  that  has  an  average  thickness  of  4  metres, 
an  average  blow-count  number,  N(SPT),  of  10  and 
liquid  limit  (LL)  ar.d  plastic  index  (PI)  equal 
to  20%  and  10%,  respectively.  Underlying  this 
fili,  there  is  a  10  metre  thick  uniform,  fine  to 
medium  sand  layer  in  which  the  first  3  metres 
is  in  a  dense  state,  relative  density  (Dr) 
between  75%  and  85%,  and  the  last  7  metres  are 
in  a  loose  state  (Dr  between  25%  and  35%). 
These  relative  density  values  were  obtained 
correcting  the  N(SPT)  according  to  the  vertical 
effective  pressure  (Gibbs  and  Holtz,  1957  and 
Teng,  1972). 

The  organic  silty  clay  layer  has  a  granulometric 
distribution  in  which  the  percentage  of 
particles  passing  through  sieve  number  200 
varies  from  40%  to  65%.  Average  values  of  LL 
and  PI  are  43%  and  27%,  respectively.  The  value 
of  M(SPT)  varies  from  2  to  3  and  it  has  a  soft 
to  very  soft  consistency,  with  the  natural 
moisture  content  observed  in  almost  all  the 
samples  being  greater  than  the  liquid  limit. 
The  layer  can  be  considered  normally 
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Rio  de  Janeiro  Subway  General  View  at  Fig.  3.  Geotechnical  Profile  at  Borehole  S-505 
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Rio  de  Janeiro  Subway  Cross-Section  at  Catete  Street 


consolidated  with  OCR  varying  from  1  to  2,  and 
sensitivity  being  approximately  equal  to  2.  The 
permeability  obtained  with  conventional 
oedometer  test  varied  from  10~7  to  10~9  cm/sy. 

The  erratic  stratum  was  characterized  by  having 
a  much  higher  penetration  resistance,  average 
N(SPT)  greater  than  10.  Ther°  is  little 

information  on  this  layer  but  its  influence  on 
the  excavation  behavior  is  considered  to  be 
negligible. 

The  retaining  structure  for  the  excavation 
slopes  consisted  of  vertical  walls  supported 
laterally  by  three  levels  of  struts  that  can  be 
seen  in  Figure  4  where  a  cross-section  and  a  top 
view  of  the  retaining  structure  is  presented. 
Slurry  trench  (diaphragm)  walls  incorporated  to 
the  final  structure  of  the  subway  tunnel  were 
used  on  these  retaining  structures  (Xanthakos, 
1979  and  Hajnal  et  al.,  1984). 
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Fig.  5.  Excavation  Steps 
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The  excavation  was  executed  in  four  steps  as 
shown  in  Figure  5.  Steps  2,  3  and  4  consisted 
of  first  installing  struts  A,  B  and  C, 
respectively,  and  then,  excavating. 

To  control  the  building  movements  during 
excavation,  settlement  points  were  installed  in 
most  buildings.  Figure  6  presents  a  top  view  of 
the  location  of  some  of  these  buildings  as  well 
as  the  observed  settlement  for  different  points 
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Fig.  6.  Settlement  of  Points  in  Some  Buildings 


in  each  building.  Only  settlement  of  building 
186  was  measured  from  the  beginning  of 
excavation  construction.  The  other  points  had 
already  moved  when  the  measuring  started. 


LABORATORY  DATA 

Besides  field  penetration  tests,  some  laboratory 
tests  were  also  performed.  Conventional  CU 
(consolidated-undrained)  and  UU  (unconsol idated- 
undrained)  triaxial  tests  were  performed  in 
shelby  samples  of  the  organic  silty  clay  layer 
as  well  as  oedometer  and  direct  shear  tests. 
The  sand  layer  was  tested  at  different  relative 
density  with  conventional  direct  shear  tests  and 
the  erratic  stratum  was  tested  with  conventional 
CU  tests.  No  laboratory  tests  were  available 
for  the  sand  fill  material. 

Host  of  these  tests  did  not  have  consistent 
results  and  were  not  sufficient  to  find 
parameters  even  for  the  hyperbolic  non-linear 
elastic  model  (Duncan  and  Chang,  1970). 
Therefore  they  were  used  to  estimate  values  of 
elasticity  modulus  only  (Santos,  1980). 


NUMERICAL  ANALYSIS 

The  numerical  analysis  was  performed  using  a 
finite  element  program,  FENA-2D  (Krishnayya, 
1973),  available  at  the  time.  The  real  problem 
was  idealized  as  shown  in  Figure  7  and 
numerically  solved  using  the  mesh  presented  in 
Figure  8. 
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Fig.  7.  Problem  Idealization 


Fig.  9.  Elasticity  Modulus  Correlation 


The  elasticity  moduli  (E)  used  in  the  analysis 
were  obtained  for  each  layer  averaging  values 
obtained  with  different  correlations  with  N(SPT) 
(Terzaghi  and  Peck,  1967;  Webb,  1969;  Parry, 
1971  and  Mello,  1971)  and  the  laboratory  test 
results  (Figure  9). 


Figure  10  shows  vertical  displacements  of 
surface  points  near  the  excavation,  together 
with  the  lateral  movement  of  the  diaphragm  wall 
and  the  bottom  heave,  for  each  excavation 
step.  As  can  be  seen  the  vertical  settlement 
was  much  smaller  than  the  ones  measured  in 
building  number  186  (Figure  6).  There  are  many 
reasons  to  explain  this  difference.  First,  the 
use  of  linear  elasticity  disregards  any  decrease 
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Fig.  10.  Analytical  (Numerical)  Displacements 


in  the  elasticity  modulus  during  increasing 
shearing,  underestimating  the  settlements. 
Second,  movements  caused  by  lowering  the  water 
table  level  were  disregarded.  Third,  as  already 
shown,  the  characterization  of  the  subsoil 
deformability  was  not  properly  carried  out  which 
could  probably  lead  to  smaller  settlements  and, 
finally,  some  assumptions  in  the  numerical  model 
such  as  rigid  struts,  boundary  and  initial 
conditions  might  also  have  led  to 

underestimation  of  the  settlements. 

Nevertheless  the  settlement  profile  obtained  ir. 
the  analysis  gave  rise  to  maximum  rotation  that 
may  explain  the  damage  which  occurred.  In  fact, 
according  to  many  authors  in  different  countries 
(Skempton  and  MacDonald,  1956;  Feld,  1965; 
Golder,  1971;  Crant  et  al.,  1974;  Burland  and 
Wroth,  1974;  '  argas  and  Pacheco,  1976  and 
Novais,  1976)  the  maximum  rotation  has  to  be 
smaller  than  1/300  to  avoid  wall  cracking  and  to 
keep  windows  and  doors  smoothly  functioning. 
Burland  and  Wroth  (1974)  point  out  that  this 
limit  value  might  be  considerably  smaller  for 
<>ld  buildings  and  the  value  of  1/500  is  usuf'ly 
used  in  ptactice.  As  is  shown  in  Figure  10  this 
value  is  reached  in  the  second  excavation  step, 
increasing  thereafter.  Therefore,  these  results 
justify  the  aamage  observed  in  most  of  the  old 
buildings. 


CONCLUSIONS 

In  this  paper  an  excavation  field  case 
associated  with  the  construction  of  the  Rio  de 
Janeiro  subway  tunnel  at  Catete  Street  was 
reported . 

As  pointed  out  by  Morgenstern  and  Eisenstein 
(1970)  to  accurately  analyze  excavations  it  is 


necessary  to  have  information  on  the 
geotechnical  profile,  the  stress  state  in  the 
ground  prior  to  excavation,  the  deformability 
characteristics  of  the  ground  and  the 
construction  procedure  (boundary  conditions). 

Unfortunately  all  this  information  was  not 
available  for  the  field  case  reported  in  this 
paper,  especially  with  respect  to  the 
deformability  characteristics  of  the  subsoil. 
Although  some  laboratory  and  field  data  were 
available  they  were  not  sufficient  to  find 
parameters  (calibration)  for  more  adequate 
stress-strain  constitutive  models. 

Nevertheless,  the  paper  aimed  to  use  laboratory 
and  fi«-d  data  normally  encountered  in 
engineering  practice,  together  with  a  more 
accur  .  :e  characterization  of  the  geotechnical 
profi'  the  stress-state  in  the  ground  and  the 
construction  procedure,  to  investigate  if  some 
of  the  problems  caused  by  the  excavation  could 
have  been  predicted  and  therefore  possibly 
avoided. 

It  was  shown  that  the  movements  obtained  with 
the  numerical  analysis,  although  much  smaller 
than  that  ueasured  in  the  field,  indeed  gave 
rise  to  settlement  profiles  that  justify  the 
damage  caused  in  the  nearby  buildings. 
Therefore  an  analysis  such  as  the  one  presented 
in  this  paper  would  have  helped  to  avoid  the 
damage  caused. 
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Failure  of  Rood  Banks  Due  to  Under  Seepage 

Arthur  Marsland 

England 


SYNOPSIS: 

Several  failures  of  flcodbanks  caused  by  increases  in  water  pressure  and  seepage  in  foundation  soils 
during  abnormal  high  floodwater  conditions  have  been  investigated.  The  particular  type  of  failure 
which  occurred  depended  upon  the  sequences  of  the  foundation  strata,  the  overall  bank  profile,  and 
the  height  and  duration  of  the  floodwater.  Both  rotational  and  translational  slides  occurred  in 
banks  built  on  sands,  peats  and  clays  with  underlaying  sandy  gravels.  Breaches  occurred  when  the 
cress  was  sufficiently  lowered  to  allow  substantial  overtopping  or  where  gaps  developed  at  the  ends 
of  the  translational  slides.  Development  of  erosion  pipes  in  multi-layered  soils  led  to  both 
partial  collapse  and  breaching  of  banks.  The  need  to  anticipate  possible  failure  mechanisms  when 
evaluating  the  effectiveness  of  flood  defences  is  emphasised. 


INTRODUCTION 

Flood  defence  banks  protecting  low  lying  ground 
along  rivers  and  coasts  are  of  necessity 
constructed  on  alluvial  deposits.  These  may 
comprise  peats,  soft  clays,  silts,  sands  and 
gravels.  Wherever  pervious  strata  outcrop  on  the 
foreshore  or  in  river  channels  increases  in 
groundwater  pressures  and  flow  gradients  occur  in 
the  strata  below  the  banks  during  high  water 
conditions.  As  a  result  of  these  changes  overall 
instability  of  the  banks  or  the  development  of 
erosion  pipes  in  unstable  strata  can  occur. 

Rapid  breaching  and  extensive  flooding  can  result 
from  both  types  of  failure.  The  examples  of 
failures  described  in  the  following  sections  have 
been  chosen  from  the  author's  records  in  order  to 
illustrate  the  various  types  of  under  seepage 
failures  which  occur  in  Britain.  Studies  of 
failure  mechanisms  and  of  conditions  conducive  to 
potentially  dangerous  under  seepage  form  an 
essential  requirement  for  the  adequate  assessment 
of  the  effectiveness  of  flood  defences. 

FAILURE  OF  BANKS  BUILT  OF  FINE  SAND 

Recent  deposition  under  the  tidal  conditions 
occurring  along  the  coastal  and  estuaries  of 
Britain  has  resulted  in  soil  profiles  comprising 
a  relatively  thin  layer  of  silty  clay  overlying 
fine  sand.  The  thickness  of  the  overlying  silty 
clay  present  under  the  flood  defence  banks 
depends  on  the  length  of  time  deposition  has 
occurred  prior  to  construction  of  the  banks.  In 
the  marshes  along  the  east  coast  of  Essex  where  a 
number  of  breaches  occurred  in  the  banks  during 
the  abnormally  high  tides  in  1953  the  silty  clay 
is  1  to  2  metres  thick.  Fortunately  most  of  the 
banks  have  extensive  saltings  on  the  seaward  side 
and  their  blanket  effect  prevents  large  changes 
of  pore  water  pressures  occurring  in  the 
underlying  sands.  As  a  consequence  most  of  the 
breaches  followed  the  development  of  shallow 
slips  in  the  fissured  backslopes  of  the  banks 
(Cooling  and  Marsland  1954,  Marsland  1957, 
Marsland  1984)  and  were  small  or  only  partially 


developed.  However,  a  very  large  breach 
accounting  for  much  of  the  flooding  occurred 
along  a  stretch  of  bank  flanking  an  outfall  drain 
cut  through  the  saltings.  A  cross-section 
through  this  bank  is  shown  in  Fig  1  (a).  The 
presence  of  large  lumps  of  clay  from  the  bank 
more  than  120  metres  into  the  marsh  indicated 
that  the  breach  had  developed  rapidly. 


(a)  Observed  itp,  no  brooch 
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Fig  1  Uplift  failures  of  banks  built 
on  fine  sand  in  Essex. 

Estimates  of  the  likely  pore  water  pressures 
which  developed  in  the  underlying  sands  during 
the  1953  tides  were  obtained  by  extrapolation  of 
measurements  made  during  subsequent  spring  tides. 
These  indicated  that  equilibrium  pressures 
corresponding  to  minimal  seaward  protection  had 
probably  occurred.  When  these  pore  water 
pressures  were  used  in  effective  stress  analyses 
incorporating  a  range  of  values  of  effective 
stress  parameters  determined  from  laboratory 
tests,  factors  of  safety  of  between  0.75  and  1.0 
were  obtained.  The  available  evidence  suggested 
that  most  of  the  bank  slid  into  the  marsh  as  the 
tide  reached  this  maximum  level  as  shown  in  Fig 
la  and  this  resulted  in  the  formation  of  a  deep 
wide  breach  in  a  very  short  time. 
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Further  evidence  of  the  critical  nature  of  the 
stability  of  these  banks  during  flood  conditions 
was  provided  by  a  deep  slip  which  occurred  in  an 
adjacent  bank  fronted  by  saltings.  A  section 
across  this  slip  is  shown  in  rig  lb. 

Measurements  of  pore  water  pressures  during 
subsequent  high  tides  showed  that  changes  at  this 
location  were  much  smaller  than  at  the  breach 
side.  Changes  in  Che  level  of  the  water  in  the 
landward  ditch  were  quickly  reflected  as 
additional  changes  of  pore  water  pressure  in  the 
sand  under  the  bank.  A  combination  of  the  pore 
water  pressures  caused  by  flooding  of  the 
landward  ditches  and  the  moderate  increases  due 
to  under  seepage  where  sufficient  to  cause  the 
slip. 

FAILURE  OF  BANKS  BUILT  ON  LAMINATED  DEPOSITS 

Laminated  silts,  sands  and  clays  are  frequently 
formed  in  the  less  exposed  inner  regions  within 
tidal  estuaries.  The  author  has  no  first  hand 
experience  of  overall  instability  failures  of 
banks  built  on  these  deposits  due  to  under 
seepage.  There  is,  however,  a  real  possibility 
of  their  occurrence  especially  where  the  banks 
are  subjected  to  high  flood  levels  for  prolonged 
periods.  Banks  built  on  laminated  deposits  are, 
however,  prone  to  failure  as  a  consequence  of 
internal  erosion.  A  serious  breach  and  several 
other  partial  failures  occurred  during  1960  in 
banks  along  elevated  drainage  channels  passing 
through  the  silt  lands  in  the  Norfolk  Fens,  A 
section  through  the  bank  at  the  site  of  the 
breach  is  shown  in  Fig  2a.  The  water  level  in 
the  channel  began  to  build  up  during  20  December 
and  by  midnight  had  reached  <■  3.4  m  ODN.  On  21 
December  the  level  gradually  increased  to  a 
maximum  of  3.85  m  ODN  at  1200  hours.  Regular 
inspections  were  made  of  the  banks  and  the 
drainage  ditches  on  the  marsh  side  until  1130 
hours  on  22  December  when  the  flood  levels  had 
fallen  by  about  0.3  m.  At  this  time  there  was 
only  evidence  of  slight  seepage  along  the  side 
of  the  landward  ditch.  However,  by  1400  hours 
silt  laden  water  was  observed  pouring  into  the 
ditch  and  by  1430  hours  a  large  breach  had 
developed.  The  bank  either  side  of  the  breach 
appeared  to  be  undamaged.  The  formation  of  the 
breach  removed  ail  further  evidence  of  the  mode 
of  development  but  erosion  holes  several  feet 
across  had  been  reported  in  banks  in  this  area  at 
positions  A  and  B  shown  in  Fig  2b  during  a 
comparable  high  water  flood  in  1947.  A  shaft 
approximately  2  metres  across  and  2.5  metres  deep 
was  also  discovered  in  the  crest  of  a  bank  along 
a  parallel  drainage  channel  (position  C  Fig  2b) 
at  1500  hours  on  21  December  1960  when  large 
quantities  of  silt  laden  water  were  seen  pouring 
out  into  the  marsh  drainage  ditch.  Fortunately 
this  did  not  lead  to  a  complete  breach  and 
subsequent  excavation  revealed  a  horizontal  p.pe 
with  a  diameter  of  about  230  mm  leading  to  the* 
drainage  ditch  as  shown  in  Fig  2b.  Fortunately 
the  horizontal  pipes  did  not  extend  back  to  the 
main  channel  during  the  flood  period.  All  the 
erosion  pipes  observed  occurred  in  the  laminated 
clay-silt-sand  with  the  overlying  clay  and  peat 
providing  some  roof  support.  Precise  details  of 
how  the  pipes  developed  is  not  known  but  grading 
curves  on  soil  from  individual  lamina  suggest 
that  the  washing  of  particles  from  finer  into 
coarser  lamina  could  have  been  a  contributory 
factor. 
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Fig  2  Underseepage  failures  of  banks  built 
on  laminated  clayey,  silty,  sandy 
deposits  in  the  Lincolnshire  Fens. 

FAILURE  OF  BANKS  BUILT  ON  PEAT 

The  gradual  back-up  of  the  inland  water  as 
the  sea  levels  rose  during  the  retreat  of 
the  ice  following  the  last  glaciation 
provided  conditions  favourable  to  the 
formation  of  peat  deposits  in  shallow 
lagoons  adjacent  to  many  rivers  and 
estuaries.  The  drainage  of  reclaimed  peat 
lands  has  resulted  in  a  considerable 
lowering  of  the  surface  levels  due  to 
consolidation,  shrinkage,  oxidation,  and 
bacterial  activity.  As  a  consequence  rivers 
now  cross  peat  areas  between  banks  with 
crests  up  to  6  metres  above  the  surrounding 
ground.  Many  of  these  banks  are  subjected 
to  high  water  levels  for  longer  periods  than 
coastal  banks.  Where  the  flood  water  has 
direct  access  to  the  peat  layers  near  the 
banks,  significant  increases  of  pore  water 
pressure  can  occur  in  the  peats  underlying 
the  banks  and  adjacent  marshes.  Since  peats 
are  predominantly  frictional  soils  this 
causes  a  reduction  in  strength  and  stability 
of  the  banks.  A  major  breach  in  a  bank 
protecting  Bulcamp  marshes  on  the  south  side 
of  the  river  Blyth  near  Bythburgh,  Suffolk, 
followed  the  development  of  a  deep  slip 
which  occurred  when  the  flood  water  was  near 
its  peak  level .  A  photograph  showing  the 
temporary  repairs  to  the  bank  is  shown  in 
Fig  3.  A  section  showing  the  original  and 
slipped  profiles  and  the  probable  slip  plane 
is  shown  in  Fig  4.  It  is  significant  that 
the  failure  occurred  during  the  most 
prolonged  high  tide  to  have  occurred  since 
the  bank  was  reconstructed  in  1954.  Earlier 
breaches  in  other  banks  built  on  peat  in  the 
Fens  (Johnson  1948  and  Summers  1976)  could 
also  have  developed  in  a  similar  way.  It 
was  also  suggested  by  Summers  1975  that 
other  breaches  in  the  Fens  may  have  been 
caused  by  banks  ,.j>eing  pushed  landward  by  the 
pressure  of  the  flood  water.  Unfortunately, 
no  details  of  these  failures  were  given. 
However,  in  1976  the  author  inspected  a 
breach  alongside  a  drainage  channel  in  the 
Somerset  levels  where  this  had  occurred  as 
shown  in  Fig  5.  Peat  extraction  in  the 
marsh  had  made  the  bank  more  vulnerable  and 
both  the  bank  and  the  strip  of  ground 
'remaining  at  the  rear  of  the  bank  moved  as 
an  intact  unit  towards  the  peat  workings. 
Flooding  of  the  marsh  occurred  through  gaps 
between  the  ends  of  displaced  length  of  bank 
and  the  adjacent  stable  bank. 
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FAILURE  OF  BANKS  BUILT  ON  CLAYS  AND  PEATS 
OVERLYING  SANDY  GRAVEL 


Fig  3  Temporary  repairs  of  a  breach  caused 

by  uplifc  pressures  in  peat  below  bank. 
(Near  Bychburgh,  Suffolk). 
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Fig  i*  Section  through  centre  line  of  breach 
shown  in  Fig  3. 


Fig  5  Photograph  of  lateral  displacement  bank 
built  on  peat  (Somerset  Levels) 


The  flood  plain  deposits  of  the  River  Thames 
provide  a  good  example  of  peac  and  clay 
sequences  overlying  sandy  gravels  (Marsland 
A  1986).  These  were  deposited  on  late 
glacial  sands  and  gravels  which  were 
deposited  during  the  later  stages  of  the 
last  glaciation.  The  major  channel  of  the 
present  day  river  extends  down  into  the 
gravels.  Along  Che  middle  Thames  pore  water 
pressure  changes  equal  to  more  than  50%  of 
the  twice  daily  tidal  change  (Spring  tide 
range  about  6  m)  have  been  measured  in  the 
gravels  below  the  marshes  just  landward  of 
the  flood  banks.  Detailed  studies  of  these 
pore  pressure  changes  (Marsland  and  Randolph 
1978)  have  shown  that  the  percentage 
response  increases  when  tidal  surges  are 
superimposed  on  normal  sinusoidal  tides. 

In  the  not  too  distant  future,  abnormal 
combinations  of  spring  tides  and  tidal  surges 
could  cause  uplift  pressures  in  the  gravels 
sufficient  to  float  the  existing  layers  of  peats 
and  clay  (up  to  7  metres  thick)  present  in  the 
marshes  along  parts  of  the  Thames.  The  pore 
water  pressure  responses  in  the  gravels  along  the 
tributaries  of  the  Thames  are  much  less  but  so 
are  the  thicknesses  of  the  peats  and  clays.  A  28 
metre  long  breach  occurred  in  the  bank  along  the 
tributary  of  the  Thames  at  Dartford  during  the 
abnormal  tides  of  31  January  and  1  February  1953 
(Marsland  1961). 

The  breach  occurred  at  a  locality  where  the 
thickness  of  the  peat  and  clay  was  only  1.8 
metres  as  shown  in  the  section  in  Fig  6.  Direct 
extrapolation  of  pore  pressures  measured  in  the 
gravel  near  the  breach  side  over  normal  tides 
indicated  that  floatation  of  the  peat  and  clay  in 
the  marsh  had  probably  occurred  before  the  bank 
failed.  Effective  stress  analyses  confirmed  that 
the  bank  could  have  slipped  into  the  marsh  under 
these  conditions  as  indicated  in  Fig  6.  It 
should  be  noted  that  the  pore  water  pressure 
response  in  the  gravel  near  the  bank  was  only 
about  25%  of  the  tidal  range  in  the  river  due  to 
the  presence  of  a  200  mm  chick  layer  of  mud  which 
covered  the  bed. 
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Fig  6  Section  through  breached  bank  near 
Dartford  Lock,  Kent. 
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CONCLUSIONS 


Under  seepage  through  pervious  and  seisi-pervious 
strata  below  flood  banks  can  cause  failures  and 
serious  breaching.  The  mechanism  of  failure  at 
critical  locations  is  mainly  controlled  by  the 
nature  cf  the  underlying  pervious  strata  and  the 
overall  profile  of  the  banks.  The  length  of  tim< 
that  the  flood  water  remains  near  its  peak  level 
is  almost  as  important  as  the  maximum  water 
levels  reached. 
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SYNOPSIS:  As  part  of  a  new  national  road  being  constructed  in  South  Africa  an  esfaankaent  was  built  over  a  deep  deposit 
of  very  soft  soil.  To  enhance  stability  the  embankment  was  built  in  several  stages  and  in  order  to  reduce  the  time 
required  for  consolidation  between  stages,  band  drains  were  installed  in  the  foundation  soils.  The  soils  were 
instruaented  to  nonitor  pore  water  pressure  and  settlement.  Ihe  results  of  the  monitoring  phase  showed  that  the  band 
drains  were  effective  and  operated  as  designed. 

Hiis  paper  presents  the  results  of  the  monitoring  and  discusses  the  prediction  of  degree  of  consolidation  from  settlement 
readings  as  opposed  to  pore  water  pressure  along. 


INIRODUCnCN 

The  National  Transport  Commission  of  South  Africa  is 
constructing  a  new  national  road  between  the  towns  of 
George  and  Knysna  along  the  southern  tip  of  Africa.  Ihe 
general  area  of  the  road  is  shown  in  Figure  1. 

Ihe  road  will  traverse  an  alluvial  flood  plain  in  the 
area  of  the  Goukamma  River  near  Buffelsbaai,  South 
Africa.  The  present  alignment  of  the  read  was 
constructed  close  to  a  hillside  on  the  edge  of  a  flood 
plain  so  as  to  avoid  the  necessity  for  construction  over 
deep  soft  foundation  soils.  The  present  construction 
calls  for  realignment  of  the  road  and  construction  of 


embankments  up  to  five  metres  high  on  deep  deposits  of  i 

soft  organic  clay  and  silt.  Stability  analyses  i 

indicated  that  for  an  embankment  constructed  to  full  j 

height  within  a  short  period  of  time,  the  factor  of  i 

safety  for  the  most  critical  section  would  be  less  than 
unity.  It  was  decided,  therefore,  to  construct  the  ; 

embankment  in  several  phases.  To  facilitate  < 

construction  so  as  to  reduce  construction  time,  it  was 
decided  to  utilize  band  drains  for  drainage  of  the 
foundation  materials.  During  construction  it  was 
decided  that  an  allowable  factor  of  safety  of  1,3  would 
be  adequate  providing  that  careful  monitoring  was 
conducted  of  excess  pore  water  pressure  and 
deformations. 
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This  paper  describes  the  general  soil  conditions  and 
construction  sequences.  Results  of  pore  water  pressure 
response  and  consolidation  as  influenced  by  the  band 
drains  are  presented.  It  was  observed  that  the  band 
drains  operated  as  designed  and  were  effective  in 
enhancing  the  consolidation  of  each  phase  of 
construction. 


FTHD  DJVESTIGmCN 
Site  Description 

The  site  is  located  on  the  alluvial  flood  plain  of  the 
Goukaasaa  River  approximately  10  km  west  of  the  town  of 
Knysna  along  the  southern  coast  of  South  Africa.  The 
flood  plain  extends  for  approximately  700  m  to  the  west 
of  the  river  and  200  m  to  the  east  of  the  river.  In 
general  the  site  is  flat  and  is  used  for  pastureiand  and 
dairy  cattle. 

For  purposes  of  site  investigation  and  design  the  site 
was  divided  into  five  separate  areas  designated  A 
through  E.  Figure  1  shews  the  general  topography  of  the 
area  and  the  alignment  of  the  embankments. 

Soil  Profile 

The  soil  investigation  initially  carprised  23  piezocone 
tests  at  locations  as  shown  on  Figure  1.  An  additional 
four  test  holes  were  bored  and  samples  were  taken  in  the 
immediate  vicinity  of  the  Goukamma  River.  Figure  2 
shows  the  soil  profile  through  the  centerline  of  the 
embankment  alignment.  As  can  be  seen  from  Figure  1,  the 
north  side  of  the  site  rests  up  against  a  relatively 
steep  hillside.  This  hill  is  primarily  sand  to  a  depth 
in  excess  of  about  20  m  overlying  rock.  The  silt  and 
clay  strata  shown  on  Figure  2  increase  in  depth  from  the 
north  towards  the  south. 


The  silt  and  clay  deposits  were  seen  to  include  many 
thin  lenses  which  exhibited  rapid  pore  water  pressure 
dissipation  during  the  piezocone  testing.  From  the 
samples  taken  in  test  holes  near  the  river,  it  was  seen 
that  these  lenses  consisted  of  thin  layers  of  highly 
organic  soil  and  peat. 

The  soils  were  quite  variable  over  the  site.  In  general 
the  soils  were  classified  as  being  cf  low  plasticity. 
The  clayey  silt  exhibited  values  of  liquid  limit  ranging 
from  31  to  42  with  plasticity  indices  from  6  to  12.  The 
siltey  clay  had  a  liquid  limit  of  about  60  with  a 
plasticity  index  of  16.  The  soils  all  exhibited  a  high 
organic  content. 

A  typical  piezocone  record  from  area  C  is  shown  in 
Figure  3.  The  existence  of  organic  and/or  sandy  lenses 
can  be  seen  from  the  pore  water  pressure  record.  Fran 
the  point  load  data  the  value  of  undrained  strength  of 
the  clayey  silt  was  observed  to  generally  be  in  the 
range  of  10  to  15  kPa.  The  shear  strength  typically 
appeared  to  be  uniform  with  depth. 

The  coefficient  of  consolidation  was  measured  both  from 
laboratory  consolidation  tests  and  from  piezocone  pore 
water  pressure  dissipation.  The  laboratory  measured 

r> 

values  were  about  0.8  rtT/yr.  The  results  from  the 

2 

piezocone  testing  indicated  values  of  1.5  m  /yr  to  6.5 

m2/yr  for  areas  A  and  E  and  6  to  20  n^/yr  for  areas  B,  C 
and  D. 


Fig.  2  Soil  Profile  Along  Embankment  Centerline 
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INFERRED  SOIL  PROFILE  EP  I 


Fig.  3  Typical  Piezocane  Record  -  Area  C 


EMBANKMENT  STABIUTY  AND  DESIGN 
General  Oonaideratlons 

The  most  critical  time  for  stability  of  an  errbaitoent  cn 
soft  soils  of  the  nature  encountered  at  this  site  is 
immediately  after  construction.  Stability  analyses 
utilizing  undrained  shear  strength  indicated  that  it 
would  not  be  possible  to  construct  the  embankment  to 
full  height  in  one  operation  if  time  was  not  allowed  for 
pore  water  pressure  dissipation.  It  was  decided 
therefore,  to  utilize  staged  construction  allowing  the 
pore  water  pressures  to  dissipate  to  75  percent 
consolidation  between  lifts. 

Even  using  the  highest  values  of  coefficient  of 
consolidation  (i.e.,  6  and  20  n2/yr)  the  times  required 


CONE  LOAD  DURING  PROBING  UPo 


between  lifts  to  achieve  75  percent  consolidation  would 
have  been  frctn  about  three  to  seven  years.  In  order  to 
shorten  these  times  to  values  more  consistent  with 
allowable  construction  periods,  it  wa3  decided  to 
install  band  drains  to  ejihance  consolidation. 

Drain  Design 

It  was  desired  to  allow  no  more  than  six  months  between 
construction  of  each  lift.  The  spacing  of  the  drains 
was  designed  using  the  procedure  developed  by  Hansbo 
(1979) .  The  times  required  to  achieve  75  percent 
dissipation  as  a  function  of  wick  or  band  drain  spacing 
for  various  values  of  coefficient  of  consolidation  are 
shown  in  Figure  4.  The  design  drain  spacings  from 
different  areas  are  shewn  in  Table  1. 
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TABLE  I.  Design  Drain  Spacing 


A  2,3  42165  42330  15 
3  1,5  42450  42490  14 
C  1,5  42520  42555  25 
C  2,0  42555  42595  20 
D  2,3  42615  42665  13 


Drains  were  driven  cr.  a  square  grid,  A  sard  blanket  700 
na  thick  was  placed  cn  the  surface  to  provide  drainage. 
Finger  drains  were  placed  transverse  to  the  centerline 
of  the  embankment  at  every  fourth  rcw  of  wick  drains, 
lbs  finger  drains  ccrcnected  to  a  main  collector  drain 
along  the  edge  of  the  embankment-  The  finger  drains  and 
collector  drains  consisted  of  19  m  washed  stone  wrapped 
in  geotextile  filter  fabric.  The  collector  drain  also 
contained  a  100  ra  disaster  clay  pipe. 


The  first  lift  of  the  embankment  consisted  of  the 
drainage  blanket.  After  120  day3  a  second  lift  was 
pi ared  and  a  third  lift  was  placed  at  about  300  days. 
The  loading  sequence  is  shewn  in  Figures  6  and  7. 


TIME/LIFT  irnoolh*) 


Fig.  4  Effect  of  Band  Spacing  on  Tires  for  Pore 
Pressure  Dissipation 


•  AREA  A  .  CH  42*100 
O  AREA  C  -  CH  42,544 


Fig.  5  Piezometer  Locations 


IKSTFIMENmnCN 

Settlement  plates  and  pneumatic  piezometers  were  placed 
in  areas  A  and  C  of  the  embankment.  The  settlement 
plates  were  installed  at  the  centerline,  at  the  shoulder 
of  the  embankment,  and  at  the  toe.  The  locations  of  the 
piezometers  are  shewn  on  Figure  5.  The  piezometers  were 
installed  after  placement  of  the  drainage  blanket  (the 
first  lift) . 


FIELD  MEASUREMENTS 

Ekaasgtgg 

The  loading  history  and  the  piezometer  responses  are 
shown  on  Figures  6  and  7.  In  area  A  the  piezometer 
showed  an  almost  iwaodiata  response  of  approximately  70 
to  80  percent  of  the  applied  surface  load.  In  area  C 
the  response  was  very  close  to  100  percent  of  the 
applied  load. 

Of  particular  interest  is  the  fact  the  pore  water 
pressure  remained  at  a  nearly  constant  level  cr  even 
increased  for  several  of  the  piezometers  before  it  began 
to  dissipate.  Furthermore,  the  pore  water  pressure 
remained  at  a  constant  level  higher  than  the  hydrostatic 
level  after  the  excess  pore  water  pressure  appeared  to 
have  dissipated.  This  phenomenon  of  delayed  pore  water 
pressure  dissipation  and  the  existence  of  a  "trapped" 
pore  water  pressure  after  dissipation  has  also  been 
observed  by  Hansfco,  Jamiolkowski,  and  Kbk  (1981).  As 
they  noted,  it  points  cut  the  difficulty  of  determining 
the  degree  of  consol idaticxi  solely  frera  piezometer  data. 
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Fig.  8  Plot  of  Consolidation  fata 


It  is  of  interest  to  rote  that  piezometers  A5,  A6,  C4, 
and  C6  were  located  in  areas  of  relatively  high  stress 
increase,  which  would  have  increased  the  breakdown  of 
the  soil  structure.  Also,  the  piezometers  which 
exhibited  the  greatest  delay  in  pore  water  pressure 
dissipation  appeared  to  be  in  locations  of  relatively 
higher  stress  increase  than  those  in  which  the  pore 
water  pressure  dissipated  mere  rapidly.  It  is  believed 
that  in  this  case  the  delayed  pore  water  pressure 
dissipation  and  the  increase  in  pore  water  pressure  in 
the  case  of  piezometers  A5,  AS,  C4,  and  C6  is  due  to  the 
collapse  of  the  structure  of  the  very  soft  soil.  Until 
the  soil  structure  can  gain  sufficient  stiffness  to 
begin  to  carry  the  effective  stress,  the  pore  water 
pressure  carries  the  major  part  of  the  load.  Because  of 
the  nonlinearity  of  the  stress  strain  characteristics  of 
the  soft  soil,  a  significant  amount  of  water  must  be 
drained  before  the  pore  water  pressure  begins  to 
dissipate.  In  the  areas  of  lower  applied  stress  level 
the  soil  structure  was  not  broken  down  and  it  retained  a 
greater  initial  stiffness. 

Settlement 

Ihe  settlement  records  are  shown  in  Figures  6  and  7. 
These  data  were  plotted  in  accordance  with  the 
procedures  suggested  by  Asoaka  (1978; .  This  procedure 
consists  of  dividing  the  settlement-time  curve  into  a 

series  of  time  increments  and  plotting  ^  versus 

where  .  ^  is  the  increment  of  settlement  in  the  time 

increment  t^.  The  point  where  this  plot  intersects  a 

45°  line  represents  the  point  where  »  ^  equals  c  or 

the  point  of  100  percent  consolidation.  The  plots  of 
the  data  for  area  A  are  shown  in  Figure  8. 


The  time  required  for  75  percent  consolidation  of  the 
clay  layer  can  then  be  determined  as  the  time  required 
far  75  percent  of  the  projected  100  percent  settlement 
to  occur  fren  Figures  6  and  7.  These  times  are  plotted 
on  Figure  4.  It  can  be  seen  that  the  times  'required  for 
75  percent  consolidated  are  well  within  the  general 
magnitudes  predicted  for  the  design  wick  spacings.  The 
points  fall  within  a  range  of  values  for  coefficient  of 

2 

consolidation  of  about  6  to  10  /yr,  which  are 

reasonable  values  determined  on  the  basis  of  the 
piezoccne  data. 


DISCUSSION  AND  OCNOUSIONS 

It  has  been  shown  that  the  band  drains  were  effective  in 
increasing  the  rate  of  consolidation  of  the  silty  clay 
and  clayey  silt  foundation  soils  under  the  embankments. 
It  is  of  interest  to  note  that  for  the  points  shewn  for 
both  areas  A  and  C  on  Figure  4,  the  tine  required  for 
consolidation  of  subsequent  loadings  was  greater  than 
for  the  earlier  loadings.  One  possible  explanation  for 
this  is  a  decrease  in  the  coefficient  of  consolidation 
for  the  foundation  soils  as  consolidation  takes  place. 
This  is  very  feasible  at  this  site  because  of  the 
existence  of  the  lenses  of  inorganic  material  which 
would  compress  and  also  could  become  clogged  by  silt  and 
clay  being  forced  into  the  peaty  material. 

Another  possibility  for  the  increase  in  time  of 
consolidation  is  the  potential  clogging  of  the  wick 
drains  by  the  piping  of  silt  and  clay  through  the  outer 
geofabric  covering.  Either  or  both  of  these  factors  are 
a  possibility. 

It  is  evident  that  the  band  drains  have  been  effective 
in  increasing  the  rate  of  consolidation  and  that  they 
have  operated  as  designed. 
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Seepage  Problems  and  Remedies— Hub  Dam 

Izhar-ul-Haq 

Director  DMO,  WAPDA,  Lahore,  Pakistan 


SYNOPSIS:  On  the  first  impounding,  of  Hub  Dam,  seepage  problems  started.  The  foundation  piezometers 
showed  rising  pressures.  The  areas  of  concern  were  limestone,  bed  rock,  jointed  sandstone  and  gravel 
deposits  at  overburden-rock  contact.  Observational  approach  was  followed.  It  was  decided  to  fill 
the  reservoir  in  stages.  Various  alternatives  were  considered  to  control  the  underseepage  pressures. 
Relief  Wells  were  installed  which  proved  effective  and  economical  to  control  the  problem.  A  gravel 
shell  was  added  on  the  downstream  slope  to  enhance  the  stability  of  the  homogeneous  section  in  case 
of  seepage  through  the  body  of  the  dam. 


GENERAL 


Hut  Dam  Project  located  55  KM  North  of  Karachi 
on  Hub  River  stores  0.86  million  acre  feet  of 
water  for  municipal  supply  to  the  Karachi  City 
and  Irrigation  purpose  in  Baluchistan  province. 
The  major  project  features  consist  of  :Main  Dam 
15640  ft  long,  average  height  from  river  bed  152 
ft;  Saddle  Dam  57^0  ft  long,  average  height  52 
ft;  Spillway  a  free  overflow  concrete  gravity 
weir  6020  ft  wide;  the  Intake  Structure  and  the 
Canal.  Fig.1  shows  layout  plan  of  Hub  Dam 
Project.  The  construction  of  the  project  star¬ 
ted  in  sixties  and  continued  at  a  slow  pace  with 
intermitent  stoppages  and  finally  completed  in 
1979.  The  dam  and  the  saddle  are  homogenous 
embankments  of  silty  sand  except  for  the  river 
gorge  portion  where  the  embankment  is  zoned. The 
zoned  embankment  has  silt  in  the  core  and  clean 


terrace  gravel  shoulders  in  the  closure  section, 
Fig.  2. 

On  the  very  first  impounding,  the  piezometers 
installed  at  the  downstream  toe  of  the  main 
embankment  and  saddle  dam  showed  excessive 
pressure.  Concern  for  dam  safety  led  to  inves¬ 
tigations,  extended  instrumentation,  review 
studies  and  some  additional  wcrks.  Observational 
approach  was  followed.  Relief  Wells  were 
installed  at  the  downstream  toe  of  the  dam 
which  proved  very  effective  in  reducing  the 
pressures  at  the  toe.  This  paper  describes  the 
monitoring  of  the  dam  fcr  the  last  8  years,  the 
problems  faced  and  their  remedies. 


FIG.1  HUB  DAM  PROJECT  -  LAYOUT  PLAN 
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FIG.  2  HUB  DAM  -  TYPICAL  ZONED  SECTION 


GEOLOGY  AND  FOUNDATION  TREATMENT 

The  bed  rocks  along  the  main  dam  axis  are  most- 
ly  sandstone,  siltstone  and  shale  of  middle 
Eocene  age.  A  limestone  bed  about  15  ft  thick 
600  ft  wide  occurs  in  river  section  and  is  open 
jointed.  The  beds  are  nearly  horizontal  provi¬ 
ding  shortest  path  for  seepage.  Structurally 
the  beds  in  the  dam  foundation  do  not  show  any 
folding  or  shearing  and  have  a  gentle  dip.  Bed¬ 
rocks  dip  accorss  the  river  valley  at  inclina¬ 
tions  of  6  to  10  degrees.  The  overburden  is  5 
to  20  ft  deep  on  the  left  bank  and  upto  58  ft 
deep  on  the  right  bank,.  The  former  is  silty 
sand  with  a  thin  layer  of  consolidated  gravels 
over  the  bedrock.  On  the  right  bank  it  is 
mostly  silty  gravel  in  loose  to  cemented  condi¬ 
tion. 

The  Main  Dam  embankment  is  provided  with  a  core 
trench  which  penetrates  the  bedrock  by  a  mini¬ 
mum  of  5  ft  and  is  upto  25  ft  deep  in  highly 
weathered  or  jointed  rock  strata.  The  shoul¬ 
ders  of  both  the  embankments  are  founded  on 
stripped  overburden.  During  excavation  of  core 
trench,  seepage  was  encountered  in  limestone, 
certain  reaches  of  jointed  sandstone,  siltstone 
mudstone  and  gypsiferous  rock.  These  were 
treated  by  removal  of  open  jointed  rock,  deep¬ 
ening  and  widening  of  core  trench,  limited 
cement  grouting  and  filling  of  jointed  areas  by 
dental  concreting.  Piezometers  were  installed 
in  such  areas  of  concern  to  enable  monitoring 
of  foundation  behaviour  during  reservoir  im¬ 
pounding. 

The  Saddle  Dam  has  a  central  core  trench  extend¬ 
ing  to  bedrock  except  in  a  770  ft  stretch  where 
it  was  terminated  in  silty  sand.  The  bedrock 
in  this  reach,  which  is  overlain  by  10  to  50  ft 
deep  alluvium,  gradually  rises  in  downstream 
direction  and  is  found  exposed  about  2000  ft. 
downstream  of  the  dam  causing  confinement  of  the 
overburden.  Piezometers  were  installed  in  the 
dam  foundation  at  rock  overburden  contact  to 
monitor  the  pressures  on  impounding. 


UNDERSEEPAGE  PROBLEM 

The  first  summer  impounding  of  September  1979 
produced  a  rise  of  29  ft  in  the  reservoir  sur¬ 
face  level.  The  foundation  instruments  showed 
rising  hydrostatic  pressures  mainly  in  three 


areas  i.e,  limestone  zone  of  Main  Dam  (Ch.67)  , 
jointed  sandstone  at  Main  Dam  (Ch. 78-79)  and 
rock  overburden  contact  in  the  partial  cutoff 
reach  of  Saddle  Dam  (Ch.104).  The  piezometric 
surfaces  at  these  places  continued  to  rise  over 
a  month  after  the  reservoir  surface  had 
remained  static.  The  rise  of  piezometric  levels 
at  the  Main  Dam  Toe  ranged  upto  60%  of  the 
reservoir  rise  while  the  response  at  the  Saddle 
Dam  toe  exceeded  70%.  The  stabilized  piezo¬ 
metric  surfaces,  however,  remained  well  below 
the  ground  levels  at  the  toe  of  the  dams. 

A  16  ft  thick  limestone  bed  at  Ch.67  is  sand¬ 
wiched  between  relatively  impervious  beds  of 
mudstone  and  siltstone.  The  prommenet  joints 
in  limestone,  filled  with  silt  and  clayey 
material  are  fairly  tight  except  a  few  open 
ones.  The  joint  at  elevation  230  with  iron- 
stains  and  weathered  planes  showed  high  water 
loss  during  drilling  done  for  installation  of 
piezometer.  The  sandstone  at  Ch. 78-79  also  has 
joints  causing  underseepage  pressure.  Review 
of  piezometric  observations  after  first  impoun¬ 
ding  showed  strikewise  pressure  gradient  and 
influence  of  reservoir  in  causing  underseepage 
at  both  the  places. 

Due  to  flat  bedding  planes  and  near  horizontal 
prominent  joints,  horizontal  permeability  of 
the  rock  is  higher  than  its  vertical  perme¬ 
ability.  The  general  pattern  of  underseepage 
is  characterised  by  hydrostatic  pressure  build¬ 
up  resulting  from  confinement  of  alternating 
near  horizontal  beds  having  different  perme¬ 
abilities.  The  underseepage  which  finds  its 
way  to  the  dam  foundation  through  thin  over¬ 
burden  or  exposed  rock  slopes  in  the  reservoir 
remains  confined  due  to  flat  beds  and  lack  of 
natural  drainage.  The  underseepage  may  be 
viewed  as  a  confined  flew  in  stratified  soil 
with  alternate  impervious  and  previous  layers. 

At  the  Saddle  Dam  the  main  problem  was  trans¬ 
mission  of  reservoir  pressure  to  the  downstream 
side  through  gravels  in  the  overburden.  High 
piezometric  levels  at  the  dam  toe  showed  that 
the  blanket  of  natural  overburden  was  far  from 
effective  in  lowering  the  underseepage  pressures. 
Open-work  conditions  were  not  seen  in  the 
gravels  sampled  from  the  overburden;  neverthe¬ 
less  control  of  hydrostatic  pressures  was 
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essential  to  prevent  heaving  or  piping  at  the 
dam  toe  in  the  area  of  cortical  cutoff,- 

a  programme  ,.f  pz-ased  filling  of  the  reservoir 
to  El, 305,  320  and  339  during  the  Observational 
Period  was  recommended.  The  reservoir  rise  was 
to  be  restricted,  if  need  arose,  by  passing  the 
higher  inflows  through  a  flood  fuse  channel 
excavated  on  the  right  bank  gravel  terrace.  The 
first  stage  impounding  level  of  El. 305  was 
attained  in  August  1932  after  three  consecutive 
monsoon  seasons  of  subnormal  flows.  In  August 
1983,  when  the  reservoir  level  was  approaching 
the  second  stage  impounding  level  El. 320,  a 
decision  was  taken  to  allow  the  impounding  to 
continue  beyond  this  level.  This  was  done 
after  noting  that  the  piezometric  rise  showed 
a  lower  response  than  the  previous  impoundings. 
The  plug  of  the  flood  fuse  channel  was  raised 
to  El. 352.  The  reservoir  reached  El. 334. 65  in 
the  same  month.  Thus  the  reservoir  rose  in 
August  1983  not  only  xo  second  stage  impounding 
level  (El. 320)  but  also  attained  all  but  5.35  ft 
of  the  third  stage  impounding  level.  The  full 
impounding  of  stage-3  was  attained  in  August 
1934.  The  next  monsoon  produced  the  highest 
flood  peak  of  the  record  period  when  the  spill¬ 
way  overflowed  with  a  surcharge  of  5.3  ft  over 
its  crest.  During  this  flood,  the  maximum 
reservoir  rise  of  21  ft  (El. 323. 4  to  El. 344. 3) 
took  place  in  3  days.  The  next  summer  impoun¬ 
ding  in  1985  produced  a  rise  of  8  ft  from 
El. 329  to  El. 337. 


REMEDIAL  MEASURES 

Various  alternative  measures  were  considered  to 
control  downstream  underseepage  pressures.  These 
included  weight  berm,  impervious  blanket,  grout 
curtain  slurry  trench  and  relief  wells. 

Weight  Berm 

A  weight  berm  would  merely  transfer  the  point  of 
upheaval  or  piping  further  downstream.  Because 
of  a  flat  piezometric  gradient  there  would  be 
no  appreciable  dissipation  of  hydrostatic 
pressures  further  downstream  of  the  toe  and  the 
risk  of  failure  would  be  shifted  to  the  new  toe. 
It  was  estimated  that  a  weight  berm  of  gravels 
underlain  by  filters  built  all  along  the  Main 
Dam  left  flank  would  be  too  costly. 

Blanket 

An  upstream  blanket  of  impervious  material 
increases  the  seepage  path  and  decreases  hydro¬ 
static  pressures  in  pervious  foundation.  How¬ 
ever,  a  major  area  to  be  blanketed  was  already 
under  water  and  laying  of  blanket  on  steep 
rock  exposures  of  the  river  bank  and  hill  slopes 
would  be  difficult.  Also  suitable  clayey 
material  was  not  available  locally  and  cost  of 
hauling  over  long  distances  would  be  pro¬ 
hibitive  . 

Grout  Curtain 

A  grout  curtain  in  the  foundation  conditions  of 
Hub  Dam  would  not  be  effective  unless  it  had  at 
least  two  rows  and  was  accompanied  by  a  drainage 
curtain  downstraam.  Such  a  measure  on  a  large- 
scale  would  be  too  expensive,  besides  involving 
the  risk  of  drilling  through  the  embankment  fill. 
Also,  previous  experience  at  Hub  Dam  had  shown 
that  grout-take  in  thin- jointed  rock  (joints 


generally  0.5  mm)  wa3  very  poor.  However,  it 
was  proposed  xhat  test  grouting  in  selected 
reaches  may  be  done  after  a  few  years  when  the 
material  which  filled  the  joints  was  expected 
to  he  flushed  out  by  underseepage. 

To  evaluate  the  groutability  of  two  typical 
foundation  areas  of  concern  i.e,  limestone  and 
gypsiferous  sandstone,  test  grouting  programme 
was  implemented  in  1932,  Two  reaches  of  100  ft 
each,  Ch. 66+50  to  Ch  67+50  and  Ch  119  to  Ch  120 
were  selected.  Grout  holes  were  located  at 
split  spacing  with  primary  holes  at  20  feet 
centres.  Grouting  of  foundation  rock  under  an 
existing  embankment  involved  the  precarious 
operation  of  drilling  in  about  100  feet  of 
embankment  fill  and  sealing  the  casing  into  rock 
to  prevent  the  grout  from  entering  the  fillrock 
contact  zone  under  unacceptable  pressures  and 
in  unacceptable  quantities.  Use  of  any  drilling 
fluid  was  precluded  to  avcid  the  possibility  of 
hydraulic  fracturing  in  the  embankment  fill. 
Drilling  in  the  embankment  fill  was  done  by 
augering.  Y/atercement  grout  was  injected  by 
descending  stage  method.  58  holes  were  grouted 
in  two  reaches.  There  was  no  high  grouttake 
zone  in  either  of  the  two  reaches.  Most  of  the 
stages  in  limestone  zone  took  less  than  0.04 
bags  per  ft.  Exceptional  takes  in  three  stages 
were  between  0.49  bags  per  ft  and  0.74  bags  per 
ft.  The  grout  takes  in  gypsiferous  zone  were 
even  poorer.  Most  of  the  stages  in  this  zone 
either  did  not  take  any  grout  or  accepted  less 
than  0.04  bags  per  ft.  No  evidence  of  solution 
cavities  was  found.  The  tests  demonstrated 
that  the  foundation  rock  at  Hub  Dam  was  not 
groutable  by  cementwater  mix. 

Slurry  Trench 

A  slurry  trench  or  a  diaphram  wall  would  provide 
an  effective  barrier  against  underseepage. 
However,  besides  practical  difficulties  due  to 
a  partially  filled  reservoir,  the  cost  of  this 
solution  would  be  prohibitive. 

Relief  Wells 

The  proposal  of  relief  wells  was  found  an 
effective  and  economical  method  of  underseepage 
control  in  the  given  conditions.  An  important 
point  was  the  depth  of  underseepage  control 
depth  equal  to  the  reservoir  head  over  upstream 
ground  level  was  checked  and  found  to  give 
adequate  factor  of  safety  against  heaving. 
Because  of  downdip  flows  in  the  sedimentary 
rocks  underseepage  would  be  met  even  at  great 
depths.  Therefore,  the  deeper  the  proposed 
control,  larger  will  be  the  reclaimed  seepage. 
However,  the  estimated  seepage  quantity  on  the 
left  flank  being  small  (1.4  cfs),  and  the  main 
objective  being  the  control  of  hydrostatic 
pressures  at  the  dam  toe,  the  control  depth 
fixed  on  the  above  criterion  was  considered 
adequate.  The  depth  of  drainage  curtain  so 
fixed  worked  out  to  an  average  of  56  ft  on  the 
left  flank  of  Main  Dam.  The  depth  of  wells 
varied  with  the  ground  level.  Checked  from 
drill  hole  data,  all  known  open  joints  were 
intercepted  by  this  control  depth.  Considering 
the  irregular  joint  pattern  and  the  foundation 
conditions  of  Hub  Dam,  a  large  number  of  wells 
with  small  capacity  were  required  to  drain  the 
rock.  Three  inch  internal  dia  wells  with  4.5 
inch  shrouding  material  in  12  in  dia  drill  hole* 
were  installed.  The  spacing  was  kept  25  ft  in 
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more  pervious  rock  zones  and  50  ft  in  general* 
It  was  also  stipulated  that  a  second  line  of 
wells  may  be  provided  in  selected  reaches  if 
pressure  relief  with  single  line  of  wells  was 
not  adequate.  The  wells  were  provided  with 
slotted  pipes  in  rock,  penetrating  to  the 
ccntrol  depth  while  the  overburden  portion  was 
blinded.  Filter  material  was  selected  mainly 
to  check  the  material  sizes  which  filled  the 
joints.  Relief  wells  costed  only  about  1556  of 
the  estimated  cost  of  a  two-row  grout  curtain. 
Wells  of  similar  design  were  installed  in 
selected  reaches  of  Main  Dam  right  flank  where 
subsequent  impoundings  indicat’d  the  need  of 
pressure  relief. 

Afc.ut  300  relief  wells  were  installed  of  which 
270  were  at  the  Mair  Dam  and  30  at  the  Saddle 
Dam.  Each  relief  '.ell  has  an  outflow  pipe 
whose  invert  is  g  .-ns rally  3  ft  lower  than  the 
embankment  filter  drain  level.  The  outflow 
pipes  discharge  into  an  open  collector  drain 
whose  bed  and  sides  are  covered  with  filter 
material  overlain  by  open- jointed  stone 
pitching. 


PIEZOMETRIC  BEHAVIOUR 

The  behaviour  of  piezometers  was  closely  moni¬ 
tored  and  evaluated  during  successive  impoun¬ 
dings.  Additional  instruments  were  also 
installed  midway  between  the  relief  wells  at 
selected  places  to  check  the  adequacy  of 
their  interspacing.  Years  1980  and  1981  were 
very  dry  and  the  reservoir  rise  in  these  years 
was  minor.  In  the  summer  impounding  of  1982, 
the  reservoir  level  gained  by  18.28  ft.  The 
instruments  at  the  dam  toe  in  limestone  zone 
responded  upto  10. 456  of  the  reservoir  rise  in 
1982  against  1456  response  during  1981  impoun¬ 
ding.  The  toe  instruments  at  Ch  78-79  res¬ 
ponded  by  about  the  same  percentage  (19.656)  in 
1981  and  1982. 

The  summer  impounding  of  1983  produced  a  reser¬ 
voir  rise  of  34.25  ft  when  water  level  touched 
21  333.65  i.e,  5.35  ft  short  of  full  pool  level 
El.  339.  The  response  of  the  toe  instruments 
in  limestone  zone  was  about  the  same  as  in 
1982.  The  toe  instruments  at  Ch  78-79  regis¬ 
tered  piezometric  rise  upto  14.9456  against 
preceding  year's  19. 656.  Thus  the  rate  of  rise 
of  hydrostatic  pressures  at  the  dam  toe  either 
decreased  or  generally  remained  the  same, 
showing  continued  effectiveness  of  relief  wells 
during  successive  reservoir  fillings.  Compara¬ 
tive  gradients  of  hydrostatic  pressures  in  the 
dam  foundation  in  the  above  reach  during  differ¬ 
ent  impoundings  are  shown  in  Fig. 3. 

The  piezometers  at  the  Saddle  Dam  toe  Ch  104- 
105  responded  by  65%  to  6956  of  the  reservoir 
rise  in  1981  in  spite  of  the  relief  wells.  This 
was  becau.se  the  piezometric  surface  had  just 
reached  the  invert  levels  of  adjacent  relief 
well  outflow  pipes 1  When  the  reservoir  level 
and  downstream  piezometric  surface  rose  further 
in  1982  impounding,  the  influence  of  relief 
wells  was  fully  reflected  in  the  response  of 
piezometers  which  dropped  to  3556  from  previous 
year's  6956.  The  relief  wells  at  Saddle  Dam, 
none  of  which  was  flov/ing  before  1982  summer 
impounding,  started  discharging  472  1pm  (0.28 
cfs)  after  the  said  impounding.  When  the 


reservoir  rose  by  34.25  fu  in  1983,  the  same  ( 

toe  instruments  at  Ch  104-105  rose  by  only 

14%.  The  total  discharge  of  the  flowing  wells 

at  the  Saddle  Dam  rose  to  885  1pm  (0.52  cfs).  , 

Thus  the  rate  of  rise  of  piezometric  surface 

at  the  dam  toe  decreased  during  successive  < 

impoundings  while  relief  well  discharges  gained 

progressively,  showing  generally  effective  ' 

control  of  hydrostatic  pressures  at  the  well 

lines.  Incipient  boiling  was  noticed  at  a  ' 

point  in  the  collector  drain  after  1983  impoun-  '• 

ding.  This  place  was  covered  with  filter  ' 

material  and  overlain  with  gravels  and  cobbles.  , 

At  two  places  in  limestone  zone  and  saddle 

area,  the  piezometers  placed  between  25  ft 

spaced  wells  showed  higher  piezometer  readings  1 

than  those  in  adjacent  well* line.  Additional 

wells  were  installed  at  such  places  reducing  * 

the  spacing  to  12.5  ft. 


SEEPAGE  THROUGH  THE  DAM 

The  original  design  of  the  embankment  envisaged 
a  zoned  section  for  major  length  of  the  Hub  1 

Dam.  The  proposed  section  comprised  a  central 
impervious  core  of  sandy  silt  and  shoulders  of  \ 

granular  material,  both  abundantly  available  in  j 

the  vicinity  of  the  dam  site.  However,  local 
construction  constraints  of  early  sixties  led  , 

to  the  adoption  of  a  homogeneous  section  of  ! 

sandy  silt" material  with  downstream  horizontal  i 

filter  blanket. 

Construction  of  Hub  Dam  spanned  a  number  of 
years  with  several  interruptions  and  involved 
widespread  borrow  areas.  This  inevitably  , 

resulted  in  numerous  interfaces  and  in  local 
variations  of  the  embankment  material.  It  was 
therefore  considered  possible  that  this  lack  of 
homogenity  could  add  to  the  normal  degree  of 
anisotropy  present  in  any  rolled  fill  to  an 
extent  that  it  could  result  in  possible  emer¬ 
gence  of  phreatic  surface  on  the  downstream 
..lope  of  the  embankment.  In  such  an  event  the  ; 

stability  of  the  downstream  slope  calculated  on 
the  basis  of  the  phreatic  line  discharging  into 
the  horizontal  downstream  drainage  blanket 
provided  in  the  dam  would  be  jeopardised. 


Gravel  Shell 

It  was  therefore  decided  to  add  a  supplemental 
sand -gravel  shell  as  shown  in  Fig. 3  to  enhance 
the  stability  of  the  downstream  slope  to  accept¬ 
able  limits  under  the  particular  conditions 
mentioned  above.  The  shell  was  eventually 
constructed  by  selective  borrowing  of  locally 
available  river-run  sand-gravel  of  required 
permeability  without  processing.  The  material, 
comprising  upto  6056  sand  and  rest  gravel,  was 
hauled  by  dumpers  and  trucks,  placed  and 
compacted  to  more  than  7056  relative  density  in 
lifts  upto  18  inches  using  vibratory  rollers. 

A  protection  layer  of  cobbles  and  boulders  was 
provided  over  the  shell  slope. 


CONCLUSIONS 

The  general  pattern  of  underseepage  is  through 
joints  and  bedding  planes  below  the  core  trench 
in  the  direction  of  strike.  Hydrostatic 
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pressures  build  up  results  from  confinement  of 
underseepage  by  near-horizontal  beds.  At  the 
Saddle  Dam,  the  gravels  at  the  overburden -rock 
contact  provide  a  major  path  of  underseepage. 

Observational  approach  proved  a  successful 
method  of  evaluating  the  behaviour  of  dam 
during  phased  impoundings  and  taking  remedial 
measures  where  necessary.  An  extensive  netw'ork 
of  268  piezometers  was  the  mainstay  of  a 
successful  Observation  Programme.  The  piezo¬ 
meters  provided  an  important  information  in  the 
problem  areas. 

The  underseepage  quantities  are  very  small.  The 
main  problem  is  of  relieving  hydrostatic 
pressures  downstream. 

Drainage  of  the  foundation  rock  by  vertical 
wells  provided  an  effective  and  economical 
method* of  relieving  pressures.  A  control  depth 
equal  to  the  head  of"  water  above  the  dam  heel 
proved  satisfactory.  A  spacing  of  25  ft  centres 
was  generally  adequate  in  permeable  rock  zones. 

Rolled  fill  homogeneous  embankments  built  from 
widspread  borrow  areas  are  likely  to  have 
locally  different  permeabilities  such  that  the 
phreatic  line  may  emerge  on  the  downstream 
face.  A  zoned  section  with  pervious  shoulders 
and  an  inclined  chimney  filter  rather  than  a 
horizontal  filter  should  be  adopted  in  such 
conditions. 
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FIG. 3  HYDRAULIC  GRADIENTS  AT  DIFFERENT  IMPOUNDINGS 
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Fig.  1  Lay-out  of  R£pa  Albastrfi  Dam 
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2  Lateral  dyke 

3  Bottom  outlet 

4  Vfater  intake 


and  Auxiliary  Structures  Location 
5. Spillway 

6  Cut-off  wall 

7  Quarry 

8  Operator's  cabin 
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3XN0FSI5:  The  paper  presents  the  .results  of  laboratory  and  field  research,  the  execution  and  beha¬ 
viour  unuer  operation  cl  the  Mpn  Albastra  earth  dsn,  the  first  Romanian  dam  with  an  impervious 
core  achieved  by  the  mechanical  mixture  of  fine-medium  sands  and  bentonite. 

The  dem  structure  and  the  gecmorphologicsl  condition  in  the  area  are  described. 

Further,  the  types  o 1  soils  extracted  from  the  cam  quarry  are  described,  together  with  their  out¬ 
standing  geotechnical  characteristics  in  both  natural  and  compacted  state. 

The  paper  continues  by  ..escribing  the  ,  hycico-chucicol  properties  of  seven  ..emonian  bentonites  U3ed 
in  laboratory  tests,  os  compared  to  su/ae  ioreign  bentonites  of  notoriety,  as  well  co  the  physical 
properties  of  the  mixture  achieved  between  bentonites  employed  in  veryin*  percentage  and  the  support 
material,  with  special  consiuer*'tions  on  their  permeability. 

After  checking  the  results  of  laborutoratory  research  in  the  testing  tracks  preceding  the  execution, 
the  paper  presents  the  technology  auopted  for  the  r ehievement  of  the  impervious  core; 

The  paper  concludes  bj  analysing  the  results  of  observations  con-ucted  on  the  dam  behaviour  by  moors 
ol  piezometric  boreholes  drilles  into  the  downstream  prism,  under  the  conditions  of  putting  into 
operation  the  hyurotecnnical  scheme,  with  particular  consideration  for  the  recorded  permeability. 


IIITROLIC  i'ION 

Over  the  pest  twenty  years,  the  woaanion  scien¬ 
tists,  engineers,  cosigners,  and  hydrotechnical 
constructors  made  remarkable  progress  in  the  fi¬ 
eld  ol  earth  dams,  materialized  in  the  achieve¬ 
ment  of  a  great  number  of  hydrotechnical  develo¬ 
pment  works  on  the  rivers  Lotru,  Sooe§,  Mure§, 
Olt,  Sebe§,  Siret,  Arge^,  Uuzdu,  b£mbovi$o, 
Birladj  etc.  The  extremely  high  value  oi  these 
investitions  entailed  the  search  for  end  appli¬ 
cation  ol'  execution  technologies  allowing  the 
achievement  and  operation  under  safety  conditi¬ 
ons  of  these  structures,  at  the  lowest  possible 
costs.  Such  a  technology  was  employed  in  the 
design  and  execution  of  the  Hipa  Albastrfi  dam, 
whose  impervious  core  was  carried  out  by  the 
mechanical  mixture  of  sands  and  bentonite. 


TILS  KlrA  AI&A3TRA  DAK 

The  K£pn  AlbnstrS  reservoir  was  achieved  over 
the  period  1973-1975  wixhin  ttu  general  regula¬ 
tion  plan  of  the  Birlad  hydrographic  basin,  with 
the  main  purpose  of  flood  mitigation  on  the  Si¬ 
mile  river  and  water  supcly,  and  the  subordina¬ 
ted  purpose  of  irrigation  and  fish-farming. 

Ihe  storage  basin  was  carried  out  by  on  earth 
dam  18  m  in  maximum  height,  l26o  m  crown  length, 
and  fill  volume  of  about  65o,ooo  cu.m.  The  an¬ 
cillary  structures  of  the  dam  consist  in  the 
water  intake,  bottom  outlet,  end  spillway  struc¬ 
ture.  'The  foundation  ground  screening  was  ca¬ 
rried  out  by  means  of  a  concrete  cast  in  piece 
well  (IsLoE),  195o  m  long  and  12  m  in  maximum 
height,  Figure  1. 

The  SLiiln  river  has  in  the  reservoir  area  a 
wi<-e  open  "b"-3heped  Valley,  the  plain  reaching 
heignta  of  Soo  -  looo  m.  In  the  left  slope  of 
the  dam  site  terrace  deposits  have  been  inter¬ 
cepted,  14  -  2o  m.  thick,  end  2oo  -  4oo  m.  wide. 

The  geological  formation  occuring  in  the  dam  lo¬ 
cation  belong  to  the  Neogena  and  Quaternary  pe- 
riodo.  The  Neogene  was  intercepted  at  variable 
uepths  (2-5m.  in  the  right  abpe  and  3-12  m.  in 
the  plain  and  left  slope),  being  represented  by 
non-difierentieted  kersomon-meojion  deposits 


consisting  of  alternating  grey-greenish  finely 
stratified  morley  clays  one  yellowiah-grey  fine 
medium  or  clayey-silty  sands.  The  Quaternary 
covers  for  the  most  part  area,  being  represen¬ 
ted  by  pl**in  deposits,  terrace  and  oeluvial. 

The  depth  ol  ground  water  occuronee  varied  at 
the  time  ol  research  between  l,3o  and  4,7o  u. 
in  the  plain,  and  8-11  m.  in  the  terrace. 

Field  one?  laboratory  research  revealed  ns  the 
most  favourable  source  of  loc«l  materials  for 
dan  fillings,  the  fine-medium  sands  of  the  ke- 
raoninn-mec^ ion  complex,  occuring  nainly  in  the 
left  3lope  of  the  reservoir,  excelling  15  m.  in 
thickness.  From  the  quarny  located  about  lk* 
upstream  of  the  dan  3ite,  covering  a  surxaco 
area  of  3.3  ha,  some  65o,ooo  cu.m,  fine-medium 
silty-sands  we re  exploited,  with  natural  water 
content  values  w  =  7-lo£,  degree  of  saturation 
S-  =  o.2-o. 5,  and  natural  volume  weights  of 
T=  16-19. 5  kN/cu.m.  Following  laboratory 
compaction  tests  (PROCTOR),  it  was  observed 
that  38nds  compacted  at  natural  water  content 
with  mechenicul  efforts  Bf  =  4-6  dJ/cu.cm.  con 
reach  minimum  cry  volume  weights  of  >,  16.5 
RN/cu.m,  shearing  indices  ol  0  =  25-3o*  ,  c  = 
0.I-0.I5  doN/sq.cm,  ana  permeability  coel'icien- 
ts  of  K  =  lo"i  -  lo~®  cn/sec.  The  relatively 
high  values  of  permeability  entailed  the  adop¬ 
tion  of  nonhomogeneous  section  dan,  with  an 
impervious  core  inclined  towards  the  sandy  su¬ 
pporting  prisms,  Figure  2 


Fig.  2  Cross  section  of  the  R£pa  Albcotra 
Dorn 

1  Upstream  prism 

2  Core  (send  with 

bentonite) 

3  Filtering  layer 


a  Clayed  sand 
b  Cloy 

c  Medium-fine 
sand  with  gravel 
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4  iionnstresa  pri3a  d  karley  clay 

5  Longitudinal  drain 

6  Cut-off  wall 

7  Fiazometers 

Investigations  carried  out  in  the  reservoir 
area  for  borrowing  clayey  soil  required  for 
the  impervious  core,  lead  to  the  conclusion 
that  their  employment  is  not  economical  due  to 
improper  quality  ana  qucntity.  Following  ex¬ 
tensive  ana  in-oepth  research,  the  solution 
was  adopted  to  achieve  the  impervious  core  of 
mixtures  of  fine-medium  sands  with  bentonite. 


IHa  S&KL-BfiKTCKITd  i-JXTbP.iS 

Sesearche  carried  out  in  the  laboratory  os  well 
as  in  the  field,  in  the  experimental  tracks  la¬ 
ic  in  the  den  location,  wp3  mainly  set  on  deter¬ 
mining  the  influence  of  treating  fine-aedium 
sends  v:ith  bentonite  on  their  permeability  and 
shearing  characteri3tics. 

Bentonitic  clay 3,  complex  lie,  II,  kg  or  ?e  alu¬ 
minium  silicates  were  formed  from  either  igne¬ 
ous  or  sedimentary  rocks  under  the  action  of 
chemical  factors,  the  last  genetic  factor  being 
in  both  cases  the  colloical  sediments  formation 
i/ue  to  the  occurence  of  montmorillonite  - 
the  clayey  mineral  with  the  greatest  adsorbtion 
capacity  and  overlapping  crystal  lattice  in 
three  layers  wich,  ere  not  electrically  neutral 
-bentonites  are  mainly  characterized  by  an  ex¬ 
treme  swelling  capacity.  on  the  other  hand, 


it  is  known  that  so  called  alkeline  bentonites 
(Na  or  K)  have  adsorbtion  and  swelling  charac¬ 
teristics  exceeding  by  for  those  of  alkaline-esrtk 
bentonites  (kg  or  Fe).  It  is  self-evident 
that  in  most  cases  they  tend  to  use  either  al¬ 
kaline  bentonites,  or  alkaline  -  earth  bentoni¬ 
tes  activated  by  various  technologies  such  us 
fia-CO_  treatment.  In  the  laboratory  experi¬ 
ments  "'conducted  for  the  dan  core,  seven  types 
of  Romanian  bentonites  hove  been  tested: 

A  -  Breaza  bentonitic  clay,  natural  state  (el- 
ksline-earth); 

E  —  Ilovita  bentonitic  clsy,  (activated  with 
Ka«CO„); 

C  -  I16vita  bentonitic  clay,  neturnl  state 
(alkaline-earth); 

B  -  Gura  Saca  bentonitic  clay,  (activated  with 
Kn.CC),}; 

B  -  Gura  oada  bentonitic  clay,  natural  stete 
(alkaline-earth); 

F  -  Vales  Chioarului  bentonite,  natural  state 
(soda); 

G  -  Cra^ul  Hou  bentonite,  natural  state  (soda). 

The  nixtura  between  fine-medium  sancs,  someti¬ 
mes  wits  gravels,  snd  the  tested  bentonites  we¬ 
re  achieved  by  adding  powder  bentonite  in  var¬ 
ying  percentages  (l-l&o  of  the  volume  eerth  we¬ 
ight)  and  compacting  them  by  the  Iroc^tor  method 
at  mechanical  compaction  efforts  of  if  =  6-12 
dd/cu.cm.  The  permeability  tests  on  compacted 
mixtures  (25o  tests)  were  cerried  out  with  va¬ 
riable  gradient  (I  =  lo),  and  the  duration 
of  an  experiment  wSsxof  about  72  hours.  Expe¬ 
riments  finished  when  the  permeability  became 
constant. 

Table  1  presents  the  main  characteristics  of 
Romanian  bentonites  as  compered  to  some  foreign 
bentonites  of  notoriety. 


Table  1  Fnysico-chemical  Characteristics  of  the  Bentonites  used  in  the  Experiments 
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Figure  3  presents  as  an  example  the  variation 
of  the  permeability  coefficient  of  a  fine-medium 
S8nd  with  gravel,  compacted  at  6  dJ/cu.cm.  e- 
f forts,  with  venous  percentages  of  A-G  bento¬ 
nite. 


Stntcnifer/,1 
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i  PerxeaCthty  coefficient Ckica/secll 


Fig.  3  The  Variation  of  the  Permeability 

Coefficient  of  Compacted  fine-medium 
Sands  with  Grovel  Bepenoing  on  the  Va¬ 
rious  Percentage  of  A-G  Bentonites. 

The  results  oi  laboratory  analyses  carried  out 
on  activated  A  and  F  type  bentonite  mixtures, 
revealed  the  following: 

-  the  sedition  of  1-6%  powder  bentonite  leads 
to  a  tenfold  -  ten  thousands  fold  decrease  in 
the  permeability  oi  the  natural  material; 

-  a  mixture  permeability  of  K<1  x  lo“5cm/sec 
is  attained  for  a  minimum  addition  of  bentonite 
of  2  %; 

-  the  treatment  of  sandy  soils  with  2  i>  bento¬ 
nite  should  be  associated  with  a  rigurous  com¬ 
paction  of  the  mixtures  at  the  optimum  compac¬ 
tion  water  content  (Woe  =  13-14  »)  when  a  com¬ 
paction  effort  of  minimum  E*.  =  6  dJ/cu.cm.  is 
used; 

-  the  shearing  strenght  of  compacted  mixtures 
does  not  decrease  significantly  as  compared  to 
that  of  natural  materials,  up  to  bentonite  addi¬ 
tions  of  5-6  %,  Table  2; 

-  the  mixtures  between  fine-medium  sands  and  5- 
6  %  bentonite  compacted  in  the  laboratory  did 
not  reveal  bentonite  expulsion  at  gradients  of 


Table  2  Fhysico-raechanical  Characteristics 
of  fine-medium  3anc,a  with  1-6  % 
Bentonite  Addition. 
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Following  the  experiments  carried  out  during 
the  execution  of  the  dam  lateral  prisms  wieh 
confirmed  the  conclusions  of  laboratory  resear¬ 
ch  and  considering  the  contractors  possibiities 
and  equipment,  the  following  technology  has  beem 
adopted  for  acliieving  the  impervious  bentonitic 
core  of  the  dam: 

-  spreading  fine-medium  sands  in  15  cm. thick 
layers; 

-  adding  the  2%  powder  bentonite  in  two  stages 
from  a  special  unit  used  for  spreading  chemical 
fertilizers  fitted  with  a  protection  apron; 

-  homogenizing,  the  sends  with  the  bentonite, 
by  two  passing  of  the  5.2  m.  wide  harrow  after 
each  stage  of  spreading  powder  bentonite; 

-  moistening  of  layers  after  the  lest  homogeni¬ 
zation  by  applying  2-5%  bj  means  of  a  sprinkler 
unit; 

-  the  compaction  of  each  layer  by  G  passing  of 
the  Hyster  outoconpactor,  4o  t  weight,  Figure 
4,  followed  by  2  passing  of  the  transport  faci¬ 
lities,  thus  ensuring  a  dry  volume  weight  of 
the  fillings  of  17. o  kN/cu.m.; 


Fig.  4  Hyster  Autocompactor  40  t.  weight 


The  degree  of  core  embankment  compaction  (about 
72,ooo  cu.m.)  waa  checked  by  the  laboratory  ana¬ 
lysis  of  shout  2,oco  samples  taken  by  the  con¬ 
tractor  from  each  layer  and  by  8"  diameter  con¬ 
trol  borehdes  drilled  in  three  different  stages. 
The  stastical  processing  of  the  dry  volume  wei¬ 
ght  values  (  td)  obtained  in  the  core,  revealed 
the  variation  of  this  index  according  to  the 
law  of  normal  distribution,  resulting  in  a  mean 
square  distortion  of  (f=  0.166  ana  an  average  of 
Tg  =  18.o45  kN/cu.m.  Under  these  circumstan¬ 
ces  the  degree  of  compaction  attained  was  98  - 
loo%.  The  bentonitic  core  permeability  compa¬ 
red  to  that  of  the  sandy  supporting  prisms  (ups¬ 
tream  and  downstream)  was  tenfold  -  hundredfold 
lower,  the  recorded  values  being  6  x  lo"5  -  7  x 
lo“°  cm/aec,  Figure  5. 

The  in  operation  dam  behaviour  hoa  been  continu¬ 
ously  surveyed  since  the  completion  of  the  worlo 
(1975)  and  up  to  the  present  time  by  means  of 
settlement  marker^,  piezometric  boreholes  and 
cells,  etc.  The  piezometric  boreholes  were 
located  on  the  downstream  face  along  throe  cross 
section  profiles  of  the  dam.  On  eaoh  profile  three 
boreholes  were  drilled,  in  wich  the  hydrostatic 
level  of  the  seepage  in  the  downstream  prism  is 
measured  every  ten  days,  thus  obtaining  an  ima¬ 
ge  of  their  evaluation  in  time  depending  on  the 
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water  level  in  th-  reservoir. 


Fig.  5  The  Variation  of  Core  and  Prisms 
Permeability  of  Ripa  AlbostrS  Dam 

Figure  6  presents  as  an  example  the  diagram  of 
the  water  levels  in  this  priam,  recorded  in  the 
central  profile  piezometer,  during  1986. 

The  analysis  of  the  hydrostatic  levels  measured 
in  these  boreholes  reveald  that  the  treatment 
of  fine-medium  sands  in  the  core  of  the  dam  with 
2%  bentonite  lead  to  the  desired  result,  the 
compacted  mixtures  retaining  their  quasiimper- 
vious  character  all  over  the  period  of  measure¬ 
ment  (12  years).  Furthermore,  during  the  first 
year  after  the  reservoir  filling,  and  there-fore 
after  the  core  flooding,  a  continuous  decrease 
in  its  permeability  was  recorded,  due  to  the 
gradual  consumption  of  the  bentonites  swelling 
oapacity.  It  should  be  mentioned  that  about, 
two  years  after  completion,  on  March,  the  4 


3977,  during  the  great  earthquake  affecting  the 
dam  area  (intensity  degree  7.2  Richter),  nei¬ 
ther  the  dan  nor  the  bentonitic  core  revealed 
any  sign  of  deterioration  or  instability. 

Finally  we  underline  that  in  selecting  similar 
impormeabilization  solutions  of  hydrotechnical 
structures  embankments,  it  is  desirable  to  take 
into  special  consideration  the  aizs  of  hydraulic 
gradients  developing  during  operetion  as  well 
as  the  types  of  earth  and  bentonite  used,  kno¬ 
wing  that  in  exceding  critical  hydraulicol  loa¬ 
ds  con  lead  to  the  expulsion  of  bentonite  from 
the  mixture  pores. 
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SYNPOSIS:  The  paper  presents  results  of  a  study  of  horizontal  and  vertical  movements  of  five  highway 
embankmentShmade  up  of  red  clay  (red  coffee  soil) .  The  highway  embankments  studied  ranged  from  4m  to 

The  study  also  involved  laboratory  testing  of  the  red  soils  which  form  these  embankments. 

Resvlts  of  laboratory  tests  were  used  to  compute  cracking  and  collapse  potentials  of  the  embankments. 

Results^of  field  investigations  showed  embankments  to  suffer  horizontal  as  well  as  vertical  movements. 
It  was  further  established  that  in  the  case  of  the  embankments,  whose  bituminous  pavements  had  showed 
severe  longitudinal  surface  cracks,  the  cracking  observed  was  not  due  to  slope  failure  but  due  to 
moisture  migration  and  differential  settlements  which  resulted  from  low  placement  moisture  and 
density  conditions  of  the  erabankment  during  construction. 

The  red  soils  were  found  to  be  highly  plastic,  highly  susceptible  to  cracking  and  were  also  very  likely 
to  collapse  due  to  flooding.  1  * 


INTRODUCTION 


The  function  of  a  highway  embankment  is  basic¬ 
ally  to  provide  support  for  the  pavement  system 
constructed  above  it.  The  design  of  a  highway 
embankment  generally  involves  establishing  the 
height,  side  slopes,  type  of  construction 
material  to  be  used,  and  specifying  placement 
conditions  of  moisture  content  and  density  to  be 
achieved.  An  embankment  may  fail  due  to  a 
number  of  conditions  including s- 

(i)  presence  of  underground  water  which  would 
undermine  the  embankment  through  seepage 
or  lead  to  reduction  in  shear  strength. 

(ii)  poor  foundation  of  low  compressibility  and 
consolidation  characteristics  leading  to 
excessive  settlements  of  the  embankment. 

(iii)  unsuitable  material  in  the  body  of  the 
embankment. 

(iv)  poorly  constructed  embankment  with  insuf¬ 
ficient  compaction. 

This  paper  presents  results  of  a  study  of  hori¬ 
zontal  and  vertical  movements  of  five  highway 
embankments  of  red  clay.  The  paper  also  includes 
an  analysis  of  the  cause  of  longitudinal  cracking 
of  bituminous  pavements  constructed  on  red  clay 
highway  embankments . 

EXPERIMENTATION 

The  paper  presents  results  of  both  field  studies 
of  the  selected  highway  embankments  as  well  as 
laboratory  tests  carried  out  on  the  materials 
used  in  the  construction  of  the  embankments 
(Atibu,  1986). 

Field  Studies 

Field  studies  involved  instrumentation  of  high¬ 
way  embankments  on  sleeted  test  sites  and 


monitoring  the  movements  of  the  embankments. 
Selected  Test  Sites 

The  following  five  test  sites  were  selected  for 
this  study :- 

(1)  Test  Site  ES7  on  Llmuru-Uplands  Road 

This  test  site  was  selected  on  the  Limuru-Uplands 
Road  (on  the  Trans-African  Highway)  on  a  side 
hill  red  clay  embankment  whose  height  is  about 
6  metres  at  the  road  centre  line  gradually 
diminishing  in  height  towards  one  side  and 
increasing  in  height  on  the  other  side  to  about 
13  metres  at  the  bottom  of  the  valley.  The 
heavy  duty  bituminous  pavement  (asphaltic 
concrete)  on  this  embankment  showed  severe 
longitudinal  cracking  on  the  road  surface. 

( 2 )  Subsite  ES7  at  Kamirithu 

This  experimental  site  was  selected  on  Limuru- 
Uplands  Road  adjacent  to  test-site  ES7  at 
Kamirithu.  It  had  a  similar  red  clay  embankment 
of  6m  in  height  and  the  bituminous  pavement  had 
similar  longitudinal  cracking  on  the  road  surface 
to  test  site  ES7. 

(3)  Test  Site  ES8  on  Limuru-Uplands  Road 

This  test  site  was  selected  on  Limuru-Uplands 
Road  about  4  kilometres  from  test  site  ES7  and 
the  embankment  at  this  test  site  was  made  of  red 
clay  and  had  almost  similar  geometry  to  ES7. 

The  bituminous  pavement  on  the  embankment  suf¬ 
fered  from  longitudinal  cracking. 

(4)  Test  Site  ES9  on  Thuchi  Nkubu  Road 

This  test  site  was  selected  about  7  kilometres 
from  Nkubu  towards  Embu  town.  The  embankment 
is  about  15m  high  and  is  made  up  of  red  clay. 
There  were  no  cracks  on  the  bituminous  pavement 
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surface  (triple  surface  dressing) . 

(5)  Test  Site  ES10  on  P.alru  Nvanduaa  Road 

This  test  site  was  selected  about  3C  kilometres 
from  Ruiru  on  this  low  volune  road.  The  embank¬ 
ment  is  about  4n  high  and  constructed  of  red 
clay.  There  was  no  cracking  cn  the  road  surface 
(single  layer  surface  dressing) . 

Measurements  of  Horizontal  Movements 

Trenches  were  cut  across  the  road  pavement  to  a 
depth  of  400naa.  Then  horizontal  gauges  were 
installed  across  the  embankments  as  shown  in 
figure  1.  Backfilling  of  trenches  was  carefully 
done  ensuring  the  backfilled  material  achieved 
sane  density  as  that  of  the  original  material. 
Periodic  readings  of  the  gauges  were  taken  at 
the  beginning  and  end  cf  each  season.  Example 
of  test  results  showing  the  movements  observed 
for  test  site  ES10  are  shown  in  table  1. 

Measurements  of  Vertical  Movements 

2m  long  vertical  stakes  were  Installed  on  the 
slopes  of  the  embankments  at  3m  horizontal 
spacing  whose  levels  were  determined  every  three 
months  (every  month  in  the  case  of  ES9)  with  a 
precise  level  to  determine  vertical  movements 
of  the  embankments  with  time.  Example  of  results 
of  this  study  series  for  test  site  ES7  are  shown 
in  table  2. 

Laboratory  Studies 

Various  laboratory  tests  were  carried  out  in 
accordance  with  BS  1377  (1975)  on  red  clay 
samples  taken  from  cut  slopes  on  embankments 
along  Limuru-Uplands  Road  and  Ruiru  Nyanduma 
Road.  The  laboratory  tests  programme  included 
soil  classification,  mineralogical,  compaction, 
CBR,  shear  strength,  consolidation,  unconfined 
compression  strength,  swelling  pressure,  suction 
and  permeability  tests.  Some  of  the  results 
obtained  from  the  laboratory  test  series  are 
shown  in  tables  3  to  8. 

DISCUSSION  OF  RESULTS 

As  observed  from  table  1  the  embankments  studied 
suffered  from  horizontal  movements  both  inwards 
and  outwards  depending  on  the  amount  of  rainfall 
received  during  the  period  under  consideration. 
The  outward  movement  which  occured  during  the 
dry  season  was  found  to  be  more  than  the  inward 
movement  which  occured  during  the  wet  season.  Table  2  shows 
that  tiie  embankments  settled  with  time  during  the  test 
period  of  about  16  months.  The  settlements  observed  f ran  the 
field  were  hiaher  than  those  computed  fran  consolidation 
test  results.  The  red  clay  showed  that  about  98%  is  finer 
than  0.075mn  and  plotted  mainly  below  the  A-line  like 
silts  of  high  plasticity.  Mineralogical  tests 
showed  the  red  clay  had  about  66%  metahailoysite 
in  the  case  of  Limuru-Uplands  Road  embankments 
and  about  47%  in  the  case  of  Ruiru  Nyanduma  Road 
embankment.  Red  clay  specimens  taken  from  Limuru 
Uplands  embankments,  compacted  at  97%  MDD  on  the 
dry  side,  showed  collapse  potential  of  about  12% 
which  indicates  that  severe  problem  of  collapse 
would  be  expected  in  respect  of  this  red  clay . 
Computations  of  cracking  potential  gave  a  value 
of  about  31%  which  indicated  the  soil  to  be 
highly  susceptible  to  cracking. 

Results  of  particle  size  distribution,  plastic 
limit,  optimum  moisture  content  and  cracking 
potential  suggest  that  the  red  clays  (red  coffee 


soil)  in  the  embankments  Investigated  are  likely 
to  pose  problems  when  compacted  on  the  dry  side 
of  the  optimum  moisture  content.  This  may 
partially  explain  the  longitudinal  cracking  which 
had  occured  along  the  Limuru-Uplands  Road  which 
has  a  heavy  duty  pavement  (asphaltic  concrete 
surfacing  on  bitumen  macadam  base  laid  on 
stabilized  soft  rock  subbase  on  red  clay  subgrade) 
and  developed  longitudinal  cracks  within  a  year 
of  opening  the  road  to  traffic.  Investigations 
in  the  field  showed  that  insitu  moisture  content 
in  the  embankments  was  as  low  as  8G%  of  optimum 
and  dry  density  was  below  the  specified  dry 
density  (Atibu,  1986)  at  design  stage.  Due  to 
these  low  placement  moisture  and  density  condi¬ 
tions  of  embankments  there  was  moisture  migra¬ 
tion  depending  on  the  prevailing  weather  so  that 
when  it  rains  there  will  be  tendency  for  moisture 
to  migrate  from  the  slopes  towards  the  centre  of 
the  embankments  and  when  dry  the  moisture  would 
migrate  in  the  opposite  direction.  This  moisture 
migration  in  the  body  of  the  embankment  resulted 
in  the  horizontal  movements  that  were  measured 
in  the  field.  These  horizontal  movements  intro¬ 
duced  tensile  strains  in  the  body  of  the  embank¬ 
ment  when  the  movement  was  outwards  (i.e.  during 
the  dry  season) .  These  tensile  strains  led  to 
cracks  developing  in  the  embankment  body  and  the 
same  reflecting  upwards  causing  longitudinal 
cracking  of  the  bituminous  pavement  laid  on  the 
embankment.  Slope  stability  analysis  (Bishop, 
1955;  Janbu,  1973)  of  the  embankments  gave 
factors  of  safety  of  about  3  indicating  that  the 
embankments  were  not  in  danger  of  slope  failure. 
This  study  suggests  that  longitudinal  cracking 
observed  in  the  bituminous  pavement  was  not  due 
to  slope  stability  failure  but  due  to  moisture 
migration  and  consequent  differential  settlement 
in  the  embankment  which  resulted  in  tensile 
cracking  of  the  embankment  which  reflected 
upwards  causing  similar  cracking  in  the  bitumi¬ 
nous  pavement. 

CONCLUSIONS 

The  study  on  horizontal  and  vertical  movements 
of  Red  Clay  (Red  Coffee  Soil)  embankments  leads 
to  the  following  conclusions 

( 1 )  Highway  embankments  of  red  clay  were  found 
to  move  outwards  during  the  dry  season  and  in¬ 
wards  during  the  wet  season. 

(2)  Embankments  of  red  clay  were  found  to 
suffer  from  vertical  deformations  in  the  form  of 
settlement  with  time. 

(3)  The  longitudinal  cracking  of  the  bituminous 
pavement  on  the  embankments  of  red  clay  studied 
was  found  to  be  due  to  moisture  migration  and 
differential  settlements  resulting  from  low 
placement  moisture  content  and  density  during 
the  construction  of  the  embankments. 

(4)  The  red  clays  (Red  Coffee  Soil)  from  the 
embankments  studied  were  found  to  be  highly 
plastic  and  plotted  below  the  A-line. 

(5)  The  red  clays  from  the  embankments  were 
found  to  be  highly  susceptible  to  cracking  and 
also  very  likely  to  collapse  due  to  flooding. 

(6)  Mineralogical  tests  showed  the  red  clays 
from  the  embankments  studied  to  have  between 
47  and  66%  metahailoysite. 
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CHARACTERISTICS  OF  LIHURO  PXT»  SOILS 


3R7  DENSITY 

(kN/n‘ ) 

MOISTURE 

CONTENT 

(%) 

COLLAPSE 

POTENT  I  A! 

it) 

— 

CRACKING 

POTEXTIAI 

(1) 

SWELLING 

POTENTIAL 

<%) 

97%  KDD 

(DRY  SIDE) 

12.00 

34 

12 

■DD 

12.40 

41 

1 

31 

3.0 

97%  HDD 

(WET  SIDE) 

12.00 

44 

0.6 

GUIDELINES  ON  COLLAPSE  AND  CRACKING  POTENTIAL 


Collapso  Potential  Range 
(CP) 

Severity  of  Collapse  Problem 

0-1% 

No  problem 

1  -  5% 

Moderate  proolcn  expected 

5  -  10% 

Trouble  expected 

o 

H 

1 

o 

_J 

Severe  trouble  expected 

>  :o» 

Very  severe  trouble  expected 

Cracking  Potential  Range 

Susceptibility  to  Cracking 

<10 

No  cracking  expected 

10  -  20 

Moderate 

>20 

High 

PIC  MEASUREMENT  Of  HORIZONTAL  EDGE  MOVEMENT  Qf_ 

THE  ROAD  SUB-GRADE  RELATIVE  TO  THE  ROAD  CENTRE  LINE. 


720 


Proceedings:  Second  International  Conference  on  Case  Histories  in  Geotechnical  Engineering,  June  1-5, 1988,  St  Louis,  Mo.,  Paper  No.  4.01 


Stability  Analysis  of  Seismicaily  Damaged  Embankments 


Yasuyuki  Koga 

Head,  Soil  Dynamics  Division,  Public  Works  Research  Institute, 
Ministry  of  Construction,  Japan 


Osanr.u  Matsuo 

Senior  Research  Engineer,  Soli  Dynamics  Division,  Public  Works 
Research  Institute,  Ministry  of  Construction,  Japan 


Synposis:  This  paper  describes  a  pseudo-static  stability  analysis  of  seismicaily  damaged  embankments  during  the  1933 
fnhonkai-chubu  earthquake  (Japan).  It  places  a  great  emphasis  on  the  discussion  of  a  dynamic  shear  strength  of  soils  to 
be  used  in  a  seismic  stability  analysis  of  embankments. 

Several  existing  concepts  of  a  dynamic  strength  are  reviewed,  which  vary  from  each  other  with  respect  to  loading 
patterns,  drainage  conditions  and  strength  criteria  in  soil  element  tests.  The  main  part  of  this  paper  is  to  apply  some 
of  the  dynamic  soil  strengths  discussed  above  to  seismic  stability  analyses  of  three  embankment  sections,  laid  on  loose 
sandy  deposits  which  were  damaged  by  the  1983  Nihonkai-chubu  earthquake  in  Japan,  and  to  evaluate  the  applicability  of 
those  strengths.  Dynamic  response  analyses  and  pseudo-static  stability  analyses  were  performed  on  the  basis  of  field 
arid  laboratory  soil  test  data,  such  as  SPT,  shear  wave  logging,  CRT,  VCPT  (vibratory  cone  penetration  test)  and  cyclic 
tnaxial  ccrapress’on  test.  The  safety  factors  obtained  from  the  analyses  were  compared  with  the  settlements  of  respec¬ 
tive  embankment  sections  which  would  have  possibly  occurred  during  the  earthquake.  It  was  concluded  that  the  dynamic 
shear  strength,  which  is  defined  as  a  sum  of  static  and  dynamic  shear  stresses  that  can  produce  a  certain  value  of 
cumulative  shear  strain  in  a  certain  number  of  stress  cycles,  is  the  most  reasonable  of  them. 


INTRODUCTION 

It  is  widely  recognized  that  the  knowledge  of  a  dynamic 
strength  of  soils  is  essential  for  a  seismic  stability 
analysis  of  slopes  and  embankments.  They  have  been 
studied  to  date  in  a  number  of  case  studies  and  their 
concepts  have  already  been  described  in  some  of  the 
related  design  guidelines  for  practice. 

However,  the  applicability  of  each  concept  of  a  soil 
strength  for  a  seismic  stability  analysis  has  not  yet 
been  clearly  discussed.  This  paper  first  reviews  and 
discusses  existing  several  types  of  soil  strengths  for 
seismic  stability  analyses  and  their  premises  as  well. 

Secondly  three  types  of  strengths  of  those  above  are 
applied  to  seismic  stability  analysis  of  three 
embankment  sections  which  were  damaged  due  to  liquefied 
foundations  in  the  1983  Nihonkai-chubu  earthquake  in 
Japan.  Then  a  rational  soil  strength  for  a  seismic 
stability  analysis  is  deduded  on  the  basis  of  the 
comparison  of  the  analyzed  results  and  damage  records  in 
the  field. 


CONSIDERATION  ON  A  DYNAMIC  SHEAR  STRENGTH  OF  SOILS  FOR 
SEISMIC  STABILITY  ANALYSIS 

Failure  of  slopes  and  embankments  due  to  earthquakes 

Damages  to  slopes  and  embankments  are  often  observed 
after  a  large  earthquake.  Such  failure  phenomena  can  be 
classified  as  follows  from  the  viewpoint  of  a  seismic 
motion  and  a  time  of  failure  occurrence. 

1)  Failure  during  an  earthquake:  this  is  most  usually 
called  a  failure  due  to  an  earthquake  and  actually 
occurs  most  frequently. 

2)  Failure  relatively  soon  after  an  earthquake  ends: 
this  sometimes  occurs  without  such  a  change  of  an 
external  load  as  rainfall  after  the  load  condition 
returns  to  a  pre-earthquake  condition.  This  re¬ 
quires  a  decrease  of  the  resistance  of  embankment 
and  ground,  which  is  reduced  to  the  change  of  an 
excess  pore  pressure  distribution  caused  by  a 
seismic  load  in  the  previous  earthquake.  This  also 
belongs  to  the  failure  due  to  an  earthquake  and  can 
be  called  as  failure  after  an  earthquake  more 
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litzrally. 

3)  Some  slopes  where  cracks  have  occurred  during  an 
earthquake  fail  fairly  after  an  earthquake  with  the 
aid  of  rainfall  ano  ot.ier  causes.  This  may  be 
included  in  the  failure  due  to  earthquake  in  a 
broad  sense,  however,  this  is  generally  excluded. 
Such  a  clas.-ificatlon  plays  an  important  role  in  a 
consideration  of  a  load  and  a  shear  strength  of  soils 
for  a  seismic  stability  analysis. 

Seismic  stability  analysis  method 

Tnough  several  analytical  methods  are  available  to 
investigate  the  stability  of  slopes,  the  simplest  is  a 
slip  surface  stability  analysis  based  on  a  limit 
equilibrium  method. 

The  effect  of  a  seismic  motion  is  considered  as  a  static 
force  through  a  seismic  coefficient  in  a  seismic 
stability  analysis.  Calculation  formula  for  a  slip 
surface  analysis  is  given  by 


failure  strain  by  changing  the  dynamic  stress 
amplitude  to  correspond  with  a  seismic  inertia  force. 
Failure  after  an  earthquake  :  As  the  load  basically 
returns  to  an  original  one  when  an  earthquake  ends,  the 
slope  which  did  not  fail  during  an  earthquake,  cannot 
fail,  if  its  individual  part  behaves  independently. 
Therefore  the  slope  which  actually  failed  should  be 
reduced  to  the  phenomenon  in  the  overall  slope  such  as  a 
redistribution  of  the  stress  due  to  creep  phenomenon  and 
the  pore  pressure  due  to  seepage.  However,  the  residual 
strength  o^  against  a  static  load  after  the  soil  was 
subjected  to  a  static  and  a  dynamic  stress  due  to  dead 
weight  and  a  seismic  motion  may  be  used  as  a  reference 
strength  in  this  case. 

The  latter  strength  can  also  be  used  for  a  seismic 
stability  analysis  during  an  earthquake  as  follows. 
Consider  a  state  of  a  slope  which  was  subjected  to  H 
cycles  of  a  dynamic  stress  to  analyze  a  stability  during 
an  earthquake,  then  a  safety  factor  can  be  obtained  by 
comparing  the  dynamic  stress  of  the  next  H  +  1  th  cycle 
and  tne  residual  strength  after  N  cycles  of  stress. 


F$  =  f  (W,  Tf ,  k  )  (1) 

where,  F$  =  a  safety  factor,  f  =  a  calculation  equation 
of  a  safety  factor,  W  =  soil  weight,  *  strength  of  a 
soil  and  k  =  a  seismic  coefficient. 

Eq.  (1)  shows  a  close  interdependence  of  the  factors. 
Therefore  it  is  necessary  to  pursue  a  harmonized  analysis 
method  considering  the  interdependence  of  the  factors. 
When  a  seismic  effect  is  converted  to  a  static  force, 
seismic  stability  analysis  equations  can  easily  be 
obtained  extending  various  static  stability  analysis 
equations. 

Shear  strength  of  soils  for  seismic  stability 
analysis  method 

As  is  already  described,  slope  failures  due  to  earth¬ 
quakes  can  be  classified  into  failure  during  and  after 
earthquakes  respectively. 

A  shear  strength  of  a  soil  is  usually  obtained  by  loading 
soil  specimens  in  such  a  manner  as  will  occur  in  the 
actual  condition.  Therefore  each  loading  manner  for  the 
failure  during  and  after  an  earthquake  is  as  follows. 

Failure  during  an  earthquake  :  the  strength  is 
obtained  from  the  condition  for  the  strain  to  reach 


Table  1  is  a  summary  of  the  above  statement.  Also  is 
summarized  in  Table  2  various  shear  strengths  of  a  soil 
for  a  seismic  stability  analysis.  Here  a  saturated  soil 
under  undrained  condition  is  considered.  Figs.  1  and  2 
show  assumed  loading  patterns  for  respective  strengths 
and  stress  paths  to  reach  a  failure.  In  Table  2  six 
types  of  strength  are  classified  into  static  and  dynamic 
ones. 


Table  1  Loading  patterns  for  respective  types  of 
failure 


Failure  during 
an  earthquake 

Failure  after 
an  earthquake 


loading  pattern:  Fig.  1  or  Fig.  2 


loading  pattern:  Fig.  2 


A  static  strength  is  mobilized  under  a  monotonous 
loading  as  shown  in  Fig.l  (a)  and  used  as  an 
approximation  of  a  dynamic  strength  for  a  seismic 
stability  analysis.  A  dynamic  strength  assumes  a 
repetitive  loading  as  shown  in  Figs.  1  (b)  (c).  These 
are  used  for  a  stability  analysis  during  and  after  an 
earthquake  respectively.  Moreover  the  latter  dynamic 
strength  can  also  be  used  for  a  stabi-  lity  analysis 
during  an  earthquake  as  stated  previously.  Among  the 
six  types  of  strengths,  the  features  of  three  strengths 
(strength  A,  C,  0)  being  frequently  used  in  practice  for 
a  seismic  stability  analysis  of  embankments  are  as 
follows. 
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Table  2  Classification  of  strength 


Type 

Strength  criteria 

Drainage 

condition 

Loading 

pattern 

Stress 
path  & 
strength 

Time  of  strength 
mobilized 

Corresponding 
loading  condition 

Reference**) 

Static  strength 
(Monotonous 
loading) 

Mobilized  maxi¬ 
mum  stress  under 
a  monotonous 
loading 

Drained 

a 

A 

during  earthquake 
(high  permeabili¬ 
ty) 

Deadweight* 
seismic  force 

JNCOLD  (1978) 

Undrained 

a 

B,  B' 

during  earthquake 
(impulsive  earth¬ 
quake) 

do 

do 

Dynamic 
strength 
(Cyclic  load¬ 
ing) 

Maximum  stress 
of  stress  time 
history  to  cause 
a  reference  strain 
during  a  cyclic 
loading 

Undrained 

b 

C 

during  earthquake 

do 

Seed  (1966) 

Ishihara  (19S0) 

Maximum  static 
strength  after  a 
cyclic  loading 

Incompletely 

drained*) 

(Pore  pressure 
during  a  cyc¬ 
lic  loading 
remains 
constant) 

c 

D 

during  earthquake 

& 

soon  after 
earthquake 

do 

Dead  weight 

JNR  (1972) 

FWRI  (1975) 

HUDC  (1984) 

JMA  (1980) 

Undrained*) 

c 

E 

during  earthquake 

& 

Dead  weight  + 
Seismic  force 

Castro  (1976) 

Seed  (1979) 

Tokyo  Metro.  Govnt. 
(1983) 

soon  after 
earthquake 

Dead  weight 

Seed  (1979) 

Drained*) 

(Pore  pressure 
returns  to 
initial 
pressure) 

c 

F 

long  after 
earthquake 

do 

N.B.  *)  This  drainage  condition  refers  to  that  for  a  static  loading  after  a  cyclic  loading. 
An  undrained  condition  is  assumed  during  a  cyclic  loading. 


Fig. 3  shows  the  relation  between  above  three  strengths 
and  number  of  cycles  of  seismic  load  for  a  saturated  sand 
for  which  respective  strengths  differ  very  much.  Here 
the  strengths  are  expressed  as  follows. 


Strength  A 

xf  =  o'0-tan  ♦* 

(2) 

Strength  C 

Tf  =  °no’tan  *0  =  °no'R*(N) 

(3) 

Strength  D 

Tf  =  (°no-ue),tan  ♦’ 

=  Ono-(1-ue/ano>‘tan  ♦’ 

(4) 

where  =  shear  strength,  o'  -  initial  effective  normal 
stress,  =  angle  of  static  shearing  resistance,  ^  = 
angle  of  dynamic  shearing  resistance,  (N)  =  liquefac¬ 
tion  strength  ratio,  ug  =  excess  pore  pressure  caused  by 
a  cyclic  loading. 

The  strength  A  is  a  constant  being  independent  of 
external  load. 

The  strength  C  is  deter-  mined  if  the  equivalent  number 


of  cycles  Neq  of  a  seismic  load  and  a  failure  strain  yf 
are  given. 

The  strength  D  depends  on  a  stress  rd  and  number  of 
cycles  Neq  of  a  seismic  load. 

This  indicates  that  the  seismic  effect  up  to  a  certain 
time  has  already  been  taken  into  account  as  an  action  to 


(o!  Strength  A,  B 
Monotonous  looding 


Ic)  Strength  D.  E.  F 

Cyclic  loading — Monotonous 
looding 


Fig.  1  Loading  patterns  to 
obtain  a  strength 
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Fig.  3  Comparison  of  each  strength 
generate  an  excess  pore  pressure,  therefore  it  is 
irrational  if  this  strength  is  compared  with  the  seismic 
load  prior  to  that  time  to  calculate  a  safety  factor. 
Moreover  it  should  be  noted  that  the  strength  0  is  a 
post-earthquake  strength  under  a  special  drain 
condition.  Consequently  these  strengths  can  have  a 
remarkable  difference. 

OUTLINE  OF  DAMAGED  EMBANKMENTS 

The  1983  Hihonkai-chubu  Earthquake 

The  Nihonkai-chubu  earthquake  whose  epicenter  was  in 
Japan  Sea  hit  the  northern  part  of  Honshu-Island,  Japan, 
on  May  13,  1983  (Fig. 4).  Its  magnitude  was  7.7  in  the 
Richter  scale.  The  characteristics  of  the  damage  by 
this  earthquake  was  the  failure  of  many  earth  structures 
such  as  river  dykes  and  road  embankments  which  was 
mainly  caused  by  the  liquefaction  of  the  sandy  ground. 

Outline  of  analyzed  embankments 

Among  the  damaged  river  dykes,  Hachirogata  reclamation 


Fig.  4  Location  of  analyzed  embankment  sites 

dyke  which  encloses  a  reclaimed  land  with  the  length  of 
100  km  were  damaged  around  70  %  of  its  total  length. 
Three  sections  of  this  reclamation  dyke  which  were 
located  within  200  m  were  chosen  for  a  detailed  seismic 
analysis.  Thc-se  three  sections  showed  a  fairly  different 
settlements  as  shown  in  Table  3  with  a  height  of  about 
4.6  m.  Because  of  such  a  difference,  a  rather  detailed 
soil  exploration  and  an  analysis  were  conducted. 

Table  3  Crest  settlement  of  each  section 


Site  A 

19  cm 

Site  B 

73  cm 

Site  C 

133  cm 

Soil  exploration 

The  conducted  items  of  soil  exploration  are  summarized  in 
Table  4.  Besides  conventional  soil  test  items,  some 
dynamic  soil  exploration  and  tests  were  conducted  as 
shown  in* the  Table.  The  VCPT  (Vibratory  Cone  Penetration 
Test)  was  developed  at  the  PWRI  to  assess  the  liquefac¬ 
tion  strength  of  sandy  ground.  Cyclic  triaxial  tests  of 
undisturbed  samples  were  performed  to  obtain  conventional 
liquefaction  strength  R£  and  dynamic  strength  under 
initial  static  shear  stress  based  on  a  cumulative  strain 
by  use  of  isotropically  consolidated  and  anisotropically 
consolidated  specimens  respectively.  Fig.  5  shows  the 
soil  profiles  obtained  from  above  soil  exploration. 
However,  the  number  of  undisturbed  soil  samples  were  not 
enough  to  conduct  cyclic  triaxial  tests  under  all  the 
required  stress  conditions.  Therefore  the  effect  of 
initial  shear  stress  condition  on  a  dynamic  strength  was 
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Table  4  Items  of  soil  exploration 


Item 


Site 


Soil 

exploration 


SPT  (depth,  m) 


Dutch  cone  test  (length.  No.  of  points) 


VCPT*'  (length.  No.  of  points) 

Ram  sounding  (length,  No.  of  points) 
,  Seismic  wave  logging  (length) 


Resonant  column  test  (No.  of  specimens)' 
Dynamic  ;  1 

jqJ]  '  Cyclic  iriaxial  test  (No.  of  specimens) 

laboratory  Isotropic  consolidation 

Anisotropic  consolidation  ; 


Akita  port 

A 

- 1  1  1 

E 

c 

50.0  m 

24.4  m 

20.6  m 

30.5  m 

40.5 

35.5 

_| 

20.6 

- 

_ 

32.2  m  x  1 

19.0  •• 

33.0  - 

8.9  m 

12.0  m 

12.0  m 

- 

- 

30.0  m  x  3 

18  m  !  — 

- 

43  m 

- 1 -  - 

"  7  1 

_ 

10 

- 

4 

7 

8 

i 


N.B.  *):  Vibratory  Cone  Penetration  Test,  developed  at  PWRI  to  assess  a  liquefaction  strength  at  the  field. 


A  Site  B  Site  C  Site 


Fig.  5  Soil  profile  for  each  site 

mainly  assumed  from  existing  data  of  another  sar.d  strength  R;  without  initial  shear  stress.  The  overall 

(Sengenyama  sand)  with  similar  gradation  as  this  sand.  curve  was  vertically  shifted  to  fit  this  point  A  to  that 

Fig.  6  shows  a  main  characteristic  obtained  in  this  of  each  site  without  changing  the  curve  shape, 

manner.  In  this  Figure,  point  A  indicates  a  liquefaction 
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The  characteristics  of  the 
quired  to  obtain  a  dynamic 
pore  pressure  generated  by 
from  cyclic  triexial  tests 
specimens.  It  is  arranged 

Senjsjoao  So'vd 
Br  =  SO% 

Cyclic  Tnonol  Test 
Cot  ■  5%  li  -  20 
-  °7'  =35* 

-t: 

J  06  ‘s'  2 

2  0l  2LS-!.** 

o  I  c  > 


excess  pore  pressure  re¬ 
strength  based  on  the  excess 
a  cyclic  loading  were  obtained 
of  isotropically  consolidated 
as  in  Fic.  7. 


nonlinear  and  hysteretic  characteristics  of  soil  layers 
by  step-by-step  numerical  analysis.  The  equivalence 
coefficient  Cr  to  convert  a  maximum  acceleration 
response  of  the  embankment  &  to  a  seismic  coefficient 

n*a  X 

Kh  was  calculated  assuming  the  shear  stress  wave  form  is 
similar  to  that  of  the  response  acceleration  and  then 

Seismograph  ol 


(lightering 

site 


Stability 
analysis  site 


9  site 

L _ 

General  sal  exploration 

|  (Multiple  refletacnooiysts) 

shear  wo«  lagging,  etc. 

Calculation  of  cddeni 
wave  at  bedrock 
(Hcigfcboari&g  site! 

(Attenuation  law) 

Calculation  of  inddict 
ware  at  bedrack 

(S:*3ity  arafjsis  site)  |  | 

1-  _ I  General  soil  exploration  I 

(Kajiipieiehecticnonaysa)  |  jj.ear  ic^mg  «c.  i 

-  I — i _ _ _ I 

CafoSanco  of  rpc 1  sesmx  S 

motica  icc  2  dnenssnal  I 

tf/naaic  respas  coctysis  I 


0  0 1  02  0.3  0  4  0  5 

Ictiai  stress  ratio  ~'/tu 

Fig.  6  Effect  of  initial  shear 

stress  on  a  dynamic  strength 


Fig.  7  Pore  pressure  generation  chracteri sties 

SEISMIC  STABILITY  ANALYSIS 

Dynamic  response  analysis  and  seismic 
coefficient 

The  seismic  coefficient  for  a  seismic  stability  analysis 
was  obtained  following  the  procedure  shown  in  Fig.  8. 

A  seismic  record  at  the  Akita  port  of  around  17  km 
distance  from  the  analyzed  embankment  sites  were 
utilized.  The  program  SHAKE  was  used  for  the  multiple 
reflection  analysis  to  consider  the  nonlinear 
characteristics  of  soil  layers  as  the  equivalent  linear 
ones.  The  diluvial  sandy  gravel  layer  was  assumed  as  a 
bedrock  for  the  analysis.  The  seismic  response  of  the 
embankments  was  analyzed  oy  the  2  dimensional  FEM 
program  SADAP  developed  at  ti.e  PURI  to  consider  the 


2  daatnsicncl  djnocsc 
response  cnalysis 


EslssMioo  of  eguhrclent 
seismic  coefficient 


_  Cyclic  fnaiici  ce repression  test 
Vibratory  cone  penetration  test 


Seismic  stability  analysis 

Fig.  8  Calculation  of  seismic  coefficient 

combining  tne  cumulative  damage  concept  and  dynamic 
strength  characteristics.  Then  an  equivalent  seismic 
coefficient  Kh  was  calculated  by  the  formula 

Kh  =  Cr  x  amax/9  (5) 

which  was  used  for  a  seismic  stability  analysis 
described  in  the  next  section.  It  is  noteworthy  that  Cr 
depends  on  the  reference  number  of  loading  cycles  Neq. 

As  Neq  increases,  Cr  decreases.  Assuming  Neq  =  20,  Cr 
was  obtained  for  each  site  as  follows: 

Site  A:  Cp  =  0.678,  Site  B:  Cp  =  0.689, 

Site  C:  C  =  0.689. 
r 

Seismic  stability  analysis  method 

The  formula  for  a  stability  analysis  was  the 
following  modified  Fellenius  method  consider¬ 
ing  a  simple  circular  slip  surface  (Fig.  9). 
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F  *  E{c*»t»(w-u«b)co5  o«tan  $'} 
s  tt'wRsin  atfchwy) 

RlTf.£ 

r(w*Rsin  a+khwy) 

where  tt  *,  tf  :  cohesion,  angle  of  shearing  resistance 
and  strength  of  soils  respectively,  u  :  pore  pressure, 
sec  Fig.  9  regarding  other  notations. 


Fig.  9  Slip  surface  for  seismic 
stability  analysis 


Three  types  of  strengths  described  previously,  that  is, 
a  static  strength,  a  dynamic  strength  based  on  excess 
pore  pressure  during  a  cyclic  loading  and  a  dynamic 
strength  based  on  a  cumulative  strain  during  a  cyclic 
loading  are  considered.  They  are  called  as  strength  Sj, 
5.,,  S3  in  the  following.  The  conducted  analysis  cases 
are  summarized  in  Table  5. 

2 

The  strength  Sj  was  obtained  assuming  c'=  0. 1  tf/m  and 
$'«35’  in  Eq.  (6). 

The  strength  S2  can  be  obtained  as  follows.  Calculate 
the  stress  ratio  in  the  ground  using  the  equivalent 
seismic  coefficient  kh  corresponding  to  Ne()=20.  Then 
calculate  excess  pore  pressure  ug  through  Fig.  7.  The 
seismic  stability  analysis  can  be  done  substituting  this 
ufi  in  Eq.  (6).  Considering  that  the  maximum  excess  pore 
pressure  may  be  generated  during  the  seismic  motion  or 


Table  5  Analysis  Cases 


Cue 

Strength  perimeters 

Seismic 

coefficient 

Porepiensie 

s, 

- 

C*  *  0.1tf/m5 ,  &  m  35® 

With 

hydroftfttte 

preiture 

s2 

»« 

With 

hydrostatic 
and  exces* 
pressure 

S'* 

•> 

Without 

do 

CD.dc  orrfD 

With 

hydrostatic 

pressure 

after  it  ends,  two  cases  of  stability  analyses  with  a 
seismic  coefficient  k^  (Case  Sg)  and  without  k^  (Case 
Sg1)  were  conducted. 

The  strength  S3  was  incorporated  in  a  seismic  stability 
analysis  by  the  method  described  by  Ishihara  (Ishihara, 
1980)  as  follows. 

First  a  static  safety  factor  F$  was  calculated  using  a 
static  strength  for  a  specified  slip  surface. 
Secondly,  assuming  the  stress  ratio  is  constant  and 
equals  to  1/F$  along  a  slip  surface,  the  dynamic 
strength  is  obtained  from  Fig.  6. 

Stability  analysis  results 

Though  the  seismic  coefficient  at  each  site  was  already 
presumed,  safety  factors  F$  for  respective  cases  were 
calculated  changing  the  seismic  coefficient  kh  0-0.3  in 
order  to  grasp  the  effect  of  kh  on  F^.  The  stability 
analysis  results  are  shown  in  Fig.  10.  Fig.  10  indicates 
the  safety  factor  F$  depends  much  on  the  strength  used. 

As  regards  both  cases  Sg  and  Sg',  F$  decreases  remarka¬ 
bly  when  kh  exceeds  a  certain  value,  which  reflects  that 
the  excess  fore  pressure  is  very  sensitive  to  the  lique¬ 
faction  resistance  coefficient  F„. 

1 


(6) 

(7) 


Seismic  coefficient  Khl  =  0,678xKs) 

i-1,1  1  I.I.I.I.I  I  s  Lu  1  1. 1.1-t 

0  0.05  O.IO  0.15  0.20 


Surface  seismic  coefficient  Ks  ( sAsmox/g ) 


Surface  seismic  coefficient  Ks  ( =Asmax/g)  Surface  seismic  coefficient  Ks  I  -‘Asmax/g) 


Fig.  10  Seismic  coefficient  vs.  safety  factor 
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Fig.  11  Relation  of  safety  factor 
vs.  crest  settlement 

In  the  cases  of  Sj  and  S3,  F$  changes  depending  only  on 
the  seismic  coefficient  k^  and  its  difference  corresponds 
to  the  difference  of  the  strength  Sj  and  S3.  Moreover, 
the  estimated  seismic  coefficients  are  indicated  in  Fig. 
10.  The  figure  shows  that  the  safety  factors  by  use  of 
the  strength  Sj  are  fairly  larger  than  unity,  which 
contradicts  the  fact  that  each  site  was  subjected  to 
some  damage.  The  relation  between  the  safety  factors 
using  S2>  S2‘,  S3  and  the  settlement  of  the  embankments 
is  plotted  in  Fig. 11.  All  the  relations  appear 
reasonable  in  that  the  settlement  is  large  when  F$  is 
small,  however,  F$  is  too  small  in  the  cases  where  S2 
and  S2'  were  used,  considering  the  fact  that  some 
embankments  in  the  neighborhood  of  these  three  were 
little  damaged.  Therefore  these  two  strengths  rather 
seem  to  lack  rationality.  On  the  other  hand,  in  the 
case  where  S3  was  used,  Fs  equals  to  approximately  1.2 
when  some  damage  occurs  and  F$  does  not  extremely 
decrease  when  the  settlement  is  large.  The 
corresponding  relation  between  the  settlement  and  F$ 
seems  comparatively  reasonable. 

This  suggests  that  it  is  more  rational  to  use  a  dynamic 
strength  of  a  soil  based  on  a  cumulative  strain  for  a 
seismic  stability  analysis  (during  an  earthquake)  than 
other  strengths. 

CONCLUSIONS 

Several  dynamic  shear  strengths  of  a  soil  to  be  used  for 
a  seismic  stability  analysis  were  reviewed.  In  the 
adoption  of  respective  strengths,  the  correspondence  of 
the  time  when  the  failure  occurrs  and  the  premise  of  the 
strength  must  be  carefully  noted.  Three  shear  strengths 
of  a  soil  frequently  used  in  practice  were  compared  on 


the  basis  of  the  analysis  of  damaged  river  embankments 
at  the  Nihonkai-chubu  earthquake.  They  are  a  static 
strength,  a  dynamic  strength  based  on  cumulative  strain 
during  a  cyclic  loading  and  a  dynamic  strength  calculated 
through  an  excess  pore  pressure  during  a  cyclic  loading. 
The  analysis  results  showed  the  dynamic  shear  strength 
based  on  a  cumulative  strain  gives  a  reasonable  relation 
to  reported  settlement.  This  proved  rationality  of  using 
a  dynamic  strength  based  on  a  cumulative  strain  for  a 
stability  analysis  during  an  earthquake. 
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SYNOPSIS:  This  paper  gives  a  series  of  case  histories  of  earth  dams  which  have  been  damaged  by 
strong  earthquakes  in  the  past  25  years  in  China.  These  damages  include  slides,  cracks,  settlements 
leakages  and  also  some  appurtenant  structure  failures.  Experiences  show  it  is  necessary  to  strin¬ 
gently  control  the  design  and  construction  to  resist  earthquakes. 


INTRODUCTION 

The  practice  of  construction  of  embankment  dams 
and  their  behavior  during  strong  earthquakes 
are  most  important  factors  for  understanding 
the  nature  force  acting  on  these  dams  especially 
the  dynamic  forces.  The  understanding  of  the 
response  of  embankments  will  give  some  idea  to 
build  dams  more  reasonably.  This  is  why  engineers 
are  paying  attention  and  collecting  them  as  good 
references . 

STRONG  EARTHQUAKES  IN  THE  LAST  7  YEARS  IN  CHINA 

Since  1980  there  were  2  earthquakes  stronger 
than  magnitude  7  and  36  earthquakes  stronger 
than  magnitude  6  in  China. 

There  were  13  earthquakes  with  magnitude  6  in 
1986.  It  was  a  rather  active  year  even  no 
earthquake  stronger  than  7  happened.  During 
these  earthquakes  no  damages  were  discovered 
except  during  two  strong  earthquakes,  one  in 
Yunnan  Province  and  another  in  Xinjiang  Uygur 
Autonomous  Region  in  1985. 

DAMAGE  OF  CHANGMAIDI  EARTH  DAM  DURING  1985 
LUQIEN  AND  QUENDIAN  EARTHQUAKE  IN  YUNNAN 
PROVINCE 

In  April  18,  1985  the  earthquake  with  magnitude 
6.3  had  a  depth  of  epicenter  only  5  km.  The 
intensity  of  epicenter  was  8  degree.  Changmaidi 
earth  dam  is  of  homogenleous  type  with  height 
18m,  crest  length  105m.  The  nearest  rim  of 
reservoir  is  6  km  from  epicenter,  the  local 
intensity  was  6  degree.  The  reservoir  storage 
capacity  is  314000  m3.  The  upstream  slope  of 
this  dam  is  1:2.5,  downstream  slope  is  1:1.9 
without  protection.  No  filter  was  provided  in 
the  downstream  drainage.  A  culvert  pipe  was 
embedded  in  the  dam  body  with  an  inclined  gate 
(Fig.  1  and  2)  . 

The  reservoir  was  nearly  full  during  earthquake. 
Water  level  was  just  0.8  m  below  the  crest  of 
dam. 

16  cracks  were  found  on  this  dam  after  earth¬ 
quake,  mainly  (12  cracks)  along  the  abutments  of 
dam  (Fig.  1  ,  2  and  3).  The  width  of  cracks 


was  generally  1-3  cm,  with  maximum  width  of 
18  cm.  On  the  downstream  slope  the  depth  of 
cracks  reached  2.5  m.  3  of  4  longitudinal 
cracks  were  on  the  crest,  the  longest  one  was 
38  m.  The  fourth  crack  was  on  the  downstream 
slope,  the  width  of  crack  near  the  spillway 
channel  was  10  cm,  its  depth  was  more  than 
1.2  m.  Muddy  water  flowed  through  the  culvert 
pipe  about  two  hours  after  the  earthquake. 

DAMAGES  OF  KASHI  EARTH  DAM  DURING  SEVERAL 
EARTHQUAKES  IN  XINJIANG  UYGUR  AUTONOMOUS  REGION 
IN  1985 

In  1985  from  August  23  to  September  12  there 
were  a  large  number  earthquakes  in  Uqia  County 
of  Xinjiang  Uygur  Autonomous  Region.  The  magni¬ 
tudes  of  two  strong  earthquakes  were  7.4  with 
epicenter  21  km  from  the  dam  site,  and  6.8  with 
epicenter  16  km  from  the  dam  site  respectively. 
Tne  intensity  at  the  dam  site  was  both  7  degree. 
This  region  is  of  high  seismicity  by  records. 
There  were  7  earthquakes  with  magnitude  greater 
than  6,  and  5  greater  than  7  historically. 

After  earthquakes  there  were  rather  serious 
damages  on  the  earth  dam. 

The  Kashi  Hydroelectric  Power  Station  has  3 
sets  generators  each  with  6500  kw  capacity.  The 
dam  is  with  inclined  core  and  sand  gravel 
shells  (Fig.  5  and  6);  the  height  is  16  m  and 
crest  length  is  480  m.  The  grain  size  distri¬ 
bution  curves  of  shells  and  core  are  shown  In 
Fig.  7. 

There  were  some  damages  as  sliding  of  upstream 
slope  and  settlements  of  dam  during  the"  first 
earthquake,  but  the  power  station  was  still  in 
operation.  While  the  repair  work  was  going  on, 
the  second  strong  earthquake  destroyed  it  and 
damaged  it  very  seriously. 

There  were  6  longitudinal  cracks,  2  of  them 
were  on  the  crest,  4  on  the  upstream  slope 
(Fig. 8,  9).  The  horizontal  dispalcements  were 
20-30  cm,  the  vertical  displacements  were 
10-40  cm.  11  transverse  cracks  were  discovered 
near  abutments.  The  maximum  width  was  5  cm. 

The  slide  of  upstream  slope  0+250  section  show 
in  Fig.  10,  11. 
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Fig.  6  Cross  section  o£  Kashi  earth  dam 


Fig.  10  Cross  section  of  slide  on  the  upstream 
slope  of  Kashi  earth  dam  ac  0+250  after 
earthquakes 


Fig.  11  Photogragh  of  the  slide  on  the  upstream 
slope  of  Kashi  earth  dam  at  0+250 


The  settlement  of  dam  crest  was  generally  20  cm 
during  the  first  earthquake,  and  60  cm  after  the 
second  earthquake.  The  maximum  settlement  was 
1.5  m  near  the  middle  of  dam  axis. 

The  masonry  parapet  on  the  crest  of  dam  collapsed 
and  fell  onto  the  upstream  slope  mostly  (Fig. 12). 

There  is  an  auxiliary  earth  dam  to  the  left  of 
the  spillway,  10  m  high  and  200  m  long.  This  dam 
was  protected  by  concret  face  slabs.  Longitudinal 
and  trasverse  cracks  were  found  with  widths 
generally  10  cm. 

Also  the  appurtenant  structures  had  different 
damages.  The  power  station  had  to  stop  operation. 


RESULTS  OF  DIFFERENT  DAMAGES  DUE  TO  STRONG 
EARTHQUAKES  AND  THEIR  ANALYSIS 

Collection  of  different  damages  by  earthquakes 
on  earth  dams  in  China  from  1961  to  1986  is  shown 
in  the  following  table: 


(See  next  page) 


Fig.  12  Photogragh  of  the  failure  of  Parapet 
Wall  on  the  crest  of  Kashi  earth  dam 


From  this  table  it  is  easy  to  find  out: 

1)  In  these  strong  earthquakes  some  damages  of 
earth  dams  were  very  serious  causing  stoppages 
of  normal  operation  but  no  one  was  collapsed. 

2)  In  these  216  earth  dams  only  25  dams  higher 
than  30  m,  4  dams  higher  than  40  m.  The  highest 
earth  dam  was  Baihe  dam  in  Miyun  reservoir 
(H=66.2  m)  and  rcckfill  dam  was  Nangoudong  in 
Henan  Province  (H=78  m). 

3)  The  most  common  aspects  of  damage  of  earth 
dams  were  cracks.  They  took  place  about  78%  of 
different  types  of  damages  in  high  and  low 
intensities  of  earthquakes: 

a)  Transverse  cracks' appeared  mostly  along  the 
abutments  of  dams  by  unequal  settlements. 
Sometimes  they  were  due  to  settlements  of 
foundation  overburdens. 

b)  Longitudinal  cracks  appeared  on  both  slopes 
of  dams.  Some  of  them  were  curved  in  plan  and 
may  be  the  result  of  potential  slides.  Sometimes 
they  may  be  due  to  the  serious  settlements  of 
foundation,  liquefaction  of  saturated  silty 
soil  or  poor  compaction  during  construction. 

4)  The  slide  of  slope  was  more  dangerous  aspect 
of  damages.  Most  slides  appeared  not  only  in 
high  intensity  of  earthquakes  like  Douhe  in 
Tangshan  (degree  9)  but  in  lower  intensities 
(degree  5-6).  The  dominant  factors  are  the  types 
of  embankments  and  the  angle  of  friction  of  dam 
shells.  For  homogeneous  earth  dams  filled  by 
sluiced  siltation  method  it  is  most  critical. 
This  type  of  damages  is  most  typical  for  the 
downstream  slope  of  many  dams  in  the  Heligeer 
Earthquake,  even  the  intensity  on  the  dam  site 
was  degree  6  only.  Most  upstream  slope  of 
saturated  silty  clay  or  fine  sand  and  gravel 
during  earthquake,  as  the  slide  of  surface 
protection  on  the  upstream  slope  of  Baihe  dam, 
which  were  investigated  by  many  authors  ten 
years  ago. 

5)  Settlements  appeared  in  many  dams  with  accom¬ 
panying  cracks.  Of  course,  earth  dams  always 
settle  during  earthquake,  but  sometimes  the 
induced  unequal  settlement  produced  different 
types  of  cracks,  as  mentioned  before.  This 
problem  was  not  so  serious,  because  most  of 
these  earth  dams  were  not  so  high. 

6)  The  increase  of  leakage  was  a  general  aspect 
after  earthquakes.  Three  different  kinds  of 
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Different  Types  of  Damages  of  Earth  Dams  by  Strong  Earthquakes  from  1961  to  19S6 

(by  Incomplete  Statistics) 


*  The  percentage  will  be  higher  than  this  figure,  because  some  dams  have  two  or  three  of  damages. 

3 

**  Only  dams  with  reservoir  storage  capacity  greater  than  1,000,000  m  are  Included. 
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leakage  were  discovered:  The  first  was  temporary 
Increase  after  earthquake,  sometimes  with  muddy 
water,  and  after  a  few  hours  stooped  by  self 
relief.  The  second  was  Increase  c.v  leakage 
through  the  abutments  or  foundations  due  to 
damage  of  grout  curtain.  The  third  was  r'oennlng 
new  channels  of  leakage  after  earthquake"  mc:-tly 
In  karst  regions. 

7)  Many  parapet  walls  were  destroyed  during 
earthquake,  because  they  stood  on  the  crest  of 
earth  dams  and  there  existed  large  horizontal 
acceleration  force  acting  on  them.  Besides,  the 
masonry  structure  had  not  enough  tensile 
strength. 

Another  weak  point  of  earth  dam  to  resist  earth¬ 
quake  was  the  Interface  between  the  embankment 
and  concrete  or  masonry  s' ructures.  The  retai¬ 
ning  walls  of  spillway  and  the  culverts  or  pipes 
embedded  In  the  dam  body  were  always  sources  of 
trouble. 


SOME  EXPERIENCES 

More  than  200  examples  of  damages  and  30  years 
of  research  works  gave  us  some  experiences, 
although  some  of  them  were  well  known  already 
for  many  years. 

1)  Improvement  of  Design 

For  some  small  earth  dams  located  In  the  coun¬ 
ties,  their  design  had  obvious  defects  without 
proper  control.  For  Instance,  the  Kashi  earth 
dam  Is  of  Inclined  core  (silty  clay  loam)  with 
sand  gravel  shells,  the  designers  wanted  to  have 
an  Impermeable  barrier  and  they  put  on  two  la¬ 
yers  of  plastic  membrane  with  thickness  0.2  mm 
not  on  the  surface  but  on  the  bed  (Fig.  2).  It 
made  the  whole  core  under  water  saturated  and 
decreased  the  friction  angle  from  34°  to  23°. 

It  undoubtedly  was  the  reason  of  the  surface 
slide  (Fig.  6).  This  Is  also  an  example  of 
liquefaction  of  the  core  and  shell. 

Some  earth  dams  had  too  high  phreatic  lines  and 
without  drainage.  Therefore  the  strength  of  soil 
decreased  due  to  the  increase  of  pore  pressure 
during  earthquakes.  The  correct  design  of 
drainage  and  filters  are  very  important  too. 

Some  damages  of  earth  dams  were  due  to  the 
defect  of  drainage. 

2)  Improvements  of  Construction 

Most  of  the  damages  like  cracks,  settlements  and 
slides  were  caused  by  poor  compaction.  The  low 
density  of  soil  gives  low  strength  and  Is 
vulnerable  to  liquefaction.  For  some  small  dams 
proper  compaction  equipments  were  not  available. 
The  self-consolidation  needed  a  long  time,  so 
the  dam  was  damaged  even  during  minor  earth¬ 
quakes  . 

Damages  also  occured  due  to  bad  foundation 
conditions. In  some  medium  and  small  sized 
reservoirs  the  foundation  treatment  works  of 
dams  were  too  much  simplified.  Sometimes  the 
grout  curtain  were  not  deep  enough.  Sometimes 
the  saturated  silt  in  the  loose  alluvium  was 
not  cleared  away,  causing  liquefaction  like  in 
Kashi,  mentioned  above. 

The  quality  control  of  materials  (soil,  rockfill 


etc.)  was  not  strict,  causing  damages  as  exce¬ 
ssive  settlements,  leakage  and  displacements 
after  completion  of  the  dams. 

3)  Adoption  of  Reasonable  Safe  Measures  Against 
Earthquakes 

For  design  of  high  earth  dams  the  prediction  of 
seismicity  and  research  works  were  well  done, 
the  designers  generally  paid  more  attention  to 
the  careful  choice  of  materials,  therefore  there 
were  no  problems  during  earthquakes  of  intensity 
less  than  degree  6.  But  for  small  dams  it  will 
be  questionable  to  prove  their  safety  at  reason¬ 
able  cost.  The  right  approach  is  to  make  risk 
analysis  and  allow  some  damages  but  without 
failure.  Some  cracks  may  be  considered  allow¬ 
able.  In  any  case  the  possibility  of  immediate 
drawdown  of  reservoir  water  level  with  emergency 
spillway  or  bottom  outlets  was  very  necessary. 

4)  Avoidance  of  High  Structures  of  Parapet 
Wall  on  the  Crest  of  Dams 

High  structures  are  always  weak  points  during 
strong  earthquakes,  experience  proved  that,  the 
masonry  parapet  walls  on  the  crest  of  dams  were 
quite  often  damaged  due  to  whipping  effect. 

CONCLUSION 

From  the  case  histories  of  Chinese  embankments 
damages  by  15  strong  earthquakes  in  the  last  25 
years,  it  can  be  concluded  that: 

1)  Even  216  embankments  were  damaged,  and  some 
of  them  were  very  serious,  but  no  one  was 
collapsed. 

2)  Many  serious  damages  of  earth  dams  were 
caused  by  the  defects  of  investigation  and 
design,  especially  the  inadequate  drainage  and 
the  improper  use  of  materials. 

3)  The  poor  compaction  of  earth  dams  in  cons¬ 
truction  and  unreasonable  treatments  of  founda¬ 
tion  were  another  main  cause  of  damages ,  which 
must  be  avoided. 

4)  High  structures  or  wave  walls  on  the  crest 
of  dams  should  be  avoided  in  any  case. 

Understanding  the  nature  of  sismic  response  of 
dams  through  practice  is  a  direct  and  essential 
way.  The  analysis  and  research  of  data  collected 
becomes  the  source  of  our  knowledge.  It  is  regre¬ 
tted  that  not  sufficient  data  are  available,  be¬ 
cause  for  many  small  dams  there  are  almost  no 
records .  Therefore  our  research  is  a  time  consu¬ 
ming  job.  This  paper  is  an  attempt  to  solve  this 
complex  problem. 
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SYNOPSIS:  In  the  development  of  a  new  highway  system  approaching  Tel  Avi.v,  Israel,  long  piles  had  to  be  driven  very 
close  to  an  existing  railway  bridge.  In  view  of  the  danger  of  structural  damage  to  the  bridge,  as  a  result  of  ground 
vibrations  excited  by  the  pile-driving  work,  field  measurements  were  ordered. 


Vibrations  recorded  at  the  bridge  pier  heads  in  the  course  of  the  driving  operation  were  analyzed  and  compared  with 
those  excited  by  trains.  Results  showed  that  the  former  are  generally  lower  than  the  latter,  and  neither  one  exceeds 
the  limits  prescribed  by  the  codes. 


INTRODUCTION 

The  new  highway  system  approaching  Tel  Aviv  from  the 
north,  as  part  of  the  Ayalon  project,  will  include 
several  overpasses  and  intersections.  The  new 
construction  will  require  piles  to  be  driven  very  close 
to  the  Tel  Aviv-Haifa  railway  bridge  currently  in  use. 
In  view  of  the  danger  of  structural  damage  to  the  bridge 
as  a  result  of  ground  vibrations  excited  by  the  pile¬ 
driving  work,  a  program  was  carried  out  which  included 
field  measurements  of  the  bridge  piers  while  test  piles 
were  driven  into  the  ground  in  various  locations. 

THE  SITE 

The  bridge,  built  in  the  fifties  with  its  one-track 
railway  and  several  spans,  is  a  steel  bridge  supported 
on  reinforced  concrete  piers,  based  on  driven  reinforced 
concrete  piles.  It  is  situated  very  clos'  to  the 
merging  point  of  the  Ayalon  with  the  Yarkon  River  (Figs. 
1  and  2) . 

Ground  conditions,  according  to  borehole  investigations, 
were  as  follows:  soft  and  medium  strength  clays  on  the 
south  bank,  as  deep  as  60m  and  similar  clays  on  the 
north  bank,  interrupted  by  an  intermediate  6m  thick 
layer  of  compact  sand  between  16m  and  22m  deep.  The 
water  table  is  2.5m  below  ground  level. 

These  ground  conditions  required  the  use  of  prestressed 
concrete  piles  for  the  foundations  of  the  new  overpasses 
which  will  be  built. 

TEST  PROGRAM 

The  piles,  0.50m  in  diameter  and  45m  long,  were  composed 
of  two  equal  shorter  piles  welded  to  one  another  after 
the  first  part  has  been  driven  into  the  ground.  A 
special  test  pile  differed  from  the  others  in  that 
special  metal  devices  were  contained,  to  extend  out  of 
its  faces,  after  the  pile  had  been  driven.  The  hammer 
in  use  was  a  Delmag-D44  with  a  rate  of  about  one  stroke 
per  second. 

Most  of  the  vibration  measurements  (using  1Hz,  nat. 
freq.  seismometers)  were  carried  out  simultaneously  at 
two  different  pier  heads,  and  in  each  one  -  m  both  the 
longitudinal  and  transverse  directions  of  the  bridge. 
In  some  cases  (Tests  1  and  2),  the  measurements  were 
taken  at  the  foot  of  the  pier,  on  the  ground,  and  at  the 
same  time  at  its  head. 
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Fig,  1  -  Layout  of  the  railway  bridge  and  location 
of  the  test  piles. 


Fig.  2  -  Eastward  view  of  pier  2. 


The  piers  selected  were  always  the  closest  ones  to  the 
driven  pile,  and  the  vibrations  were  measured  at 
different  pile  depths.  Vibrations  were  also  measured 
during  the  passage  of  trains  for  comparison  purposes. 

RESULTS 

The  detailed  measurements  appear  in  Table  1  with  typical 
vibration  records  shown  in  Fig.  3  to  7,  Velocity 
spectrum  (third  octave)  wore  found  for  all  tests,  but 
only  few  of  them  are  shown  in  Fig.  8  to  11.  Results  are 
also  given  in  Table  2,  including  the  computed  maximum 
displacements  of  the  vibrations. 

Table  1  -  Details  of  the  measurements  at  various 
piers  (see  Fig.  1) 


Test  Pile 

Depth 

Source  of 
Vibration 

1 

Channel 

2  3 

4 

1 

SB-1 

18m 

Hammer 

2gt(*) 

2gl 

2ht 

2hl 

2 

18m 

Train 

" 

3 

NB-2 

26m 

Hammer 

- 

- 

2ht 

2hl 

4 

32m 

M 

- 

- 

M 

5 

37m 

11 

" 

6 

Special 

10m 

Hammer 

- 

3nl 

2ht 

2hl 

7 

Pile 

16m 

3ht 

" 

H 

8 

22m 

« 

•• 

* 

H 

" 

9 

28m 

" 

" 

M 

" 

10 

Closest 

16m 

Rap. Train 

8ht 

8hl 

7ht 

7hl 

11 

to 

16m 

Hammer 

M 

" 

M 

12 

pier  8 

18.5 

•  1 

M 

« 

K 

(1 

13 

23m 

n 

M 

H 

M 

" 

14 

30m 

ii 

" 

•* 

15 

35m 

<i 

H 

M 

II 

16 

38m 

i» 

H 

" 

II 

" 

17 

NB-6 

15m 

Hammer 

Slit 

8hl 

7ht 

7hl 

18 

17m 

" 

** 

•1 

M 

li 

<-*)Tho  figure  denotes  =  pier  number; 

gt,gl  =  ground  measurements  at  the  pier  foot 
in  the  transverse,  and  longitudinal 
directions  of  the  bridge ; 
ht.hl  »  pier  head  measurement  in  the  transverse 
and  longi tudinal  directions  of  the 
bridge . 


Fig.  4  -  Vibration  measurements  at  pier  head  2,  during 
driving  of  the  special  pile  at  various  depths 
(Tests  6  to  9) . 


DISCUSSION 


Fig.  3  -  Vibration  Measurements  at  pier  2: 
Test  1  (left);  Test  2  (right). 


It  has  been  observed  from  all  the  measurements  that  the 
stiffness  of  the  bridge  is  much  greater  in  the 
longitudinal  direction  than  in  its  transverse  direction. 
The  natural  frequency  and  critical  damping  ratio  of  the 
bridge  in  that  direction  are  3  Hz  and  1.5%,  according  to 
its  free  vibration  after  the  passage  of  the  train  (Ch. 
3,  Fig.  3).  As  a  result,  the  most  significant 
quantities  to  be  considered  in  the  dynamic  analysis  of 
the  bridge  are  therefore  the  transverse  velocities  or 
displacements. 

It  is  interesting  to  note  also,  according  to  Tests  1  and 
2,  that  the  vibration  at  the  pier  head  was  amplified  by 
a  factor  of  two,  as  compared  with  the  measurements  at 
the  foot  of  the  same  pier.  This  behaviour  occurred 

during  both  hammer  operation  and  tram  passage  as  well 
(Fig.  3).  Vibrations  at  the  pier  heads  2  and  3  decreased 
with  increasing  depth  of  the  driven  pile,  as  can  be  seen 
in  Fig.  4,  mainly  in  the  transverse  directitn.  In  the 
present  case,  the  ground  had  a  uniform  composition  in 
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1 

3 

2ht 

4.4 

0.66 

0.024 

Hammer,  pile  SB-1  (18m) 

2 

3 

M 

2.5 

2.50 

0.159 

Train 

2 

4 

2hl 

50.0 

1.50 

0.005 

Train 

3 

3 

2ht 

6.4 

0.36 

0.009 

Hammer*  NB-2  (26m) 

4 

3 

H 

6.1 

0.33 

0.009 

"  (32m) 

5 

3 

" 

4.5 

0.39 

0.014 

(37m) 

6 

3 

2ht 

4.3 

1.20 

0.044 

Hammer,  Special  pile 

(10m) 

7 

3 

" 

4.8 

0.75 

0.025 

" 

(16m) 

8 

3 

II 

4.8 

0.42 

0.014 

" 

(22m) 

9 

3 

M 

4.8 

0.33 

0.011 

II 

(28m) 

10 

1 

8ht 

80.0 

1.20 

0.002 

Rapid  Tram 

10 

2 

8hl 

160.0 

1.80 

0.002 

" 

10 

3 

7ht 

4.0 

5.40 

0.215 

" 

10 

(3) 

” 

(1.6) 

(4.20) 

(0.418X*) 

II 

10 

4 

7hl 

56.0 

8.40 

0.024 

II 

14 

1 

8ht 

14.4 

0.48 

0.005 

Hammer,  Pile  closest 

to  pier  8  (30m) 

14 

3 

7ht 

4.2 

0.75 

0.028 

II 

(*)This  maximum  displacement  is  obtained  according  to  a  lower  velocity  (4.20mm/sec)  than  the 
maximum  measured  value  (5.40mm/sec) ,  and  occurs  at  a  frequency  of  1.6  Hz. 
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Fig.  8  -  Velocity  spectrum  (third  octave): 

a)  Test  1,  channel  3:  driving  of  pile  SB-1, 

b)  Test  2,  channels  3,4:  passage  of  train. 


Fig.  S  -  Velocity  spectrum  (third  octave): 

Test  10,  channels  1  to  4:  passage 
of  a  rapid  train. 


Pier  8  was  actually  a  retaining  wall,  and  not  a  column 
type  pier,  like  all  other  intermediate  ones,  and  as  a 
result  its  vibrations  were  always  very  low. 

Spectrum  analysis  (third  octave)  of  the  measured 
velocities  yielded  the  frequencies  of  the  vibrations 
and  permitted  the  calculation  of  the  pier  head 
displacement  amplitudes  (Table  2).  In  most  cases  the 
spectrum  had  only  one  peak  velocity.  However,  that 
of  Test  10,  Channel  3  (Fig.  9),  was  rather  a  type  of 
"plateau",  and  could  be  interpreted  to  show  a  peak  at  4 
Hz.  In  this  particular  case,  a  lower  velocity,  at  a 
lower  frequency  of  1.6  Hz,  yielded  displacement  of 
+9. 418mm  instead  of  +0. 215mm,  as  computed  from  the  peak 
velocity. 

Analysis  has  shown  that  the  peak  transverse  amplitude 
at  pier  head  obtained  during  the  passage  of  a  rapid 
train  were  at  least  10  times  higher  than  during  pile 
driving  operation.  Considering  an  amplification  factor 
of  2  of  the  vibration  at  the  pier  head  (see  Fig.  3, a), 
the  ground  vibration  at  the  pier  foot  should  be  half  of 
it,  or  +0.209nro.  This  result  is  m  good  agreement  with 
amplitude  limits  of  foundation  block,  which  do  not 
cause  any  damage  to  the  structure,  as  mentioned  in  the 
British  Code  of  Practice,  i.e.  +0. 200mm,  up  to  20  Hz. 
Other  codes  (e.g.  DIN  4150),  specify  a  limit  velocity 


of  20mm/soc  up  to  10  Hz,  as  one  which  generally  does 
not  produce  any  damage  to  a  structure.  The  maximum 
velocity,  as  measured  at  pier  head  7,  was  +8.40m/sec  or 
16.80mm/sec  peak  to  peak,  which  does  not  yet  endanger 
the  bridge. 

CONCLUSIONS 

1.  Vibrations  recorded  at  pier  heads  during  pile 
driving  operation,  were  much  higher  in  the  lateral 
direction  of  the  bridge  than  in  its  longitudinal 
direction,  and  pier  head  vibration  was  almost  twice 
as  large  as  that  measured  at  the  pier  base.  The 
natural  frequency  of  the  bridge  in  the  transverse 
direction  was  3  Hz,  and  the  critical  damping  ratio 
of  the  system,  about  1.5%. 

2.  Train  passage  caused  lateral  vibration  at  pier 
heads  which  was  at  least  ten  times  bigger  than  the 
one  caused  by  pile  driving,  namely  +0. 418mm,  or 
+0. 836mm  peak  to  peak. 

3.  Neither  velocity  nor  displacement  obtained  exceeded 
the  limit  values  prescribed  by  the  codes,  thus 
indicating  that  no  structural  change  is 
anticipated  to  the  bridge  during  pile  driving  or 
even  rapid  train  passage. 
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Fig.  11  -  Velocity  spectrum  (third  octave),  Test  14 
channels  1  and  3:  driving  of  closest  pile 
at  30m  deep. 


Scabby-* 

Fig.  10  -  Velocity  spectrum  (third  octave).  Tests  6  to  9, 
channel  3:  driving  of  special  pile,  at  various 
depths. 


4.  Thanks  to  the  field  measurements,  this  stage  of  the 
Ayalop.  Project  may  be  regarded  safe,  as  far  gs 
causing  damage  to  the  existing  bridge  is  concerned. 
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SYNOPSIS  The  foundation  of  1~1 6 1  banner  have  been  calculated  with  five  calculation  models  and  com¬ 
pared  with  the  test  data  of  the  foundation  and  anvil  for  the  hammer  It,  2t,  3t,  5t,  lot  and  16t  built 
on  the  loess  clayey  loam  stratun.  The  results  show:(l)  In  the  design  of  hammer  foundation,  calcula¬ 
tion  with  model  of  two-degree-freedom  and  damped  agrees  rather  better  with  the  actual  measurement . (2) 
The  coefficient  of  subgradc  compression  rigidity  increases  with  the  Increase  of  the  depth  of  soil  str¬ 
atum.  Both  accurate  calculations  of  the  coefficient  of  subgrade  compression  rigidity  and  effected 
depth  under  the  hammer  foundation  are  most  significant  for  designing  a  rational  hammer  foundation. 

In  this  paper  formulae  are  presented  for  calculating  optimum  ratios  of  anvil  mass  to  hammer  founda¬ 
tion  mass  and  pad  rigidity  to  subgradc  rigidity  according  to  different  kinds  of  soil  and  different 
tonnages  of  the  hammer. 


INTRODUCTION 

Many  forges  have  been  built  since  1960's  and  a 
tendency  of  using  hammer  with  increasingly 
greater  tonnage  is  seen  as  industry  develops 
rapidly.  From  the  investigation,  a  common  prob¬ 
lem  has  been  found  that  most  of  these  hammer 
foundations  are  oversized  and  embedded  coo  deep¬ 
ly  due  to  Che  unpractical  and  improper  selection 
of  calculation  models  and  values  of  subgrade 
rigidity. 

In  some  countries  at  the  present  time,  specifi¬ 
cations  for  designing  dynamic  machinery  founda¬ 
tions  are  based  on  the  calculation  model  of  one- 
degree-freedom  and  undamped  with  neglecting  the 
influence  of  vibration  frequency  properties  of 
anvil  and  pad  on  the  whole  system  of  the  hammer 
foundation,  thus  resulting  in  greater  calcula¬ 
tion  error.  Furthermore  the  previous  experiments 
are  only  conducted  on  hammer  foundation  itself, 
not  also  the  anvil,  with  leads  to  an  incomplete 
understanding  of  the  dynamic  properties  of  the 
hammer  foundation  system. 

This  paper  intends  to  describe  systematical  te¬ 
sts  of  vibration  frequency  properties  of  founda¬ 
tions  and  anvils  for  the  hammer  1 t , 2t , 3t , 5t , lOt 
and  I6t  built  on  the  loess  clayey  loam  stratum 
and  theoretical  analysis  with  five  calculation 
models.  The  results  show  that  in  the  design  of 
hammer  f oundat  ion , ca Iculat ion  with  model  of  two- 
degree-freedom  and  damped  agrees  rather  better 
with  the  actual  measured  values. 

Based  on  the  fact  that  the  coefficient  of  subgr¬ 
ade  compression  rigidity  Increases  with  the  in¬ 
crease  of  the  depth  of  soil  stratum  (Pan  Fulan, 
1982.),  this  paper  defines  the  coefficient  of 
subgrade  compression  rigidity  within  the  effect¬ 
ed  depth  under  the  hammer  foundation,  thus  accu¬ 
rate  calculation  of  the  self-vibration  proper¬ 
ties  of  the  hammer  foundation  can  be  obtained. Jn 
some  countries'  current  specifications,  the  coe¬ 
fficient  of  compression  rigidity  is  defined  as  a 
constant.  This  is  not  a  proper  definition  parti¬ 


cularly  for  the  foundation  with  large  base  area 
and  deeply  embedded.  Therefore,  both  accurate 
calculations  of  coefficient  of  subgrade  compres¬ 
sion  rigidity  and  effected  depth  under  the  ham¬ 
mer  foundation,  as  well  as  proper  selection  of 
calculation  models,  are  most  significant  for  de¬ 
signing  a  rational  hammer  foundation. 

For  the  purpose  of  reducing  hammer  foundation 
vibration,  in  design  a  common  practice  is  to  in¬ 
crease  subgrade  rigidity  (piling,  enlarging  base 
area,  or  deepening  embedded  depth  of  foundation) 
and  foundation  mass.  Both  theory  and  experiment 
have  proved  that  it  is  necessary  to  have  a  cer¬ 
tain  foundation  mass  so  as  to  reduce  the  vibra¬ 
tion  amplitude  of  hammer  foundation.  However 
this  does  not  mean  to  have  a  foundation  mass  as 
greater  as  possible.  This  paper  presents  calcu¬ 
lation  formulae  for  selecting  optimum  ratios  of 
anvil  mass  to  hammer  foundation  mass,  and  pad 
rigidity  to  subgrade  rigidity  according  to  dif¬ 
ferent  kinds  of  soil  and  different  tonnages  of 
the  hammer  so  as  to  obtain  a  more  economical  and 
reasonable  design  for  the  hammer  foundation. 

ANALYSIS  OF  HAMMER  FOUNDATION 

A  hammer  foundation  mainly  consists  of  falling 
part  of  hammer,  hammer  stand,  anvil  and  founda¬ 
tion.  The  anvil  and  foundation  are  separated  by 
a  pad.  All  of  the  dynamic  foundations,  the  ham¬ 
mer  foundation  is  characterized  by  free  vibra¬ 
tion  which  is  different  from  the  others.  This 
free  vibration  is  an  instantaneous  vibration  with 
damping.  The  Instantaneous  vibration  is  caused  by 
two  sources.  One  is  an  impulse,  i.e.  the  action 
occurs  at  the  instant  when  the  falling  hammer 
impacts  the  anvil.  The  other  is  a  suddenly  app¬ 
lied  force,  i.e.  the  force  occurs  as  the  impulse 
disappears.  When  the  falling  hammer  is  raising, 
the  suddenly  applied  force  disappears  immediate¬ 
ly,  and  then  the  impulsive  force  is  formed.  In 
general,  the  impulsive  force  is  neglected,  but 
the  dynamic  influence  of  the  impulse  is  only  con- 
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sldered  in  calculacion  of  hammer  foundation, 
(see  Fig.  1) 

Ma— ir  Stand 


[f& 
a _ )x 


Hwnrkaad  /  \ 

rad  \li  !l 


Coaorata  Foundation 

Free  Forging  Die  Foging 

Fig.l  Schematic  of  Free  Forging  and  Die  Forging 

Based  on  Calculation  Model _ for  One-Degree- 

Freedom 

a  m.  Ha—arhaad 


.  ■  ..  M  t  .  U- 

T  .  * 

*  ■* 


Foundation 


re  |k  Subgrade  Rigidity 
L  7-b—r 


Fig.  2  Calculation  Model  for  One-Degree-Freedom 

Under  the  action  of  impact  load,  the  amplitude 
of  hammer  foundation  movement  is 


V  ~St 

A^-Z7Te  slna)nt 


= 0 ,  we  obtain 


e'stvcoscJnt-^-e'ifc5lnu)nt  =o  (2) 

thus,  Eq.(2)  can  be  written  as 

-i •/  i-l* 

t  «=  tan  t>  — 

(3) 

At  this  moment,  the  amplitude  is  the  max.  i.e. 

A  =A  .  Substitude  t  into  Eq.(l),  Che  follow- 
iSg  IpStion  can  be  obtained  by  simplifying. 


Azmox  = 


rexp 

vJ’Z'Ji-jjZ  1  tun 


-  exP  (~£= 

^Kz(m0+m,)  i -Vs  D 

(4) 

The  max.  amplitude  when  damping  is  not  consider¬ 
ed  is : 

A  V  _  V0m0Q-Hfr) 


zmax  “  uj2  “  ^kz  (m0+m,) 


According  to  the  above  analysis,  the  following 
conclusions  can  be  drawn. 

1.  The  calculated  amplitude  of  hammer  founda¬ 
tion  of  damped  one-degree-freedom  decreases  with 
the  increase  of  damping  ratio. 

2.  The  circular  frequency  of  free  vibration  of 
hammer  foundation  decreases  with  the  increase  of 
damping  ratio,  too. 

3.  Time  for  the  hammer  foundation  reaches  its 
max.  amplitude  of  vibration  in  dependent  of 
damping  ratio.  The  greater  the  damping  ratio, 
the  shorter  the  time  required. 

Base  a  on  Calculation  Model  for  Two-Degree- 
Freedora 

a  ■„  H»— rh—d. 


where:  Vr  ■/ - 

(^2,  +  Plo  ) 

V=  Initial  speed  of  the  hammer  foundation 
movement  (ra/s); 

%  Max.  speed  of  falling  part  of  hammer 
(m/s) ; 

m, =Mass  of  hammer  frame,  anvil  and  foun¬ 
dation  (t-s*/m); 

m0=Mass  of  falling  part  of  hammer  (t-T/m); 

\p  =lnfluence  coefficient  of  speed  resi¬ 
lience  in  impact; 

idz=Circular  frequency  of  undamped  free 
vibration  of  hammer  foundation  (1/s); 

W l  Hz - 

“  (m,+  m0) 

Kz=Compress ion  rigidity  of  natural  sub¬ 
grade  (t/m); 

(da=Clrcular  frequency  of  damped  free  vi¬ 
bration  of  hammer  foundation  (1/s); 

Sj  =  ws  7  1  “  ®  2 

D  ^Damping  ratio; 


Voundatio* 


.  Subgrad*  Rigidity 
*1  and  Bum 


*  sr  •* 


Fig.  3  Calculation  Model  for  Two-Degree-Freedora 
1.  Equations  of  free  vibration  are 

m2z2  +  K2(z2-z1  )=0  | 

m,z,  +k,Zj-k2  (z2-z,  )~°  J  (6) 

where:  m2  =  Mass  of  hammer  frame  and  anvil  (t_4i); 
m,=  Mass  of  hammer  foundation  (t'^/m) ;  . 

k2=  Rigidity  of  pad  beneath  the  anvil(Vrri); 
k,=  Compression  rigidity  of  natural  sub¬ 
grade  (t/m). 

Two  free  vibration  frequencies  of  Eq.(6)  are: 


n~  *  -  .  s;  -  C 

D"  U)3  '  b  2tn | 

C  =Damping  coefficient  of  natural  sub¬ 
grade  (t-s/m). 


_  K,+  K2  — 

a=  m,  •  b  mT  ‘  m2 

2.  The  motion  equations  of  foundation  and  an¬ 
vil  when  damping  is  not  considered  are: 


744 


z  -  ft  Eg  v  >slnu.  -t  'S’inu)?  t 

£t"z  *"  I  )  lu  l  (U  2  ' 

Z  V  /i2.sintJ,  t  r,.sinu;gt  , 

2  (r2-r,)^  w,  "  u2  ^ 

Uhen  W,  <  io2  t  coefficients  of  vibration  mode 
are 


r,  =  -Sji—  =  — - 2 

I  ZZI  K,+K2-m,uJ2 


*2  -  mg  u)f 

K2 


*"2  = 


2  .2 

2  22 


— for  1st  vibration  mode 

_ K 2  K2-m2  uj 

K,+K2-m(ul^  “  k2 


— for  2nd  vibration  mode 


From  Eq. (8),  it  can  be  known  that  the  amplitude 
ot  each  mass  Is  the  sura  of  the  two  vibration 
modes .  Thus,  the  above  eqation  can  be  wirtten  as 


sinuJ2t  (9) 


Where  che  subscript  stands  for  the  amplitude  of 
mass,  m,  or  m2 ,  the  second  subscript  stands  for 
the  frequency  and  vibration  mode  in  relation  to 
the  amplitude. 


In  £q.(9),  Z„  arid  Z|2  represent  the  amplitude  of 
mass  m,  and  ra2  in  the  1st  and  2nd  vibration  mode 
respectively.  The  corresponding  equations  can  be 
expressed  as  (Letu>f  =  — £2 )• 


7  -  r;  V 
11  OWiM 


_  )(Ug-u)i)y 

)id,u>a 


N 


(r2-r,j<d2  u)2  u)| 

Z2(  =  J^ _ =  )  V 

(r2_ri)Wl  (wf-l d2)w, 


(101 


z22_ 


rri_.  v  .. 

(  r2~rl  )ujz 


=  -{“a-*,)  V 
(w2-uj!)uJ2 


From  the  1st  formula  in  Eq.(8),  let  g|-— =0,  we 
can  obtain  time  ti  when  Z,  =Z  .  i.e. 

1  mn  y 


r,  r2v 
h-  n 


(  COSu),  t,  —  C0SW2 1 ,  )  =0 


To  develop  it,  we  get 


(I  “ 


<4tl_ 


-j  -  (-^i 


-)  =  0 


on 


(12) 


Therefore 


^Z=J 


2( tz  -  r,  ) 


>2  “if  —  r(uif 
3.  The  motion  equation  of  foundation  and 
anvil  when  damping  is  considered  are 


(14) 


(15) 


in  which,  damping  is  due  to  smaller,  we  can  sup¬ 
pose  that  <dm*»  u>,  and  u)n2  »td2  .  When  id,<  idj  ,  the 
coefficients  of  vibration  mode  are 


*2  -h  C?  U), _  m2ulf+  C2td,  +  IC? 

«!,u)^+K|+K2+(C,iC2)uJ|  c2u»,+  K2 


for  1st  vibration  mode 


f  -  2  i  .  K2  + Ci  ul2 _ W2  u)l-jC2u)2-fK2 


— for  2nd  vibration  mode 

Because  both  amplitude  of  hammer  foundation  and 
amplitude  of  anvil  are  the  sum  of  two  vibration 
modes,  the  amplitudes  of  foundation  and  anvil 
when  damping  is  considered  at  any  Instant  are: 


jz,  (t>| 

Uzitlj 


e  2  sinu)2t  (16) 


In  which,  Zp .  ZJ2,  Z2|,  Z22  are  the  amplitudes  of 
foundation  and  anvil  of  1st  2nd  vibration  mode 
in  Eq.  ( 10)  respecitvely.  eTDU3t  is  the  effect 
of  damping  ratio  on  the  amplitude.  This  shows, 
the  calculated  amplitude  (foundation  and  anvil 
incloded)  in  two-degree-freedom  system  decreases 
with  the  increase  of  damping  ratio,  too. 


Zt  Amril 
Z,  JcuadUtioa 


Fig.  4  Vibration  Curves  of  Foundation  and  Anvil 
(in  damped  case) 


Therefore  t,=0 


4.  Damping  ratio  in  two-degree-freedom  system 


From  the  2nd  formula  in  Eq.(8),  let4?-2-=0, 

can  obtain  time  t2  when  Z?~Z  .  °'-z 

£  max .  i . e , 

j~-(  r2  cos  w,  t2  -r,  cosuj2  1 2 )  =0 

To  develop  it,  we  obtain 


(13) 


r2(i- 


w?  t? 


■)~r,  ( 1- 


<£  ti 


-)=o 


From  Fig. 3,  it  can  be  seen  that  after  the  im¬ 
pact  load  acts,  on  the  hammer  foundation  the 
mass  (i.e.  m|(  m2)  cause  a  relative  motion,  and 
their  relative  amplitudes  are 

£.)  “20 
£Z)  ”  Z2)  “ 
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The  correspondent  damping  action  are 


Table  1.  Measured  Values  of  Die  Forging 


PC£|)  =  C,£,j  =C|  £|j  u/j  COStdjt 
p(e2)=c2e2j  =  c2s2j  u)j  cosujjt 

The  work  done  by  damping  action  Is 

f  X  m 

w=  I  “’•»  ?ce>d£i't) 

(19) 

=7ru)j[c2(z2j-z|j;2+c|zfj] 

The  correspondent  strain  energy  is 


U=y(m2z2j.  )uij  (20> 

The  work  done  by  damping  action  is  equal  to  the 
strain  energy,  therefore 


4770  2(m2z2j+n),Z^)uij 


The  damping  ratio  in  the  1st  vibration  mode  is: 


c2m2oif-fc,  (K2-m2u;2)2 
2lii,[K2  m2+mi  (Kz-mzu>f  )2j 


(22) 


The  damping  ratio  in  the  2nd  vibration  mode  is 


Ton- 

Lo- 

Fre. 

bog. 

Damp- 

Amp  1  i 

-  Accel 

-  Cz 

nage 

c  a- 

Atcen 

ing 

tude 

eratlon  , 

tion  (Hz) 

Race 

Ratio 

(ju) 

-  L&l 

( t/m  ) 

16c 

H 

14.22 

0.7652 

0.1218 

204 

0.163 

14410 

A 

15.06 

0.9681 

0.1541 

5320 

4.800 

10c 

_  H 

19.72 

1.1370 

0.1810 

218 

0.330 

14400 

A 

21.32 

0.9356 

0.1489 

2874 

4.857 

5t 

H 

17.60 

1.3901 

0.2212 

511 

0.623 

7173 

A 

27.05 

1.0000 

0.1592 

3798 

10.960 

3 1 

11 

16.45 

0.9658 

0.1537 

369 

0.390 

6221 

A 

19.46 

0.8518 

0.1356 

2344 

3.500 

2t 

K 

19.10 

1.0433 

0.1660 

227 

0.326 

5760 

A 

36.00 

1.0435 

0.1661 

892 

4.540 

It 

H 

_ 

5760 

Mote:  H — Hammer  foundation; 

A — Anvil ; 

Cz-Compress ion  rigidity  (at  foundation 
base) . 

Tests  on  Compression  Rigidity  Coefficient  of  Na¬ 
tural  Sub grade  _ 

A  trial  pit  is  selected  around  r.he  forging  shop. 
The  subsoil  of  it  is  same  as  that  on  the  shop. 
Geological  conditions  of  each  layer  are  described 
as  follows: 

1.  Top  soil:-0.2~_0.3  m  deep;  loess  clayer 
soil,  slight  wet,  plastic; 

2.  Q3  loess :-l/~  -8  m  deep,  brawn  yellow;  maxi¬ 
mum  moisture  content  is  20. 87,  at  a  depth  of  -4m, 
homogeneous  soil,  few  snail  shells  are  found, 
larger  grain  size  at  -8m  around,  with  small 
amount  of  ginger  nuts; 

3.  Pebble  layer:  -8  -lim  deep,  with  its  main 
composition  of  limestone,  maxi  grain  size  10-15cm 
filled  with  207.  approx,  of  clay,  hard  with  len¬ 
ticular  apperance; 

4.  Q2  Old  clay:  most  hard,  small  compression 
coefficient  around  0.003-0.004  cm  /kg,  difficult 
to  excavate,  brown  yellow,  slightly  molstured, 
containing  some  ginger  nuts. 


p  -  Z.zAc.Z^ 

2  2  (m2222  +  ml2fz)uJ2 


_  C2  m2  u4+c,  ( x2-m2  uj|  f 

2uJ2[m2 K^+m,  (K2-m2uj|)2] 


EXPERIMENT  ON  VIBRATION  OF  HAMMER  FOUNDATION 

Tests  on  the  Amplitude,  Frequence  and  Accelera¬ 
tion  of  Hammer  Foundation  and  Anvil 

In  a  factory  nine  forging  hammers  under  produc¬ 
tion  were  selected  for  investigation.  Among  in¬ 
struments  used  for  measurements  were  oscilli- 
graph,  amplifier  and  wave  collector.  A  pre-pre- 
pared  sheet  steel  place  with  fixing  screw  was 
bound  to  the  anvil  and  foundation  by  epoxy  or  by 
welding  and  then  connected  to  wave  collectors. 
Measurements  of  amplitude,  frequency  and  accel¬ 
eration  of  both  anvil  and  foundation  were  taken 
when  applying  impact.  Due  to  the  variation  of 
the  height  of  falling  hammer,  temperature  and 
shape  of  workpiece,  the  energy  of  impacts  are 
different.  For  this  reason,  only  average  of  se¬ 
veral  impacts  was  taken  for  amplitude  of  both 
hammer  foundation  and  anvil.  The  measured  values 
on  die  forging  of  lt,2t,3t,  5t,  lOt  and  16t  are 
shown  as  Table  1. 


The  trial  pit  was  dug  to  a  predetermined  eleva¬ 
tion  (elevation  of  the  hammer  base).  Concrete 
test  block  of  square  sizing  1.5X1. 5X1  mJ  and 
round  sizing  d=0.845  m,  h=l  m  are  placed  into 
the  pit  respectively.  Then,  impact  and  forced 
vibration  are  applied  onto  them  to  get  compres¬ 
sion  rigidity  coefficient  of  subgrade  of  differ¬ 
ent  hammer  with  different  tonnages  at  different 
elevations.  Their  values  are  shown  as  Fig.  5. 

2000  <000  10000 


Fig.  5  Relationship  between  Cz  and  Depth 


Comparison  of  Theoretical  Calculation  and  Heas- 
ur  ed_Ro  suites 

Calculations  of  six  hammer  foundations  are  car¬ 
ried  out  based  respectively  on  "Design  Specifi¬ 
cation  of  Dynamic  Machinery  Foundation",  one- 
degree-freedom  and  two-degree-f reodom  and  with 
regults  compared  to  the  values  measured  on  sice. 
For  detail  refer  to  Table  2,  3  and  4.  Both  cal¬ 
culation  values  and  measured  values  of  the  com¬ 
pression  rigidity  coefficient  of  subgrade  are 
shown  as  Table  5. 

Table  2.  Calculations  Based  on  "Design  Specifi¬ 
cation  of  Dynamic  Machinery  Foundation" 

Tonnage  _  1 6 1 _ 1^0c_ _ 5t  3t  2t  It 

Coef.of  Subgrade 

Rlg.Cz(t/m3)  _ 4500  4500  3000  2000  2000  2000 

Ar.of  Found. 

Base  F  (m£) _ 180  120  71.8  48.8  38.5  20.0 

Wt  of  Hammer 

Stand, Anvil, W(t,  5609  3870  1204  824  427  200 

Found^&_So  i.Jl _ 

Spd  of  Falling 

Pa r t  Vn(n/s) _ 6.29  6.69  6.29  6.43  6.65  6.75 


Coef.of  Resi- 
lencc  (  s  /m'/z) 


0.5  0.5  0.5  0.5  0.5  0.5 


0.6  0.6  0.6  0.6 


f  (Hz)  Error  (7.) 


429 

435 

574 

691 

618 

204 

218 

511 

369 

227 

110 

99.5 

12.0 

87 

172 

Am .  of  Ca  l,ci_ 
Found . 

Zip)  Measd_ 


Note:  Coefficient  of  subgrade  rigidity  based  on 
the  conversion  of  earth  stamina  [R]. 


Table  3.  Calculations  based 
One-Degree-Freedom 


on  the  Mode  of 


5t  3t  2  c  It 


Coef.of  Subgrade 
Rig.  Cz(t/m3) 

14400 

14400 

7173 

6221 

5760 

5760 

Elev  of  Found . 

-14 

-14 

-7.3 

-6.5 

-4.6 

-3.7 

Base  h  ( m )  _  — 

Ar.  of  Foijnd. 
Base  F  (m  ) 

180 

120 

71.8 

48.8 

38.5 

20.0 

M.of  Hammer 

Stand, Anvil  & 

Found.  m(t-s  / m ) 3  8  6 . 4 

218.9 

88.1 

68.4 

39.7 

18.2 

Spd  of  Falling 
Parc  V  (m/s) 

6.29 

6.69 

6.29 

6.43 

6.65 

6.75 

Coef.of  Resi¬ 
lence  (s/m ‘Iz) 

0.5 

0.5 

0.5 

0.5 

0.5 

0.5 

Fre-  Calc. 

13.0 

12.5 

12.2 

10.6 

11.9 

12.7 

quency 

of  Measd 

14.2 

19.7 

17.6 

16.5 

19.1 

Found . 

£  (Hz)  Error  (7.) 

8 

37 

31 

36 

38 

o£  Calc. 

465 

461 

697 

692 

609 

677 

Found‘  Measd 

204 

218 

511 

369 

227 

Z  <  M)  Error 
(7.) 

128 

111 

36 

87 

168 

Table  4.  Calculations  Based  on  the  Mode  of  Two 
Degree-Freedom 

Tonnage _ 16t  lOt  5c  _ 3t  2t  It 

Elev  of  Found. 

Base  h  (m)  _  -14  - 1 4  - 7 . 3  —6.5  -4.6  -3,7_ 

PadTiST-  -  375000  313725  244800 

k2)(t/Q) _ 495000 _ 199500 _ 130900 

Subgrade  2592000  514743  221760 

Rig,  k,  (t/m) _ 1728000  303264  115200 

M.of  Anvil  43>4  32>1  16>1  8.0  5.9  3.3 

m?  ( t -  s £ / m2 _ _ _ 

H.or~Foun3.  34i. a  248.9  71.5  60.1  33.6  14.8 

_ _ _ 

M.of  Falling 

Hammer  ra4  1.56  1.01  0.50  0.33  0.18  0.10 

( t-s3 /a) _ 

1st  Frequency 

(,  (Hz)  _ 11.9  12.1  11.8  10.5  11.8  12.3 

2nd  Frequency 

_£i_(Hz) _ 17.3  21.7  25.7  27.1  35.3  35.5, 

Spd  of  Falling 

Part  Vo ( m/s  ) _ 6.29  6.72  6.28  6.43  6.65  5. 75_ 

Spd-of  Found. 

Mov.  V  Oa/s) _ 0.33  0.31  0.28  0.38  0.29  0.29 

CoefToT  1st 

Vib.  Mode  rL _ 0.35  0.63  0.72  0.83  0,87_0^84_ 

CoeT.of  2nd  -0.36  -0.31  -0.19 

V  lb^_Mode_ri _ -0^.21 _ l2.li£ _ 

Calc. 

242  _  279 _ 449 _ 47  5 _ 422  481 

Measd 

_204 _ 218 _ 511 _ 369 _ 22 

Error 

(%)  _ 19 _ 28 _ 12 _ 28 _ 8 

C’lc‘  3705  2701  2374  2800  1813  1855 

Anvil  Measd 

Z2(  <u) _ 5320  2874  3798  2344__892 

Error 

(7.)  30  6  _ 32 _ i£ _ 122 


Table  5.  Coefficients  of  Subgrade  Compression 
Rigidity 


Soil 

Cz  (found 

Cz  (meas- 

Error 

Rate  of 

in  DSDMF) 

ured) 

Varying 

(m) 

(t/m3) 

(t/m3)  • 

(7.1 

De£th_( 

-3.7 

2000 

3452 

42 

-4.6 

2000 

3836 

48 

0.12 

-6.5 

2000 

4503 

57 

0.12 

-7.3 

30000 

4910 

39 

M 

0.12 

0.23 

Note:  DSDMF— "Design  Specification  of  Dynamic 
Machinery  Foundation" 

From  the  comparison  shown  on  above  tables  we  can 
realized  that  the  results  obtained  by  calcula¬ 
tions  based  on  two-degree-freedom  are  closer 
the  mesured  values  and  this  quite  agreement  with 
the  practical  working  conditions  of  the  hammer 
foundation.  Of  course,  it  is  considered  a * 
factor  that  the  compression  rigidity  coefficient 
of  subgrade  increases  with  the  increase  of  the 
soil  depth  in  calculations,  so  that  l  makes  the 
theory  more  agree  with  the  practice,  t  . 

OPTIMUM  DESIGN  OF  HAMMER  FOUNDATION 

—  ffl  Fa  (16)  Can  be  seen  that  both  the  amplitude 
of  hammer  foundation  and  amplitude  of tying 
the  sum  of  two  vibration  modes.  For  simplifying 
the  calculation,  the  1st  vibration  mode  is 


piitude  of  foundation  to  amplitude  of  anvil  is 


CONCLUSIONS 


z„  _  c2«?,*K2-mzu^  mg  tc)2_ 

Z2|  ”  C2td,  +  K2  C2U),  +  KZ 


Let  Z,,/Z,.=A;  k,*dk,;  a.sna,,  substitute  there 
Into  Eq.  (7).  then  7  1  1 

“?  -  -%  - 1 

Let 

d-t-  5  +j  _  T 

2p 


then 


1.  In  the  design  of  hammer  foundation,  it  is 
an  important  factor  to  Bake  the  theory  agree 
with  the  practice.  It  is  proved  by  a  lot  of 
field  measurements  on  haQmcr  foundation  that 

Lhe  results  calculated  by  the  mode  of  tuo-degrec 
-freedom  are  closer  in  agreement  with  the  prac¬ 
tical  working  conditions  of  the'hammer  founda¬ 
tion. 

2.  A  proper  selection  of  the  compression  ri¬ 
gidity  coefficient  of  foundation  is  another  im¬ 
portant  factor.  Because  this  coefficient  incre¬ 
ases  with  the  depth  of  soil,  particularly  the 
foundation  Is  embedded  deeply#  this  factor  must 
be  considered  sufficiently  in  design. 

3.  According  to  the  condition  that  the  ampli¬ 
tude  of  foundation  and  amplitude  of  anvil  reach 
allowable  values  at  the  same  time,  wc  can  cal¬ 
culate  the  optimum  ratios  of  foundation  mass  to 
anvil  mass  when  the  rigidity  ratios  are  differ¬ 
ent,  this  would  help  avoid  the  design  founda¬ 
tion  overslied  and  over  embedded,  and  thus  a 
more  economical  and  reasonable  design  can  be  ob¬ 
tained. 


Therefore,  Eq.(24)  can  be  written  as 

0-A)C2Jlt K2 


l 


.  c . 


fl-ll  =(<-Ajfi  +  i ] 

L  J  a  2 K,  m2  /,L  2K2pi2J  j 


(25) 


And  due  to 

I2-  -  jr[j 

l  +  *  -  ( i±f±L)  +  fftl" P  +i  f-dj 
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therefore 


+ = ~r  (26) 


i .  e  ♦ 

_ i  <«> 

P'M  i-D-i] 

In  design,  If  let  both  the  amplitude  of  founda¬ 
tion  and  amplitude  of  anvil  reach  an  allowable 
value  at  the  same  time  and  this  is  the  most  rea¬ 
sonable  and  economical,  Z  ^  ^ / Z  2 ,  would  be  equal 
to  the  allowable  amplitude  of  foundation  to  the 
allowable  amplitude  of  anvil.  When  the  mass  of 
anvil,  rigidity  and  damp  of  pad  are  given, [I-II] 
can  be  obtained  by  Eq.(25),  Substltude  the 
value  of  [l-Il]  Into  Eq.(27),  we  can  obtain  the 
ratio  p  of  foundation  mass  to  anvil  mass  accor¬ 
ding  to  the  ratio  d  of  subgrade  rigidity  to  pad 
rigidity. 
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SYKOPCIS:  This  paper  provides  a  conceptual  model  for  the  study  of  water-induced  earthquake,  from 
which  a  coupled  analysis  program  of  two-dimensional  elasto-plastic  media  has  been  made.  It  analyzes 
the  characteristics  of  t..e  change  of  stress  field  and  inf iltration- field  under  reservoir  and  studies 
the  relationsnip  between  these  characteristics  and  those  of  water-induced  earthquake.  At  last,  it 
gives  out  prediction  results  to  a  water-induced  sequence - 


INTRODUCTION 

Whether  the  water-induced  earthquake  takes  place 
is  mainly  connected  with  the  four  factors  of  te- 
ctoni«3,  rock  properties,  condition  of  geostress 
and  the  reservoir  etc.  That  water  induces  the 
change  of  stress  field,  and  then  the  breaking  of 
rockmass  and  the  sending  out  of  energy  is  the 
mechanical  explanation  of  water- induced  earth¬ 
quake.  For  the  change  of  stress  field  of  rock- 
mass  under  reservoir,  some  scholars  such  as  Gough 
(1969),  °ough  et  al  (1970)  and  Withers  ot  al  ( 

-o /y)  nave  done  stimulating  calculations  in  their 
own  consideration.  Each  of  them  argues  with  the 
importance  of  water  in  water-induced  earthquake. 
But  all  of  them  do  not  take  into  the  main  aspe¬ 
cts  connected  with  water-induced  earthquake,  how 
ever,  Tao  et  al  (1937)  have  made  up  for  this 
shortcoming  and  have  done  some  coupled  analysis 
to  this  problem. 

The  final  purpose  of  the  studies  to  water-indu¬ 
ced  earthquake  is  to  know  whether  a  reservoir 
will  induce  earthquake  or  not,  if  it  will,  how 
c.bout  the  three  principal  factors  (time,  posit* 
ion  and  earthquake  magnitude),  so  as  to  provide 
data  for  dam  design.  General  engineering  geology 
method  can  not  reach  the  quota  accuracy ,  and 
only  after  the  dam  has  been  built,  can  the  indu¬ 
ced  earthquake  wave  be  got,  so  we  tzy  to  use  the 
conception  of  coupled  analysis  to  set  up  a  new 
conceptuol  model,  calculating  the  stress  field 
Under  reservoir  and  predicting  the  three  prin¬ 


cipal  factors  of  water-induced  earthquake. 

THE  PRINCIPAL  ASSUMPTIONS  OP  THE  CONCEPTUAL 
MODEL 

Water-induced  earthquake  is  in  connection  with 
many  factors.  Different  consideration  to  these 
factors  makes  models  differ  from  each  other.  Al¬ 
most  all  models  presented  are  to  special  reser¬ 
voirs  and  do  not  have  widely  fitation.  Therefore 
we  provide  a  new  conceptual  model,  the  principal 
assumptions  of  which  are  as  follows: 

a)  Neglecting  secondary  fracture,  only  taking 
into  account  big  fault.  The  total  area  consider¬ 
ed  is  devided  into  several  parts,  each  of  which 
is  equal  to  a  homogeneous  end  identical  medium 
and  has  different  mechanical  data  and  porous 
ratio.  The  infiltration  property  of  medium  may 
be  identice.l  or  unidentical  in  all  directions. 

b)  Kockmass  are  ideal  elastic-plastic  medium, 
the  yielding  function  of  which  abides  by  Drucker 
prager  rule  or  Mohr-Coulomb  rule. 

c)  The  rockmass  below  certain  depth  under  reser¬ 
voir  is  unsaturated.  The  infiltration  of  under¬ 
ground  water  is  saturated-unsaturated  infiltrat¬ 
ing  fluid. 

d)  Taking  into  account  the  dynamic  and  static 
force  produced  by  infiltrating  fluid  and  the  so¬ 
ftening  effects  of  saturated  rockmsss. 

e)  Taking  into  account  the  coupled  actions  be¬ 
tween  rockmass  and  underground  water. 

f)  As  the  depth  increasing,  the  porosity  of  ro- 
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cknsass  reduces  down  end  the  temperature  rises  up^ 
so  the  porous  pressure  factor  %  becomes  lower 
and  lower.  Assump  that  1  is  a  linear  function  of 
depth  h. 

g)  With  the  depth  increasing,  the  infiltrating 
ability  of  rockmass  becomes  lower,  which  can  be 
neglected  below  certain  depth. 

SSyEPAI-  PROBLEMS  IN  COUPLED  ANALYSIS 


Kh0 

K  y  +90  =  Kh0j»+90*  ^ 

2)  3roken  by  tension  in  two  directions: 

K>»=5*ho  {  <7> 

K  y +90  =  I  ^oj'+go*  (8^ 

3)  Broken  by  yielding 


1 .  The  action  of  stress  to  fluid 

The  pumping  test  which  has  been  done  in  fissured 
layer  at  different  depth  reveals  that  the  for¬ 
mula 

K  =  K0exp(-elO  (1) 

<S-V th-P  (2) 


Kj*  =  Khoy  exp(-e(  (J^)  (9) 

X  f  +90* =  Kh0  Ji*+9CJexp^“0^^2^ 

The  value  of  jj  mey  be  gained  through  experi¬ 
ments.  01  is  a  coefficient,  the  value  of  which 
may  be  a  small  number  that  get  the  infiltrating 
coefficient  of  that  element  approach  to  that  of 
zones  of  fault. 


can  express  the  change  of  infiltrating  coeffi¬ 
cient.  In  the  formula: 

Kq:  the  infiltrating  coefficient  of  top  layer 
'J+:  the  specific  gravity  of  rockmass; 
h:  the  thickness  of  top  layer; 
p:  the  compression  force  of  water; 

&:  a  coefficient 

If  layer  contain  no  water,  then: 

K  =  KQexp(-c(  ^h)  (3) 

When  tectonic  stress  is  considered,  formula  (3) 
can  be  revised  as:  . 

K  =  Kq  |S(h,  (fyexpt-A  ^th)  (4) 

&(h,  6^):  affecting  coefficient  of  horizpntal 
tectonic  stress  ^x‘ 

Therefore,  the  initial  infiltrating  coefficient 
Kh0  at  ahy  depth  can  be  given.  KhQ  has  already 
take  into  account  the  influence  of  natural  stre¬ 
ss  field.  When  the  actidns  of  water  is  consider¬ 
ed,  the  3tress  field  of  rockmass  will  change, 
which  will  make  the  infiltrating  coefficient 
change.  But  this  change  is  too  small  to  be  neg¬ 
lected.  However,  if  art  element  of  rockmass 
breaks,  the  change  of  infiltrating  coefficient  of 
it  has  to  be  considered.  We  revise  it  as  follows: 

1)  Broken  by  tension  in  one  direction.  Assump 
that  ^  is  the  angle  between  the  direction  of 
principal  stress  and  X-anxil,  then: 


2.  The  influence  of  fluid  to  stress  field 
The  fluid  in  condinuous  media  has  force  acting 
on  media,  the  magnitude  of  which  is: 

F  =  -grdp  Vll) 

p  =  yw(f- 7)  .  02) 

That  is,  F  =  -  /^grad  +  /wgrady  (13) 

A.ywgrady  is  static  pressure,  the  effect  of 
which  is  considered  by  means  of  effective 
stress. 

S—  Vwgradf  =  ^WJ  is  the  dynamic  force  of  water 
which  is  considered  as  external  force  at  calcu¬ 
lation. 


3.  The  softening  effects  of  saturated  rockmass 
Using  saturated-unsaturated  infiltration  method, 
we  may  affirm  the  forward  surface  of  undergr¬ 
ound  water  at  any  time.  Because  the  rockmass 
above  the  forward  surface  is  saturated,  the  so- 
f Owning, itheonefdered  in  this  area  (P.A.  With¬ 
erspoon  et  al,  1977). Assump  the  initial  para¬ 
meter  matrix  of  rockmass  as  follows: 


AMT(I,8) 


Pl/l  °1  ft 

*  ( 

4't  •  •••  • 


v  V  V,  irtl 
•  •  ♦  ♦  ♦  •  •  •  • 

cIf  llf  A  fftl 


The  softening  matrix  is  as  follows: 
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ckmass  reduces  down  and  the  temperature  rises  up^ 
so  the  porous  pressure  factor  %  becomes  lower 
and  lower.  Assump  that  ^  is  a  linear  function  of 
depth  h. 

g)  Kith  the  depth  increasing,  the  infiltrating 
ability  of  rockmass  becomes  lower,  which  can  be 
neglected  below  certain  depth. 

SEYBRAL  PROBLEMS  III  COUPLED  ANALYSIS 

1 .  The  action  of  stress  to  fluid 

The  pumping  test  which  has  been  done  in  fissured 
layer  at  different  depth  reveals  that  the  for¬ 
mula 


K  =  K0exp(-dfl/  )  (1) 

%  ■  -  P 

can  express  the  change  of  infiltrating  coeffi¬ 
cient.  In  the  formula: 

KqI  the  infiltrating  coefficient  of  top  layer 
the  specific  gravity  of  rockmass; 
h:  the  thickness  of  top  layer; 
p:  the  compression  force  of  water; 

&:  a  coefficient 

If  layer  contain  no  water,  then: 

K  =  K0exp(-o(  V^h)  (3) 

When  tectonic  stress  is  considered,  formula  (3) 
can  be  revised  as:  . 

K  =  K0  ^(h,  ^x)exp(-d  ^h)  (4) 

h,  CT^):  affecting  coefficient  of  horizpntal 
tectonic  stress 

Therefore,  the  initial  infiltrating  coefficient 
Kh0  at  afay  depth  can  be  given.  Kh0  has  already 
take  into  account  the  influence  of  natural  stre¬ 
ss  field.  When  the  actions  of  water  is  consider¬ 
ed,  the  stress  field  of  rockmass  will  change, 
which  will  make  the  infiltrating  coefficient 
change.  But  this  change  is  too  small  to  be  neg¬ 
lected.  However,  if  ail  element  of  rockmass 
breaks,  the  change  of  infiltrating  coefficient  of 
it  has  to  be  considered.  We  revise  it  as  follows: 

1)  Broken  by  tension  in  one  direction.  Assump 
that  ^  is  the  angle  between  the  direction  of 
principal  stress  and  X-anxil,  then: 


Kr  =  Kho  <5> 

K  y  +90  Kh0  Y +90*  ^ 

2)  Broken  by  tension  in  two  directions: 

K  f  +90  =  b  KhOf  490*  ^ 

3) Broken  by  yielding 

K}»  =  Khofexp(-°*  @i)  (9) 


K  f  490*  =  Kh0 Y +9(fX^~C^‘^2^  (10) 

The  value  of  £  may  be  gained  through  experi¬ 
ments.  &  is  a  coefficient,  the  value  of  which 
may  be  a  small  number  that  get  the  infiltrating 
coefficient  of  that  element  approach  to  that  of 
zones  of  fault. 

2.  The  influence  of  fluid  to  stress  field 
The  fluid  in  condinuous  media  has  force  acting 
on  media,  the  magnitude  of  which  is: 

P  =  -grdp  '.11) 

p  -  ?w.<  P- i  (12) 

That  is,  F  =  -  J^grad  grady  (13) 

A*)^wgrady  is  static  pressure,  the  effect  of 
which  is  considered  by  means  of  effective 
stress. 

S=-Vwgradp  =  YWJ  is  the  dynamic  force  of  water 
which  is  considered  as  external  force  at  calcu¬ 
lation. 


3.  The  softening  effects  of  saturated  rockmass 
Using  saturated-unsaturated  infiltration  method^ 
we  may  affirm  the  forward  surface  of  undergr¬ 
ound  water  at  any  time.  Because  the  rockmass 
above  the  forward  surface  is  saturated,  the  so¬ 
ftening  , iti. considered  in  this  area  (P.A.  With¬ 
erspoon  et  al,  1977). Assump  the  initial  para¬ 
meter  matrix  of  rockmass  as  follows: 


AMT(I,8) 


'Vi  C1  ft 

■W-'t  •  « 

•Ei  A  ci  fi 


V  P 
v  P 


^i  0ti 
)i  0ti 


(14) 


The  softening  matrix  is  as  follows: 
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V 
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When  the  forward  surface  reaches  the  depth  of 
"th 

6000  metres  in  623  day,  several  rockmass  ele¬ 
ments  in  zone  of  fault  begins  to  break,  which  re 
sends  out  the  energy  of  0.3136  * 10  t.m  that 
equals  to  the  earthquake  magnitude  of  4.1;  With 
the  underground  water  infiltrating  furtherly, 
great  read justation  of  stress  field  takes  -place 

O 

and  the  energy  of  0.6109X10  t.m.  will  be  send 
out,  which  is  equivalent  to  the  earthquake  mag¬ 
nitude  of  4.2;  When  the  forward  surface  reaches 
the  depth  of  9600  meter3,  the  minor  mainearth- 
quake  takes  place.,  which  sends  out  the  energy 
of  2.0868X108  t.m  that  is  equicalent  to  the  ear¬ 
thquake  magnitude  of  5;  From  this  time,  the 
stress  field  and  infiltration  field  readjusts 
continuously  and  small  earthquakes  takes  place 
frequently;  The  mainearthquake  will  take  place 
in  about  1300 day,  the  magnitude  of  which  is 
5.1.  Fig.1  express  the  relationship  between  the 
energy  and  the  time,  the  controlling  point  of 
which  means  the  total  energy  senico  out  by  all 
broken  element  in  a  period  of  time.  Fig. 2  shows 
the  relationship  between  the  earthquake  magni¬ 
tude  and  the  time,  which  is  corresponding  to 
Fig.1.  Because  of  the  disconcentration  of  broken 
elements,  the  line  connected  through  the  contro¬ 
lling  points  may  be  regard  as  the  maximum  value 
line  of  earthquake  sequence  the  energy  sent  out 
in  any  time  will  not  surpass. 


£<</*■«>) 


Fig.i  Energy-Time  Relationship 

From  the  change  process  of  stress  field  and  in¬ 
filtration  fluid  field.  We  discover  that  water- 
induced  earthquaek  is  generally  of  the  charac¬ 
teristics  as  follows:  water-induced  earthquake 
generally  belongs  to  the  type  of  preearthquake- 
raainearthquake-aftershock  or  earthquake  clusters. 


t*  3*>  '  l"»  in*  a* 


Pig. 2  Earthquake  Magnitude-Time 
Relationship 

If  the  static  water  load  can  induce  earthquake, 
the  type  of  it  will  belong  to  that  of  mainear- 
thquake-aftershock.  In  the  long  run,  it  will 
not  belong  to  the  type  of  isolated-earthquake. 
She  broken  rockmass  elements  appear  firstly  in 
the  zone  of  fault  end  the  area  where  rockmass 
property  changes,  ftie  complication  of  the  dis¬ 
tribution  of  zone  of  fault  and  the  constitution 
of  the  types  of  rockmass  and  the  readjustation 
of  coupled  stress  Held  h;-ve  the  earthauake 
epicentre  of  it  be  of  the  characteristics  of 
disconcentration  and  jumption. 

CONCLUSION 

The  coupled  action  of  rockmass  and  underground 
water  reflects  the  mechanism  of  water-induced 
earthquake.  Whether  a  reservoir  induces  earth¬ 
quake  or  not  is  determined  by  the  contradiction 
between  the  stress  field  and  the  strength  of 
rockmass.  The  results  from  the  analysis  to  in¬ 
filtration  fluid  field  principally  reflcects 
the  general  characteristics  of  water-induced 
earthquake,  which  shows  the  fitation  of  the  con¬ 
ceptual  model.  The  reliability  of  prediction 
results  depends  directly  on  the  parameters  used. 
6°me  of  the  parameters  we  used  are  obtained 
from  experiments,  but  the  others  are  obtained 
from  comparison,  so,  the  prediction  results 
should  be  regard  as  reference. 
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SYNOPSIS:  On  the  basis  of  many  tests  it  has  been  proved  that  the  damping  properties  of  bases  not  nly 
have  bearing  on  magnitude  of  base  area  of  foundation  but  also  on  weight  of  foundation  and  on  mecha¬ 
nics  model  adopted.  This  paper  puts  forward  the  computation  formulas  of  damping  parameters  to  some 
soils. 


INTRODUCTION 

In  order  to  compute  the  vibration  response 
of  structures  and  foundations  under  machinery 
with  satisfactory  precision  it  is  necessary 
to  establish  the  damping  properties  of  bases 
correctly.  In  recent  years  the  problem 
above  mentioned  has  been  researched  by  the 
author  and  his  colleagues  under  the  conditions 
of  field  tests  employing  vertical  forced 
vibration  with  smaller  amplitude  which  were 
performed  on  foundation  of  different  sizes 
and  different  soil  conditions.  When  researching 
the  damping  properties  of  bases  a  new  concept 
is  deed,  Whereby  the  mass  participating  in 
foundation  vibration  includes  not  only  mass 
of  foundation  but  also  soil  mass.  In  conse¬ 
quence  of  considering  the  soil  mass  not  only 
the  damping  parameters  established  agree  with 
practice  to  a  greater  extent  but  also  the 
precision  of  computation  of  vibration  reaponse 
acquires  great  improvement.  In  the  following 
several  main  results  of  research  are  introduced 
in  detail. 


1.  MECHANICS  MODEL  AND  THEORETICAL  FORMULAS 
FOR  DAMPING  COMPUTATION 

Before  researching  the  damping  properties 
of  bases  the  mechanics  model  of  foundation 
vibration  must  be  first  developed  because 
using  the  different  mechanics  model  wil'l 
obtain  different  dynamic  parameters.  When 
analysing  the  damping  properties  of  bases, 
the  model  of  Mass-Damping-Spring  of  linearity 
is  adopted  as  shown  in  Fig.l  and  the  following 
assumptions  are  employed: 

1)  Base  soils  possess  not  only  elasticity 
but  also  inertia  effect. 

2)  The  soil  mass  participating  in  vibration 
and  vertical  damping  coefficient  as  well  as 
vertical  dynamic  rigidity  of  bases  are  not 
varied  within  the  range  of  exciting  frequen¬ 
cies. 

Because  three  dynamic  parameters  which  are 


dynamic  rigidity,  damping  coefficient  and  soil 
mass  must  be  determined  the  model  may  be  refer¬ 
red  to  as  three  parameter  model.  The  reasona¬ 
bleness  of  adopting  three  parameter  model  had 
been  discussed  in  detail  in  the  paper  2  and 
is  not  discussed  herein. 

Under  the  harmonic  vertical  exciting  force 
with  constant  amplitude  as  shown  in  Fig.l  the 
equation  of  motion  of  foundation  may  be  written 
as  follows: 


Fig.l  Vibration  Model 
Considering  Soil  Mats 


Pz  sin  wt 


ns 


CliJ  >K» 


(m+m  j  )*Z+CZ  +  KZZ  =  P^Sinut  (1) 

where:  m  and  m  =  Mass  of  foundation  and  soil 
s 

Pz  and  o  =  Maximum  value  and  frequency 
of  exciting  force 
C  =  Vertical  damping  coefficient 
=  Dynamic  rigidity  of  base 

Z  =  Vertical  displacement  of  foun¬ 
dation 

Limiting  our  discussion  to  forced  vibration 
merely,  we  take  the  solution  of  the  question 
in  the  form: 

Z  =  A^SinC  «t-  6 )  (2) 

where:  A z=  Amplitude  of  vibration 
9  =  Phase  shift 

In  order  to  obtain  three  dynamic  parameters  we 
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nay  substltude  the  equation  2  into  equation  1, 
and  use  three  known  conditions  which  are  reso¬ 
nance  frequency,  resonance  amplitude  and  ampli¬ 
tude  of  vibration  or  phase  shift  corresponding 
to  a  certain  exciting  frequency.  In  this  paper 
the  first  three  conditions  are  employed.  When 
using  the  three  conditions,  we  may  obtain  the 
computing  formula  for  damping  ratio  D  of  bases 
as  follows: 


where : 


=  0.70 'J  l-J  1-d 

(3) 

(  /  —  ot  )* 

(4) 

c(x+  P*  -  2U 
cOl 

(5) 

Ax»max 

<6) 

Az 


A  =  Resonance  amplitude 
z,max 

A  ^Amplitude  corresponding  to  a  certain 
frequency 

=Resonance  frequency 

If  the  maximum  value  of  exciting  force  is  varied 
with  exciting  frequency,  that  is  P^sm^rcu^Sin  wit 

(  where  m  is  eccentric  mass,  r  is  eccentricity), 
o 

then  the  damping  ratio  of  base  is  determined  as 
follows : 


D  =  0.707 J 1-/1 -d 

(7) 

where : 

„  (l-o()2 

d  =--- - 

d 0’-2c<t-l 

(8) 

It  should  be  pointed  out  that  the  dynamic  rigi¬ 
dity  of  base  and  soil  mass  participating  in  vi¬ 
bration  can  be  immediately  determined  after  ob¬ 
taining  the  damping  racto[2l. 


In  consideration  of  requirement  of  following  di¬ 
scussion,  the  computation  formula  of  damping 
ratio  without  considering  the  soil  mass  Is  writ¬ 
ten  as  follows  [3]: _ 


(9) 
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fif 


-  2 
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where:  j 

1  +  pz* 

Ai,  mtx. 

— ----- - 

It  should  be  pointed  out  that  r.he  formula  9  is 
derived  according  to  following  two  conditions 
which  are  resonance  amp'itude  and  resonance 
frequency  acquired.  According  to  the  above 
computation  formulas  of  damping  ratio  the 
author  analysed  over  40  test  data  and  obtained 
a  several  Important  phenomena  as  follows. 


2.  THE  LAW  OF  DAMPING  Of  VIBRATION  OF  BASE 

1)  The  obtained  damping  ratio  according 
to  three  parameter  model  is  significantly 
smaller  than  that  according  to  two  parameter 
model.  To  explain  this  point  8  analysed 
results  are  cited  among  many  results.  They  # 
are  listed  in  Table  I. 


TABLE  I,  the  Effect  of  Soil  Mass  Considered 
on  Damping  Ratio 


Number 

Ignoring 

Considering 

Soil 

Mass 

Soil 

Mass 

of 

Founda- 

ra 

D 

ro  +  a. 

D 

tlons 

(t) 

z 

(t) 

z 

1 

20.1 

0.162 

26.3 

0.122 

2 

16.6 

0.291 

45.4 

0.119 

3 

41.4 

0.243 

72.6 

0.417 

4 

44.9 

0.217 

69.4 

0.145 

5 

22.1 

0.125 

35.5 

0.079 

6 

8.3 

0.123 

16.1 

0.065 

7 

24.8 

0.172 

31.2 

0.137 

8 

9.4 

0.169 

22.0 

0.074 

It  is  clearly 

seen  from  the  Table 

chat  the 

damping 

ratio 

taking  into 

account 

the  soil 

mass  is 

30  -  i 

60%  smaller 

than  that 

without 

considering  the  soil  mass.  It  is  because 
the  dynamic  rigidity  of  bases  having  considered 
the  soil  mass  has  been  markedly  increased. 
Dynamic  rigidity  and  soil  mass  participating 
in  vibration  are  discussed  in  detail  [2-].  It 
Should  be  pointed  out  that  when  computing 
these  dynamic  parameters  it  is  necessary 
to  use  the  frequencies  beyond  the  range  from 
0.8  co  1.2  .  Because  within  this  range 

the  accuracy  of  amplitude  of  vibration 
obtained  corresponding  to  a  certain  frequency 
is  over-sensitive  to  dynamic  parameters. 


2)  The  vertical  1  amping  coefficient  of 
bases  is  apparantly  related  to  the  weight 
of  foundation  and  the  weight  acting  on  the 
foundation.  The  important  phenomena  had 
been  neglected  in  the  past,  e.g.  the  literature 
[4]  showed  that  the  damping  coefficient  of 
bases  is  related  to  rigidity  of  bases  only 
and  has  nothing  to  do  with  the  weight  of 
foundation.  Furthermore,  the  literature  4 
gave  the  damping  constants  under  different 
bases.  Several  American  experts  have  not 
paid  sufficient  attention  to  the  effect  of 
foundation  weight  on  damping  coefficient 
as  well.  For  simplification  the  experts 
F.E.Richart,  Jr.,  and  R.V.  Whitman  put  forward 
the  following  equation  of  motion  12  to  replace 
elastic  semi-infinite  body  theory[5]: 

«  +  ii>-  *  iB<"  z  =  p«sln“,t  <12> 


where:  m  =  Mass  of  foundation 
M.  =  Poisson's  ratio 
f  =  Density  of  soil 
G  =  Elastic  shear  modulus  of  soil 
rQ  =  Equivalent  radius,  rQ=  (  F/x  )"'5 

F  =  Base  area  of  foundation 
From  expression  12  we  obtain  the  damping 
coefficient  C  and  damping  ratio  D  as  follows: 


C 


3.4_ 

T-Iu 


(13) 


D  =- 
z 


(14) 


0.85  1 

Cc  =(T=^S  ~Wo~ 

where  bQ=  m/fr^  and  /  is  the  density  of  soil. 

In  this  paper  parameter  b  is  used.  The  b 
is  equal  to  0.18bo, 
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Ic  is  seen  Cron  expressions  13  and  14  chat  Che 
damping  parameters  have  no  bearing  on  weight 
of  foundation.  But  lots  of  tests  demonstrate 
that  the  damping  of  base  is  apparancly  related 
to  che  weight  of  foundation  acting  oh  the 
soil.  The  greater  weight  the  greater  damping 
of  base.  For  instance,  under  Che  same  base 
area  of  16ra2  the  damping  coefficients  increase 
from  2767  to  5136  kN.S/m  corresponding  to 
increase  of  foundation  weight  from  520  to 
1000  kN.  It  may  be  seen  from  Table  Hi 

TABLE  II.  Relationship  between  Damping  Coeffi¬ 
cient  and  Foundation  Weight 


Foundation 

Weight 

(kN) 

Base  Area  of 
Foundation 
(m2) 

Damping  Ratio 

(kN.s/m) 

130 

1213 

226 

1772 

322 

1700 

418 

1777 

292 

2038 

485 

9.0 

2729 

677 

3206 

Of  course,  it  is  no  doubt  that  the  damping 
coefficients  depend  on  the  magnitude  of  base 
area  of  foundation,  which  agrees  to  basically 
theoretical  results.  It  is  shown  in  Table  III. 
clearly. 

3)  The  damping  coefficients  determined 
by  three  parameter  model  are  much  smaller 
than  those  by  the  expression  12  which  corres¬ 
ponds  to  the  elastic  semi-infinite  body  theory 
under  certain  assumption  as  shown  in  Table  11. 
Because  the  damping  values  determined  by 
semi-infinite  body  theory  are  too  large, 
the  computing  results  of  amplitude  of  vibration 
often  do  not  coincide  with  the  fact.  This 
conclusion  has  been  well  proved  bu  many  re¬ 
searchers  . 

TABLE  III.  the  Coefficient  C  Established  by 
Two  Mechanics  Model 


Soil 

Equivalent 

Damping  coefficient  of  Base 

Radius  r 

from  three  para- 

from 

(m)  0 

meter  Method 

Expresslonl3 

Grave- 

0.902 

797 

1610 

sand 

1.467 

2006 

4264 

0.902 

562 

961 

Med  turn 

1.130 

1213 

1703 

sand 

1.690 

2038 

3843 

2.260 

5136 

6832 

4)  The  damping  ratio  depends  on  the  embedded 
depth  h^  of  foundation.  The  Larger  the  embedded 

depth  the  greater  the  damping  ratio  .  This 
conclusion  is  drawn  not  only  by  the  author 
but  also  by  other  experts.  But  the  relationship 
of  magnitude  of  D to  embedded  depth  hm  has  not 


been  established  yet.  The  relationship  of 
magitude  between.  T>z  and  hn  is  shown  in  Fig. 2 

and  expression  17.  To  clarify  the  effect 
of  embedded  depth  of  foundation  on  damping 
ratio  16  test  foundations  were  built  on  clay 
loam  and  slight  clay  loam  by  the  author  and 
his  colleagues. 


Fii.2  The  Relationship  bvtwm  Relative  Daaplne 
Ratio  and  Eabvddtd  Ratio  ol  Foordation 


In  Fig. 2  the  parameters  0^  and  Dz(j  represent 

damping  ratio  corresponding  to  embedded  depths 
hm  and  zero  respectively. 

5)  The  tests  reveal  that  the  variation 
law  of  damping  ratio  Dz  eastablished  by  expres¬ 
sion  12  with  parameter  b  is  markedly  different 
from  test  results.  Deviation  of  theory  from 
practice  is  described  in  Fig. 3.  It  should 
be  noted  that  all  these  test  results  shown 
in  Fig. 3  were  obtained  under  the  condition 
of  loessial  clay  loam  with  Jl=  0.33.  In  the 
figure  the  parameter  b  is  equal  to  w/yFl*5, 
where  W  is  weight  of  f oundat ion , r  unit  weight 
of  base  soil  and  F  base  area  of  foundation. 

Fig. 3  shows  that  the  damping  ratio  determined 
by  expression  14  is  not  only  too  large  but 
also  its  variation  with  b  is  oversharp.  From 
this  we  should  understand  that  it  is  not  suit¬ 
able  to  use  the  mechanics  model  of  homogeneous 
isotropic  elastic  semi-infinite  body  Instead 
of  practical  nonhomogeneous  isotropic  body. 


a 

X 


Loessial  Clay  Loan 
l>  >0.33 


0.1  0.4  0.0  1.2  1.0  l". 0  2%  b 

Flc*3  The  Coaparlson  of  Theory  with  Tost 
Rosults  Under  Different  Value  b 


3  EMPIRICAL  FORMULAS  OF  COMPUTING  DAMPING  RATIO 

All  tests  presented  above  demonstrate  that 
the  variation  of  damping  ratio  is  very  compli¬ 
cated  because  the  parameter  is  strongly  influen¬ 
ced  by  many  factors  such  as  the  influences 
of  stratification  of  base,  level  of  ground 
water  and  so  on.  But  on  the  basis  of  these 
tests  it  is  possible  to  put  forward  an  appo- 
ximate  computing  formula  under  the  condition 
of  small  strain  according  to  three  parameter 
mode  1 . 
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1)  Exposed  Foundation 


The  author  altogether  analysed  38  test  data 
under  various  bases  with  Poisson's  ratio  rang¬ 
ing  from  0.32  to  0.4  and  shear  modulus  of 
elasticity  from  39.2  Mpa  to  176.4  Hpa.  All 
of  the  test  results  are  described  in  Fig. 4. 


J.0, 

2.4 

2.2 

s 

1.4 
l.Oj 
C.l 


> 

‘‘»o 


0*0 


0  °‘4  «•*  1.2  ».«  2.< 

FIr.4  2h«  RtUticnihip  Ulnn  till®  4miv«lu»  j>  ta4«rD!ff«Mn:  Soils 


O  Clay  Soil 
0Cravel  Sand 
-©Clay  Loam 


©  Medium  Sand 
JO  Loesslal  Clay  Loam 
©Residual  Soil 


According  to  these  test  data  the  damping  ratio 
may  be  computed  by  the  following  formula: 


D  =  0.16/ J 0.3  a  b  (15) 

20 

The  formula  15  is  basically  suitable  for  these 
soils  described  in  Fig. 4.  As  for  slight  clay 
loam  the  damping  is  markedly  smaller  as  ccmpared 
with  other  soils  as  shown  in  Fig. 5.  The  damping 
ratio  may  be  approxlmatly  determined  by  expres¬ 
sion  16 


D 


zo 


__  0. 11_ 
Jo. I*  b 


(16) 


It  should  be  pointed  out  that  the  dashed  line 
in  Fig. 4  represent  computing  results  according 
to  formula  15. 


Flc*5  Th«  Rslstlenihlp  between  Slight  Clay 
Loew  end  Value  b 


been  represented  by  solid  line  in  Fig. 2. 


CONCLUSIONS 

Through  the  analysis  above  a  several  major 
conclusions  can  be  drawn  as  follows: 

1)  The  magnitude  of  damping -coefficient 
is  related  to  mechanics  model  adopted.  The 
vaiue  using  three  parameter  model  is  smaller 
than  that  using  two  parameter  model  or  semlr 
infinite  body  model. 

2)  The  damping  coefficient  of  bases  is 
markedly  related  to  the  weight  of  foundation 
acting  on  base. 

3)  The  magnitude  and  variation  law  of  damp¬ 
ing  established  by  semi-infinite  body  theory 
deviates  markedly  from  the  test  results. 

4)  In  order  to  improve  the  properties  of 
damping  of  vibration  system  it  is  an  ideal 
way  to  use  hollow  deep  foundations. 
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2)  Embedded  Foundations 

Almost  all  of  machine  foundations  and  structures 
are  embedded,  hence  the  study  of  variation 
law  of  damping  under  this  kind  of  condition 
has  more  practical  meaning.  The  relative 
damping  ratio  for  the  soils  described  in  Fig. 2 
may  be  written  as  follows: 

D  _ 

-K--  =  1  ♦  0.7  /hm/r0  (17) 

zO  1 

The  results  of  computation  of  the  formula  has 
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SYNOPSIS:  It  has  been  proved  that  the  propagation  law  of  elastic  surface  wave  emanating  from 
machinery  foundations  has  bearing  not  only  on  distances  from  vibration  source  but  also  on 
frequencies  and  depth  of  vibration  source  and  external  pressure  acting  on  soil  surface  of  wave 
receivers.  Based  on  plenty  of  tests  the  calculation  formulas  for  elastic  surface  wave  are  put 
forward  and  the  computation  precision  of  which  is  satisfactory. 


INTRODUCTION 


At  present  many  researchers  attach  importance  to 
the  investigation  of  propagation  law  of  elastic 
surface  wave  in  soil  because  it  has  great 
significance  to  resonably  taking  the  area  of 
factory  zone,  saving  agriculture  fields  and 
arranging  the  precise  instruments  and  devices. 
Espetialy,  the  environment  request  to  persons  is 
becoming  more  and  more  strict,  which  makes 
researchers  pay  more  attention  to  the 
investigation  of  this  discipline. 

In  the  process  of  research  of  this  discipline, 
the  authors  mainly  adopted  test  method.  It  is 
because  most  of  theoritical  research  is 
developed  on  the  basis  of  the  theory  of  elastic 
semi-infinite  body,  which  does  not  coincide  with 
fact  because  the  bases  are  always  formed  of  some 
strata  of  soils  and  the  elastic  properties  of 
which,  sometimes,  are  far  from  each  other. 
Owing  to  the  elastic  constants  of  soils  are 
related  not  only  to  normal  stress  acting  on  soil 
but  also  to  initial  stress  existing  in  soil 
particles  and  other  factors,  then  the 
relationship  between  stress  and  strain  in  soil 
disagrees  with  Hooke's  law.  All  of  these  cases 
makes  the  propagation  theory  of  elastic  wave  in 
soil  based  on  elastic  theory  do  not  very  well 
agree  with  practice  [1].  Due  to  this  case  the 
authors  try  to  put  forward  semi-empirical 
formula  for  computing  the  propagation  law  of 
elastic  surface  wave  in  soils  by  a  number  of 
tests.  Therefore,  on  the  ground  of  work  carried 
out  in  the  past  the  authors  measured  again  lots 
of  propagation  law  of  elastic  wave  in  recent 
years.  The  tested  foundations  involve  in  some 
special  model  foundations  and  actual  machine 
foundations  in  operation.  All  tests  are 
perforbmed  under  the  condition  of  stable 
exciting  forces  with  frequencies  changing  from  5 
to  400  Hz.  The  amplitudes  of  model  foundations 
do  not  exceed  200  jx  m  and  of  actual  machine 
foundations  change  from  300  to  600  Jim. 

In  order  to  make  readers  further  understand  the 
general  cases  tested  the  soil  conditions  and 


sizes  of  these  model  foundations  are  listed  in 
Table  I. 


TAB.  I.  The  Magnitude  of  Foundations  and  Their 
Soil  Conditions 


Sizes  of  Model 
Foundations 
(m) 

Soil  Conditions 

3. 5*3. 5*1. 5 

Slight  Clay  Loam 

2. 0*3. 0*1. 5 

Slight  Clay  Loam 

1.6*1. 6*2. 2 

Hard  Clay  Soil 

1.6*1. 6*0. 7 

Hard  Clay  Soil 

1.0 

Clay  Soil 

0.11 

Loessial  Clay  Learn 

The  actual  foundations  measured  involve  in  five 
hammer  foundations  with  weight  of  falling  part  3 
tons,  two  hammer  foundations  with  weight  of 
falling  part  5  tons,  four  hammer  foundations 
with  10  tons,  16  tons  and  two  1  ton  and  some 
foundations  under  compressors.  These 
foundations  are  built  on  clay  soil,  clay  loam, 
ioessial  clay  loam,  rock  base  and  piles. 

In  the  whole  analysis,  the  authors  employed  the 
measured  results  performed  in  sixty  times  done 
by  themself  and  lots  of  measured  results  done  by 
some  home  and  abroad  experts.  All  together  149 
measured  curves  of  attenuation  of  amplitudes  of 
vibration  by  forming  of  1500  data  are  analysed 
in  detail.  From  this  the  calculation  formula  of 
propagation  of  elastic  surface  wave  in  soils  are 
put  forward.  The  formula  that  shall  be 
discussed  in  the  following  possesses  following 
four  main  characteristics  as  comparison  with  the 
calculation  formulas  published  at  home  and 
abroad: 

1)  The  effect  of  frequencies  is  considered. 

2)  The  effect  of  embedded  depth  of 
vibration  sources  is  taken  into  account. 
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3)  The  influence  of  pressure  acting  on  soil 
surface  is  considered. 

4)  And  the  effect  of  different  distances  is 
noted. 


I.  The  Effect  of  Frequencies  of  Vibration 
Sources 


To  this  problem  the  famous  professor  B.  Gorizin 
of  Russian  ever  put  forward  following 
calculation  formula  of  propagation  of  elastic 
surface  wave: 

Ar  -  Ao(r»/r)  exp[-c<  (r-r»  )]  (1) 

Where:  Ao  =  amplitude  at  distance  ro 
Ar  «  amplitude  at  distance  r 
ro  «  equevarent  radius  of  foundation 
served  as  vibration  source, 
ro-(F/jr)‘,,s  (m) 

F  -  base  area  of  foundation  (ro^  ) 
at  »  coefficient  of  energy  absorption 
(m-1  ) 

The  coefficient  o l  changes  from  0.04  to  0.12  m"1 
to  different  soils.  So  far  the  formula  t  is 
widely  used  in  many  contries. 

It  is  seen  from  formula  1  that  the  propagation 
law  of  elastic  wave  in  soils  is  only  related  to 
radius  r  and  the  coefficient  of  energy 
absorption,  and  has  no  bearing  on  frequencies  of 
vibration  source.  It  is  worthy  pointing  out 
that  up' to  now  the  effect  of  frequencies  on 
propagation  of  wave  has  not  been  considered  in 
many  contries  yet.  However,  it  shows  from 
experiments  that  not  to  consider  the  effect  of 
frequencies  is  unresonable  because  the  soils  are 
visco-elastic  body,  the  dispersion  of  vibration 
energy  of  which  is  almost  propotional  to  the 
vibration  frequency.  The  tests  done  by  the 
authors  fully  demonstrate  that  the  propagation 
law  of  elastic  surface  wave  has  markedly  bearing 
on  the  frequencies  of  vibration  source.  In 
order  to  show  the  phenomena  the  three  typical 
test  curves  as  shown  in  Fig.  1  are  cited  from 
many  curves.  It  follows  from  Fig.l  that  the 
higher  the  frequencies,  the  faster  the  amplitude 
decreasing  with  distances.  For  example,  it 
follows  from  Fig.  la  that  at  r/ro  -  50  the 
relative  amplitudes  of  vibration  Ar/Ao  equal 
0.045,  0.020  and  0.007  corresponding  to  exciting 
frequencies  9.3,  15.8  and  32  Hz.  In  the  case  of 
very  high  frequencies  as  shown  in  Fig.l  c  the 
phenomenon  is  especially  obvious.  Here,  it 
should  be  pointed  out  that  the  Fig. la-lb 
describe  the  relationship  between  exciting 
frequencies  and  the  vertical  components  of 
vibration  amplitudes  under  the  vertical 
vibration  source  and  the  Fig.  lc  describes  the 
relation  between  exciting  frequencies  and 
horizontal  amplitudes  of  vibration  under  the 
action  of  horizontal  vibration  source. 

Owing  to  the  influence  of  frequencies  of 
vibration  source  is  not  taken  into  account  by 
the  formula  1,  hence  the  computation  results  are 
often  far  from  the  measured  results. 


a)  Attenuation  of  Vertical  Wave  under  Vertical 
Vibration  Sourrce 


b)  Attenuation  Law  of  High  Exciting  Frequency 


c)  Attenuation  of  Horizontal  Wave  under 
Horizontal  Vibration  Source 

Fig.l  Effect  of  Frequency  of  Vibration  Source 
on  Propagation  of  Wave 


II.TheEffect  of  Embedded Depthof  Foundations 
on  Propagation  of  Wave 


Actual  machinery  foundations  always  possess  a 
certain  embedded  depth.  There  fore,  researching 
the  effect  of  embedded  depth  of  foundations  on 
propagation  of  elastic  wave  has  much  more  actual 
meaning.  However,  the  factor  has  not  been  taken 
into  account  so  far.  For  instance,  the  design 
code  of  machinery  foundations  (  CHun  II  19-79  ) 
of  USSR  published  in  1979  years  put  forward 
following  calculation  formula  for  propagation  of 
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elastic  surface  wave: 


hr  =  A 


/ 

,  £  ( i*(  ] 


+ 


S2~i  ' 

(frO/FT. 


(2) 


Where: 

s  =  Zu 


It  shows  from  formula  2  that  the  attenuation  cf 
amplitudes  of  vibration  with  distances  has  only 
bearing  on  geometric  parameter  r/ro  and  no 
bearing  on  embedded  depth  of  foundations  served 
as  vibration  source  and  other  factors.  However, 
the  experiments  show  that  the  embedded  depth  of 
vibration  source  gives  apparent  influence  to 
propagation  of  elastic  wave.  For  instance,  the 
figure  2a  shows  that  at  r/ro  ■  50  and  when  hm  ■ 
0r  0.5  ro  and  1.0  ro  (  hm  *•  embedded  depth  of 
foundation  as  vibration  source  )  ,  then  the 
measured  relative  amplitudes  Ar/Ao  equal  0.01, 
0.018  and  0.40  respectively.  Since  the  formula 
2  does  not  consider  the  effect  of  embedded  depth 
of  vibration  source  on  propagating  wave  and 
other  factors,  and  then  it  makes  the  computation 
results  do  not  coincide  with  measured  results  as 
shown  in  Table  II. 


a) 


Fig. 2  Effect  of  Embedded  Depth  of  Vibration 
Source  on  Propagation  of  Wave 


TAB.  II.  The  Comparision  of  Total  Errors  X  of 
Amplitudes  of  Vibration 
(  According  to  1500  test  data  ) 


Calculation 

For  Model 

For  Actual 

formula 

Foundations 

Foundation 

By  Expresion  2 

337 

321 

By  Code  of  China 

65 

90 

By  Formulas  3  and  4 

39 

41 

III.  The  Effect  of  Pressure  at  Wave  Receivers  on 
Propagating  Wave 


In  fact  the  persons  take  most  care  of  the 
propagating  law  of  wave  under  the  action  of 
external  pressure  at  wave  receivers  because  all 
foundations  of  structures  and  precise 
instruments,  Without  exception,  give  the  base  a 
certain  pressure.  Therefore,  the  research  of 
effect  of  pressure  on  propagation  law  of  elastic 
wave  is  especially  important. 

However,  so  far  the  effect  of  external  pressure 
acting  on  the  soil  surface  cf  wave  receivers  is 
scarcely  researched.  In  order  to  clarify  this 
problem  a  number  of  field  tests  is  carried  out 
by  the  authors.  Experiments  indicate  that  the 
amplitude  under  the  action  of  pressure  at  wave 
receivers  are  much  less  than  those  of  free  soil 
surface  as  shown  in  Fig.  3. 


O-Aaplltude  for  f rat  coil  surface 
'  a-Anplitudes  under  the  action  of 
,  V  pretture  with  8-15  N/ca' 


•  *  .  ••  . 

■  .  i  .,..«»«■  .. i  fim) 

A  8  12  16  20  24  32  36 

Fig. 3  Effect  of  Pressure  Acting  on  Soil 
Surface  on  Propagation  of  Wave 

For  example,  at  r«16  m  the  amplitude  equals  0.07 
mm  for  free  soil  surface  and  only  equals  0.02  mm 
for  existing  of  pressure  which  equals  12  N/cm* 
,  while  the  total  acting  force  corresponding  to 
pressure  equals  1080  kN.  Meanwhile,  it  follows 
from  Fig.  3  that  the  ratio  of  vibration 
amplitudes  under  the  action  of  external  pressure 
to  the  amplitudes  under  free  soil  surface  is 
different.  Generally  speeking,  the  shorter  the 
distance  from  vibration  source,  the  smaller  the 
ratio.  However,  the  ratios  are  not  less  than 
0.4  within  the  range  tested.  The  test  results 
as  shown  in  Fig.  3  are  obtained  under  the  action 
of  pressure  which  equals  8-15  N/cm*  ,  and  which 
is  induced  by  industrial  factory  building  with 
one  story.  In  the  case  of  other  pressures  the 
ratio  of  amplitudes  of  vibration  shall  generate 
variation  to  some  extent. 
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IV.  The  Effect  of  Different  Soils 


V.  The  New  Formula  for  Calculation  of  Propagation 
of  Elastic  Surface  Wave 


According  to  the  propagation  theory  of  elastic 
wave  in  absolutly  isotropic  homogeneous  elastic 
body  the  attenuation  law  of  amplitudes  of 
vibration  should  be  different  for  soils.  In  the 
period  of  research  the  authors  ever  paid 
attention  to  the  effect  of  soils  on  propagating 
of  wave  and  did  tc  try  to  consider  this  factor. 
However,  the  practice  does  not  coincide  with 
expectation  of  authors.  For  instance,  the 
figure  4  shows  that  the  attenuation  law  of 
vibration  amplitudes  is  different  only  in  a 


According  to  the  discussion  above  we  have  known 
what  factors  should  be  considered.  And  then  how 
to  consider  these  factors  becomes  especially 
important  problem.  In  the  process  of  research 
the  authors  did  try  to  adopt  uniform  computation 
formula  for  different  distances  and  analyse  five 
computation  formulas.  The  analysed  results  show 
that  the  total  errors  on  average  are  not 
satisfied  when  using  uniform  calculation 
formula.  In  order  to  decrease  the  errors, 
finary,  two  expressions  are  developed  for  short 
and  long  distances.  The  treatment  method  like 
this  has  theoritical  ground.  Because  it  is  well 
known  that  the  action  of  longitudinal  and 
transverse  waves  is  predominant  near  the  source 
of  vibration  and  the  elastic  surface  wave  is 
predominant  under  long  distances.  In  order  to 
establish  the  point  distinguishing  short  from 
long  distances  the  great  computation  work  is 
carried  out  by  virtue  of  elactic  computor.  It 
indicates  from  analysis  that  the  distinguishing 
point  should  be  adopted  to  equal  8  ro  .  When 
r<8  ro  ,  then  the  computation  formula  for  short 
distance  should  be  used,  otherwise  the  formula 
for  long  distance  should  be  used.  Through  the 
detail  analysis  the  final  calculation  formulas 
of  propagation  of  elastic  surface  wave  may  be 
written  as  follows: 

for  r  <  8  ro 

e _ 

l  +  p(l-  Vr 

for  r  >  8  ro 


A  /y~  •Jj.  j  (r-8X>> 

A~lT7J'e  VTe 


b) 

Fig. 4  Effect  of  Different  Soils  on 
Propagation  of  Wave 

small  degree.  Even,  the  inverse  phenomenon  is 
obtained  in  test  results.  For  example,  the 
attenuation  of  vibration  amplitudes  with 
distances  for  slight  clay  loam  with  smaller 
bearing  capacity  15  N/cra‘  and  smaller 
elasticity  is  more  slow  and  moderate  as  compared 
with  clay  soil  with  larger  bearing  capacity  25 
N/cm1  and  elasticity.  The  phenomenon  like  the 
kind  of  example  above  was  ever  introduced  in 
literature  [1],  which  points  out  that  the 
coefficient  of  energy  absorption  for  gray  water- 
surturated  sand  with  laminae  of  peat  and  organic 
silt  equals  0.04  m'1  ,  while  the  coefficient  for 

yellow  water-saturated  fine-grained  sand  with 
larger  elasticity  inversely  equels  0.1  m'1  .  On 
the  ground  of  these  cases  we  hold  that  the 
effect  of  soils  on  propagating  of  surface  wave 
may  be  ignored  to  a  first  approximation  under 
the  soils  tested.  In  this  respect  the  treatment 
method  of  this  paper  is,  in  principle,  is  in 
agreement  with  the  design  code  of  machinery 
foundation  (  CH«n  II  19-79  )  of  USSR. 


Where:  -t,  ■  correction  coefficient  of  pressure 
acting,  which  may  be  adopted  to 
equal  0.4 

f  =  frequencies  of  vibration  source  (Hz) 

|S  =  coefficient  of  embedded  depth  of 
vibration  source: 

R=  1 

2.0  +•  o.5  4m  /r»  ^ 

hm  “  embedded  depth  of  foundation  served 
as  a  source  of  wave  (m) 

<V/  «  attenuation  coefficient  of  short 
distance,  which  may  be  adopted  to 
equal  0.001  for  soils  studied 

d i =  attenuation  coefficient  of  long 
distance: 


6oo  4  r/ Yo 
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It  should  be  indicated  that  the  parameters  in 
the  coefficients  o(,  <  di  and  fi  ,  such  as 
0.001,  2.0,  Q.5,  600  and  4,  are  obtained  by 
virtue  of  analysis  of  elastic  computer.  In 
order  to  compare  the  errors  computed  by  formulas 
3  and  4,  by  formula  2  and  by  the  design  code  of 
machinery  foundations  (  GBJ  40-79  )  of  china,  a 
great  computing  is  carried  out.  The  precision 
of  computation  is  determined  by  the  errors  as 
follows: 


rock  base  and  6  points  measured.  It 
follows  from  Table  III  that  the 
calculation  precision  computed  by  formulas 
3  and  4  is  also  better  than  those  computed 
by  other  formulas  of  computation. 


Conclusions 


6* 


_L 

M 


tj 

•I 

c=l 


C  I  - 


Ac, 


•  100 


(7) 


where:  fc  *>  total  error  on  average 

N  »  total  number  of  measured  points 

Ac, i  °  computation  amplitude  of  point  i 

Am, t  m  measured  amplitude  of  point  i 

On  the  basis  of  analysis  to  1500  data  the  total 
errors  computed  by  three  formulas  are  obtained 
as  listed  in  Table  II.  It  fol  lows  from  Table  II 
that  the  computation  precision  of  formulas  3  and 
4  is  much  better  than  those  computed  by  formula 
2  and  by  design  code  of  China. 

Finally,  it  should  be  pointed  out  again  that  the 
computation  formulas  3  and  4  are  put  forward 
under  these  soils  as  mentioned  above,  in  order 
to  fully  understand  the  resonableness  of 
formulas  put  forward  by  the  authors  the 
comparison  of  computation  precision  for  other 
soils  is  performed  and  may  be  seen  from  Table 
III. 


TAB.  III.  Comparison  of  Errors  Computed  by  Three 
Formulas  with  Measured  Results  for  Weak 
Soil,  Rock  Bace  And  Pile  Foundations 


Through  the  detail  analysis  above  some  principal 
conclusions  can  be  drawn  as  follows: 

1)  The  propagation  law  of  elastic  surface 
wave  emanating  from  machinery  foundations  is 
related  not  only  to  distances  from  vibration 
sources  but  also  very  markedly  to  frequenci*  • 
and  embedded  depth  of  vibration  source  and  t 
magnitude  of  pressure  acting  on  soil  surface  at 
wave  receivers. 

2)  The  compatation  precision  of  attenuation 
formulas  for  amplitudes  of  vibration  put  forward 
by  the  authors  is  much  better  than  others  above 
mentioned. 
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Vibration 
Sources  and 
Conditions 

by  Formula 

2 

by  Code 
of  China 

by  Expression 
3  and  4 

1 

67.7 

32.2 

30.3 

2 

81.5 

61.4 

31.2 

3 

65.5 

45.9 

17.9 

4 

123.0 

70.0 

51.0 

5 

545.0 

67.0 

49.0 

6 

622.0 

65.0 

56.0 

note:  1  includes  following  cases:  hammer  founda¬ 
tion  with  weight  5  tons,  clay  loam  with 
silt,  pile  foundation  and  9  points 
measured.  2:  hammer  with  2  tons,  clay 
loam  with  silt,  pile  foundation  and  7 
points.  3:  hammer  with  3  tons, 
fine-grained  base,  pile  foundation  and  4 
points.  4:  hammer  with  3  tons, 

silt  base,  pile  foundation  and  9  points, 
5:  hammer  with  0.75  tons,  rock  base  and  9 
points.  6:  hammer  with  5  tons, 
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SXNuFSIS;  This  paper  offers  a  case  of  pile  foundation  supporting  a  18-storied  building  rested  oa 
liquefiable  sandy  layers.  The  soil  densities  and  the  bearing  capacities  of  piles  both  increased  after 
pile  driving.  It  is  suggested  that  the  influence  of  donsification  caused  by  pile  driving  should  be 
considered  in  the  case  of  dense  spacing  and  large  aaount  of  piles.  The  formulas  for  sand  piles  are 
suggested  for  primary  estimation  of  desification  effect  of  pile  driving. 

INTRODUCTION 


The  design  method  of  pile  foundation  in  liquefi¬ 
able  subsoils  is  still  somewhat  unclear.  The  key 
problem  is  that  there  is  a  lack  of  informations 
on  practical  engineering  experiences  accumlated 
in  passed  earthquakes.  Authors  had  informed  some 
experiences  in  this  field  got  from  Tangshan 
earthquake  (1976)#  indicating  that  the  most  of 
pile  foundations  of  buildings  in  liquefied  layers 
during  Tangshan  earthquake  survived  after  earth¬ 
quake.  Authors  supposed  that  the  following  fac¬ 
tors  might  play  important  roles:  (1)  Critical 
earthquake  forces  do  not  often  sirautanuou&ly  oc¬ 
cur  with  critical  situation  of  liquefaction;  (2) 
liquefied  layers  got  shake -reducing  character; 

13)  Dansifioation  of  soils  due  to  driving  in 
the  case  of  large  aaount  of  piles  and  dense  pile 
spacing.  To  interpretato  the  third  facte r  this 
paper  offers  a  concret  example  showing  t?ie  ex¬ 
tent  oT  soil  donsification  due  to  pile  driving. 

DESCRIPTION  OF  THE  BUILDING 

The  construction  site  is  located  on  the  terrace 
of  Fenhe  River  in  Taiyuan,  the  capital  city  of 
Shanxi  Province.  The  design  earthquake  intensity 
is  8  degree  of  corrected  Mercalli.  The  building 
is  10-storied  with  a  rigid  box  foundation  suppor¬ 
ted  by  825  precast  piles.  Fig.  1  and  Fig.  2  show 
tne  building's  plan  and  its  pile  distribution. 
The  liquefiable  sandy  layers  involved  silty-fino 
sand#  fine-medium  sand  and  sandy  loam  at  -3.5'"' 
-14.5m  depth  (Fig. lb  and  Table  I). 

TABLE  I.  Characteristics  of  Main  Soil  Layers 


Characteristics  of  the  precast  piles: 

Length  L  =  19-5  m 

Section  d2  =  400  x  400  mm2 
Total  number  of  piles  n  =  825 

Spacing  of  piles  =  3~4d  (for  most  of  the  piles) 
7d  (the  max.  spacing) 

Weight  of  driving  hammer  6t  and  4*5t. 
DHNSIFICATION  BFFECT 

The  Fig.  3  pictures  the  plan  cf  test  site  for 
pile  load  testa.  The  number  of  piles  indicates 
also  Its  turn  during  driving.  The  relative  ra¬ 
tios  of  allowable  bearing  capacities  are  shown 
in  the  Table  II. 

TABLB  II.  Results  of  File  Load  Tests 


Section 

of 

Pile 

Pile 

No. 

Location 

of 

Pile 

Allowable 

Bearing 

Capacity 

(t) 

Relative  Ratio 
of  Allow. 

Bearing 

Capacities 

350x350 

5 

Border 

93 

1.000 

II 

6 

Centre 

108 

1.161 

400x400 

2 

Border 

110 

1.000 

II 

3 

It 

117 

1.064 

If 

4 

It 

122 

1.110 

tl 

7 

It 

128 

1.163 

It 

8 

Centre 

131 

1.190 

Typo  of  Soil 

Water  Content 

Unit 

Weight 

Void  Ratio 

Mean  Thickness 

d6o/d1 0 

d50 

Remark 

W,(*) 

r,  (g/cnr )  (e) 

(m) 

(mm) 

Loam 

27.8 

1.83 

0.866 

3.0 

Silty-fine  sand 

24.9 

1 .86 

0.769 

2.1 

7.2 

0.155 

Liquefiable 

Fine-medium  sand 

22.7 

1 .92 

0.701 

12.0 

7.3 

0.200 

tt 

Medium -coase  sand 

22.4 

1.97 

0.646 

3-5 

11.9 

Nonliq. 

Loam 

26.1 

1.98 

0.710 

2.8 

It 

The  piles  at  centre  (piles  No. 6  and  No. 8)  got 
such  a  bearing  capacity  that  is  as  many  as  1.161 
and  1.19c  times  of  the  piles  No. 5  and  No. 2,  res¬ 
pectively.  In  fact,  during  driving  the  soil  had 
been  so  densified  that  about  2/3  of  the  total 
amount  of  piles  could  not  been  driven  to  reach 
their  designed  depth  (-25m). 


The  blow  counts  per  meter  penetration  of 
pile  into  ground  shoved  that  the  later  driven  pi¬ 
les  (No. 4.  No. 8)  needed  more  blow  counts  for 
their  penetration.  In  order  to  compare  the  chan¬ 
ge  of  soil  characteristics  after  driving  a  series 
of  SPT  and  CPT  had  been  conducted  nearby  the  ori¬ 
ginal  bore  holes  (Fig.  1).  The  results  of  com¬ 
parison  of  SPT  are  summarized  in  Fig.  5*  The 
solid  lines  in  Fig.  5  represent  the  critical  SPT 
values  for  8  intensity  according  to  Chinese  Code 
(TJ  11  -  78) : 

H*  =  N(1  +0.125(d3-3)  -0.05(dw-2))  (1) 

where:  N'  =  SPT  blow  counts  causing  liquefaction, 
when  depth  of  3and  is  ds>  and 

underground  water  level  is  dy; 

N  =  N  value  when  dg=3m,  dw=2m.  For 

intensities  7,  8  and  9,  the  N  values 
are  6,  10  and  16  respectively: 

dQ  =  Depth  of  saturated  sand,  m; 

=  Depth  of  underground  water  level 
below  outdoor  ground  surface,  m. 


The  dash  lines  in  Fig.  5  represent  the  cri¬ 
tical  SPT  values  but  according  to  Chinese  Code 
(Draft,  1987): 


N  =  N(0.9  +  0.1(ds-dw))  (2) 

It  can  be  seen  from  Fig.  5  that  the  SPT  values 
after  driving  are  much  greater  (from  70#  to  130#) 
than  those  before  driving  and  then  the  liquefi¬ 
able  sands  become  nonliquefiable.  The  SPT  values 
after  pile  driving  beneath  the  centre  region  of 
the  building  are  even  3^4  times  greater  than 
before  (Fig.  6)  and  shown  as  following: 
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0  4  10  15 

Before  Driving 


T 
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The  SPT  values  are  greater  than  the  critical 
values  at  the  distance  3*0ra  out  of  the  border  of 
foundation  and  the  liquefiable  layers  have  lost 
their  liquefiable  character.  But  at  distance 
6.0m  from  the  boundary  of  foundation  only  the 
soil  layers  at  -12 — 14m  depth  remain  lique¬ 
fiable  (Fig.  7). 


Fig.  8  and  Fig.  9  picture  the  cone  resistance 

qc  and  f c  increased  1 50#  and  30#  50#  than  before 
driving  respectively. 

The  results  of  15  load  tests  of  piles,  invo¬ 
lved  in  pile  group  and  reaching  the  depth  5m 
shallower  than  designed  level  showed  thet  almost 
all  allowable  bearing  capacities  were  between 
111~153t,  except  one  (104 1).  The  averege  was 
1 28t  par  pile,  greater  than  the  allowable  bearing 
capacity  of  the  isolated  single  test  pile  reach¬ 
ing  -25m  depth  (Hot,  No. 2  in  Fig.  3)  and  also 


67#  greater  than  the  allowable  bearing  capacity 
of  the  test  pile  reaching  -20.0m  depth. 

Anotner  remarkable  phenomenon  is  subsidence 
of  ground  surface  of  the  area  occupied  by  piles. 
Total  amount  of  the  subsidence  is  0.685m.  Accor¬ 
ding  to  the  driving  records  every  pile  needed 
1600~1800  blows  for  its  entire  penetration.  For 
6t  driving  hammer  it  meant  1 9200-21 600t-m  impact 
energy  per  pile.  Such  amount  of  energy  was 
equivalent  to  the  energy  given  by  400t-m  dynamic 
consolidation  in  50  times  impacts.  The  compac¬ 
tion  effect  caused  by  driven  piles  involved  two 
aspects:  3queez  effect  due  to  entrance  of  pile 
shafts  into  ground  and  shaking  effect  caused  by 
driving.  The  first  benefited  to  the  deeper  soil 
layers  mainly  and  the  second  one  benefited  to  the 
shallow  and  deep  soil  layers  both. 

A  simple  calculation  has  been  made  to  clari¬ 
fy  the  influence  of  pile  driving  on  soil  density. 
Assume:  the  influenced  area  equals  Aq 

Aq  =  (A'+  6)  x  (B’+  6)  =  2415  m2 

where  A'  and  B'  are  length  and  width  of  the  area 
occupied  by  piles  respectively, 

Average  depth  of  pile  penetration  L  =  22.4m 
Volum  of  influenced  soil  mass 

VQ  =  L  Aq  =  54096  m3 

Change  of  soil  volum  due  to  ground  subsidence: 

V„.  =  0,685A„  =  1654.28  m3 

St  O  7 

Total  volum  of  diven  piles  Vp  -  2956.8  nr 
Virgin  average  void  ratio  of  liquefiable  soils 
eQ  =  0.7211 

Virgin  volum  of  soil  grains  in  mass  Vq: 

Vs  =  V(1+#o>  =  51451  -16  m3  ° 

Volum  of  pore  after  pile  driving: 

v;  -  eoV(1+eo>  -  vst  -  VP  -  18033-76  m5 
Void  ratio  after  pile  driving: 

e*  =  V-/Vs  =  18033-76/31 451. 16  =  0.5733 

Since  the  average  void  ratio  of  liquefiable  soil 
layers  has  been  changed  from  eQ  =0.7211  into 

e'  =  0.5733  (dense  state),  it  is  easy  to  interpre- 
that  the  soils  are  no  longer  liquefiable.  On  the 
other  hand,  since  the  volum  of  driven  piles  Vp 

is  greater  than  the  change  of  volum  caused  by 
subsidence  of  ground  surface  Vgt,  it  can  be  said 

approximately  that  in  our  case  the  squeezing 
effect  due  to  pile  shafts  is  greater  than  shking 
effect  due  to  driving. 

To  estimate  the  densification  effect  of  dri¬ 
ving  piles  in  preliminary  design  the  formulas  for 
sand  piles  can  be  used  for  rough  guess  and  sha¬ 
king  effect  due  to  driving  is  neglected  on  acco¬ 
unt  of  safty.  In  our  case:  2 

Area  compacted  by  per  pile  A^  =  AQ/n  =  2.927  nr 

Change  of  void  ratio  due  to  squeezing  effect: 

*e  =  (1+eo)d2/A£  =  1.7211  x  0.42/2*927  =  0.0941 
Final  void  ratio:  e0~Ae  3  0.627 

Since  the  calculated  final  void  ratio  is  0.627; 

It  means  that  the  silty-fine-medium  sands  are  in 
dense  state  and  Dr<0.7  •  Therefore  the  soils 
become  nonliquefiable  for  area  of  8  degree  inten- 
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(a)  Plan  of  boro  holes  and  building 


Fig.  2.  Plan  of  pile  distribution 
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Fig.  1 •  Plan  of  bore  holes  and  soil  layer  profile 
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Fig.  3.  Plan  of  test  piles 
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Fig.  4.  Driving  records  of  test  piles 
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sity  according  to  the  Chinese  Standared  (1978). 
SUGGESTIONS 

The  liquefiable  subsoils  under  a  building  with 
many  piles  of  spacing  3~7d  would  become  nonllque- 
fiable  due  to  shaking  and  squeeze  of  pile 
drivingi  this  should  bo  considered  during  pile 
foundation  design  if  the  primary  calculation  shows 
the  possibility.  The  testing  pile  driving  should 
be  conducted  as  a  needed  next  step  to  identify 
the  calculated  situation.  In  case  of  positive 
results  of  calculation  and  testa  both  the  follo¬ 
wing  assumptions  during  pile  foundation  design 
are  suggested: 

1)  Liquefiable  subsoils  located  between 
piles  can  be  treated  as  nonliquefiable  anc 
bearing  capacity  of  single  pile  is  taken  as  many 


as  in  case  of  nonliquefiable  subsoils. 

2)  Pile  foundation  is  treated  as  a  deep 
foundation  but  surrounded  by  liquefiable  soils, 
so  the  frictional  resistance  along  the  lateral 
surface  of  such  a  foundation  is  neglected. 

3)  For  primary  estimation  on  densification 
effect  of  driven  pile  the  formulas  for  sand  pile 
design  can  be  used. 
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SYNOPSIS:  In  the  reconstruction  of  old  factories  and  in  the  small  scale  engineering,  it  is  often 
taken  place  that  the  present  methods  for  predicting  liquefaction  of  clayey  silt  could  be  not  used  for 
lack  of  subsoil  exploration  data.  Two  simplified  formulas  which  contain  the  cofficient  of  c*pc  consi¬ 
dering  the  effect  of  clay  content  Pc  and  the  coefficent  of  dip  considering  the  effect  of  plasticity 
index  Ip  are  presented  for  predicting  seismic  liquefaction  of  saturated  clayey  silt.  Thus,  the 
prediction  of  liquefaction  of  clayey  silt  could  be  effectively  proceeded  under  the  conditions  lacking 
of  analysing  data  of  soil  grain  composition. 


INTRODUCTION 

Clay  silt  refers  to  the  low  plastic  soil,  the 
plasticity  index  Ip  of  which  changes  from  3  to 
10,  and  it  may  be  also  called  fine-grained  soil 
or  silt.  Recently,  there  is  a  rapid  development 
in  research  for  predicting  seismic  liquefaction 
of  saturated  clayey  silt  site  at  home  and 
abroad,  and  several  methods  of  solution  have 
been  put  forward  [1,2,3].  It  should  be  indi¬ 
cated  that  the  application  of  the  present  compu¬ 
tation  methods  is  always  related  to  soil  charac¬ 
teristic  index.  But  in  the  reconstruction  of 
old  factories  and  in  the  small-scale  engineering 
the  lack  of  data  of  subsoil  exploration  is  often 
met.  For  instance, in  many  engineering  there  are 
sometimes  blow  numbers  of  SPT  and  plasticity 
index  Ip  or  only  blow  numbers  of  SPT  N.  And  the 
data  of  stress  ratio  T <t,/aV  of  liquefaction, 
shear  wave  velocity  Vs,  static  cone  penetration 
value  Ps  and  grain  analysis  data  (  clayey 
content  Ps  -  grain  diameter  less  then  0.005  mm, 
fine  grain  diameter  content  C  -  grain  diameter 
less  then  0.074  mm  or  average  grain  diameter  D50 
)  and  so  on  are  lacked.  Thus, it  is  needed  that 
to  put  forward  a  simplified  computation  formula 
for  predicting  liquefaction  of  saturated  clayey 
silt  with  successful  discrimination  ratio. 

Through  research  and  analysis  on  the  date  of  299 
groups,  liquefied  and  non-liquef ied,  taken  from 
the  in  situ  investigation,  the  author  has 
proposed  two  simplified  formulas  on  predicting 
seismic  liquefaction  of  saturated  clayey  silt, 
the  formulas  include  the  coefficient  of 
dfc,  considering  the  effect  of  clay  content  Pc 
arid  the  coefficient  of  dip  ,  considering  the 
effect  of  plasticity  index  Ip.  Further  more,  in 
this  paper  the  successful  discrimination  ratio 
of  two  formulas  are  verified  by  using  the  299 
groups  of  data,  and  which  is  compared  with  the 
results  derived  from  Xie  Junfei's  differentia¬ 
tion  formula  containing  parameter  Pc  (1984)  and 
with  the  differentiation  formula  put  forward  by 
the  author  (1980). 


The  methods  for  predicting  liquefaction  of  base 
soil  may  be  divided  into  four  classes: 

1.  Standard  Explosive  Method 

The  method  was  presented  by  Florin  and  Ivanov 
[4],  and  some  development  was  made  by  Prakash 
L 5 1 .  But  the  method  is  not  yet  widely  used  to 
predict  sand  liquefaction  and  to  say  nothing  of 
saturated  clayey  silt. 

2.  Simplified  Analysis  Method 

The  method  was  put  forward  by  Seed  and  Idiss 
(1967)  [6].  And  it  is  widely  used  in  the  world. 
If  the  effect  of  fine  grain  in  soil  on  the 
stress  ratio  of  liquefaction  is  considered,  the 
method  may  be  used  to  evaluate  liquefaction 
potential  of  low  plastic  soil.  In  this  topic, 
Japan's  Tatsueka  et  al  (1980)  and  Ishihara  et  al 
(1981)  proposed  a  expression,  in  which  the 
stress  ratio  (  X&  J eft,'  )&  of  liquefaction  was 
determined  by  average  grain  diameter  D50  or 
fine  grain  content  C  or  C  and  plasticity  index 
[3],  and  thus  the  simplified  analysis  method  may 
be  used  to  predict  liquefaction  of  low  plastic 
soils  very  conveniently. 

3.  Dynamic  Response  Analysis  Method 

The  advantage  of  the  method  is  that  it  may  not 
only  discriminate  where  there  is  liquefaction  in 
layers  and  where  no,  but  also  predict  the 
developing  process  and  scale  of  liquefaction 
area.  The  method  can  also  consider  some  soil 
properties,  (  for  example,  different  charac¬ 
teristics  of  layer),  boundary  condition 
(stress  condition  and  drainage  condition)  of 
liquefaction  layer  and  so  on  [3,7].  Therefore, 
the  method  has  a  splended  future.  But  the  method 
is  more  complex  after  all,  and  it  requires  more 
characteristic  parameters  of  sol  1  in  analysing, 
now  it  is  only  used  in  a  special  important 
engineering. 


THE  PRESENT  METHODS  FOR  PREDICTING  LIQUEFACTION 
OF  SOIL 


4.  Empirical  Method  and  Statistical  Method 
Depending  on  Investigated  Data 

Lots  of  methods  of  this  kind  were  put  forward  in 
the  world.  For  instance,  the  discrimination 
chart  of  liquefaction  which  is  put  forward  by 
Seed  is  one  of  the  methods,  later  the  author 
supplemented  the  proposition  that  the  Nl-value 
should  be  revised  based  on  fine  grain  content  C 
[8],  thus  it  may  be  used  to  predict  the  lique¬ 
faction  of  low  plastic  soil.  In  Japan,  "The 
Structural  Device  Standard  of  Building  Founda¬ 
tion"  [1982]  had  also  stipulated  that  the  cri¬ 
tical  standard  penetration  numbers  of  liquefac¬ 
tion  decrease  with  increase  of  fine  grain 
content.  Chinese  researchers  have  done  a  lot  of 
work  in  predicting  liquefaction  of  saturated 
clayey  silt  since  1975.  According  to  incomple¬ 
tely  statisticses,  about  30  formulas  mainly 
based  on  standard  penetration  value  for  predic¬ 
ting  liquefaction  of  clayey  silt  have  been 
presented  ever  since.  The  reference  [2]  had 
discussed  these  discriminants.  Because  of  the 
length  restriction  of  the  paper,  several  diffe¬ 
rentiating  formulas  related  to  the  paper  are 
introduced  as  follows. 

FORMULAS  FOR  PREREDICTING  SEISMIC  LIQUEFACTION 
OF  SATURATED  DCLAYEY  SILT 

Two  statistical  formulas  for  predicting  lique¬ 
faction  of  saturated  clayey  silt  which  contain  4 
and  5  factors  by  using  231  groups  of  in-sit 
data  of  liquefaction  and  non- liquefation  derived 
from  MMT  Central  Corporation  for  Engineering 
Exploration  of  CHINA  and  Tianjing  Programming 
Bureau  were  built  up  by  the  author  in  1980  [1]  . 
And  these  two  formulas  were  revised  after  deri¬ 
ving  another  10  groups  of  liquefaction  data  and 

5  groups  of  non-liquefaction  data  in  the  area  of 
seismic  intensity  7  from  the  First  Machinery 
Ministry  Exploration  Corporation  of  CHINA.  The 
revised  calculation  poceeded  on  statistical 
analysis  by  using  of  these  three  parts  of  data 
(246  groups  as  a  whole).  Through  analysing, 
formulas  for  predicting  liquefaction,  which 
contain  4  and  5  factors,  are  given  by  means  of 
critical  penetration  number  Ncri,  as  follow: 

Ncri  -  46.25c*  +0. 38ds-0.32dw-0.99Pc+C  (1) 

Ncri  =  44.74o(  +0. 22ds-l .05dw+C  (2) 

Where:  oi  =  the  seismic  coefficient  (it  equals 

to  0.1,  0.2  and  0.4  respectively 
when  seismic  intensity  is  7  ,  8 
or  9  ) 

d?  =  «.he  depth  of  researched  point  fra; 
dw  =  the  depth  of  groundwater  level  (m) 
Pc  =  the  clay  content  in  percent  (%) 

C  =  constend  related  to  discrimination 
ratio  oi  liquefaction  PI.  When 
Pc~85°4,  C  equals  to  4.23  in 
formula  (1)  and  C  equals  to  0.59  in 
formula  (2). 

Formula  (2)  has  been  rac  ir.x.eoded  to  predict 
liquefaction  of  low  plastic  soil  under  the 
conditions  lacking  of  clay  content  by  "Ascismic 
and.  Reinforce  Technology  Measure  fer  Industrial 

6  Public  Building,  CHINA"  [10]. 

A  formula  for  predicting  liquefaction  of  clayey 
silt  as  well  as  sand  fron  299  groups  of  lique¬ 
faction  and  .ion- 1  iquef ac tion  data  supplied  by 


reference  [11]  is  derived  by  Xie  [2]  as  follows: 

Ncri  =  N  [l+0.125(ds-3)-0.05(dw-2)](3/Pc)":  (3) 

For  sand  Pc=3  ,  thus  the  formula  (3)  changes 
into  that  for  predicting  liquefaction  of  sand  in 
Chinese  present  code. 

Two  revisions  were  made  by  reference  [12]  for 
formula  (3):  1)  The  coefficient  of  ground  water 

level  item  was  revised;  2)  the  other  was 
adopting  different  value  corresponding  to  dis¬ 
tances  of  far  earthquake  and  close  earthquake  to 
site.  The  formula  is  as  fellows: 

Ncri  =  N[0.9+0.1(ds-dw)](3/Pc)<'5  (4) 

Formula  (4)  has  been  accepted  by  the  revised 
edition  of  "Aseismic  Design  code  for  Industrial 
&.  public  Building,  CHINA ",  TJ  11-78. 

SIMPLIFIED  FORMULAS  FOR  PREDICTING  SEISMIC 
LIQUEFACTION  OF  SATURATED  CLAYEY  SILT 

The  two  formulas  presented  by  the  author  are 
based  on  formula  (4).  They  are  stated  one  by  one 
as  follows: 

1.  The  Formula  Containing  4  Factors  with  Revi 
sing  Coefficient  of  Clay  Content 

In  order  to  eliminate  Pc  in  formula  (4),  by 
means  of  the  results  derived  from  studying  the 
relationship  of  statistical  formulas  of  4  and  5 
factors  ahead,  by  virtue  of  original  data  of  299 
groups,  we  calculated  the  average  value  Pc  of 
day  content  in  7,  8,  9  intensity  area.  The 
value  Pc  is  6.53,  7.51  and  9.60  respectively. 
Replacing  these  values  into  formula  (4),  the  4 
factors  formula  containing  is  obtained  as 
follows : 

Ncri  =  N[0.9+0.1(ds~dw)]  C*pc  (5) 

Where:  dfc=  the  revising  coefficient  considering 
the  effect  of  clay  content  (d<0.005 
mm).  When  seismic  intensity  is  7, 

8  or  9  ,  it  equals  to  0.68,  0.63  or 
0.56  respectively. 

2.  The  Formula  Containing  5  Factors  with  Revi 
sing  Coefficient  of  Plasticity  Index 

The  relationship  Ip=f(Pc)  can  be  obtained  from 
original  data  above  stated.lt  is  shown  in  Fig.l. 

Thus  the  formula  (4)  can  be  expressed  as 
follows : 

Ncri  =  N  [0.9+0. l(ds-dw)]  d.  Ip  (6) 

wnere:  dp  *>  the  revising  coefficient  consi 
dering  the  effect  of  plasticity 
index  Ip: 

dip  =[  l+0.657(Ip-3)°'15  ]”“  (7) 

3.  Inspection  of  Efficiency  for  Formula  (5)  and 
Formula  (6) 

The  results  of  successful  discrimination  ratio, 
calculating  with  formula  (4),  (2), (5)  and  (6) 
are  compared  in  List  1  .  For  comparision  all  the 
presented  original  data  of  clayey  silt  mentioned 
above  aLe  used.  It  may  be  seen  from  these 
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Table  1  The  Comparision  of  Calculating  Results  of  Successful  Ratio 


Predicting  Method 


Form. (4) 

Form. (2) 

Form. (5) 

Form. (6) 

7 

Liquefaction 

95 

18/19 

95 

18/19 

95 

Non-liquefa¬ 

ction 

6$ 

12/19 

63 

11/19 

58 

11/13 

85 

Total 

82 

30/38 

79 

29/38 

76 

11/13 

85 

fl 

Liquefaction 

97 

119/120 

94 

121/126 

96 

104/109 

91 

Non-liquefa¬ 

ction 

79 

81/96 

84 

70/90 

73 

69/87 

79 

Succes- 

Total 

88 

200/222 

90 

3  *11/222 

86 

173/196 

ful 

Liquefation 

100 

27/27 

100 

27/27 

100 

9/9 

100 

(%) 

Non- ' iquefa- 
ction 

75 

9/12 

75 

7/12 

58 

7/8 

88 

Total 

n 

36/39 

92 

34/39 

87 

16/17 

94 

7  _c 

Liquefaction 

95 

164/172 

95 

166/172 

97 

113/118 

96 

Ncn-liquefa- 

ction 

77 

102/127 

80 

88/127 

69 

76/95 

80 

Total 

86 

266/299 

89 

254/299 

85 

139/213 

89 

*  No 

results  because  of 

lacking  the 

value  Ip 

results  that  formula  (5)  and  (6)  may  replace 
formula  (4)  to  predict  liquifaction  of  saturated 
clayey  silt. 

CONCLUSIONS 

Under  the  conditions  of  lacking  of  exploration 
data,  for  oases  of  common  building,  formula  (51 
and  (6)  can  also  be  used  to  predict  liquefaction 
of  saturated  clayev  silt  besides  formula 
(2). Certainly,  the  inspection  of  reliability  for 
formula  (5)  and  (6)  in  the  paper  is  essential. 
With  the  accumulation  of  investigation  data  of 
liquefaction,  the  inspection  of  reliability  for 
these  two  formula  will  be  carried  out  by  using 
new  investigation  data  in  the  future. 
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SYNOPSIS:  It  has  been  proved  that  the  shape  of  foundation  and  its  base  side  ratio  affect  the 
dynamic  rigidity  of  sliding-rotation  vibration  of  bases.  Based  on  plenty  of  laboratory  tests  in  a 
small  sides  the  computing  formulas  of  rigidity  and  damping  of  base  considering  the  effect  of  base 
side  ratio  are  put  forward. 


INTRODUCTION 


Up  to  now  the  research  of  the  effect  of 
foundation  shape  on  dynamic  parameter  is  far 
from  enough.  In  order  to  correctly  design 
dynamic  machinery  foundations  and  structures 
this  problem  has  been  researched  by  the  author 
in  recent  years.  All  together  18  foundations 
with  same  base  areas  of  0.5  m*  and  different 
height  and  base  side  ratio  of  foundations  were 
tested  under  exposed  and  embedded  conditions. 
All  tests  were  performed  under  the  action  of 
harmonic  exciting  force.  The  18  foundations 
tested  were  divided  into  four  groups  according 
to  their  base  shape  as  follows: 

1.  The  shape  of  foundations  is  rectangular, 
the  base  side  ratios  of  which  are  1:1,  1:2  and 
1:3  corresponding  to  the  first  group,  second 
group  and  third  group. 

2.  The  shape  of  the  fourth  group  is  circle 
wi th  rad ius  0,28  m. 

All  tests  were  conducted  under  the  condition  of 
laboratory  in  which  a  sand  pit  was  set.  In  the 
following  a  several  main  phenomena  and 
conclusions  are  introduced. 


I.  Vertical  Vibration 


First  all,  it  must  be  pointed  out  that  the 
mechenics  model  of  Mass-Dainping-Spring  within 
the  range  of  linearity  is  adopted  as  shown  in 
Fig.l.  Meanwhile  the  following  assumptions  are 
used : 

1.  The  foundations  only  possess  inertia 

effect . 

2.  The  base  soils  only  possess  the  effecr  of 
elastisity 

3.  The  damping  of  base  coincides  with  tie 
viscous  damping  theory. 


expressed  as  follows: 


Pz  cono  l 


m 

Czfcjj  <^Kz 

Fig.l  Mechanics  Model  of 
Foundation  Vibration 


a  Z  +  CzZ  +  KzZ  =  PzCosul  (!) 

Where:  m  »  the  total  mass  of  foundation  and 
machine 

Pi ■  maximum  value  of  exciting  force 
°  “  circle  frequency  of  exciting  force 
Gz»  vertical  damping  coefficient 
Kz«  vertical  dynamic  rigidity  of  base 

Z,Z  »  the  first  and  second  derivative  of 
displacement  Z 

It  is  well  known  that  the  amplitude  A  of 
vertical  vibration  corresponding  to  equation  1 
is  as  follows: 


Pz 


According  to  the  assumptions  above,  the  equation 
of  vertical  motion  of  foundation  may  be 


1 


Where: 


X?  = 


Kz 


c 


(3) 


Dz  = 


Cz 

ija  Kz 


(4) 


The  D;  is  reffered  as  to  vertical  damping  ratio 
When  taking  derivation  of  equation  2  to  circle 
frequency  and  making  it  to  be  equal  to  zero, 
then  the  relation  between  resonance  frequency 
and  natural  frequency  is  obtained: 


Xt  = 


(5) 


The  vertical  damping  ratio  and  rigidity  of  base 
may  be  expressed  by  the  resonance  frequency 
and  amplitude  obtained: 


Dz  = 

N 


(4) 


Kz  = 


I  iDz 


(7) 


Where: 


1 

I  -  Bz 


(I) 


Bz - 


Az.SJU  -  t 
-  - - mi: 


(!) 


TABLE  I.  the  Effect  of  Foundation  Shape 

and  Its  Embedded  Depth  on  Rigidity 
and  Damping  Ratio 


Nura.of  Size  of 

Croup  Foundation 
(m) 

hm 

(m) 

Ds 

Kz 

(t/m) 

1 

0.5 

0.5  0.135 

0.00 

0.55 

880.5 

2 

0.5 

0.5  0.27 

0.00 

0.342 

864.3 

3 

0.5 

0.5  0.54 

0.00 

0.185 

1432.3 

4 

0.5 

0.5  0.81 

0.00 

0.098 

1926.8 

5 

0.5 

0.5  1.08 

0.00 

0.059 

2329.9 

5 

0.5 

0.5  1.08 

0.27 

0.130 

2626.9 

5 

0.5 

0.5  1.08 

0.54 

0.218 

3098.7 

5 

0.5 

0.5  1.08 

0.81 

0.229 

3738.0 

5 

0.5 

0.5  1.08 

1.08 

0.473 

5454.2 

6 

0.354 

0.707  0.135 

0.00 

0.531 

842.3 

7 

0.354 

0.707  0.27 

0.00 

0.367 

970.5 

8 

0.354 

C. 707  0.54 

0.00 

0.192 

1441.5 

9 

0.354 

0.707  0.81 

0.00 

0.090 

1873.6 

10 

0.354 

0.707  1.08 

0.00 

0.070 

2277.7 

10 

0.354 

0.707  1.08 

0.27 

0.122 

2582.8 

10 

0.354 

0.707  1.08 

0.54 

0.195 

2982.1 

10 

0.354 

0.707  1.08 

0.81 

0.323 

3633.3 

10 

0.354 

0.707  1.08 

1.08 

0.410 

4187.1 

11 

0.298 

0.888  0.135 

0.00 

0.513 

749.5 

12 

0.289 

0. 868  0.27 

0.00 

0.339 

910.6 

13 

0.289 

0.868  0.54 

0.00 

0.190 

18*8.0 

14 

0.289 

0.868  0.81 

0.00 

0.104 

1996.6 

15 

0.289 

0.868  1.08 

0.00 

0.067 

2477.9 

15 

0.289 

0.868  1.08 

0.27 

0.144 

2963.6 

15 

0.289 

0.868  1.08 

0.54 

0.231 

3275.3 

15 

0.289 

0.868  1.08 

0.81 

0.382 

4011.2 

15 

0.289 

0.868  1.08 

0.81 

0.382 

4011.2 

15 

0.289 

0.868  1,08 

1.08 

0.455 

4912.7 

16 

! 

R-0.28 

0.00 

0.506 

720.1 

17 

1 

R-0.28 

0.00 

0.344 

895.8 

18 

I 

R-0.28 

0.00 

0 . 1  70 

1372.7 

It  is  clearly  seen 

from 

Fig.  2 

that  i 

resonance  frequencies  are  dcscreased  with  the 
increasing  of  parameter  b.  While  the  figure  3 
shows  that  the  resonance  frequencies  are 
increased  with  the  increasing  of  embedded  ratio 
of  foundations.  It  should  be  shown  that  the 
resonance  amplitudes  are  decreased  with 
decreasing  of  b  and  increasing  of  5. 


By  analysing  the  test  data  of  vertical  vibration 
of  four  grout  foundations,  using  the  formulas 
..Dove,  the  vai  lotion  of  damping  and  rigidity  is 
obtained  as  listed  in  Table  I. 


The  variation  law  of  damping  arid  rigidity  with 
parameter  b  may  be  seen  from  Fig.*  and  Fig. 5 
for  exposed  foundations.  Furthermore,  the 
variation  of  damping  ratio  iay  be  well  expressed 
as  follows: 


In  order  to  more  clearly  show  the  amplitude 
response  in  the  whole  range  of  exciting 
frequencies,  herein  the  Ampl itude-Frequency- 
Curse  corresponding  to  the  first  group 
foundations  is  cited  as  shown  in  Fig.  2.  For 
embedded  foundations  the  curve  corresponding  to 
the  first  group  foundations  with  height  1.08  m 
is  described  in  Fig.  3.  In  these  figures  the 
parameter  b"W/'?'F',,s  ,  arid  8  «  hm/V*F  (in  which 
W-  the  total  weight  of  foundation  and  machine, "7 
-unit  weight  of  base  soil,  hm»  embedded  depth  of 
foundation  and  F-  base  area  of  foundation) 


Dz_c.24/b  (10) 

The  expression  10  is  represented  in  Fig.  4  by 
solid  line. 
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At/PX10'*i«A 


4. Or 


In  order  to  research  the  variation  law  of 
damping  and  rigidity  of  embedded  foundation  the 
following  two  parameters  are  adopted: 


Vibratio* 


FU.4  lolatlon  batveee  Verti'el  Qaael&t  Fatlo 
aad  b  aadar  Expoaad  Fouadatloa 


•  Ftrf  l  Crr**p 

•  Stu>*d  Qn*f> 

•  Qr$up 

* 

1 

r 

} 

s~ 

1 

Fic-5  Rotation  between  Vertical  Kicidity 
and  b  under  Exposed  Foundation 


a  z= 


A  2 
Azo 


<I1) 


0z  = 


Dz 

Dzo 


(12) 


Where:  Azo,  Dzo  ”  natural  frequency,  damping 
ratio  corresponding 
to  exposed  foundations 

Az,  Dz  “  natural  frequency,  damping 
ratio  corresponding 

to  embedded  foundations 

It  follows  from  18  test  foundations  that  the 
increasing  coefficients  of  f requency«,and  damping 
ratio?,are  apparently  increased  with  increasing 
of  embedded  ratio  of  foundations.  These  test 
results  are  well  described  in  Fig. 6  and  Fig. 7 
anr*  can  be  expressed  bv  following  two  formulas: 


o  z  =  0.  U«u  M 

(1)) 

pz=n«"el 

(14) 

•  Fmt  Grrfp 

•  Stu*d  <jnup 

a  TAird  itnap 

■ 

♦ 

t 

• 

Xat- 

0.14 

+1 

r.eefl, 

cl«M  *1  liNral  ««4  t»k«44«4 

•*(<*  <•!  ^•loOtlan 


•  F»*tt  \J*9+P 

6 

9  f/ll fJ 

►  -  -4-  -  * 

””  77 

- 

)r  — 

PZ±L„ 

— "1 

s 

^a-l.Oi3 

Ml 

0 

_ _ 

• 

T 

_L 

_ 

Fi«.7  Yarylm  L»»  of  Inereatlni  Coefficieot  of 
Vertical  Dr.aplm  8atio  with  Faraiater  4 


775 


By  the  analysing  above  mentioned,  two  main 
conclusions  may  be  drawn: 

1.  The  effect  of  mass  ratio  b  on  vertical 
rigidity  and  damping  ratio  of  base  should  be 
considered . 

2.  When  establishing  the  vertical  rigidity, 
damping  ratio,  increasing  coefficient  of 
frequency  and  damping  ratio,  the  base  area  of 
influence  of  base  side  ratio  between  length  and 
width  of  foundation  on  these  parameters  may  be 
ignored. 


II.  Vibrations  Accompanied  by  Simultaneous 
Rotation  and  Sliding 


If  vibration:  are  caused  by  an  exciting  moment 
and  horizontal  exciting  force,  the  equation  of 
forced  vibration  of  foundation  will  be  written 
as  follows: 


MX  to  SX*  SX  =  Px  sinul 


considering  the  model.  Thus,  the  problem  of  two 
freedom  degree  may  be  simplified  into  one  [  I  ] 
and  the  equation  of  motion  of  vibration  system 
may  be  written  as  follows: 

J, $  +  C,4>  +  K,$  =  Mi  sinrn  t  (li) 

Where: 

Ji  =  J*+  m  p* 

C,  =0{K?+K*(  P,-  hf) 

Ki  =  Kx(  pi  -  hi  )* 

Mi  =:  M  +  Px (  h  j  +  p,  ) 


where: 


f*  0  > 
0  it] 


o  _  !  Kx  -h  Kx  ) 
l -li  Kx  K  *h  Kxj 


X  - 


Px  1 
M»Px  hi 


lnwhich:  It  ■  moment  of  inertia  of  the 
foundation  mass  with  respect 
to  rotation  axis 

K»  *  horizontal  rigidity  of  base, 
kx  ‘  C,F 

Kc  -  rotation  rigidity  of  base, 

X*  -  C?I 

(x  ■  Coefficient  of  elastic  uniform 
shear  of  base 

-  coefficient  of  elastic  nonuniform 
compression  of  base 
I  -  moment  of  inertia  of  contact  base 
area  of  foundation  with  respect 
to  rotation  axis 

hz  “  distance  between  the  center  of 
gravity  of  the  mass  of  vibration 
system  and  foundation  base 
h->  *  distance  from  horizontal  force  to 
the  center  of  mass 

x,  x  ■  the  first  and  second  derivitive 
.  ,,  of  displacement  x 

'f,  9  ■  the  first  and  second  derivitive 

of  rotation  angle  cp 
0  *  proportion  coefficient  of  damping 

It  is  well  Known  that  the  solution  of  forced 
vibration  of  equation  15  is  summarised  by  the 
responses  of  the  first  and  second  vibration 
model.  But  in  order  to  establish  the  dynamic 
parameters  the  effect  of  second  vibration  model 
on  vibration  response  may  be  ignored  because 
under  the  condition  of  smaller  exciting 
frequency  which  does  not  exceed  resonance 
frequency  the  influence  of  this  model  on 
amplitude  of  vibration  is  5  «  smaller  than  that 


in  which  K  is  the  first  natural  frequency  of 
vibration  system  and  p,  is  the  rotation  radius 
corresponding  to  the  first  vibration  model. 
Tnus,  the  solution  of  the  equation  16  is 
entirely  similar  to  the  solution  of  equation  1 
which  is  omitted  herein.  From  equation  16  we  may 
establish  damping  ratio  D*,of  sliding-rotation 
vibration  and  rigidities  Kx  and  Ky  .  It  should 
be  pointed  out  that  the  following  results  of 
analysing  are  obtained  under  the  assumption  of 
<Vc<»£M,  From  this  the  rotation  radius  p,  will  be 
easily  -stablished. 

In  order  to  research  the  effect  of  shape  of 
foundation  on  sliding-rotation  vibration  the 
parameter  K  is  adopted.  The  K  is  equal  to  b/a, 
in  which  a  is  the  side  parallel  to  horizontal 
force  and  b  is  perpendicular  to  horizontal 
force . 

To  embedded  foundation  the  variation  of  rigidity 
and  damping  is  expressed,  in  the  same  way,  by 
the  increasing  coefficient  of  frequency  and 
damping  ratio,  that  is: 

Xi 


Dxy 

Dxfco 


(II) 


Where:  Xi.o  ^Xx^o «  first  natural  frequency, 
damping  ratio  corresponding 
to  hm  ■  0 

Xi,(  Xxj  =  first  natural  frequency,  dam¬ 
ping  ratio  corresponding  to 

htn  *F  0 

In  order  to  clarify  the  variation  of  amplitude 
of  vibration  with  varying  exciting  frequency  £  ( 
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in  H  )  ,  the  Fig.  8  and  Fig. 9  are  cited.  The 
Fig. 8  describes  the  relation  of  amplitude  to 
mass  ratio  b  and  exciting  frequency  under  the 
condition  of  h«  »  0.  It  follows  from  Fig. 8  that 
the  greater  the  mass  ratio  b  ,the  larger  the 
response  of  amplitude.  The  Fig. 9  describes  the 
relation  of  amplitude  to  embedded  ratio  5  of 
foundations  and  exciting  frequencies  f.  It  is 
seen  from  this  figure  that  the  greater  the 
embedded  ratio  6,  the  smaller  the  response  of 
amplitude  of  vibration. 


under  Different  Value  of  b 


FU.9  Horirontal  Anpl  itude-Fruouencr-Curvo 
under  Different  Value  of  S 


As  for  the  variation  of  rigidity  and  damping 
with  varying  b  under  the  condition  of  exposed 
foundations  the  Fig. 10  and  Fig. 11  cl  early 
describe  it  in  detail. 

Furthermore,  the  relationship  between  damping 
ratio  Dxy  and  mass  ratio  bmay  be  well  expressed 
as  follows: 


Dx  -  0.  Oi/b 


(19) 


To  embedded  foundations  the  increasing 
coefficients  of  natural  frequency  and  damping 
ratio  are  described  in  Fig. 12  and  Fig. 13. 
Furthermore,  these  coefficients  may  be,  with 
saficient  accuracy .expressed  as  follows: 


These  expressions  are  described  in  Fig. 12 
Fig. 13  in  solid  line. 
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Parameter  b  under  Exposed  foundation 


Fif.ll  Relationship  Between  Horizontal  Eisidity 
and  Paraaeter  b 


Fi«.12  Variation  of  Increasinc  Coefficient  of 
Natural  Frequency  with  5 


Fit. 13  Verlation  of  Inereasini  Coefficient  of 
Duping  Satio  with  6 


and 


(20) 


Conclusions 


According  to  the  discussion  above  the  following 
conclusions  may  be  drawn: 

1.  Under  the  condition  of  exposed  foundations 
the  horizontal  rigidity  Kx  ,  rotation  rigidity 
K9  and  damping  ratio  Dxy.o  are  not  related  to 
the  shape  of  foundation  and  its  base  side  ratio 
basically. 

2.  Under  the  condition  of  embedded 
foundations  the  increasing  coefficeent  of 
damping  ratio  is  not  related  to  the  shape  and 
its  base  side  ratio  of  foundations  in  principle. 

3.  To  the  embedded  foundations  the  increasing 
coefficient  of  natural  frequency  is  apparently 
related  to  the  foundation  shape  and  its  base 
side  ratio  The  greater  the  value  K,  the  larger 
the  increasing  coefficient  of  natural  frequency. 

4.  The  horizontal  and  rotation  rigidity  of 
base  are  markedly  related  to  mass  ratio  b.  The 
greater  the  mass  ratio  b,  the  larger  the 
rigidities . 
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SYNOPSIS:  Ground  failures  in  rugged  terrain  with  more  that  10,000ft  (3000m)  elevation  above  mean  sea  level  in  the  epicentral 

tract  of  19  January  1975  Kinnaur  earthquake  m  Himachal  Pradesh,  India,  indicate  that  most  of  the  earthquake  generated  landslides 
occur  m  surficial  cover.  The  collapse  of  such  material  on  steep  slopes  often  result  in  cascading  rock  avalanches  obliterating  roads 
and  other  constructions  lying  on  its  way.  The  accumulated  debris  during  this  earthquake  dammed  Parachu  river  creating  a  reservoir 
behind  it.  The  dislodging,  overturning  and  uplift  of  boulders  on  hill  tops  and  scabing  and  slabing  of  rocks  along  joints  and  other 
weak  zones  resulting  in  loosening,  dilation  and  crumbling  of  frozen  formations  indicate  that  seismic  waves  incident  on  rock  slope 
surface  and  near  ground  discontinuity  surfaces  filled  with  frozen  ice  on  reflection  as  tensile  stress  waves  shattered  the  ground. 
The  study  indicates  the  significance  and  desirability  of  detailed  study  of  surficial  cover  on  rock  slopes  in  mountainous  terrains 
for  evaluation  of  stability  of  hill  sides  during  earthquakes.  In  high  altitude  frozen  ground  and  rock  slopes,  seismic  stress  waves 
play  a  significant  role  in  shattering  near  surface  rock  mass. 


INTRODUCTION 

An  earthquake,  causing  severe  ground  motion  in  parts 
of  Kinnaur  and  Lahaul-Spiti  districts  of  Himachal  Pradesh 
in  Indian  Himalayan  Orogenic  belt  and  Tibetan  Plateau  border 
region,  occurred  on  January  19,  1975.  Preliminary  estimates 
of  magnitude  and  focal  depth  of  the  main  shock  from  macro- 
seismic  data  indicated  the  magnitude  6.7  and  depth  25  km 
(Singh  et  al,  1975).  The  parameters  of  this  event  as  reported 
by  National  Earthquake  Information  Service  of  USA  are: 
origin  time-08  h  02  m  02.55  (UTC),  epicentre-32.45°N;  87.43°E, 
focal  depth-normal,  and  magnitude-6.8.  Figure  1  shows  isoseis- 
mals  of  the  earthquake  in  Himachal  Pradesh  (Singh  et  al, 
1977).  In  addition  to  loss  of  life  and  damage  to  various  const¬ 
ructions  during  this  earthquake,  extensive  landslides,  rock 
falls  and  avalanches  in  the  snow  bound  and  frozen  ground 
in  the  rugged  terrain  of  the  area  with  more  than  10,000ft 
(3000m)  elevation  above  mean  sea  level,  caused  considerable 
damage  to  roads  and  structures.  Fissures  were  developed 
in  the  ground.  Greater  damage  to  the  ground  and  buildings 
was  noted  in  north-south  trending  zone  following  Parachu 
and  Spiti  river  valleys  and  the  alignment  of  major  fissures 
along  this  zone  (Fig.  2)  suggest  genetic  relation  with  a  proba¬ 
ble  tectonic  lineament  named  as  Kaurik-Chango  fault  by 
Singh  et  al  (1977).  The  earthquake  provided  an  apportunity 
to  observe  rock  slope  failures  in  high  altitude  mountainous 
area  and  study  their  probable  mechanisms. 

ROCK  SLOPE  STABILITY 


Fig.  1.  Isoseismals  (MM  intensity)  of  19 
January  1975  Kinnaur  Earthquake. 


Rock  slopes  with  critical  stability,  when  subjected  to 
strong  ground  motion,  can  undergo  irreversible  displacements, 
which  initiate  movements  leading  to  catastrophic  landslides 
and  slips.  The  rock  mass  movement  during  earthquakes  depend 
on  combination  of  factors  governed  by  the  properties  and 
the  structure  of  insitu  rock  mass  and  overlying  surficial 
material,  inclination  and  height  of  the  slope,  geohydrological 
conditions,  climate  and  the  stage  of  operative  surface  geolo¬ 
gical  processes  of  erosion  and  denudation  affecting  their 
stability.  Investigations  for  rock  slope  stability  evaluation 
are  directed  to  workout  the  general  geological  conditions 
with  reference  to  spacial  distribution  of  different  rock  forma¬ 
tions  and  rock  defects,  assessment  of  their  strength  and 
deformation  characteristics,  monitoring  of  their  behaviour 
in  the  prevailing  geomorphological,  geological  and  geohydrolo¬ 
gical  environment,  prediction  of  probable  changes  in  physical 
and  engineering  properties  as  well  as  induced  stress  (pressure) 
conditions  in  the  rock  mass  during  earthquakes  and  extreme 
hydrometeorological  conditions  and  workout  the  failure  mecha- 


Fie.  2.  General  trend  of  ground  fissures 
in  area  affected  by  1975  Kinnaur  earthquakes. 
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nism. 


(Ib) 


The  geomechanical  process  leading  to  sudden  failure  o  f 
a  rock  slope  consist  of  separation  of  volume  of  rock  mass 
from  the  bulk  of  the  relativel>  stable  rock,  and  its  outward 
and  downward  movement  from  the  hillside.  The  separated 
mass  ma>  consist  of  intact  rock  or  slowly  (creep)  deformed, 
ruptured,  fragmented  or  dilated  rockmass,  or  overlying  sedi¬ 
mentary,  glacial  or  weathered  rock  cover.  Based  on  the 
topographic  situation,  in  addition  to  sliding  on  the  surface 
of  separation  (failure)  tne  detatched  rock  volume  may  undergo 
free  fall,  collapse,  tumble  down  with  leaps  and  bounces, 
run  down  slope  or  form  a  cascading  avalanche.  The  causative 
mechanisms,  resulting  in  loss  of  strength  or  development 
of  stress  to  produce  rupture  and  sliding  (and  or  detatchment) 
of  rock  mass  or  tilting,  overturning  and  movement  of  rock 
fragments,  during  earthquakes  arc  effects  of  reflection  and 
transmission  of  propagating  seismic  stress  wave  at  major 
discontinuities  separating  intact  rock  from  relatively  loose 
rock  mass,  alluvial  and  glacial  material  or  weathered  rock 
cover  (or  rock -air  boundery),  and  inertia  forces  induced  in 
the  rock  mass  volume  on  excitation  through  interaction  of 
predominant  periods  of  strong  ground  motion.  It  is  difficult 
to  account  for  all  the  possible  factors  due  to  scanty  geological 
and  geotechnical  information.  In  many  cases  it  is  not  possible 
to  decipher  all  the  parameters  and  to  reach  definite  conclu¬ 
sions  as  the  results  of  geognostic  investigations  are  often 
open  to  various  interpretations.  Thus  relative  influence  of 
various  parameters  can  be  considered  in  landslide  studies. 
A  geologists  intuition  and  an  engineering  judgment  is  required 
in  assessment  of  the  probable  kinematics  of  landslides  in 
prevalent  geological  situations. 

Study  of  stability  of  various  segments  of  hillsides  with 
high  peaks  and  deep  valleys,  has  to  take  into  account  the 
overall  behaviour  of  the  slopes  from  the  top  of  the  moun¬ 
tain  to  the  valley  base,  as  the  operative  static  (and  dynamic) 
forces  differ  at  various  elevations.  In  the  upper  reaches 
there  is  general  splitting  and  loosening  of  rock  along  joints 
and  other  discontinue y  surfaces  during  extreme  climate, 
without  any  significant  deformation  and  alteration  of  rock 
material.  The  loosened  rock  fragments  cover  the  intact 
rock  mass  and  in  high  attitude  areas  such  material  descend 
downwards  with  snow  due  to  gravitational  creep,  avalanches, 
high  velocity  winds  or  snow  storms  forming  bare  rock  peaks. 
The  rock  scree  thus  gradually  thickens  down  slope  and  gets 
integrated  with  glacial  and  glacio-fluvial  deposits  in  the 
valleys.  In  the  lower  parts  of  the  slopes  the  rock  below  the 
scree  and  talus  material  and  other  surficial  deposits,  remain 
tightly  wedged  along  discontinuity  surfaces.  However  lateral 
strain  under  the  vertical  load  of  the  mountain  range  results 
in  outward  movement  of  the  rock  mass.  On  being  pushed 
out  the  rock  mass  undergoes  dilation  forming  a  loose  stack 
of  rock  units  (wedges)  bounded  by  relief  joints  and  openings. 
Thus  even  if  the  hillside  is  stable,  in  course  of  time  rock 
mass  may  be  pushed  out  to  slide  or  tumble  down,  along  with 
its  overlying  surface  cover,  if  any.  On  exposure  to  earthquake 
hill  side  segments  from  the  valley  base  to  the  top  would 
undergo  different  movements  resulting  from  effects  of  propa¬ 
gating  stress  wave  and  inertia  forces  induced  in  the  rock 
mass  due  to  variations  in  ground  motioi  and  characteristic 
impedencc. 

WAVE  PROPAGATION 

The  force  acting  in  the  rockmass  changes  rapidly  during 
stress  wave  propagation  and  the  pressure  acting  for  the 
particular  duration  of  time  at  a  point  creates  stress.  For 
a  one  dimensional  propagation  in  rockmass  'A1  the  force 
in  the  incident  wave  (P.)  on  the  interface  with  another  rock¬ 
mass  B,  the  force  in  trie  transmitted  wave  (P  )  in  rockmass 
B  and  force  in  the  reflected  wave  (Pf)  in  rock  mass  A  can 
be  evaluated  from  the  following  relation  (Coats,  19S7). 

Pt  =  2P./(lMi)  (la) 


Pr  =  Pj  (l-n)/(l+n) 

where  n  -  (p.  E./pg  E„)^2  or  (m,  K./mB  K^2,  p  is 
density  and  E  is  modulus  of  elestir.ity  (m  is  mass  per  unit 
volume  or  length  and  k  is  stiffness)  of  rockmass  A  and  B. 
Due  to  difference  in  wave  velocity  in  the  two  rock  masses 
the  wave  length  of  the  incident  and  reflected  waves  are 
same.  However  the  wave  length  of  the  transmitted  wave 
is  different.  From  equation  (I)  it  is  noted  that  when  ratio 
n  is  greater  than  1  wave  will  be  tensile.  The  transmitted 
wave  will  always  be  compressive.  When  n  is  less  than  1  the 
reflected  wave  will  be  compressive.  When  n  equals  infinity 
(rock-air  boundary)  the  reflected  wave  equals  the  incident 
wave  in  magnitude  and  if  the  magnitude  of  the  reflected 
tensile  force  is  greater  than  about  10  percent  of  the  compres¬ 
sive  strength,  it  will  cause  tension  fractures  resulting  in 
scabbing  of  rock.  On  such  fractures  the  detached  fragments 
would  move  in  the  direction  of  the  incident  wave  with  the 
velocity  of  the  stress  wave.  In  addition  to  longitudinal  wave 
(P-waves),  there  are  shear  waves  (S-waves)  with  particle 
motion  transverse  to  the  direction  of  the  wave  propagation 
that  arc  transmitted  through  the  rock  mass  during  earth¬ 
quakes.  Besides  the  P  and  S  waves(SV,  SH  Love  waves), 
Rayleigh  waves  (R-wave)  are  transmitted  along  the  ground 
surface  in  which  particle  vibiatc  in  a  plane  parallel  to  the 
direction  of  the  wave  propagation  and  at  right  angles  to 
the  surface  with  an  up  and  down  and  longitudinal  motion 
similar  to  waves  in  water.  The  R-wave  affect  near  surface 
ground,  and  the  depth  of  influence  can  be  calculated  from 
their  displacement  amplitude  and  frequency  records. 

DAMAGE  TO  GROUND 

Landslides,  rock  falls,  avalanches,  falling  boulders  and 
large  rock  fragments  damaged  and  blocked  roads,  broke 
telegraph  lines  and  completely  disrupted  means  of  trans¬ 
port  and  communications  in  Kinnaur  and  Lahaul-Spiti  district 
during  1975  Kinnaur  earthquake.  Most  of  the  affected  area 
lie  at  an  alitude  above  10,000ft  (3000m).  The  earthquake 
is  reported  to  have  caused  damage  across  the  Indian  border 
in  Tibet  (China).  Eye  witnesses  on  the  Indian  side  stated 
that  they  saw  Tibetan  hillocks  crumbling  with  a  deafening 
sound  in  heaps  of  debris.  On  the  Indian  side  the  severely 
affected  zone  extended  for  a  distance  of  25  miles  (40km) 
from  Kaurik  towards  south  covering  an  appioximatc  area 
of  300  sq  miles  (800  sq  km)  in  Parachu  and  Spiti  river  valleys. 

Fissures 

Villages  in  the  area  have  been  located  on  hill  slopes 
and  flat  lands  over  glacial  till  and  moraine  and  river  terra  ce 


Fig.  3.  Kaurik  village  located  on  glacial 
moraines  which  was  completely  destroyed 
large  chunks  were  dislodged  and  slipped 
at  the  crest  of  upper  terrace. 
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Fig.  4.  Buildings  constructed  on  stable  ground 
in  Kinnaur. 


Fig.  5.  Ground  fissures  which  cut  accross 
Kaurik  village. 


(F:g.  3  and  4).  Extensives  fissures  were  developed  in  the 
trozen  ground  It.  glacial  moraines  overlying  bed  rock.  Figure 
5  show  fissures  passing  through  Kaurik  village  which  was 
completely  destroyed,  and  individual  fissures  extended  to 
50  ft  to  100  ft  (15-30m)  in  length  trending  N  335°  to  N  35“ 
(Fig.  6).  Width  of  openings  varied  from  fraction  of  an  inch 
to  several  feet  (few  ems  to  a  metre)  with  down  throw  towards 
west.  A  fracture  zone  with  opening  of  4  to  6  in  (10-15  cm) 
with  individual  en  echelon  fractures  could  be  traced  over 
1100  yards  (1  km)  extending  from  the  edge  of  the  terrace 
south  of  Kaurik  village,  towards  hill  slopes  north  of  the 
village.  Fissures  in  the  ground  transverse  to  the  ridge  covered 
with  frozen  glacial  moraines  with  openings  from  a  fraction 
of  an  inch  to  6  in  (15  cm)  developed  between  Sumdoh  and 
Kaurik  with  their  general  trend  along  N  2 5“. 


Fig.  7.  Step  faults  accross  road  between 
Sumdoh  and  Kaurik. 


Figure  7  show  step  faults  accross  India.  Tibet  road  bet¬ 
ween  Sumdoh  and  Kaurik  with  fractures  trending  along  N 
350“  and  continuing  towards  hill  side,  with  openings  upto 
2  ft  (60  cm)  width  and  extending  to  depths  of  10  to  20ft 
(3  to  6m).  At  Sumdoh  fissures  overlapping  each  other  were 
observed  on  top  of  river  terrace  with  openings  upto  2  in 
(5cm)  in  width  extending  over  55  yards  (50m)  length  in  N 
40'  to  N  60“  directions.  Carbonaceous  shales  on  left  bank 
of  spiti  river  near  Shalkar  developed  fractures  along  prexisting 
north  -  south  trending  vertical  joints.  Similar  vertical  to 
steeply  dipping  fractuies  trending  N  35“  to  N  5“  were  obser¬ 
ved  in  lacustrine  clay  deposits  with  opening  upto  6  in  (15 
cm)  in  width,  and  tabular  slabs  of  clay  were  dislodged  from 
vertical  cliff  transverse  to  such  fractures.  Similar  fractures 
trending  N-S,  were  observed  in  limestones  at  a  distance 
of  2.5  miles  (4km)  from  Shalkar. 

Fig.  8  shows  iracture  trending  N  20“  with  down  throw 
towards  east  in  river  bed  of  Spiti  between  chango  and  Mailing. 
Extenjive  fractures  developed  in  glacial  moraines  lorming 
flat  ridge  near  Leo,  and  width  of  fissures  varried  upto  2.5 
ft  (75cm)  with  their  trend  towards  N  345“.  Similar  fractures 
were  noted  on  hill  slopes  above  Leo  village  with  a  trend 
towards  N  10“.  Figure  2  show  the  general  trend  of  ground 
fissures  observed  at  various  locations. 


V‘  ,» 
.  ’  ■ 

Fig.  6.  En  echelon  ground  iLsures  (partly 
covered  by  subsequent  snowfall)  near  Kaurik 
village. 


ROCK  SLIDES 

Innumerable  instances  of  sliding  and  fall  of  blocks  of 
frozen  g'icial  moraines  from  the  crest  of  the  terraces  (Fig. 
3)  were  observed  in  the  macroseismic  tract.  Major  rock 
slides  occurred  along  hill  slopes,  which  continued  for  several 
days  during  moderate  afteishoeks.  The  badly  affected  regions 
were  beyond  Mailing,  where  in  rock  falls,  landslides  and 
rock  avalanches  damaged  roads  and  disrupted  traffic  along 
India-Tibet  road  and  at  many  locations  the  road  was  coinp- 
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Fig.  14.  Bending  ol  telegraph  pole  resulting 
from  impact  of  flying  roc!c  fragments. 


Fig.  15.  Large  boulder  fallen  on  road  pave¬ 
ment  between  Mailing  and  Chango.  Landslide 
in  the  back  ground  has  obliterated  the  road. 


Ictely  destroyed.  Flat  topped  hill  slopes  in  glacial  moraines  - 

developed  extensive  cracks,  indicating  initiation  of  failure  J 

of  slope  towards  .ne  valleys.  Similar  fissures  were  obser¬ 
ved  parallel  to  road  pavement  on  glacial  moraines  with  wide 
openings  upta  2Cm  (50cm)  in  width.  Loosening  of  rock  mass 
along  prexisting  joints  and  fissures  was  noted  on  hill  slopes. 

Figure  9  shows  separation  of  rock  mass  along  pre-exting 
discontinuity  surfaces  (bedding  and  joints)  and  sliding  of 
a  rock  wedge  in  carbonaceous  shales  with  rock  debris  fall 
at  its  botton  on  India-Tibet  road  between  Shalkar  and  Surndoh. 

However  such  failure  were  of  small  size  and  very  few  in  i 

number  and  in  general  insitu  rock  mass  remained  stable 
during  the  earthquake.  Widening  of  relief-  joints  was  observed 
in  cuttings  transverse  to  hill  slopes.  Figure  10  shows  loosening 
of  rock  mass  and  widening  of  openings  during  the  earthquake 
along  relief  joints  in  hill  slope  cutting  near  Kah  between 
Khab  and  Mailing.  Loosening  and  readjustment  of  rocks  resul¬ 
ted  in  changing  the  seepage  outlets  in  some  of  the  surface 
springs  in  the  area.  Figure  11  shows  the  outlet  of  a  spring 
in  limestone  near  Shalkar  village,  which  ceased  to  flow  due 
to  readjustment  along  joints.  This  spring  has  emerged  due 
to  opening  of  joints  at  a  lower  elevation  after  the  earthquake.  j 

Overturning  and  sliding  of  boulders  and  rock  blocks 
at  the  top  of  riuges  (Fig.  12)  and  steep  slopes  took  -place 
by  development  of  tension  cracks.  Seismic  stress  waves 
incident  at  the  frozen  ground  surface  on  reflection  as  tensio- 
nal  stress  wave  shriveled  and  blighted  the  frozen  ground 
and  rockmass.  The  resulting  scabbing  and  slabbing  of  rock 
mass  along  joints,  partings  and  other  weak  planes  caused 
loosening,  dilation  and  crumbling  cf  hill  sides,  often  with  ’ 

deafening  sounds  in  heap  of  debris.  The  reflected  tensile 
stress  wave  caused  separation  along  discontinuity  surfaces  j 

filled  with  frozen  ice  and  weathered-  material,  frozen-glacial  ] 

maraines  and  fluvio  glacial  deposits  forming  flat  terraces 
and  mounds  along  the  river  valleys  developed  similar  tension 
fractures  resulting  in  dislodging,  overturning  and  heaving 
up  of  large  boulders  (Fig.  13)  and  chunks  of  rock  mass.  Boul¬ 
ders  at  hill  tops  were  reported  to  toss  up  and  down.  Frag¬ 
ments  from  steep  rock  slopes  on  rupture  flew  off  with  seismic 
(P-wave)  velocity  and  hit  telegraph  poles  (fig.  14),  trees 
and  roof  tops  and  some  of  the  flying  fragments  pierced  thro¬ 
ugh  telegraph  poles.  Large  dislodged  boulders  and  chunks 
of  rock  at  many  places  fell  on  road  (Fig.  15)  disrupting  and 
damaging  hillside  and  roadside  houses  (fig.  16). 

The  fragmentation  depending  on  nature  and  spacing  I 

and  attitudes  of  prexisting  discontinuity  planes  in  insitu  ; 

rock  and  thickness  of  frozen  ice  and  ground  composed  of 
glacial  and  glaciofluvial  material  produced  loose  tabular  j 


Fig.  16.  Collapse  of  check  post  at  Shalkar 
on  India-Tibet  road.  Big  boulder  rolling 
down  from  hill  slope  caused  collapse  of 
the  building. 


Fig.  17.  Rock  avalanche  debris  in  quartzites 
along  India-Tibet  road  between  Chango 
and  Shalkar. 
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Fig.  18.  Catastrophic  failure  of  slopes  along 
India-Tibet  road  in  weathered  and  jointed 
grant  ic  gneisses. 


Fig.  19.  Landslide  in  thinly  foliated  phyllitic 
schist  (covered  by  subsequent  snow  fall) 
on  India-Tibet  road  between  Chango  and 
Shalkar. 


Fig.  20.  Formation  of  debris  dam  accross 
Parachu  river  between  Sumdoh  and  Kaurik. 


Fig.  21.  The  new  path  carved  out  by  Parachu 
river  on  the  left  of  Its  original  course. 
Fissures  are  observed  on  the  right  hand 
side  of  the  photograph. 


and  prismatic  slabs  of  clay,  carbonaceous  shales,  phyllites, 
quartzites,  schists,  genisses,  and  unconsolidated  materials, 
which  cascaded  along  the  hill  slopes  (fig.  17)  obliterating 
the  roads  and  other  constructions  lying  on  its  way.  Such 
surface  runs  and  rock  avalanches  caused  extensive  damage 
to  the  India-Tibet  road,  which  disrupted  rescue  and  relief 
operations.  There  were  catastrophic  failures  and  landslides 
along  a  four  kilometer  stretch  of  the  road  on  the  right  bank 
of  Spiti  river  (fig.  18)  and  in  some  stretches  the  road  was 
completely  obliterated.  Such  slopes  were  composed  of  variety 
of  thinly  bedded  carbonaceous  shales  with  close  spaced  joining, 
quartzites,  phyllitic  schists,  and  granite  gneisses.  Fig.  19 
shows  landslide  mass  in  thinly  covered  folliated  phyllitic 
schists  which  entombed  three  ponies  and  a  cow  moving  on 
the  road  which  was  completely  destroyed. 

Majority  of  catastrophic  hill  side  failures  were  in  steep 
rock  slopes  with  surficial  cover  of  scree  material  and  loose 
fragmented  aggregates,  which  in  general  had  negligible  soil 
and  vegetal  cover.  Due  to  the  dynamic  amplification  of 
ground  motion  at  the  hill  tops,  sliding,  overturning  and  rolling 
of  rock  fragments  initiated  the  slip  at  the  higher  elevations 
which  gathered  momentum  in  their  descent  hitting  and  dislod¬ 
ging  other  rock  pieces  and  such  bombordment  gradually  grew 
into  a  large  mass  hurling  down  slope  with  great  speed  forming 
huge  rock  debris  in  the  valley  base.  Parachu  valley  was 
filled  by  such  a  debris  from  its  right  bank  at  a  location 
between  Sumdoh  and  Kaurik  (fig.  20).  The  debris  filled  the 
valley  upto  a  height  of  about  200  ft  (60m)  and  blocked  the 
flow  of  water  creating  a  reservoir  behind  it.  The  debris 
dam  of  about  200  ft  height  and  500  ft  (150m)  in  length  was 
formed.  The  water  started  overflowing  the  debris  in  about 
six  days  and  carved  out  a  channel  (fig,  21)  shifting  the  course 
of  Parachu  by  about  200  to  250ft  (60-75m)  from  its  original 
course  towards  its  left  bank  within  the  flood  plain  of  the 
valley.  The  newly  created  meander  joined  the  original  course 
of  the  river  at  a  distance  of  about  1500ft  (450m).  Fissures 
forming  linear  scarps  with  up  throw  of  20-40m  (50-100cm) 
were  formed  in  the  river  bed  (fig.  21). 

CONCLUSIONS 

Evaluation  of  rock  slope  stability  during  earthquakes 
is  an  essential  excercise  in  implementation  of  development 
plans  in  active  mountainous  regions.  Rock  slopes  carved 
out  by  geological  processes  in  general  have  surficial  cover 
of  varying  thickness.  Steep  slopes  and  narrow  valleys  with 
such  loose  rock  overburben  undergo  mass  movements  causing 
extensive  rock  avalanches,  rock  falls  and  slides  in  which 


the  failure  in  general  is  restricted  within  surficiai  material 
and  loose  rock,  and  insitu  rock  forming  the  bulk  of  the  hill 
mass  remains  stable  during  earthquakes.  The  nature  and 
extend  of  such  cover  convds  the  loaning  of  slope  material 
and  its  movement  during  earthquakes,  in  high  altitude  frozen 
ground  or  massive  rock  slope  surface  the  incident  seismic 
stress  wave  play  a  significant  role  in  shattering  the  near 
surface  rock  mass  and  in  detatchment,  overturning,  uplifting, 
sliding  or  fall  of  boulders  or  chunks  of  rock  from  hill  tops, 
higher  readies  of  rock  slopes  and  -crest  of  terraces. 
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SYNOPSIS:  Wappapello  Dam  was  constructed  in  1938  near  the  New  Madrid  seismic 

in  the  dam  foundation  led  to  concern  for  liquefaction  and  embankment  sliding  a  large  earthquake 
were  to  occur.  However,  it  was  also  recognized  that  the  operation  of  the  da®  for  flood  contrl 
results  in  relatively  lew  reservoir  levels  the  majority  of  the  time,  substantially  reducing  the  risk 
of  earthquake-induced  flooding.  Because  of  these  factors,  a  probabilistic  analysis  was  d 

assess  the  likelihood  of  the  combination  of  required  events  leading  to  ar.  earhquak^-induced  pool 
release.  Results  of  such  analyses  provide  better  information  on  which  to  make  bo_h  quantitative  and 
qualitative  judgements  regarding  remedial  action. 


INTRODUCTION 

Wappapello  Dam  is  a  flood  control  dam  in  south¬ 
eastern  Missouri,  near  the  Hew  Madrid  seismic 
region.  Its  location  is  shown  in  Figure  1.  The 
dam  consists  of  a  compacted  earth  embankment 
with  a  concrete  outlet  conduit  and  a  concrete 
overflow  spillway.  The  New  Madrid  series  of 
earthquakes  in  1811  -  1812  was  among  the  largest 
and  most  prolonged  sequence  of  seismic  events  on 
record.  The  dam  was  designed  and  constructed  in 
the  late  1930* s,  before  the  development  of 
modem  procedures  both  to  analyze  embankment 
stability  during  earthquakes  and  to  consider 
defensive  design  alternatives.  Nevertheless, 
some  defensive  measures  were  provided  in  the 
dam,  such  as  flat  embankment  slopes  and  excess 
freeboard.  A  portion  of  the  dam  is  underlain  by 
loose  sands  for  which  liquefaction  is  a  concern. 
Liquefaction  of  these  sands  could  induce  an  em¬ 
bankment  slide,  in  turn  causing  a  pool  release. 
Because  of  these  concerns,  the  safety  of  Wappa¬ 
pello  Dam  during  earthquakes  was  reviewed  by  its 
owner,  the  U.S.  Army  Corps  of  Engineers  (CE) , 

St.  Louis  District. 

The  risk  of  an  earthquake-induced  pool  release 
at  Wappapello  is  tempered  by  the  fact  that  a 
combination  of  rare  or  unlikely  events  must 
first  occur.  The  occurrence  of  an  earthquake 
producing  sufficient  acceleration  to  cause 
liquefaction  is  itself  a  rare  event.  Secondly, 
a  sufficiently  high  pool  level  is  unlikely.  The 
pool  level  is  usually  maintained  as  much  as  60 
feet  (ft)  below  the  dam  crest  to  provide  storage 
for  flood  control  operations.  Higher  pool 
levels  occur  during  extremely  rainy  periods,  but 
even  at  spillway  level  the  pool  is  25  ft  below 
the  dam  crest.  Water  has  flowed  over  the  spill¬ 
way  only  once  in  the  dam'‘s  50  year  history. 
Thirdly,  if  a  liquefaction-induced  slide  did 
occur,  the  slide  scarp  elevation  is  uncertain. 
For  a  pool  release  to  occur,  a  high  pool  level 
and  a  low  upstream  scarp  elevation  must  occur 
simultaneously.  If  the  remnant  embankment  was 
sufficiently  higher  than  the  pool,  a  pool  re¬ 
lease  would  not  occur  even  though  a  slope 
failure  occurred. 


The  likelihood  of  the  combination  of  requisite 
rare  events  was  assessed  by  a  probabilistic 
analysis.  The  results  of  such  an  analysis 
provide  an  improved  information  base  when  de¬ 
ciding  on  the  most  appropriate  and  economic 
remedial  action.  The  analysis  considered  un¬ 
certainty  regarding  earthquake  magnitude,  un¬ 
certainty  regarding  pool  elevation  at  the  time 
of  earthquake,  and  uncertainty  regarding  the 
scarp  elevation  of  a  possible  slide. 


SUBSURFACE  INVESTIGATION 

A  typical  embankment  cross-section  and  gener¬ 
alized  subsurface  profile  for  Wappapello  Dam  are 
shown  in  Figure  2.  The  embankment  materials  are 
clayey  sand  and  clayey  gravel.  Foundation  ma¬ 
terials  consist  of  alluvial  deposits  from  the 
St.  Francis  River  overlying  Ordovician  dolomite 
and  sandstone.  Detailed  subsurface  cross- 
sections  were  constructed  from  the  original  and 
newly-obtained  foundation  information.  Existing 
information  included  results  from  63  borings 
made  for  design  in  the  late  1930's,  an  extensive 
subsurface  investigation  made  by  the  CE,  Memphis 
District  in  the  late  1970's,  and  geophysical 
investigations  were  conducted  by  the  CE,  Water¬ 
ways  Experiment  Station  in  1981  and  St.  Louis 
District  in  1934.  New  investigations  made  for 
the  present  assessment  included  20  standard  pen¬ 
etration  test  (SPT)  borings  with  hammer  energy 
measurements  and  electrical  borehole  logging. 
Menard  pressuremeter  testing  was  performed  in 
four  of  the  borings.  Geophysical  investigations 
included  electrical  resistivity  profiling  and 
crosshole  seismic  studies.  Laboratory  invest¬ 
igations  included  classification  testing, 
triaxial  testing  on  cohesive  materials,  and 
cyclic  triaxial  tests  on  foundation  sands  with 
measurements  of  pore  pressure  response. 


SEISMOLOGICAL  STUDIES 

A  very  detailed  seismological  investigation  was 
conducted  by  the  St.  Louis  District,  which  is 
only  briefly  summarized  here.  Several  earth¬ 
quake  source  zones  have  a  potential  effect  on 
ground  motion  at  Wappapello  Dam,  although  the 
New  Madrid  zone  is  the  most  significant.  Source 
zones  in  the  region  have  been  identified  by 
USAED,  1981,  and  Hempen,  et.  al.  1981;  the 
source  zones  are  shown  in  Figure  1.  Magnitude- 
recurrence  relationships  for  these  zones  were 
previously  developed  by  the  st.  Louis  District 
(USAED,  1981) .  A  probabilistic  seismic  analysis 
program  (McGuire,  1976)  was  utilized  that  simul¬ 
taneously  considered  randomness  of  earthquake 
size,  randomness  of  the  earthquake  location 
within  the  zone,  and  distance  from  the  dam  to 
the  earthquake  location.  Modified  Mercalli 
Intensity,  horizontal  acceleration,  and  particle 
velocity  at  the  site  for  specific  probability 
values  were  determined  with  published  recurrence 
formulas  for  intensity,  acceleration,  and  vel¬ 
ocity.  Several  attenuation  relationships  were 
considered  in  developing  the  expected  site 
accelerations.  The  acceleration  values  assigned 
for  the  site  are  shown  in  Table  l. 

The  probabilistic  ground  motion  evaluation  est¬ 
imates  vibration  parameters;  it  does  not  yield 
unique  magnitude  values  at  specific  distances. 
Specific  magnitude  values,  required  for  another 


portion  of  the  analysis,  were  developed  from  the 
inverse  of  the  attenuation  functions  with  the 
probabilistic  ground  motion  data  for  an  event  30 
miles  from  the  site.  This  distance  is  the 
closest  approach  of  the  New  Madrid  Fault  to  the 
dam  site.  The  resulting  equivalent  magnitudes 
are  also  shown  in  Table  1.  The  earthquake  mag¬ 
nitudes  are  more  uniform  in  the  body-wave  scale, 
but  appear  to  rise  rapidly  for  great  earthquakes 
in  the  Richter  scale.  Note  that  the  increase  in 
acceleration  with  longer  return  periods  is 
systematic. 


TABLE  1.  Seismologic  Recurrence  Relationships. 


Return 

Period 

(yrs) 

Annual 

Exceedance 

Risk 

Peak 

Bedrock 

Acceleration 

(%<J) 

Equivalent 
Richter 
Magnitude, 
M,  at  30  mi 

50 

0.02 

11 

5.5 

100 

0.01 

15 

6.0 

250 

0.004 

20 

6.7 

500 

0.002 

25 

6.9 

800 

0.0013 

28 

7.3 

1,000 

0.0010 

30 

8.3 

788 


Figure  2.  Generalized  Cross  Section  of  Embankment  and  Foundation. 


LIQUEFACTION  POTENTIAL 

The  most  plausible  potential  failure  mode  was 
considered  to  be  liquefaction  of  certain  loose 
foundation  sands.  Liquefaction-induced  settle¬ 
ment  was  of  little  concern  as  the  maximum 
possible  differential  settlement,  assuming  a 
volume  reduction  to  the  minimum  void  ratio,  was 
estimated  to  be  less  than  a  foot.  Pool  release 
caused  by  structural  failure  of  the  gated  spill¬ 
way  or  outlet  conduit  was  not  considered  in  the 
present  analysis.  Liquefaction  could,  however, 
trigger  a  slide  through  the  embankment  which 
could,  in  turn,  result  in  an  uncontrolled  pool 
release.  Thus,  the  potential  for  liquefaction 
to  occur  is  the  controlling  embankment  defect  to 
be  evaluated. 

The  Seed  and  Idriss  (1981)  method  was  used  to 
assess  liquefaction  potential.  This  method  re¬ 
quires  a  specific  value  for  Richter  magnitude, 

M.  The  required  magnitude  values  were  obtained 
from  the  probabilistic  accelerations  and  the 
attenuation  formulae  for  a  causative  event  30 
miles  from  the  site. 


The  liquefaction  analysis  also  requires  the 
standard  penetration  resistance  or  N  value. 

Seed,  et.  al.  (1985) ,  recommended  an  energy 
ratio  of  60%  for  standardization  when  inter¬ 
preting  N  values  for  liquefaction  assessments. 
On-site  measurements  of  the  energy  delivered  in 
the  SPT  indicated  an  average  energy  ratio  of 
54%.  The  energy  correction  for  the  test  results 
at  the  site  would  then  be: 

N(60)  =  N  x  (54/60)  =  0.9  N  (1) 

However,  Seed  et.  al.  (1985)  also  recommend  a 
10%  increase  in  measured  blowcount  for  the  ASTM 
sampler  used.  Although  this  sampler  has  the 
standard  1-3/8  inch  shoe,  the  barrel  is  enlarged 
to  accept  liners,  which  reduces  the  driving  re¬ 
sistance.  The  two  corrections  nearly  cancel, 
allowing  N(60)  to  be  taken  as  N.  Corrections 
were  also  applied  to  the  N  values  to  account  for 
overburden  stress  and  the  presence  of  fines  in 
the  sand. 


Results  of  the  liquefaction  analyses  indicated 
that  Modern  Point-Bar  sands  on  the  inside  of  the 
old  river  bend  between  dan  stations  11+50  and 
13+00  and  above  elevation  300  ft  (National  Geo¬ 
detic  Vertical  Datum)  would  be  susceptible  to 
liquefaction  under  cyclic  shear  stresses  gen¬ 
erated  by  the  800  year  earthquake. 


EMBANKMENT  STABILITY  ANALYSES 

The  plausible  nodes  of  pool  release  induced  by  a 
significant  earthquake  are  piping  through  the 
embankment  and  flow  over  the  remnant  embankment 
following  an  embankment  slide.  Piping  through 
the  cohesive  embankment  and  undermining  of  the 
foundation  materials  is  considered  highly  un¬ 
likely,  because  of  the  long  path  length  required 
to  produce  a  catastrophic  water  discharge.  The 
embankment  slope  is  so  flat  that  inertial  forces 
from  the  earthquake  would  not  induce  a  slide  on 
a  stable  foundation.  A  slide  can  be  caused  by 
liquefaction  of  the  loose,  Modem  Point-Bar 
sands  in  the  unmodified  foundation  of  the  dam. 

A  series  of  slope  stability  analyses  were  per¬ 
formed  representing  the  range  of  possible  earth¬ 
quake  events  and  failure  arcs.  The  analyses 
utilized  the  Simplified  Bishop  method  and  con¬ 
sidered  the  development  of  excess  pore  pressure 
in  the  Modem  Point-Bar  sands  prior  to  lique¬ 
faction.  The  analyses  used  undrained  strengths 
in  the  cohesive  embankment  and  foundation  mate¬ 
rials  and  used  drained  strengths  with  specified 
pore  pressures  in  the  foundation  sands.  The 
presence  of  gravel  in  the  embankment  precluded 
conventional  undisturbed  sampling  and  laboratory 
testing.  Based  on  the  results  of  Menard 
pressuremeter  testing,  and  undrained  strength  of 
3000  pounds  per  square  foot  was  used  for  anal¬ 
ysis.  The  drained  friction  angle  was  taken  as 
28  degrees  for  the  Modem  Point  Bar  sands  and  35 
degrees  for  the  underlying  alluvial  sands. 

Bedrock  motions  for  the  250,  500,  and  800  year 
events  were  modeled  using  historic  strong  motion 
records  from  other  sites  with  similar  peak  vel¬ 
ocities.  Minor  scaling  of  the  records  was  done 
to  match  peak  acceleration  values  predicted  from 
the  seismologic  analysis.  The  foundation  and 
embankment  motions  were  obtained  from  the 
bedrock  motions  using  the  computer  program  SHAKE 
(Seed,  et.  al.,  1975).  The  SHAKE  program  was 
also  used  in  conjunction  with  the  cyclic  triax- 
ial  testing  to  assess  the  pore  pressure  ratio, 
ru,  that  would  develop  in  the  sand  for  various 

events.  To  make  such  an  assessment,  the  number 
of  Equivalent  loading  cycles,  ngg,  for  a  par¬ 
ticular  shaking  event  (based  on  the  induced 
shear  stress  predicted  by  SHAKE)  was  divided  by 
the  number  of  cycles  to  failure  (initial 
liquefaction),  n^.  The  resulting  ratio, 

was  then  related  to  the  pore  pressure  ratio,  ru, 

using  the  laboratory  test  data. 

Relationships  between  factor  of  safety  (FS)  and 
scarp  elevation  were  developed  for  each  event 
from  the  stability  analyses.  For  the  500  year 
event,  the  minimum  FS  obtained  was  1.02,  indi¬ 
cating  a  just  stable  imminent  sliding  condition. 
For  the  800  year  event,  factors  of  safety  as  low 


as  0.03  were  obtained,  and  sliding  is  expected 
to  occur.  Therefore,  the  annual  risk  of  a  slide 
induced  by  liquefaction  or  high  excess  pore 
pressure  is  slightly  less  than  1  in  500. 


INTEGRATED  PROBABILISTIC  ANALYSIS 

The  likelihood,  or  chance,  of  a  pool  release 
caused  by  an  earthquake  is  the  multiple  of 
several  events:  all  chances  of  a  significant, 
nearby  earthquake  times  the  probability  that 
particular  earthquakes  produce  embankment 
defects  times  the  likelihood  of  an  embankment 
slide  due  to  any  earthquake-induced  defect  times 
the  probability  that  the  pool  may  be  cata¬ 
strophically  released  by  the  embankment  slide. 
The  critical  defect  that  may  be  caused  by  a 
large  earthquake  is  foundation  liquefaction.  An 
embankment  slide,  in  turn,  may  be  "the  outcome  of 
a  large  liquefied  volume  within  the  foundation. 
Further,  a  substantial  discharge  is  likely  only 
for  a  pool  level  at,  or  exceeding,  the  remnant 
embankment  following  a  slide.  The  remnant  slide 
will  be  described  as  the  upper  elevation  of  the 
scarp  plane  contact  with  the  remaining 
embankment  slope  face. 

An  earthquake-induced  pool  release  for  Wappa- 
pello  Dam  will  occur  only  if  an  embankment  slide 
is  triggered  by  liquefaction  and  the  reservoir 
pool  elevation  is  at,  or  above,  the  resulting 
slide  scarp.  Lake  Wappapello  has  an  unusually 
large  amount  of  freeboard,  typically  60  ft,  or 
75%  of  the  dam's  total  height.  This  results  in 
a  considerable  likelihood  that  the  pool  would  be 
retained,  even  if  the  embankment  was  unstable 
during  larger  earthquakes.  The  occurrence  of  a 
slide  without  a  pool  release  is  of  significantly 
less  concern  than  a  pool  release. 

The  probability  of  pool  release  can  be  math¬ 
ematically  expressed  in  a  form  similar  to  the 
previously  expressed  narrative. 

Pr(PR)  = 


J Pr((PE>SE) |SL)  x  Pr(SL|M)  x  Pr(M)  dM 
all  M  (2) 

where: 

Pr(x)  is  the  probability  of  event  x, 

PR  is  the  event  of  a  pool  release, 

PE  is  the  pool  elevation, 

SE  is  the  slide  scarp  elevation, 

SL  is  the  event  of  an  earthquake-induced  slide, 
M  is  the  earthquake  event  of  magnitude  M, 
and  |  is  read  "given." 

The  probability  of  a  given  earthquake  magnitude, 
Pr(M),  was  determined  by  using  the  annual 
exceedance  risk  from  Table  1  as  a  cumulative 
distribution  function  (cdf)  for  earthquake 
magnitude.  Interval  differences  from  this  cdf 
were  taken  to  develop  an  equivalent  discrete 
probability  distribution  of  shaking  events. 

Each  considered  event  may  occur  in  a  given  year 
with  the  interval  probability  in  Table  2. 
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TABLE  2.  Probability  of  Discretized  Earthquake  Events. 


Return 

Period 

Richter 

Interval 

Annual 

Interval 

Interval 

Magnitude 

Limit 

Exceedance 

Probability 

Midpoint (yrs) 

H 

(yrs  ) 

Probability 

all  <350 

350 

.0029 

.993 

500 

6.9 

630 

. 00159 

.0013 

300 

7.3 

900 

.00111 

.00048 

1,000 

8.3 

1,400 

.00071 

.00040 

2,000 

>  S.3  or 

.00071 

closer 
to  site 

all>  1,400 

The  probability  cf  a  slice  occurring  for  a  given 
level  of  shaking  or  magnitude,  Pr  (SL|M),  is: 

Pr(SL|M)  =  Pr(SL|LQ)  x  Pr(LQ|M)  (3) 

where  LQ  is  the  occurrence  of  liquefaction. 

The  probability  of  liquefaction  for  a  given  raag- 
nitude,  Pr(LQ|K) ,  is  quite  high,  but  not  100%, 
for  events  equal  to  and  exceeding  the  500  yr 
earthquake.  This  probability  was  assumed  to  be 
0.95.  This  was  a  subjective  assessment,  but  is 
conservative  since  distance  of  the  event  to  the 
site  is  not  considered:  the  distance  to  the 
epicenter  could  be  great. 

The  probability  of  a  slide  given  that  lique¬ 
faction  occurs,  Pr(SL|K>),  is  likewise  high  and 
was  assumed  to  be  0.90. 

Given  that  a  slide  occurs,  the  probability  of 
the  pool  elevation  exceeding  the  scarp  elevation 
is  the  convolution  of  the  two  respective  prob¬ 
ability  density  functions,  f^,  with  respect  to 

the  scarp  elevation,  (SE) .  The  mathematical 
expression  is  equivalent  to  that  given  by  Ang 
and  Tang  (1984)  and  Frudenthal,  et.  al.,  (1966) 
for  the  probability  of  failure  in  the  capacity- 
demand  problem: 


Pr( (PE>SE) |SL)  = 


dam  crest 

(  1  -  fpg(SE) ]  fSE(SE)  dSE 


uai 

/ 


SE_ 


(4) 


If  discrete  intervals  are  made  from  the  set  of 
possible  scarp  elevations  each  with  probability 
Pr(SE|SL),  this  becomes: 


Pr( (PE>SE) |SL)  = 
dam  crest 

Pr(PE>SE)  x  Pr(SE|SL)  (5) 


The  probability  of  a  slide  and  the  probability 
of  the  scarp  elevation  are  functions  of  the 
earthquake  magnitude.  Thus,  equation  (2)  was 
integrated  over  the  range  of  possible  earthquake 
magnitudes.  To  facilitate  numerical  integra¬ 
tion,  the  range  of  earthquake  magnitude  or 
"size"  was  converted  to  discrete  averages  of 
500,  800,  1,000,  and  2,000  year  events.  These 
events  are  considered  representative  of  the 
entire  interval  between  their  logarithmic  av¬ 
erages  as  shown  in  Table  2.  All  events  in  the 
range  of  interest  are  treated  as  one  of  these 
discrete  events.  For  events  with  return  periods 
less  than  350  years,  liquefaction  (and  thus  an 
embankment  slide)  is  not  expected  to  occur.  For 
events  with  return  periods  larger  than  the  table 
values,  a  discussion  of  the  maximum  credible 
earthquake  and  probability  theory  beyond  the 
scope  of  this  paper  is  necessary.  The  estimates 
for  events  of  greater  return  periods  do  not 
affect  the  calculations.  Equation  (2)  is  then 
summed  over  the  discrete  set  of  possible  events. 

A  conditional  probability  density  function  for 
the  scarp  elevation,  fgE,  was  developed: 

obviously,  given  that  a  slide  occurs.  The 
construction  of  fg„  is  dependent  upon  three  el¬ 
evations:  the  highest,  lowest  and  the  most  like¬ 
ly  scarp  elevations.  The  highest  and  lowest 
scarp  elevations  were  assumed  to  correspond  to  a 
low  FS  sliding  condition,  FS  <  1.1,  or  the  top 
of  the  dam.  The  most  likely  scarp  elevation  was 
assumed  to  occur  at  intersection  of  the  failure 
arc  for  the  lowest  FS  and  the  face  of  the  em¬ 
bankment.  A  triangular  probability  density 
function  was  assumed.  A  different  density 
function  was  constructed  for  each  of  the  three 
earthquake  magnitudes  of  Table  2  based  on  the 
results  of  the  slope  stability  analyses. 

The  probability  density  function  for  the  pool 
elevation  relative  to  the  slide  scarp  elevation, 
f  (SE) ,  was  constructed  from  historical  records 

of  the  pool  since  impoundment.  Seventy  percent 
of  the  time  the  freeboard  exceeds  60  ft.  The 
freeboard  exceeds  45  ft  90%  of  the  time,  and 
exceeds  36.5  ft  99%  of  the  time.  Taking  differ¬ 
ences  between  exceedance  probabilities  between 
two  pool  elevations  gives  the  probability  of  the 
pool  being  in  that  respective  range. 


Comparison  of  Probability  Density  Functions 

for  Pool  and  Slide  Scarp  Elevations 
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Figure  3.  Comparison  of  Probability  Density  Functions  for 
Slide  Scarp  and  Pool  Elevations. 


The  density  functions  for  pool  elevation, 
fpE(SE),  and  scarp  elevation  for  the  1,000  year 

event,  fgE#  are  compared  in  Figure  3.  The 

shaded  region  of  overlap  between  the  two  distri¬ 
butions  is  the  region  where  the  pool  can  exceed 
the  scarp  and  pool  release  can  occur.  The  con¬ 
volution  in  Equation  (4)  is  explained  as 
follows:  for  any  scarp  elevation,  the  con¬ 
ditional  probability  of  the  pool  elevation 
equalling  or  exceeding  the  scarp  elevation  is 
the  area  of  the  pool  elevation  density  function 
above  that  scarp  elevation.  To  obtain  the  total 
probability  of  the  pool  being  at  or  above  the 
aggregate  scarp  elevations,  the  conditional 
probabilities  at  each  elevation  possible  are 
multiplied  by  the  corresponding  slide  scarp 
probability,  and  the  products  integrated  over 
the  range  of  scarp  elevations.  This  integration 
is  performed  numerically  by  treating  the  pool 
and  scarp  elevations  as  a  series  of  discrete 
elevations,  and  summing  the  products. 

The  total  annual  risk  of  pool  release  is  the 
combination  of  determined  probabilities  for  all 
factors  (Equations  (3)  and  (5)),  substituted  in 
Equation  (2)  for  each  magnitude  event.  However, 
if  annual  interval  probabilities  were  used, 
Equation  (2)  would  yield  the  probability  that 
the  earthquake  and  high  pool  occur  in  the  same 
year.  It  is  assumed  that  the  pool  must  be  high 
on  the  same  day  that  the  earthquake  occurs  for 
pool  to  be  released.  Therefore,  the  interval 
probabilities  are  converted  to  daily  prob¬ 
abilities.  Equation  (2)  then  yields  the  daily 


probability  of  pool  release.  The  daily 
probabilities  are  then  converted  to  annual  risks 
using  the  binomial  distribution. 


RESULTS  AND  CONCLUSIONS 

The  annual  risk  of  an  "800  year  earthquake" 

(  l  in  800  )  is  much  larger  than  the  risk  of  a 
pool  release  caused  by  such  an  event.  The  total 
annual  risk  of  pool  release  due  to  all 
earthquake-caused  embankment  slides,  was  found 
to  be  on  the  order  of  1  in  180,000. 

The  results  of  this  probabilistic  assessment  can 
be  used  to  assess  the  economics  of  structural 
remedies.  A  comparison  of  annualized  damages 
from  earthquake-induced  flooding  to  the  annual¬ 
ized  cost  of  remedial  measures  was  made  for  the 
Wappapello  site  and  annualized  construction  cost 
was  found  to  exceed  annualized  flooding  damages. 

The  probability  of  reducing  risk  can  also  be 
considered.  Rehabilitation  of  structures  is  not 
often  considered  on  the  basis  of  which  of 
several  structures  has  the  greatest  need,  or 
which  remediation  system  achieves  the  greatest 
reduction  of  hazard  for  a  given  expenditure. 
These  controversial  items  can  be  discussed  in 
terms  of  probability,  but  the  decision  to  act  or 
not  act  does  not  completely  depend  on 
quantitative  factors. 


792 


The  uncertainty  associated  with  several  elements 
of  the  analysis  was  not  evaluated  probabil¬ 
istically.  The  probability  of  using  correct 
strength  and  permeability  values,  for  example, 
could  be  addressed.  These  items  were  not  con¬ 
sidered  for  two  reasons:  the  choice  to  perform  a 
probabilistic  analysis  developed  after  a  deter¬ 
ministic  assessment  was  made,  thus  significant 
reevaluation  would  be  required  to  properly 
perform  the  assessment;  and,  many  risks,  other 
than  earthquake-induced  pool  discharges,  share 
the  same  elements  of  uncertainty  when  evaluated. 
Duplicative  effort  would  be  conducted  for  sim¬ 
ilar  elements,  if  various  risks  were  evaluated 
for  comparison  as  single  occurrence  hazards. 

There  are  two  areas  where  additional  studies 
might  be  considered.  One  such  area  would  be  the 
development  of  a  statistically  valid  soil 
sampling  and  testing  procedure.  The  second 
would  be  a  more  complete  treatment  of  the  uncer¬ 
tainty  associated  with  pore  pressure  response 
during  an  earthquake.  Recent  advances  in  in¬ 
strumentation  have  made  it  technically  feasible 
to  record  pore  pressure  buildup  in  the  field 
during  a  shaking  event.  The  instrumentation  of 
this  or  a  similar  structure  has  been  recommended 
and  is  under  consideration. 

One  important  point  requires  emphasis.  Probab¬ 
ilistic  assessment  only  compares  risk;  it  does 
not  provide  a  basis  for  action.  The  reper¬ 
cussions  of  risk,  including  loss  of  life,  re¬ 
quire  a  qualitative  evaluation  leading  to  the 
decision  to  act  or  not  to  act.  Even  when  cost 
factors  are  introduced  and  prevention  costs 
exceed  damage  costs,  as  in  this  case,  qual¬ 
itative  judgement  is  still  required  —  the  event 
may  or  may  not  never  occur. 
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SYNOPSIS:  The  Foothill  Communities  Law  and  Justice  Center,  located  in  seismically  active  Southern 
California,  is  the  first  building  in  the  United  States  to  be  base  isolated  for  seismic  resistance. 
Natural  rubber  isolators  with  layers  of  steel  plates  were  used  to  make  the  fundamental  period  of 
vibration  of  the  base  isolated  building  about  twice  as  long  as  that  for  a  comparable  conventional 
fixed  base  building.  Most  earthquake  energy  is  present  in  the  shorter  period  ranges,  and  at  longer 
periods,  a  building  should  be  subjected  to  less  earthquake  input;  this  will  allow  buildings  to  be 
designed  more  economically  and  inc  ease  the  likelihood  of  less  damage,  both  structural  and  non- 
structural.  The  experience  of  the  Law  and  Justice  Center  after  three  small  earthquakes  suggest  that 
the  concept  is  not  only  feasible,  but  may  be  the  wave  of  the  future  for  what  would  be  relatively 
short  period  buildings. 


INTRODUCTION 

The  Foothill  Communities  Law  and  Justice 
Center  (FCUC)  is  the  first  building  in  the 
United  States  of  America  to  utilize  the 
principle  of  base  isolation  to  resist  strong 
earthquake  ground  motions.  The  principle  of 
base  isolation  is  completely  opposite  to  the 
conventional  technique  of  earthquake  resistance 
in  structures,  which  is  to  strenthen  (stiffen) 
the  structure,  In  adding  stiffness  to  a 
structure,  the  structure  will  attract  more 
force,  making  it  more  difficult  to  resist  the 
earthquake  forces  and  adding  to  the  cost  of  the 
structure.  Most  low-  to  medium-rise  buildings 
have  fundamental  periods  of  vibration  in  the 
range  of  periods  where  the  earthquake  energy  is 
the  greatest.  If  the  fundamental  period  of  the 
building  can  be  shifted  to  a  higher  period  where 
the  earthquake  energy  is  less,  the  building 
should  be  subjected  to  less  induced  forces. 
Base  isolation  introduces  flexibility  at  the 
foundation  level  of  a  structure  to  limit  the 
accelerations  at  the  higher  floors.  Thus  the 
superstructure  will  attract  less  force  during  an 
earthquake;  this  should  make  design  simpler  and 
the  cost  of  the  structure  more  economical .  By 
reducing  the  forces  in  the  structure,  the 
likelihood  of  damage  to  non-structural  elements 
of  the  structure  (including  contents)  would  be 
diminished.  This  could  also  reduce  the  hazard 
•co  human  occupants. 

FCLJC  BUILDING  AND  BASE  ISOLATOR  DESCRIPTION 

The  FCLJC  building  is  four  stories  in 
height  with  a  mechanical  penthouse;  the  building 
also  has  a  full  basement  and  measures  417  feet 
by  110  feet  in  plan  (Figure  1) .  The  building 
is  supported  on  98  natural  rubber  isolators  just 
above  the  foundations  at  a  subbasement  level. 
The  basement  of  the  building  is  actually  a 
supported  floor  and  required  that  there  be  two 
basement  walls.  There  is  an  interior  basement 
wall  that  is  part  of  the  base  isolated  building; 
there  is  also  a  separate  retaining  wall  around 
the  exterior  of  the  building  designed  to 


accommodate  a  possible  16  inch  deflection  of  the 
building  during  a  earthquake  event.  Traction 
elevators  were  needed  because  hydraulic-type 
elevators  would  have  required  shafts  extending 
into  the  ground.  Utilities  providing  services 
to  the  building  were  specially  designed  with 
extra  loops  or  flexible  joints  to  allow  for  the 
deflections  of  the  building. 

The  building  is  mainly  of  steel 
construction  with  braced  frames  providing  the 
the  lateral  resistance  (Way  and  Lew,  1986) .  At 
the  basement  level,  the  steel  braced  frames 
transfer  lateral  load  to  concrete  shear  walls 
which  extend  the  full  height  of  the  basement; 
the  basement  of  the  building  (from  the  basement 
floor  to  the  ground  floor)  essentially  acts  as  a 
large  box  girder  to  spread  the  lateral  loads  to 
the  base  isolators.  A  braced  frame  system  was 
used  instead  of  a  moment  frame  to  try  to  have 
rigid  body  motion  of  the  building's 
superstructure . 


Figure  1.  Photograph  of  Foothill  Communities 
Law  and  Justice  Center. 


Figure  2 .  Cut-away  view  of  natural  rubber 
isolator  used  in  the  FCUC  Building. 


The  natural  rubber  base  isolators  selected 
for  this  project  consisted  of  "high-damping" 
rubber  isolators  made  up  of  alternating  layers 
of  rubber  and  steel  plates  (Figure  2) .  Although 
eight  bearing  types  were  actually  utilized,  all 
of  the  bearings  had  a  diameter  of  30  inches  and 
height  of  16  or  18  inches.  During  manufacture, 
additives  were  added  to  the  natural  rubber  to 
improve  ozone  resistance,  bond  strength,  tensile 
strength,  stiffness,  and  damping.  A  description 
of  the  fabrication  and  quality  assurance  process 
for  the  bearings  has  been  described  by  Tarics  et 
al  (1986). 

GEOTECHNICAL  SETTING 

The  FCLJC  Building  is  located  in 
seismically  active  southern  California  (Figure 
3).  The  building  is  located  about  40  miles  east 
of  downtown  Los  Angeles  in  the  city  of  Rancho 
Cucamonga  which  is  in  the  western  part  of  the 
County  of  San  Bernardino  (Crandall,  1982).  The 
site  is  within  a  region  of  large-scale  crustal 
disturbance  caused  by  faulting  and  is  within  the 
intersection  of  east-west  trending  Transverse 
Ranges  Province,  represented  by  the  San  Gabriel 


Figure  3.  Location  of  Foothill  Communities  Law 
and  Justice  Center  (After  Lamar  et  al,  1973). 


Mountains  to  the  north,  and  the  Peninsular 
Ranges  Province,  represented  by  the  Puente  Hills 
and  Santa  Ana  Mountains  to  the  south.  The  FCUC 
building  is  located  in  the  Chino  Basin,  which  is 
an  alluvium  filled  down-dropped  fault  block 
bounded  by  the  San  Jacinto  fault  zone  on  the 
east,  the  Chino-Elsinore  fault  zone  on  the  west, 
and  the  Sierra  Maare  fault  zone  on  the  north. 

The  famous  San  Andreas  fault  is  located  within  i 

13.5  miles  of  the  building;  this  is  the  portion  ; 

of  the  fault  that  last  ruptured  in  1857  with 
about  a  Magnitude  8  earthquake  and  a  similar  ] 
event  has  been  predicted  by  some  seismologists 
and  geologists  withir.  the  next  30  to  50  years. 

Other  major  fault  systems  near  the  building  are 
the  San  Jacinto,  Elsinore,  and  Sierra  Madre 
Faults  which  are  located  11,  17,  and  1.2  miles  j 

from  the  building  location;  these  three  fault 
systems  are  capable  of  up  to  Magnitude  7.5 
events.  An  earthquake  on  any  of  these  nearby 
faults  or  other  of  the  numerous  faults  in 
southern  California  could  produce  significant 
ground  motions  at  the  building  location. 

DESIGN  CRITERIA  AND  EXPECTED  RESPONSE 

The  FCUC  building  was  designed  to  remain  1 

essentially  elastic  under  even  the  maximum 
credible  earthquake  events  on  the  nearby  faults; 
this  criteria  even  exceeds  the  performance 
criteria  that  would  be  required  for  an  essential 
facility  designed  by  the  Uniform  Building  Code.  j 

Under  maximum  credible  earthquake  conditions,  a 
structure  can  not  generally  be  designed  to 
behave  completely  elastically;  generally,  it  is 
only  practical  to  design  against  collapse  at  i 

these  levels.  With  base  isolation,  it  becomes 
practical  to  also  protect  the  non-structural 
elements  and  the  building  contents  as  well  as  ; 

better  protect  the  occupants.  5 

By  base  isolation,  the  fundamental  period  of  -i 

the  FCUC  Building  was  made  to  be  about  2.0  I 

seconds;  the  fundamental  period  of  an  equivalent  ] 

conventionally  fixed-base  building  would  be  | 

about  1.1  seconds.  A  thorough  dynamic  analysis  | 

of  the  base  isolated  building  system  was  made  to  ] 

determine  the  expected  response  of  the  natural  | 

rubber  isolators  and  the  building  superstructure  | 

to  the  seismic  excitations  from  postulated  1 

earthquakes  on  the  fault  systems  described  1 

earlier.  With  a  base  isolation  system,  the  3 

amplification  of  accelerations  within  the  | 

building  from  the  base  level  to  the  roof  level  | 

is  expected  to  be  nearly  unity,  implying  rigid  i 

body  motion  above  the  base  isolation  level.  The  j 

amplification  factor  for  a  fixed-base  building  1 

would  be  expected  to  be  about  four  times.  I 

1 

PERFORMANCE  DURING  SEVERAL  SMALL  EARTHQUAKES  3 

The  State  of  California  Office  of  Strong  ; 

Motion  Studies  has  instrumented  the  FCUC  j 

building  with  a  total  of  19  accelerometers  as 
part  of  the  California  ftronq  Motion  | 

Instrumentation  Program  (Huang  et  al,  1986).  \ 

Figure  4  shows  a  cross  section  through  the  | 

center  of  the  FCUC  building;  also  shown  are  the  I 

locations  of  four  of  the  accelerometers  which  I 

are  oriented  to  record  motions  parallel  to  the  | 

minor  axis  of  the  building.  Accelerometer  No.  6  | 

is  located  on  the  roof  of  the  building,  ] 

Accelerometer  No.  7  is  mounted  on  the  second  t 

floor.  Accelerometer  No.  9  is  located  at  the  3 

basement  level  (above  the  isolators),  and  I 

Accelerometer  No.  12  is  mounted  at  the  1 
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REDLANDS  EARTHQUAKE.  OCTOBER 


1985 


SOUTH/NORTH  SECTION 

Figure  4.  Cross  Section  of  the  Minor  Axis  of 
the  FCUC  and  Locations  of  Accelerometers  Nos. 
6,  7,  9,  and  12. 


foundation  level  (within  the  subbasement  and 
below  the  isolators) . 

Although  only  recently  completed,  ground 
and  building  motions  caused  by  several  small 
earthquakes  have  been  recorded  at  the  FCLJC 
building.  The  processed  accelerograms  for 
Accelerometer  Nos.  6,  7,  9,  and  12  recorded 
during  the  Redlands  earthquake  of  October  2, 
1985  (magnitude  4.8  ML)  are  shown  in  Figure  5; 
the  epicenter  of  this  event  was  about  30 
kilometers  from  the  building.  It  is  obvious 
from  a  visual  inspection  of  these  four 
accelerograms  that  the  high  frequency  horizontal 
motions  present  in  the  foundation  recording  have 
been  filtered  out  by  the  isolators  as  these 
frequencies  are  not  present  in  the  records  above 
the  isolators;  this  can  be  clearly  seen  in  the 
roof  and  second  floor  records  and  is  even 
evident  in  the  basement  record.  The  maximum 
acceleration  at  the  roof  level  was  about  the 
same  as  that  recorded  at  the  foundation  level. 
The  maximum  acceleration  levels  in  the  basement 
and  the  second  floor  are  less  than  that  at  the 
foundation  level. 

Processed  accelerograms  were  also  available 
from  the  Falm  Springs  earthquake  of  July  8,  1986 
end  the  records  from  the  same  accelerometers  are 
shown  in  Figure  6;  the  epicenter  of  this 
earthquake  was  about  100  kilometers  from  the 
building.  As  in  the  P.edlands  earthquake,  the 
high  frequency  waveforms  noted  in  the  foundation 
level  record  are  absent  from  the  other  three 
records.  Unlike  the  Redlands  earthquake,  there 
is  no  reduction  in  the  maximum  acceleration 
level  at  the  basement  and  there  is  some 
amplification  of  the  maximum  acceleration  at  the 
higher  levels;  the  maximum  acceleration  at  the 
roof  level  is  about  three  times  the  maximum 
acceleration  at  the  foundation  level. 
Preliminary  data  from  the  recent  Whittier 
Harrows  earthquake  of  October  1,  1987  (magnitude 
6.1  ML)  indicate  that  a  maximum  acceleration  of 
about  0.03g  was  measured  at  the  foundation  level 
and  about  0.05g  was  measured  at  the  roof  level 
(Shakal,  1987) ;the  Gpicenter  was  about  55 
kilometers  from  the  FCUC  building. 
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(b)  Channel  7  -  2nd  Floor 


REDLANDS  EARTHQUAKE,  OCTOBER  2.  1985 


(c)  Channel  9  -  Basement 


REDLANDS  EARTHQUAKE.  OCTOBER  2.  1985 


(d)  Channel  12  -  Foundation 


Figure  5.  Acceleration-Time  Histories  Recorded 
During  the  Redlands  earthquake  of  October  2, 
1985. 
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Spectral  analyses  were  also  performed  for 
these  accelerogram  records  from  the  two 
earthquakes.  The  Fast  Fourier  Transform  (FFT) 
of  each  record  was  computed  and  smoothed  once. 
Spectral  ratios  or  transfer  functions  between 
the  three  upper  building  level  records  and  the 
foundation  level  record  were  computed;  the 
transfer  functions  are  shown  in  Figures  7  and  8. 
The  transfer  functions  from  both  earthquake 
events  are  very  similar.  High  frequencies  above 
about  10  Hertz  are  greatly  deamplified  above  the 
isolators  in  the  building.  The  fundamental 
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(b)  Channel  7  -  2nd  Floor  (a)  Ch.  6  to  Ch.  12  -  Roof  to  Foundation 
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Figure  6.  Acceleration-Time  Histories  Recorded  Figure  7.  Fourier  Transfer  Functions  -  Redlands 

During  the  Palm  Springs  earthquake  of  July  8,  Earthquake. 

1986. 


798 
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Figure  8.  Fourier  Transfer  Functions  -  Palm 
Springs  Earthquake. 


period  of  vibration  appears  to  have  been  about 
0.6  seconds  (corresponding  to  a  frequency  of  1.7 
Hz)  in  the  Redlands  earthquake;  it  appears  that 
the  second  period  of  vibration  is  about  0.3 
seconds  (3.5  Hz).  For  the  Palm  Springs 
earthquake,  the  fundamental  period  of  vibration 
appears  to  be  about  0.7  seconds  (1.5  Hz)  and 
second  period  of  vibration  is  about  0.3  seconds 
(3.5  Hz) . 

CONCLUSIONS 

The  report  card  on  the  base  j  solation 
system  for  the  Foothill  Communities  Law  and 
Justice  Center  is  still  incomplete.  The 
performance  of  the  building  during  the  Redlands 
and  Palm  Springs  earthquakes  is  somewhat  mixed. 
There  was  no  amplification  of  acceleration  in 
the  building  relative  to  the  foundation  level 
during  the  Redlands  event;  however,  there  was 
amplification  during  the  Palm  Springs  event. 
There  also  seems  to  have  been  some  amplification 
of  the  maximum  accelerations  in  the  Whittier 
Narrows  earthquake.  In  the  frequency  domain, 
the  transfer  functions  of  the  motions  at  the 
higher  building  levels  compared  to  the 
foundation  level  are  very  similar  for  both 
the  Redlands  and  Palm  Springs  events.  The  base 
isolators  are  very  effective  in  filtering  out 
the  higher  frequencies  above  10  Hertz. 

Of  course,  the  measured  responses  of  the 
building  were  in  three  distant  and  rather 
moderate  earthquakes.  With  higher  excitation 
levels,  it  would  be  expected  that  higher  damping 
of  the  isolators  would  be  developed.  The 
observed  filtering  effect  of  the  isolators  for 
the  higher  frequencies  is  encouraging  and  at 
higher  acceleration  levels,  it  is  hoped  that  the 
filtering  effect  would  be  observed  at  lower 
frequencies.  In  less  than  three  years,  three 
earthquakes  have  been  recorded  at  the  FCLJC 
building.  There  is  no  aubt  that  many  more 
earthquake  records  will  be  available  in  the 
future  that  will  help  the  engineering  profession 
understand  the  behavior  and  performance  of  base 
isolation. 
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SYUPOSIS :  Stevens  Creek  Dam  is  a  rolled  earthfill  structure  vrith  a  height  of  about  120  feet.  A 
seismic  safety  evaluation  in  1978  concluded  that  the  dam  would  probably  be  severely  damaged  if 
subjected  to  a  maximum  credible  earthquake  originating  on  the  nearby  San  Andreas  fault.  Normal 
reservoir  operation  was  immediately  restricted,  pending  decisions  as  to  the  fate  of  the  project. 
Conceptual  design  studies  were  completed  in  1982  to  identify  the  most  promising  alternative 
remedial  concepts.  The  most  promising  concepts  were  chosen  and  final  design  of  modifications  to 
the  dam  and  its  appurtenant  hydraulic  structures  were  completed  in  1984.  Modification  of  the 
dam  v/as  completed  in  1986,  involving  the  placement  of  massive  buttresses  on  both  the  upstream 
and  downstream  slopes  and  installation  of  internal  drains  to  control  the  phreatic  line.  This 
required  extension  of  the  existing  outlet  conduit  and  construction  of  new  inlet  and  outlet 
control  structures. 


INTRODUCTION 

Stevens  Creek  Dam,  owned  by  the  Santa  Clara 
Valley  Water  District,  is  located  on  the  west 
side  of  the  highly  populated  Silicon  Valley  in 
California  (Fig.  1) .  The  dam  was  designed  and 
constructed  in  1935,  according  to  then-modern 
standards.  It  is  located  2h  miles  from  the 
San  Andreas  fault,  which  is  capable  of  a 
maximum  credible  earthquake  (MCE)  of  Magnitude 
8*5.  Ho  major  problems  were  reported  over  the 
43  years  following  construction. 

This  paper  describes  site  conditions,  selected 
aspects  of  the  1978  seismic  safety  evaluation, 
alternative  remedial  design  concepts  that  were 
evaluated,  details  of  the  final  design  that 
v/as  ultimated  selected,  results  of  field, 
laboratory  and  engineering  analyses  on  which 
the  evaluations  and  the  final  design  were 
based,  and  selected  aspects  of  construction. 


SITE  CONDITIONS 

Stevens  Creek  Reservoir,  with  a  capacity  of 
about  3,500  acre-feet,  impounds  water  for 
ground  water  recharge  and  also  provides  some 
flood  control  and  recreation  benefits.  The 
dam  is  constructed  of  a  gravelly,  clayey  sand, 
referred  to  as  the  Santa  Clara  formation, 
which  underlies  the  dam  and  reservoir  area. 

The  dam  section  reportedly  consists  of  an 
upstream  "impervious"  zone  and  a  downstream 
"pervious"  zone,  separated  by  a  contact  in¬ 
clined  downward  and  upstream  at  1 ; 1  (hori¬ 
zontal  to  vertical)  from  about  the  midpoint  of 
the  crest.  The  foundation  of  the  dan  consists 
of  Santa  Clara  Formation,  overlain  by  up  to  15 
feet  of  alluvium  and  terrace  deposits.  A 
cutoff  trench  was  excavated  up  to  40  feet  to 
bedrock  beneath  the  "impervious  zone". 


SEISMIC  SAFETY  EVALUATION 

A  state-of-the-art  seismic  safety  evaluation 
of  Stevens  Creek  Dam  was  completed  by  Wahler 
Associates  in  1978,  as  part  of  a  comprehensive 
investigation  of  the  Santa  Clara  Valley  Water 
District's  seven  major  dans. 

Field  and  Laboratory  Investigations 

Because  the  cobbly  materials  in  the  embankment 
had  defied  previous,  conventional  "undistur¬ 
bed"  sampling  (by  others) ,  an  innovative 


Fig.l.  Vicinity  Map 
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technique  was  developed  by  Wahler  Associates 
for  taking  relatively  undisturbed  samples  from 
large-diameter  bucket  auger  holes.  A  special¬ 
ly  -designed  bucket  auaer  drilling  machine  was 
suspended  from  a  70-ton  truck-mounted 
construction  crane.  Two  holes  were  drilled, 
on  the  crest  and  the  upstream  face  of  the  dam. 
Vertical  samples  were  obtained  by  driving 
6-inch-diameter  heavy-walled  sample  tubes, 
with  the  kelly,  at  approximately  5-foot 
intervals  as  each  hole  was  advanced,  and  the 
amount  of  energy  required  to  advance  the 
sampler  was  recorded  for  the  purpose  of 
estimating  the  equivalent  penetration 
resistance  of  the  materials.  Six-inch- 
diameter  horizontal  push  samples  were  also 
obtained  from  each  of  the  drill  holes,  using  a 
new  horizontal  sampling  device,  designed  and 
fabricated  by  Wahler  Associates.  The  new 
device  uses  a  fixed-piston  sampling  technique 
to  hydraulically  push  a  relatively  thin-walled 
tube.  The  sampler  was  mounted  in  a  cage, 
designed  to  carry  an  operator,  which  was 
lowered  into  the  4 8- inch-diameter  hole.  The 
temporary  casing  that  lined  the  hole  had  open 
"windows"  along  its  length  to  permit  selection 
of  representative  sampling  locations  within 
the  dam.  Several  samples  from  each  depth  were 
obtained  by  rotating  the  casing  to  expose  new 
sampling  locations.  Approximate  in-place 
density  determinations  of  the  embank¬ 
ment  materials  were  made  in  the  48-inch  drill 
holes  by  weighing  the  entire  cylinder  of  soil 
removed  between  known  depths.  Sand  cone  field 
density  tests  were  conducted  in  exploratory 
trenches  in  the  surficial  foundation  soils. 

Laboratory  testing  included  classification, 
density,  permeability,  static  and  dynamic 
strength  and  resonant  column  tests.  Basic 
material  properties  determined  from  those 
tests  are  summarized  in  Table  1.  It  should  be 
noted  that  only  slight  differences  were  found 
to  exist  in  the  gradations  of  the  "impervious" 
and  "pervious"  materials. 


Table  1  -  Summary  of  Material 

Properties  from  1978  Study 


Existing 

Terrace 

Property 

Dam 

Gravel 

Alluvium 

Ave.  Unit 

Dry  Wt •  (pcf) 

120 

131 

106 

Ave.  Gradation  (%) 

No.  4 

72 

53 

30 

No.  200 

25 

8 

14 

Liquid  Limit  (%) 
Plastic  Index  (%) 

Permeability 
(cm/ sec) 

25-30 

7-13 

-6 

N.P. 

N.P. 

Horiz . 

5x10  ° 

— 

— 

Vert. 

4x10” 

Strength 

6'  (deg.) 

37 

— 

36 

c'  (ksf) 

0.4 

— 

<t> 

Analyses  and  Results 

A  dynamic  finite  element  analysis  was  perfor¬ 
med  on  the  maximum  section  of  the  dam.  The 
finite  element  model  was  subjected  to  the 
expected  motions  from  an  MCE  with  a  peak 
bedrock  acceleration  of  0.72  gravity  and  a 
duration  of  100  seconds.  The  accelerogram  and 
shear  modulus  values  used  in  the  analysis  were 
adopted  from  previous  studies  by  others 
(Woodward-Clyde  Consultants,  1976) . 

The  results  of  the  seismic  stability  evalua¬ 
tion  indicated  that  strain  potentials  in  most 
of  the  embankment  would  be  much  greater  than 
10  percent.  However,  meaningful  quantitative 
estimates  of  deformation  were  not  possible 
because  the  exact  magnitude  of  the  strain 
potentials  in  excess  of  10  percent  could  not 
be  determined  (few  of  the  laboratory  cyclic 
triaxial  tests  could  be  carried  out  to  cyclic 
strains  greater  than  10  percent) .  It  was 
concluded  that  the  dam  had  a  high  potential 
for  lateral  spreading  and  crest  settlement, 
which  could  result  in  a  reduction  in  freeboard 
below  the  reservoir  level  if  the  reservoir 
were  full  or  nearly  full. 


STUDY  OF  CONCEPTUAL  ALTERNATIVES 

In  1982,  a  study  was  completed  (Wahler  Assoc¬ 
iates,  1982)  ,  in  which  conceptual  alternatives 
were  evaluated  and  selected  alternatives  were 
detailed  at  the  preliminary  design  level. 

Basic  data  was  collected,  from  additional 
field  geophysical  surveys,  limited  cyclic 
triaxial  and  resonant  column  tests  on  samples 
taken  from  the  upstream  "impervious"  zone  of 
the  embankment,  and  basic  tests  on  potential 
borrow  materials.  Comparative,  simplified 
dynamic  analyses  were  performed  on  several 
trial  embankment  modification  sections.  The 
objectives  of  this  study  were  to  arrive  at  one 
or  two  basic  remedial  design  concepts  for 
restoring  full  reservoir  capacity  and  to 
develop  preliminary  cost  estimates  for  them. 
Two  categories  of  remedial  modification  were 
initially  considered:  (1)  improvement  of 
seismic  stability  by  the  addition  of 
buttresses;  and  (2)  control  of  the  phreatic 
line  such  as  to  minimize  the  areas  of  seismic 
concern.  The  second  approach  would  depend 
entirely  on  the  effectiveness  of  internal 
drains,  which  are  not  always  reliable,  and 
construction  would  be  far  more  complicated  and 
costly  than  the  first  approach.  For  those 
reasons,  the  second  category  was  not  pursued 
further. 


Field  and  Laboratory  Investigations 

A  primary  objective  of  the  field  investigation 
was  to  better  define  the  shear  moduli  of  both 
the  existing  and  potential  new  fill  materials. 
Geophysical  surveys  were  conducted  and  a 
limited  number  of  undisturbed  samples  taken  at 
two,  3  hole  arrays;  from  the  crest  and  the 
upstream  slope.  Cross-hole  measurements  were 
made  with  a  downhole  shear  wave  hammer  at 
5-foot  intervals.  Measured  shear  modulus 
^K2max'  va^ues  vatied  from  95  to  165  in  the 

"pervious"  zone  of  the  dam  and  from  160  to  210 


in  the  "impervious"  zone.  Shear  modulus 
values  in  the  "pervious"  zone  were  found  to  be 
substantially  lower  than  those  measured  in 
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1976.  Although  values  of  shear  modulus  from 
laboratory  resonant  column  tests  were  found  to 
consistently  underestimate  those  from  the 
field  geophysical  surveys,  the  differences 
were  within  the  range  normally  attributed  to 
sample  disturbance  and  the  differences  in 
boundary  conditions  between  the  two  types  of 
test  (Arango,  et  al.,  1978,  Drnevich,  1977). 
From  laboratory  resonant  column  tests,  an 
average  shear  modulus  value  of  85  was 
calculated  for  new  fill  compacted  to  95 
percent  relative  compaction  (ASTM  D1557-78, 
modified  to  yield  20,000  ft.-lbs/ft3  of 
conpactive  effort) . 

Conceptual  Alternatives 

A  total  of  five  conceptual  modification  alter¬ 
natives  were  evaluated  for  the  embankment 
section.  The  alternative  modifications  con¬ 
sisted  of  (1)  upstream  and  downstream  berms  of 
various  sizes  to  provide  confinement;  (2) 
partial  excavation  of  the  existing  very  stiff, 
overly-compacted  upstream  "impervious"  zone 
and  replacement  with  recompacted  fill  with  a 
lower  shear  modulus;  (3)  similar  to  (2)  above, 
but  with  a  larger  upstream  zone;  (4)  similar 
to  (3)  above  but  including  a  wider  dam  crest 
to  lower  the  phreatic  line,  and  a  small  berm 
on  the  downstream  slope  to  intercept  seepage 
and  provide  confinement;  and  (5)  similar  to 
(4)  above  without  excavation  and  replacement 
of  the  existing  upstream  "impervious"  zone. 

Analyses  and  Results 

One-dimensional  seismic  response  analyses, 
using  the  computer  program  SHAKE  (Schnabel  et. 
al.,  1972),  were  carried  out  on  three  or  four 
selected  soil  columns  for  each  section.  In 
addition,  simplified  deformation  analyses  were 
performed  on  Modification  No.  4  using  the 
Makdisi-Seed  (1978)  method.  The  strain  poten¬ 
tial  evaluation  indicated  that  most  of  the 
embankment  materials  in  all  of  the  schemes 
would  have  strain  potentials  greater  than  10 
percent.  However,  the  exact  magnitudes  of 
strain  potentials  could  not  be  accurately 
determined,  as  had  been  the  case  in  the  1978 
study.  On  the  positive  side,  the  evaluation 
indicated  a  substantial  reduction  in  seismic- 
ally-induced  stresses  within  the  existing 
upstream  "pervious"  zone  (compared  to  the  1978 
study,  and  due  primarily  to  the  reduced  shear 
modulus  derived  from  the  1982  field  geo¬ 
physical  survey)  and  also  within  the  replaced 
embankment  zone  (modification  alternatives  2 
through  4  above) .  Because  it  was  suspected 
that  the  dynamic  strength  of  the  upstream  zone 
was  probably  being  underestimated  from  the 
limited  number  of  tests  available,  it  appeared 
that  additional  laboratory  triaxial  tests 
should  be  carried  out  during  final  design 
before  any  further  thought  should  be  given  to 
replacing  this  material  with  new  fill.  Based 
upon  the  above  results,  two  remedial  schemes 
were  selected  for  preliminary  design  detailing 
and  cost  estimating  (Fig.  2)  . 

Selected  Alternatives 

The  first  scheme  consisted  of  upstream  and 
downstream  buttresses,  similar  to  modification 
alternative  5  above,  with  the  objective  of 
improving  the  dynamic  stability  of  both  the 
upstream  and  downstream  slopes.  Additional 
freeboard  was  also  be  provided  to  compensate 


Fig.  2.  Selected  Design  Concepts 


for  crest  slumping,  and  a  drainage  zone  was 
included  between  the  existing  downstream  face 
and  the  new  buttress  to  intercept  seepage. 

The  first  scheme  assumed  no  excavation  and 
replacement  of  the  existing  upstream  "imper¬ 
vious"  zone.  However,  two  optional  sub-schemes 
were  also  evaluated:  one  involving  partial 
excavation  and  replacement  of  existing  up¬ 
stream  "impervious"  material  with  lower  den¬ 
sity,  new  fill  to  reduce  the  shear  moduli  and 
thus  improve  the  seismic  resistance  of  the 
materials;  and  another  utilizing  high  strength 
rockfill  in  the  upstream  berm  to  improve  the 
seismic  resistance  of  that  slope. 

The  philosophy  of  the  second  scheme  was 
entirely  different  from  that  of  the  first 
scheme.  Instead  of  focusing  on  improving  the 
dynamic  stability  of  the  upstream  slope,  the 
second  approach  was  to  provide  additional  mass 
and  confinement  downstream,  to  preclude  catas¬ 
trophic  failure  if  there  were  severe  damage  to 
the  upstream  slope.  A  limited  upstream 
buttress  was,  nevertheless,  incorporated,  to 
provide  mass  at  the  toe. 


FINAL  DESIGN 

Field  and  Laboratory  Investigations 

Additional  sampling  of  existing  embankment  and 
potential  borrow  materials  was  necessary  for 
final  design.  Laboratory  testing  focused  on 
better  defining  the  cyclic  and  post-cyclic 
shear  strength  of  the  "impervious"  and 
"pervious"  materials  in  the  dam,  and  the 
compaction,  static,  cyclic  and  post-cyclic 
strength,  and  shear  modulus  of  potential  fill 
materials.  Selected  cyclic  strength  data  are 
presented  on  Figure  3.  Post-cyclic  strengths 
of  existing  and  new  fill  was  derived  from 
samples  strained  to  6  to  10  percent  under 
cyclic  loading,  then  sheared,  statically,  to  a 
post-cyclic  level  of  10  percent.  The  cyclic 
shear  strength  of  borrow  materials  was 
interpreted  from  fabricated  samples  compacted 
to  95  percent  relative  compaction  (ASTM 
D1557-78 ,  modified  to  yield  20,000  ft.-lbs/ft3 
of  compactive  effort) .  Post-cyclic  strength  of 
new  fill  was  derived  from  samples  compacted  to 
98  percent  relative  compaction.  The  inter¬ 
preted  parameters  were  «S'=31°  and  11.5°,  and 
c'=0  and  10.4  psi,  respectively,  for  existing 
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Fig.  3.  Cyclic  Shear  Strengths 


and  new  fill  materials,  plotted  in  terms  of 
shear  stress  on  the  failure  plane  at  failure 
vs.  normal  stress  on  the  failure  plane  during 
consolidated. 


Analysis  of  Alternatives 


Final  design  analyses  were  carried  out  on  the 
two  selected  preliminary  design  alternatives 
(Fig.  2) ,  using  static  and  dynamic  finite 
element  methods.  The  static  non-linear  finite 
element  computer  program  FEADAM  (Duncan,  Wong 
and  Ozawa,  1980)  was  used  to  simulate  the 
embankment  stresses  and  strains  created  by 
construction  of  the  original  dam  and  its 
alternative  modifications.  Seepage  forces 
were  then  superimposed  on  uhe  basis  of 
flownets,  assuming  a  ratio  of  horizontal  to 
vertical  permeabilities  equal  to  16.  The 
dynamic  response  of  the  alternative  modifi¬ 
cations  was  analyzed  for  the  same  design 
earthquake  as  used  in  the  1978  study,  using 
the  non-linear  finite  element  computer  program 
QUAD-4  (Idriss,  et  al,  1973) .  The  shear 
modulus  values  used  in  the  analyses  were  the 


same  as  developed  in  the  1982  study.  A  simple 
average  of  the  curves  for  sand  and  clay  (Seed 
and  Idriss,  1970)  was  used  tc  represent  the 
modules  and  damping  attenuation  characteris¬ 
tics  of  the  existing  and  new  embankment  ma¬ 
terials.  The  calculated  maximum  crest  accel¬ 
erations  wer»  1.63  g  and  1.25  g,  respectively, 
for  the  two  al.ernatives,  indicating  amplifi¬ 
cations  of  2.25  ^nd  1.74  times  the  baserock 
acceleration.  Fundamental  periods  were  cal¬ 
culated  to  be  0.77  and  0.78  second,  respec¬ 
tively.  Stresses  from  the  response  analyses 
were  converted  to  equivalent  uniform  cyclic 
shear  stresses,  using  standard  weighting 
curves  (Seed,  el  al,  197b) .  Based  on  these 
curves,  the  irregular  shear  stress  time  his¬ 
tories  in  each  element  were  represented  by  30 
cycles  of  uniform  shear  stress  equal  to  two- 
t.hirds  of  the  maximum  induced  shear  stress. 

The  strain  potential  for  each  element  was 
calculated  by  comparing  the  stress  required  to 
cause  specific  strains,  with  the  induced 
equivalent  uniform  cyclic  shear  stresses.  The 
strain  potential  evaluation  indicated  that  the 
strain  potentials  in  the  central  and  down¬ 
stream  portions  of  both  remedial  alternatives 
would  be  relatively  low;  however,  tne  strain 
potentials  in  the  entire  upstream  "impervious" 
zone  of  the  existing  embankment  and  the  entire 
upstream  buttress  for  both  ctses  would  be 
greater  than  20  percent.  These  levels  of 
strain  potential  indicated  that  the  upstream 
materials  in  both  alternatives  would  be  sub¬ 
ject  to  severe  spreading  and  slumping  during 
the  MCE.  The  second  alternative  was  con¬ 
sidered  to  be  more  acceptable,  because  the 
more  favorable  downstream  buttressing  of  the 
second  alternative,  and  the  fact  that  the 
first  alternative  considerably  increased  the 
load  on  the  outlet  conduit,  which  could  result 
in  an  unsafe  condition  where  the  corduit 
crosses  the  existing  core  trench.  A  post¬ 
earthquake  analysis  was  conducted  on  the 
second  alternative ,  assuming  that  the  upstream 
slope  provided  no  support  to  the  remaining 
embankment.  This  was  a  worst-case  scenario, 
since  the  upstream  buttress  would,  in  fact, 
provide  additional  mass  at  a  critical  loca¬ 
tion,  and  the  final  upstream  configuration 
would  probably  be  merely  slumped  down  from  its 
original  condition,  on  the  order  of,  at  worst, 
a  few  tens  of  feet.  The  results  of  that 
analysis  indicated  a  minimum  factor  of  safety 
of  1.3  for  the  upstream  slope,  calculated  for 
a  shallow  circle  that  would  not  undermine  the 
crest  of  the  modified  dam.  Therefore,  it  was 
concluded  that  the  modified  embankment,  while 
not  necessarily  remaining  completely  intact, 
would  not  fail  catastrophically  if  subject  to 
the  MCE.  In  addition,  a  simplified  estimate 
of  permanent  deformation  was  made,  using  the 
method  of  Makdisi  and  Seed  (1978) .  The 
calculated  total  deformation  was  approximately 
10  feet.  The  modified  dam,  with  its  increased 
normal  freeboard  (approximately  19  feet) ,  is 
designed  to  retain  sufficient  residual 
freeboard,  following  the  MCE,  to  prevent 
overtopping. 


Details  of  the  Final  Design 


A  plan  and  section  of  the  final  design,  as 
constructed,  are  shown  on  Figure  4.  The  dam 
section,  as  designed,  was  essentially  the  same 
as  was  analyzed,  except  that  the  bench  at 
Elevation  490  un  the  downstream  face  was 
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Fig.  4.  Plan  and  Section  of  Modified  Dam 


deleted  from  the  final  design  because  it  did 
little  to  improve  the  seismic  performance  of 
the  dam.  A  12-foot-thick,  inclined  chimney 
drain  was  incorporated  at  the  interface  of  the 
existing  downstream  embankment  face  and  over- 
lying  buttress,  to  prevent  saturation  of  the 
buttress  and  to  serve  as  a  crack-stopping 
zone.  The  base  of  the  chimney  drain  is  in 
contact  with  a  blanket  drain  in  the  channel, 
which  terminates  at  an  inverted  filter  at  the 
toe  of  the  dam. 

The  existing  inlet  and  outlet  structures  were 
relocated  by  extending  the  50-inch  X.D.  outlet 
conduit  upstream  and  downstream.  A  new  in¬ 
clined  inlet  structure  on  the  right  abutment 
was  designed  to  replace  the  former  vertical 
wer.  An  inclined  structure  was  chosen  due 
to  ease  of  maintenance  and  a  lower  suscept¬ 
ibility  to  damage  from  earthquake- induced 
deformations  in  the  upstream  part  of  the  dam. 
The  inlet  consists  of  a  wye  inlet  pipe,  con¬ 


trolled  by  two  42-inch  diameter,  hydraul¬ 
ically-operated  sluice  gates,  located  in  a  box 
structure  with  trashrack-covered  ports  on  the 
top  and  sides.  The  new  outlet  structure 
consists  of  a  valve  chamber  containing  two 
30-inch  butterfly  valves,  immediately  down¬ 
stream  of  a  wye  branch,  with  dual  energy 
dissipating  chambers  and  stilling  basins,  and 
a  common  outlet  apron  with  warped  wing  walls. 


CONSTRUCTION  AND  OPERATION 

Because  of  its  extreme  vulnerability  to  winter 
inflows,  construction  of  the  modifications 
took  place  in  a  single  dry  season  "window" , 
between  June  and  December  1985.  The  only 
significant  construction  problem  was  the 
dewatering  and  removal  of  about  70,000  yd3  of 
very  soft  sediment  (silt)  in  the  bottom  of  the 
reservoir,  adjacent  to  the  upstream  toe  of  the 
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dam.  Lacking  definitive  information  on  its 
depth  (over  20  feet)  and  extent,  the  contrac¬ 
tor  relied  on  backhoe  excavation  of  the  silt, 
without  subsurface  dewatering.  Most  of  the 
excavation  was  carried  out  under  very  wet 
conditions,  because  the  silt  was  underlain  by 
pervious  stream  deposits,  which  created  high 
seepage  gradients  into  the  excavations  and 
resulted  in  several  large  slides .  Several 
alternative  means  of  handling  the  wet  silt 
were  considered,  such  as  deflocculation  and 
pumping  in  slurry  form,  but  were  not 
implemented.  After  a  lengthy  delay,  the  silt 
was  removed,  leaving  final  excavation  slopes 
that  averaged  somewhat  steeper  than  6 : 1 
(horizontal  to  vertical) .  The  remarkable 
steepness  of  those  slopes  was  due  primarily  to 
the  stabilizing  effect  of  downvard  seepage 
gradients  into  the  underlying  pervious  stream 
deposits. 

The  reservoir  filled  and  spilled  shortly  after 
completion  of  the  remedial  construction.  Data 
from  piezometers  installed  during  the 
modification  work  will  be  carefully  monitored 
to  verify  the  design  assumptions  regarding  the 
phreatic  line  within  the  modified  dam. 


CONCLUSIONS 

The  most  significant  conclusions  drawn  from 
the  evaluation,  remedial  design  and 
modification  of  Stevens  Creek  Dam  were: 

The  excessive  deformations  that  were  predicted 
to  occur  in  the  existing  dam  in  response  to 
the  MCE  were  due,  principally,  to  its  very 
close  proximity  to  the  San  Andreas  fault,  the 
steep  embankment  slopes  and  the  absence  of 
effective  internal  drainage. 

The  very  coarse  materials  in  the  existing  dam 
required  large  diameter  undisturbed  samples 
for  testing.  The  samples,  however,  limited 
the  range  of  cyclic  strains  that  could  be 
induced  in  the  laboratory  and  the  consequent 
meaningfullness  of  predicted  deformations. 

The  shear  moduli  of  existing  embankment  ma¬ 
terials  could  only  be  determined  realistically 
from  cross-hole  geophysical  tests.  Resonant 
column  test  results  significantly  understated 
the  shear  moduli  due  to  sample  disturbance  and 
other  factors. 

The  response  of  the  saturated  upstream  part  of 
the  existing  dam  could  not  be  significantly 
improved  by  any  practical  scheme  involving 
replacement  of  existing  materials  with  more 
highly  compacted  materials,  or  placing  but¬ 
tresses  on  the  upstream  slope. 

Due  to  the  predicted  excessive  deformations 
within  the  saturated  upstream  slope  of  the 
dam,  the  most  reliable  solution  was  to  place 
massive  buttresses  on  the  downstream  slope  and 
increase  the  available  freeboard,  in  order  to 
prevent  catastrophic  failure.  Damage  to  the 
upstream  part  of  the  dam  can  be  expected,  but 
is  not  expected  to  undermine  the  crest. 

Dewatering  and  excavation  of  reservoir  sedi¬ 
ments  during  construction  were  found  to  be  the 
most  difficult  aspects  of  construction. 
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SYNOPSIS:  The  paper  reviews  the  current  state-of-the-art  on  the  seismic  response  analysis  of 
complex  RCC  structure  like  forebay  which  is  usually  connected  with  CW  Pump  House  frame  at  its 
rear  end  for  fullfillmg  circulating  water  requirement  in  power  plant  -  nuclear  or  thermal. 

The  need  to  include  m  such  analysis  and  design  effects  of  3-Dimensional  mathematical  model  and 
soil-structure  interaction  for  studying  overall  behaviour  of  the  structure  are  highlighted.  The 
paper  also  discusses  the  usefulness,  if  any,  of  such  rigorous  analysis  and  identifies  some  problem 
areas  in  finalising  realistic  design  data  and  adopting  suitable  models  to  represent  the  structural 
system. 


INTRODUCTION 

From  the  basic  requirement  of  process  engineer¬ 
ing  of  nuclear  power  plant,  CWPH  complex  has  its 
own  importance  in  supplying  the  flow  of  water 
for  APW  and  APCW  point  of  view,  for  the  safe 
functioning  of  the  plant.  The  particular  CWPH 
complex  has  been  designed  to  provide  process 
water  to  2  x  235  MW  capacity  units.  The  entire 
complex  has  been  divided  into  three  separate 
structures  from  functional  and  other  relevant 
aspects  and  the  structures  are  basically  RCC 
framed  units  and  are  partially  buried  into  the 
subsoil.  In  front  of  two  units  of  pump  house 
structure,  fan  type  forebay  structures  have  been 
placed  for  controlling  the  flow  of  incoming 
water  through  the  tunnels  from  the  intake  point 
before  the  water  enters  the  pump  house  complex. 
For  safety  reasons  detail  seismic  analysis  of 
the  aforesaid  structures  under  both  OBE  &  SSE 
conditions,  have  been  carried  out  so  that  the 
safety  regulation  or  such  vital  structures  for 
the  said  nuclear  power  plant  is  fulfilled. 
Because  of  the  unconventional  shape  of  forebay 
structure  unequal  loadings  arises  out  of  various 
load  combinations  at  the  bottom  of  forebay  raft. 
Hence  a  rigorous  analysis  for  the  said  structure 
has  been  felt  absolutely  essential  utilising  FEM 
and  considering  soil-structure  interaction. 

Since  the  design  basis  earthquake  is  of  moderate 
intensity  the  corresponding  ground  strain  level 
has  been  assumed  to  be  10“2.  With  respect  to 
this  strain  level,  the  relevant  soil  dynamic 
parameters,  i.e.  low  strain  shear  modulus  of 
soil,  'G'  and  Poisson's  ratio,  have  been  con¬ 
sidered  for  the  entire  structure  under  SSE 
earthquake  condition. 

The  soil  part  in  soil-structure  interaction  has 
been  done  with  frequency  independent  soil 
springs  considering  elastic  half -space  theory. 
The  validity  of  such  assumption  can  be  amply 
justified  due  to  the  presence  of  more  or  less 
hard  and  compact  ground  condition.  The  'Ground 
Response  Spectra'  and  'Accelerogram'  for  the 
particular  site  have  been  supplied  by  the 
Nuclear  Power  Board  authorities  after  carrying 
out  necessary  tests  and  statistical  data 
analysis. 


This  paper  highlights  synthesis  of  the  present 
state-of-the-art  m  the  analysis  and  design  of 
such  partially  buried  and  predominantly  rigid 
RCC  fan-shaped  type  structure  and  the  results 
are  presented  and  briefly  discussed  hereunder. 


DESIGN  CASE  STUDY  AND  MODELLING  OF 
IDEALISED  SYSTEM 

The  dynamic  seismic  response  analysis  of  the 
aforesaid  forebay  structure  for  CWPH  complex 
have  been  carried  out  using  3-D  analytical 
mathematical  model  as  shown  in  Fig. 4  comprising 
prismatic  beam  elements  and  boundary  elements 
from  the  element  library  of  the  software  package 
'SAP  VI'  used  in  this  case.  The  model  consists  of 
232  nodes,  297  prismatic  beam  elements  and  84 
nos.  of  boundary  elements,  and  the  basic  para¬ 
meters  considered  in  the  analysis  are  as  follows: 

(a)  Dynamic  modulus  of  elasticity  of  structural 
concrete  of  grade  M-25  (as  per  IS  Code)  have 
been  considered  as  3.0xl0®t/m’  and  for 
structural  steel  2.0xl07t/mJ  respectively. 

(b)  The  overall  viscous  damping  value  for  the 
entire  mathematical  model  have  been  presumed 
as  10%  of  critical  for  SSE  condition. 

(c)  Poisson's  ratio  of  structural  concrete  has 
been  assumed  as  0.20  and  that  for  steel  as 
0.30  respectively. 

(d)  Dynamic  shear  modulus  of  soil,'G'  have  been 
assessed  as  1600  t/mJ  and  Poisson's  ratio, S 
has  been  considered  as  0.40. 

Fig.l  indicates  the  key  plan  of  CWPH  complex  for 
the  nuclear  power  plant  showing  relative  posi¬ 
tion  of  cooling  water  pump  house  structures  and 
the  forebay  structures  and  how  these  are  inter¬ 
linked  with  each  other.  Fig. 2  indicates  typical 
sectional  plans  at  two  different  elevations  with 
relevant  dimensions,  while  Fig. 3  shows  a  typical 
sectional  elevation  of  the  forebay  structure  so 
that  a  clear  idea  of  the  actual  structure  may  be 
obtained.  The  reader  may  correlate  these 


figures  with  Fig. 4,  i.e.  mathematical  model  of 
the  real  structure.  In  order  to  show  as  many  as 
many  number  of  nodes  as  possible,  the  3-D  mathe¬ 
matical  model  have  been  shown  in  isometric  view. 
The  smoothend  acceleration  spectra  for  ground 
motion  during  safe  shutdown  earthquake  for  the 
typical  plant  site  has  been  shown  in  Fig. 5 
using  various  percentages  of  damping,  i.e.  2%, 
5%,  10%,  20%  etc. 

The  reason  for  considering  a  3-D  model  with 
soil-structure  interaction  for  the  analysis  and 
design  of  CWPH  forebay  structure  may  be  attri¬ 
buted  to  its  peculiar  configurations  from  func¬ 
tional  point  of  view  and  its  rigidity  also. 

Since  it  is  basically  rigid  fan-shaped  par¬ 
tially  buried  structure,  by  considering  soil- 
structure  interaction  in  the  global  analysis  of 
the  entire  linear  elastic  system,  the  apparent 
rigid  body  motion  of  the  entire  structure  as  a 
whole  during  initial  excitation  due  to  ground 
movement  could  be  well-recognised  in  the  subse¬ 
quent  analytical  results  of  eigen  solution  and 
corresponding  response  spectrum  analysis  part. 
The  torsional  deformity  of  the  entire  structure 
and  also  its  individual  members  could  only  be 
computed  by  analysing  the  structure  with  3-D 
FEM  model.  Thus  the  analytical  result  reveals 
the  movement  of  structure  as  a  whole  and  also 
the  deformation  of  its  various  components  within 
the  structure  during  occurrence  of  the  design 
basis  earthquake.  These  aspects  could  not  have 
been  observed  had  the  structure  not  been  analy¬ 
sed  using  3-D  FEM  model  and  also  utilising  soil- 
structure  interaction  concept.  The  above  obser¬ 
vations  are  particularly  true  for  the  forebay 
structure  because  this  being  a  closed  form  RCC 
structure  having  cris-cross  wall  connections, 
the  overall  behaviour  of  the  structure  becomes 
very  rigid,  and  in  case  of  a  fixed  base  model, 
the  entire  results  of  analysis  would  have  been 
far  from  realistic. 


TABLE  1. 

Eigen  Values 

Mode 

No. 

Circular 
Frequency 
(rad. /sec. ) 

Frequency 

(Hertz) 

Period 
(Sec.  ) 

1 

27.84 

4.431 

0.2257 

2 

29.36 

4.673 

0.2140 

3 

33.50 

5.332 

0.1876 

4 

35.28 

5.615 

0.1781 

5 

36.46 

5.803 

0.1723 

6 

39.68 

6.315 

0.1584 

TABLE  2.  Modal 

Participation 

Factors 

Mode 

No. 

X-direction 

Y-direction 

Z-direction 

1 

4.126 

2.725 

-2.556 

2 

-4.392 

0.738 

-4.456 

3 

4.710 

-6.664 

-2.507 

4 

-4.760 

-4.562 

-2.289 

5 

1.388 

2.043 

-6.951 

6 

-0.592 

2.935 

-0.819 

TABLE  3.  Forces  and  Moments  in  Typical 
Structural  Members 


Direc¬ 

tion 

Axial 

Force 

(t) 

Shear 

(t) 

Shear 

(t) 

Tor¬ 

sion 

(tm) 

Moment 

(tm) 

Moment 

(tm) 

Member 

(6): 

X 

15.80 

3.17 

5.37 

0.36 

12.23 

4.29 

Y 

9.57 

1.51 

3.56 

0.15 

7.81 

2.07 

Z 

26.27 

2.43 

4.83 

0.31 

11.61 

3.35 

Member 

(148): 

X 

10.37 

1.50 

6.92 

0.10 

13.42 

0.86 

Y 

3.73 

0.71 

4.02 

0.05 

7.85 

0.31 

Z 

11.23 

1.17 

5.18 

0.08 

9.92 

0.73 

Member 

(215): 

X 

4.40 

2.16 

2.39 

0.22 

2.91 

1.28 

Y 

2.33 

1.07 

1.31 

0.11 

1.67 

0.64 

Z 

8.93 

1.73 

1.58 

0.20 

3.06 

1.04 

Member 

(272): 

X 

0.58 

X  .85 

2.82 

0.22 

11.21 

4.14 

Y 

0.38 

1.32 

3.42 

0.28 

5.81 

0.03 

Z 

0.43 

1.53 

3.66 

0.38 

14.69 

3.46 

TABLE  4.  Deflections  and  Rotations  at  Typical 
Nodes 


Direc 

tion 

«>x 

(mm) 

6  y 

(mm) 

<5  z 
(mm) 

exxio_4 
( rad .  ) 

8yxl0-5 
(rad. ) 

6zxl0"4 
( rad . ) 

Node 

(2): 

X 

2.40 

5.48 

1.56 

3.33 

6.45 

3.71 

Y 

1.74 

3.51 

0.94 

1.42 

4.60 

1.95 

Z 

1.50 

3.30 

2.50 

3.21 

4.02 

2.60 

Node 

(14): 

X 

2.49 

2.77 

1.89 

3.53 

7.96 

3.75 

Y 

1.29 

1.89 

0.72 

1.47 

5.34 

1.99 

Z 

1.93 

1.73 

2.42 

3.32 

5.14 

2.59 

Node 

(49): 

X 

3.07 

2.32 

2.90 

4.98 

9.28 

4.87 

Y 

1.21 

1.81 

0.93 

1.72 

6.54 

2.31 

Z 

2.47 

1.49 

3.06 

4.67 

6.00 

3.36 

Node 

(82): 

X 

11.21 

2.02 

13.65 

32.70 

49.00 

7.34 

Y 

6.15 

1.62 

5.64 

15.90 

59.70 

4.14 

Z 

8.83 

1.24 

14.57 

41.60 

77.20 

7.25 

DISCUSSIONS  ON  RESULTS  OF  ANALYSIS 

A  close  look  at  the  computer  response  spectrum 
analysis  output  shown  in  very  much  abridged  form 
in  Table  1  thru'  4  shows  that  the  entire  struc¬ 
ture  has  been  basically  low  tuned  and  moved  a 
bit  as  a  whole  along  with  the  ground  in  its 
fundamental  modes.  Moreover,  the  resultant 
moment  and  forces  in  its  various  members  due  to 
inertial  loading  which  have  been  generated  with 
the  corresponding  response  of  the  entire  struc¬ 
ture  corresponding  to  ground  excitation  may  be 
observed  to  be  of  considerably  lower  magnitude, 
thereby,  confirming  the  basic  fulfilment  on  the 
part  of  the  designer  to  opt  for  such  elaborate 
analysis  at  a  relatively  higher  cost  than  going 
in  for  conventional  2-D  fixed  base  quasistatic 
analysis  under  abovementioned  earthquake. 

Table  1  gives  a  resume  of  eigen  values  in  the 
first  six  fundamental  modes;  Table  2  indicates 
the  modal  participation  factors  along  the  three 
directions  for  the  six  fundamental  modes,  while 
Table  3  summarises  typical  values  of  forces  and 
moments  due  to  generation  of  inertial  forces 
during  earthquake  m  some  of  its  important 
structural  members.  Table  4  indicates  the 
deformations  and  rotations  of  corresponding 
nodes  in  which  the  abovementioned  members  are 
connected  structurally.  The  forces  and  moments 
on  the  individual  members  due  to  ground  motion 
have  been  found  to  be  extremely  low  because  the 
stiff  forebay  structure  has  a  tendency  of  rigid 
body  motion  in  the  fundamental  modes  as  stated 
earlier  and  corroborated  subsequently  by  compu¬ 
ter  results. 

During  analysis,  the  main  difficulties  which  had 
been  faced  by  the  analyst  are  realistic  assess¬ 
ment  of  'G'  value  for  soil,  corresponding  to  the 
particular  strain  level  at  which  the  response 
spectra  of  the  ground  motion  have  been  consi¬ 
dered  for  the  analysis.  It  will  be  more  useful 
if  elaborate  data  on  'stress-strain'  relation¬ 
ship  for  the  subsoil  at  the  location  of  the  plant 
are  available  under  various  magnitude  of  ground 
motion  and  subsequent  ground  movement.  Regard¬ 
ing  structural  modelling  use  of  beam  element  or 
combination  of  beam  and  plate  element  should 
yield  realistic  results. 

Assessment  of  appropriate  damping  parameter  has 
also  been  uncertain  because  all  the  available 
standard  software  packages  can  only  take  care  of 
an  average  value  of  overall  viscous  damping  of 
the  entire  system  comprising  superstructure, 
substructure  and  soil  in  the  form  of  Rayleigh 
damping  parameter  involving  both  mass  and  stiff¬ 
ness  matrix  only.  Whereas  in  actual  practice, 
there  is  considerable  material  damping  from  sub¬ 
soil  which  cannot  be  simulated  in  exact  manner 
in  the  abovementioned  case.  The  structural  part 
derives  its  damping  parameter  mainly  from  its 
geometry,  mass  and  stiffness  array.  While 
carrying  out  the  seismic  response  analysis  under 
safe  shutdown  earthquake  condition,  dynamic 
modulus  of  elasticity  for  both  structural  con¬ 
crete  as  well  as  subsoil  have  been  utilised  and 
the  entire  analysis  have  been  done  in  linear 
elastic  domain. 

To  facilitate  initial  strength  design  of  various 
structural  elements  of  the  forebay  structure, 
response  spectrum  analysis  have  been  carried  out 
first  and  subsequently,  detail  time  history  ana¬ 
lysis  have  also  been  done  to  find  out  the  spec¬ 
tral  response  at  predetermined  nodes  which  are 


of  interest  to  other  mechanical  and  service 
installations  of  the  said  structure.  The  fore¬ 
bay  structure  as  snown  in  Fig.l  between  grid  16 
and  24  is  almost  similar  in  configuration  to 
that  between  grid  1  and  11.  Considering  the 
magnitude  of  seismic  forces  and  moments  it  can 
be  concluded  that  a  separate  analysis  for  the 
structure  between  grid  16  and  24  may  not  be 
warranted.  The  detailing  may  be  done  based  on 
the  analytical  output  for  the  part  betv?een  grid 
1  and  11. 


CONCLUSIONS 

It  can  be  emphasised  that  whatever  may  be  the 
different  lead  combinations  and  however  uncon¬ 
ventional  may  be  the  form  of  the  structure, 
under  seismic  loading,  systematic  FEM  analytical 
approach  utilising  soil-structure  interaction 
concept  may  yield  significant  results  which  help 
the  designer  to  understand  the  actual  behaviour 
of  the  structure  under  complex  dynamic  loading; 
and  it  is  felt  in  view  of  uncertainty  of  dynamic 
soil  data  pertaining  to  specific  strain  condi¬ 
tion,  a  range  analysis  may  be  much  more  meaning¬ 
ful. 
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SYNOPSIS:  The  Charleston,  South  Carolina  earthquake  of  August  31,  1886  produced  numerous  liquefaction 
features.  To  date,  over  one  hundred  liquefaction  sites  have  been  identified.  The  characteristics  of 
these  sites  were  determined,  and  compared  to  those  reported  for  worldwide  cases  of  liquefaction.  The 
findings  of  this  investigation  support  the  generally  accepted  models  for  the  types  of  material  and 
the  hydrogeologic  setting  that  are  required  for  liquefaction  to  occur.  However  in  contrast  to  some 
previous  studies,  these  investigations  identified  relatively  few  liquefaction  sites  in  bate  Holocene 
sediments.  Rather,  most  liquefaction  sites  identified  in  the  Charleston  area  are  located  in  deposits 
that  are  100,000  to  200,000  years  old.  Finally,  this  study  indicates  that  the  depositional 
environment  plays  a  key  role  in  determining  the  type  of  liquefaction  failure. 


INTRODUCTION 


The  Charleston,  South  Carolina  earthquake  of 
August  31,  1886  (MM  intensity  X,  estimated  body 
wave  magnitude  6.6  to  7.1)  is  the  largest 
seismic  event  to  occur  along  the  Atlantic 
Seaboard  during  historical  times.  The  1886 
earthquake  produced  numerous  seism: cally-induced 
liquefaction  features  over  a  600  square  mile 
area  centered  near  Charleston. 

Recently,  investigators  from  the  United  States 
Geological  Survey  (USGS)  and  the  University  of 
South  Carolina  have  conducted  investigations  of 
liquefaction  features  associated  with  the  1886 
earthquake.  During  these  investigations, 
liquefaction  features  caused  by  large 
prehistoric  earthquakes  of  magnitudes  similar  to 
the  1836  event  have  also  been  discovered  (Cox, 
1984;  Gohn  and  others,  1984,;  Obermeier  and 
others,  1985;  Talwani  and  Cox,  1985;  Weems  and 
others,  1986;  and  Obermeier  and  others,  1986). 
Age  dating  of  these  liquefaction  features  has 
shown  the  Charleston  area  has  been  the  site  of 
at  least  four  large  earthquakes  during  the  past 
7200  years.  The  estimated  recurrence  interval 
for  events  similar  to  the  1886  earthquake  was 
found  to  be  on  the  order  of  1100  to  1800  years. 

If  the  recurrence  intervals  for  large 
earthquakes  occurring  at  other  locations  along 
the  Atlantic  Seaboard  are  similar  to  those 
documented  for  the  Charleston,  S.C.  source,  the 
absence  of  a  large  damaging  earthquake  in  these 
areas  since  colonization  does  not  preclude  the 
possibility  of  such  an  occurrence  in  the  future. 
Consequently,  the  U.S.  Nuclear  Regulatory 
Commission  is  presently  funding  this  research  to 
determine  if  large  prehistoric  earthquakes  have 
occurred  elsewhere  along  the  Atlantic  Seaboard. 
Initial  aspects  of  this  investigation  include 
the  documentation  of  the  characteristics  of 
liquefaction  sites  and  features  located  in  the 
Charleston  area,  and  identifying  the  criteria  by 
which  similar  sites  and  features,  which  may  be 
located  outside  the  Charleston  area,  could  be 


identified.  This  paper  presents  the  results  of 
these  initial  characterization  studies. 


CHARACTERIZATION  OF  LIQUEFACTION  SITES 


During  these  investigations,  a  total  of  103 
liquefaction  sites  have  been  identified  in  the 
Charleston,  S.C.  area.  Of  these,  63  were 
identified  based  on  the  authors  evaluation  of 
historical  accounts  of  the  1886  earthquake 
(Dutton,  1889;  Peters  and  Herrman,  1986),  28 
were  identified  as  a  result  of  ongoing  field 
studies  conducted  by  the  USGS  (Gohn  and  others, 
1984;  Obermeier  and  others,  1986;  and  Obermeier, 
personal  communication  1986),  4  were  identified 
during  past  field  studies  carried  out  by 
investigators  from  the  University  of  South 
Carolina  (Cox,  personal  communication  1986; 
Talwani  written  communication,  1986)  and  8  were 
identified  by  the  authors  during  reconnaissance 
field  studies  conducted  as  part  of  these 
in”estigations . 

Each  of  these  103  s.ces  have  been  located  on 
available  geologic  maps,  county  soil  maps,  and 
topographic  maps.  Primary  sources  of  geologic 
data  included  Colquhoun  (1969),  and  McCarten  and 
others  (1984).  These  data  were  augmented  by  a 
geomorphic  evaluation  of  each  •  site  based  on 
1:20,000  topographic  maps.  In  addition,  field 
reconnaissance  studies  were  conducted  at  about 
oi.e  third  of  the  sites.  This  information  was 
used  to  identify  the  age  of  liquefied  materials, 
depositional  environment,  stratigraphic  setting, 
soil  type,  hydrologic  setting,  and  proximity  to 
seismicity  for  each  liquefaction  site. 


Age  of  Host  and  Liquefied  Materials 

Age  has  e.  significant  impact  on  the  liquefaction 
susceptibility  of  sediments.  With  time  natural 
diagenesis  tends  to  compact  sands,  increasing 


grain-to-grain  contact,  thus  reducing 
liquefaction  potential.  Therefore,  younger 
sediments  are  generally  more  susceptible  to 
iiqueiaction  than  older  sediments,  given  the 
same  overall  geologic,  hydrologic  and  seismic 
setting.  Further,  most  investigators  also  note 
that  m  general  liquefaction  potential  decreases 
as  the  percentage  of  fines  increase. 
Consequently,  chemical  weathering,  which  results 
in  the  alteration  of  feldspars  to  clay  minerals, 
increases  the  percentage  of  fines  within  the 
sediment,  thus  reducing  its  liquefaction 
potential . 

Based  on  published  information,  the  age  of  the 
host  and  liquefied  materials  for  each 
liquefaction  site  m  the  Charleston  area  was 
estimated.  The  distribution  of  liquefaction 
sites  by  the  age  of  host  materials  is  presented 
on  Figure  1 .  As  illustrated  approximately  90%  of 
the  sites  occur  in  materials  that  were  deposited 
during  Late  Pleistocene  or  Holocene  times.  These 
deposits  correspond  to  unit  Q3  or  younger 
materials  as  identified  by  McCarten  and  others 
(1984),  and  the  Talbert  Formation  or  younger 
formations  of  Coiquhoun  (1969).  As  illustrated 
on  Figure  1,  the  results  of  this  study  suggest 
that  materials  older  than  about  200,000  years 
appear  to  be  significantly  less  susceptible  to 
liquefaction  than  younger  deposits.  Further, 
none  of  the  103  SIL  sites  identified  are  located 
in  materials  older  than  about  700,000  years. 
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Fig.  1  Breakdown  of  Liquefaction  Sites  by  Age  (yrs). 


These  findings  demonstrate  that  in  the 
Charleston  area  sediments  significantly  older 
than  Holocene  are  clearly  liquefiable.  This  is 
in  contrast  to  the  the  results  of  some  previous 
worldwide  investigations  that  have  found 
liquefaction  to  be  restricted  primarily  to 
Holocene  deposits.  However,  it  should  be  noted 
that  the  sands  that  have  experienced 
liquefaction  in  the  Charlestor  area  are  composed 
of  at  least  95%  silica.  Consequently,  the 
build-up  of  fines  due  to  the  weathering  of 
feldspathic  materials  to  form  clays  is  very 
limited  within  these  deposits.  This  may  explain 
why  these  "older"  sediments  experience 
liquefaction, 


Geologic  Setting 

Previous  investigations  have  found  that  in 
general,  loose  sands  (i.e.  those  with  relatively 
high  void  ratios)  are  more  readily  liquefied 
than  dense  compact  sands.  This  observation 
suggests  that,  all  other  factors  being  equal, 
loose  sands  that  are  most  often  deposited  in  low 
to  medium  energy  depositional  environments  (such 
as  beach,  lagoonal  and  river  terrace  settings) 
would  be  more  prone  to  liquefy  than  compacted 
sands  deposited  in  high  energy  settings  (such  as 
foreshore  marine  or  river  channel  settings). 

Based  on  published  geologic  data,  field  studies, 
and  a  geomorphological  evaluation,  the  geologic 
setting  of  each  of  the  103  liquefaction  sites 
was  determined.  The  distribution  of  liquefaction 
sites  by  geologic  setting  is  presented  on  Figure 
2.  As  shown,  virtually  all  of  the  liquefaction 
sites  identified  in  the  Charleston,  S.C.  area 
are  located  in  one  of  three  general  types  of 
geologic  setting:  1)  beach.  2)  backbarrier,  or 
3)  fluvial.  As  illustrated,  approximately  half 
of  the  sites  occur  in  beach  deposits.  Mo3t  of 
the  remaining  sites  are  located  in  either  back 
barrier  (lagoonal)  or  fluvial  (river)  deposits. 
Very  few  (less  than  4%)  occur  in  other  types  of 
depositional  environments.  As  noted  by  Weems  and 
others  (1986)  nnd  Obermeier  (1986),  liquefaction 
features  within  beach  deposits  in  the  Charleston 
area  are  most  commonly  found  along  the  crests  of 
Upper  Pleistocene  barrier  island  complexes. 


SWAMP  AND  SHELF  (3.9%) 

Fig.  2  Breakdown  of  Liquefaction  Sites  by 
Geologic  Setting. 


Stratigraphic  Setting 

The  locations  of  each  of  the  liquefaction  sites 
identified  during  this  study  were  checked 
against  the  locations  and  logs  for  2101  shallow 
auger  holes  and  540  water  and  test  wells  in  the 
coastal  plain  of  South  Carolina.  As  a  result,  26 
boreholes  or  wells  were  identified  that  are 
located  in  relatively  close  proximity,  (less 
than  1  mile)  to  the  liquefaction  sites 
identified  during  this  study.  The  authors 
acknowledge  that  stratigraphy  can  vary  widely 
over  such  a  distance.  However,  for  the  purpose 
of  this  study  it  was  felt  that  the  extrapolation 
of  available  information,  in  the  absence  of  site 
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specific  subsurface  data,  could  provide  general 
information  regarding  stratigraphy  in  the 
vicinity  of  liquefaction  sites. 

Most  investigators  agree  that  liquefaction  is 
almost  exclusively  restricted  to  sands  or  silty 
sands.  Data  from  available  boring  logs  are 
consistent  with  this  model.  All  of  the 
liquefaction  sites  identified  during  this  study 
for  which  subsurface  data  is  available  were 
found  to  be  underlain  by  fine  to  medium, 
well-sorted  sand,  or  by  interbedded  sands,  silts 
and  clays.  In  all  but  one  instance  the  total 
thickness  of  these  deposits  exceeds  three 
meters.  Where  clay  or  silt  beds  are  present  they 
are  generally  thin  (less  than  one  to  two  meters 
thick).  Conversely,  the  associated  sand  beds  are 
typically  over  one  to  two  meters  thick.  The 
depth  of  what  have  been  interpreted  as  probable 
source  sands  is,  in  virtually  every  instance, 
less  than  six  to  seven  meters  below  the  ground 
surface . 


NGT  AVAILABLE  (NA)  (25.2%) 


A  widely  held  misconception  is  that 
non-liquefiable  confining  layer,  such  as  clay, 
must  be  present  over  the  source  bed  for 

liquefaction  to  occur.  However,  results  of  this 
study  found  less  than  20%  of  the  borings 
penetrated  a  clay  confining  layer  above  the 
probable  source  sand.  A  significant  soil  profile 
commonly  refered  to  in  boring  logs  as  a  "clayey 

sand"  is  present  at  about  one  forth  of  the 

sites,  while  at  more  than  half  of  the  sites  no 
confining  layer  is  inferred  from  the  available 
boring  logs. 

All  sites  are  underlain  at  depth  by  an 

impermeable,  calcareous,  phosphatic  clay  (Cooper 
Marl  Formation).  This  formation  is  present 
throughout  most  of  the  Southeastern  Coastal 
Plain  of  S.C.  The  depth  of  this  formation  was 
found  to  vary  between  four  to  twenty  meters,  but 
was  about  nine  meters  below  ground  surface  at 
most  sites.  In  all  cases  the  Cooper  Marl  is 
below  the  units  that  have  been  interpreted  to 
have  experienced  liquefaction. 


Fig.  3  Breakdown  of  Liquefaction  Sites  by 
'JSCS  Soil  Type. 


Proximity  to  Seismicity 

Each  of  the  103  liquefaction  sites  identified  m 
the  Charleston  area  have  also  been  located  with 
respect  to  the  epicenters  of  the  1886  earthquake 
and  recent,  mstrumentally  located,  magnituda  3+ 
seismicity.  The  liquefaction  sites  identified  on 
the  basis  of  historical  accounts  all  lie  within 
40  km  of  previous  seismicity.  Most  (over  80%)  of 
the  liquefaction  sites  identified  by  current 
investigators  are  also  located  within  40 
kilometers  of  the  epicentral  area  of  the  1886 
earthquake . 


TYPES  Cr  LIQUEFACTION  FEATURES 


Soil  Type 

Soil  maps  were  available  for  about  75%  of  the 
103  SIL  sites.  Each  of  these  sites  were  located 
on  these  maps  and  the  host  soil  type  was  noted. 
As  illustrated  in  Figure  3,  over  60%  of  the  SIL 
sites  sre  located  in  soils  that  are  described  as 
sands  or  silty  sands  under  the  Unified  Soil 
Classification  System.  If  percentages  are 
normalized  to  include  only  those  sites  for  which 
soil  information  is  available,  almost  90%  of  the 
SIL  features  are  located  in  sands  or  silty 
sands . 


Hydrologic  Setting 

Previous  investigations  have  documented  the 
requirement  of  saturated  condition!.  (i.e. 
shallow  ground-water  table)  for  liquefaction  to 
occur.  In  keeping  with  these  studies,  the  ;-.ater 
table  is  relatively  shallow  at  the  great 
majority  of  liquefaction  sites  identified  in  the 
Charleston  area.  At  almost  all  liquefaction 
sites  the  ground  water  table  is  less  than  one  to 
three  meters  below  ground  surface  and  probable 
source  sands  are  saturated. 


Ir,  addition  to  identifying  the  characteristics 
of  liquefaction  sites  located  in  the  Charleston 
S.C.  area,  these  investigations  confirmed  that 
the  morphology  of  liquefaction  features  in  the 
Charleston  area  varies  significantly. 
Descriptions  of  liquefaction  features  reported 
by  19th  century  investigators  of  the  1886 
earthquake,  as  well  recent  investigations  by  the 
USGS  (Obermeier,  1986),  and  the  results  of  this 
study  confirm  that  two  primary  types  of 
liquefaction  features  are  present  in  the 
Charleston  area.  We  refer  to  these  features  as 
sand-blow  explosion  craters  and 
sand- ven ts/f issures . 

Sand-Blow  Explosion  Craters 

By  far  the  most  spectacular  liquefaction 
features  associated  with  the  1886  earthquake 
were  sand-blow  explosion  craters.  An  example  of 
this  type  of  feature  is  shown  in  Figure  4.  As 
described  by  Dutton  (1889),  typical  sand-blow 
explosion  craters  associated  with  the  1886 
earthquake  were  about  0.5  to  1.5  meters  deep  and 
3  to  6  meters  across.  The  largest  craters 
reported  were  approximately  8  meters  in 
diameter.  An  extensive  ejection  blanket  of  3and 
(up  to  0.7  meters  ■■•.hick)  extended  for  tens  of 
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meters  outward  from  many  craters.  At  some  3ites 
ejected  sands  w^re  found  on  tree  limbs  at 
heights  up  to  6  meters  above  the  ground  surface, 
atesting  *,c  the  explosive  nature  of  crater 
development  (at  least  m  some  locales).  However, 
at  other  locations  reports  suggest  more  passive 
crater  development. 


Fig.  4  Sand-Blow  Explosion  Crater  associated 

with  1886  Earthquake  (from  Dutton , 1889 ) . 

Sand-blow  explosion  craters  appear  to  form  as  a 
result  of  the  explosive  upward  movement  of 
liquefied  sands,  and  are  associated  with  a 
concave  upwards  bowl  shaped  "crater" .  They  are 
roughly  circular  to  eliptical  in  plan  view.  In 
cross  section,  the  most  distinctive  features  of 
sand-blow  explosion  craters  are  a  central 
"feeder"  vent  and  the  occurrence  of  clasts  of 
the  "host"  Bh  soil  horizon  incorporated  within 
the  mobilized  sands.  As  illustrated  in  Figure  5, 
two  distinct  well-sorted  clast  zones  are 
commonly  found:  1)  a  large-clast  zone  near  the 


Fig.  5  "Classic"  Send-Blow  Explosion  Crater 
(from  Obermeier  and  others,  1S85). 


base  of  the  crater,  and  2)  a  small-clast  zone 
located  near  the  top  of  the  crater.  Clasts 
within  the  large-clast  zone,  are  generally 
cobble  to  bolder  size,  composed  of  Bh  soil  and 
are  overlain  by  a  zone  of  heterogeneous  sand  in 
which  there  are  relatively  few  clasts  and  no 
distinctive  flow  structure.  Above  this 
heterogeneous  layer  is  a  small-clast  zone 
composed  of  a  horizontal  layer  of  sand 
containing  numerous  small  pebble  sized  clasts  of 
Bh  material.  Above  the  small-clast  zone, 
extending  to  the  surface,  are  relatively 
horizontal  thin  layers  of  sand  and  silty  sand 
(host  Bh  soil)  deposited  subsequent  to  formation 
of  the  sand  blow.  As  noted  by  Obermeier  (1985), 
small  scale  normal  faults  often  cut  crater 
infilling  materials.  These  structures  may  result 
from  compaction  associated  with  dewatering. 

Figure  5  (reproduced  from  Obermeier  and  others, 
1985)  provides  a  near  perfect  example  of  a 
sand-blow  explosion  crater.  However,  very  rarely 
are  all  the  features  discribed  above,  and 
illustrated  in  this  figure,  preserved.  For 
example,  while  a  central  "feeder”  vent  is  shown 
in  Figure  5,  these  features  are  small  in  cross 
sectional  area  when  compared  to  the  explosive 
crater.  Consequently,  they  are  only  rarely 
exposed  in  near  vertical  excavations.  Most 
commonly  a  bowl  shaped  section  of  the  crater 
with  the  distinctive  clast  zones  is  all  that  can 
be  viewed  in  trench  walls.  Further,  in  many 
pre-1886  sand-blow  explosion  craters 
bioturbation  and  weathering  associated  with  soil 
development  has  masked  or  destroyed  the 
uppermost  features. 

As  illustrated  in  Figure  6,  sand-blow  explosion 
craters  are  found  primarily  in  beach  deposits, 
and  are  notably  absent  in  fluvial  settings. 


SHELF  (6%) 


Fig.  6  Geologic  Setting  of  Sand-Blow 
Explosion  Craters. 


Further,  at  many  of  the  sand-blow  explosion 
crater  sites,  especially  beach  locales,  a 
confining  layer  of  non-liquef iablo  material 
(other  than  a  soil  profile)  is  generally  absent. 
Unsaturated  sands  overlying  similar  saturated 
material  are  the  most  common  setting  for  "quick 
condition"  mode  liquefaction  failure.  However, 


the  explosive  nature  of  the  craters  documented 
in  the  Charleston  area  is  inconsistent  with  most 
quick  condition  failures.  One  explanation  may 
be  related  to  the  depth  of  source  sands  in  the 
Charleston  area.  As  noted  previously,  source 
sands  are  almost  always  less  than  six  to  seven 
meters  deep.  Such  a  shallow  source  surely 
contributes  to  the  observed  explosive  nature  of 
many  craters.  Another  factor  that  may  contribute 
to  the  explosive  nature  of  these  features  is  the 
presence  of  an  impermeable  marl  unit  below  the 
source  bed.  This  unit  represents  a  boundary 
condition  that  may  tend  to  deflect  or  channel 
elevated  pore-water  pressures  to  the  surface  in 
an  explosive  manner. 


Sand-Vents /Fissures 


In  addition  to  the  sand-blow  explosion  craters, 
numerous  fissures  were  also  reported  in  the 
epicentral  area  of  the  1886  earthquake.  A 
photograph  of  a  large  dry  fissure  is  presented 
in  Figure  7.  Some  of  these  features  generated  by 
the  1886  earthquake  were  reported  to  be  as  much 
as  600  meters  in  length.  Although  the  feature 
shown  in  Figure  7  was  dry,  many  emitted  large 
volumes  of  water  laden  with  sediment.  We  refer 
to  this  type  of  liquefaction  feature  as  a 
sand-vent/fissure.  Historical  accounts  indicate 
that  for  the  most  part  they  were  found  along  the 
banks  of  rivers  and  streams.  Further,  many  of 
the  accounts  provided  by  historical 
investigators  as  well  as  the  results  of  more 
recent  investigations  suggest  that  many  of  the 
sand-vents/fissures  observed  following  the  1886 
earthquake  were  the  result  of  lateral  spreading 
failures  similar  to  those  reported  following  the 
1964  Alaskan  earthquake  (McCulloch  and  Bonilla, 
1970)  and  the  1971  San  Fernando  earthquakes 
(Vould,  1973). 


At  almost  all  locales  where  sand-vents/fissures 
have  been  found  and  excavated  by  20th  century 
investigators,  a  non-liquef iable  confining  layer 
or  "cap"  is  present  over  the  source  bed  of 
liquefied  sands.  At  many  sites  the  cap  appears 
to  have  been  transported  short  distances  down 
slope  due  to  a  decrease  in  the  friction  along 
the  boundary  between  the  cap  and  the  underlying 
sand,  consistent  with  a  lateral  spreading  model 
for  formation.  During  transport,  the  cap 
apparently  fails  under  laterally  directed 
tension,  resulting  in  the  ejection  of  the 
underlying  liquefied  sands  into  the  resulting 
tabular  vent  in  the  cap  materials.  The  long  axis 
of  the  sand-vents/fissures  at  these  sites  are 
generally  oriented  normal  to  the  direction  of 
lateral  transport.  Examples  of  this  type  of 
liquefaction  feature  are  presented  Figures  8,  9, 
and  10.  When  clasts  occur  within  these  vents. 


• J 


.  v>  v  <  , 


S-V 


Fig.  8  Example  of  Sand-Vent/Fissure 
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Fig.  7  Dry  Fissure  associated  with  the  1886 
Earthquake  (from  Dutton,  1889). 


Fig.  9  Example  of  Sand-Vent/Fissure 


Fig.  10  Example  of  1886  Sand-Ver.t/Fissure 
(from  Cox,  1984) 


they  are  generally  large,  unsorted,  and  consist 
of  the  clay  "cap"  or  "host"  mateiial.  In 
contrast  to  sand-blow  explosion  craters,  small 
clast  and  extensive  flow  structures  are 
generally  absent.  In  addition,  small  scale 
structures  commonly  observed  in  explosion 
craters  and  thought  to  result  from  compaction 
associated  with  dewatering  are  also  generally 
absent. 

As  illustrated  in  Figure  11,  at  other 


F.g.  11  Example  of  Sand-Vent/Fissure 

Note  shattered  iharacter  of  cap. 


sand-vent/ fissure  sites,  the  cap  appears  to  have 
been  shattered  in  place  due  to  the  forceable 
upward  movement  of  underlying  liquefied  sands. 
At  these  sites  the  cap  is  often  broken  into 
polygons  rather  than  along  distinct  tabular 
fissures.  At  other  sand-vent/fissure  sites  the 
cap  appears  to  have  ruptured  "under  its  own 
weight",  perhaps  due  to  the  loss  of  bearing 
capacity  of  the  underlying  liquefied  sands.  At 
these  sites,  the  mixing  of  cap  and  liquefied 
sands  may  be  due  to  a  density  inversion.  An 
example  of  this  type  of  liquefaction  feature  is 
presented  in  Figure  12. 


Fig.  12  Example  of  Sand-Vent/Fissure 


Sand-vents/fissures  are  noted  to  occur  almost 
exclusively  where  a  confining  unit  lies  above 
liquefiable  sands.  As  illustrated  in  Figure  13, 
in  the  Charleston  area  this  local  stratigraphy 
is  most  commonly  found  within  backbarrier  marine 
sediments  and  in  interbedded  river  terrace 


SWAMP  (6%; 
BEACH  (5%> 


BACKBARRIER  (17%) 


RiVER  (72%) 

s. 


Fig.  13  Geologic  Setting  of  Sand-Vent/Fissures 
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deposits.  This  type  of  feature  is  generally 
absent  in  beach  settings,  except  where  a  thick 
soil  profile  or  claypan  has  developed  on  the 
parent  sand. 


SUMMARY  AND  CONCLUSIONS 


The  magnitude  6.7  to  7.1  Charleston,  South 
Carolina  earthquake  of  August  31,  1886  produced 
numerous  liquefaction  features  in  the 
Southeastern  Coastal  Plain  of  South  Carolina. 
The  United  States  Nuclear  Regulatory  Commission 
is  presently  funding  studies  to  characterize  the 
liquefaction  features  associated  with  this 
significant  historical  earthquake. 

During  this  study,  a  total  of  103  liquefaction 
sites  were  identified  in  the  Charleston  area. 
Bach  of  these  103  sites  were  located  on 
available  geologic  maps,  county  soil  maps,  and 
topographic  maps.  In  addition,  a  geomorphic 
assessment  was  carried  out  for  each  site.  Field 
investigations  were  also  conducted  at  about  one 
third  of  the  103  sites.  These  data  were  used  to 
determine  the  characteristics  of  liquefaction 
sites  in  the  Charleston  S.C.  area,  and  to 
compare  these  characteristics  to  those  reported 
in  the  literature. 

The  great  majority  of  seismically-induced 
liquefaction  sites  located  in  the  vicinity  of 
the  1886  Charleston,  S.C.  earthquake  occur  in 
deposits  that  are  either  Late  Pleistocene  or 
Holocene  in  age  (4,000  to  about  200,000  years 
old).  Materials  older  than  about  200,000  years 
were  found  to  be  significantly  less  susceptible 
to  liquefaction  than  these  younger  deposits. 
None  of  the  liquefaction  sites  identified  were 
found  in  materials  older  than  about  700,000 
years.  Further,  seismically-induced  liquefaction 
features  in  the  Charleston  area  occur  almost 
exclusively  in  either  beach  backbarrier,  or 
fluvial  deposits.  Among  the  three,  beach 
settings  are  the  most  favorable  depositional 
environment  for  the  generation  and  preservation 
c.f  seismically-induced  liquefaction  features. 


to  highly  susceptible  to  liquefaction.  This  is 
in  contrast  with  much  of  the  information 
published  that  suggests  Late  Pleistocene  age 
deposits  are  in  general  much  less  susceptible  to 
liquefaction  that  Holocene  age  materials. 
Because  the  alteration  of  feldspars  to  clay 
minerals  increases  the  percentage  of  fines,  thus 
reducing  the  liquefaction  potential  of  a 
material,  feldspathic  sands  would  tend  to 
develop  more  fines  during  weathering  than  clean 
high  silica  sands  of  the  same  age.  Consequently 
it  should  not  be  unusual  to  find  liquefaction  in 
"older"  high  silica  sands  such  as  those  present 
in  the  Charleston  area  while  "younger" 
feldspathic  sands  in  other  areas  remain  stable 
under  similar  levels  of  seismic  loading. 

In  addition  to  identifying  the  characteristics 
of  liquefaction  sites  located  in  the  Charleston 
S.C.  area,  these  investigations  confirmed  that 
the  morphology  of  liquefaction  features  in  the 
Charleston  area  varies  significantly.  While  many 
factors  must  play  a  part  in  determining  the 
morphology  of  a  particular  liquefaction  feature, 
local  stratigraphy  appears  to  play  the  dominant 
role.  Field  observations  suggest  that  the 
presence  or  absence  of  a  non-liquefiable  unit  of 
the  material  overlying  the  source  bed  of 
liquified  sands  and  the  thickness  and  clay 
content  of  this  unit  controls  to  a  great  degree 
what  type  of  liquefaction  feature  forms. 

The  two  most  common  seismically-induced 
liquefaction  features  observed  during  this  study 
were  sand-blow  explosion  craters  and 
sand-vents/fissures.  Sand-blow  explosion  craters 
form  as  a  result  of  the  explosive  upward 
movement  of  liquefied  materials  and  are 
associated  with  a  concave  upwards  bowl  shaped 
"crater".  This  type  of  liquefaction  feature 
occurs  almost  exclusively  where  no  significant 
confining  layer,  other  than  a  soil  profile,  is 
present  over  liquefiable  sands.  In  the 
Charleston  area  this  local  stratigraphic  setting 
is  most  commonly  found  in  old  beach  and 
near-shore  marine  depositional  environments. 
Significantly,  this  type  of  seismically-induced 
liquefaction  feature  is  virtually  absent  in 
fluvial  sites,  where  interbedded  silts,  sands, 
and  clays  are  common. 


Virtually  all  liquefaction  sites  for  which  local 
stratigraphic  information  is  available  are 
underlain  at  least  three  meters  of  sand,  or  by 
at  least  three  meters  of  alternating  sand,  silt, 
and  clay  beds.  The  sands  are  generally  fine  to 
medium  grained,  well-sorted  and  have  silica 
contents  in  excess  of  95X.  The  depth  to  the 
probable  source  beds  at  these  liquefaction  sites 
is  in  almost  every  case  less  than  six  to  seven 
meters  and  the  ground-water  table  is 
characteristically  less  than  one  to  three  meters 
below  the  present  ground  surface.  Finally,  all 
of  the  liquefaction  sites  identified  on  the 
basis  of  historical  accounts  of  the  1886 
earthquake  and  most  of  the  liquefaction  sites 
associated  with  prehistoric  earthquakes  are 
located  within  40  kilometers  of  previous 
seismicity. 

The  characteristics  of  liquefaction  sites 
identified  during  this  study  are  in  general 
agreement  with  information  previously  published 
for  liquefaction  sites  worldwide.  A  noteable 
exception  is  that  in  the  Charleston  area 
sediments  as  old  as  about  200,000  years  appear 


In  addition  to  the  sand-blow  explosion  craters, 
sand-vents/fissures  were  also  found  in  the 
Charleston  area.  While  the  actual  mechanism 
responsible  for  the  generation  of  this  type  of 
liquefaction  feature  varies  from  site  to  site, 
at  many  locales  the  mode  of  failure  appears  to 
be  one  of  lateral  spreading.  At  these  sites  an 
overlying  non-liquefiable  cap  material  appears 
to  have  been  transported  short  distances  down 
slope  due  to  a  decrease  in  friction  along  the 
boundary  between  the  cap  and  the  underlying 
liquefied  sands.  In  the  Charleston  area,  the 
local  stratigraphic  setting  most  commonly 
associated  with  sand-vents/fissures  are 
interbedded  river  terrace  or  backbarrier 
deposits . 


In  summary,  these  investigations  support  the 
generally  accepted  models  for  the  types  of 
material  and  the  hydrogeologic  setting  that  are 
required  for  liquefaction  to  take  place  as  a 
result  of  seismic  loading.  However  in  contrast 
to  some  previous  investigations,  these  studies 
found  relatively  few  liquefaction  sites  in  Late 
Holocene  materials.  Rather,  most  liquefaction 
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sites  identified  in  this  study  are  located  in 
materials  100,000  to  200,000  years  old.  Finally, 
this  study  indicates  that  the  depositional 
environment  may  play  a  key  role  in  determining 
the  type  of  liquefaction  failure. 
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SYNOPSIS:  The  design  procedure  and  the  measurements  of  foundation  vibrations  at  two  compressor  stati¬ 
ons  are  presented.  Simple  methods  and  models  were  used  tc  predict  machine  foundation  behavior  and  it 
is  shown  that  they  were  effective  m  estimating  the  expected  range  of  amplitudes  through  simple  para¬ 
meter  variation. 

In  attempt  to  lower  vibrations  amplitudes,  spreading  of  gravel  layer  under  machine  foundation  was  su¬ 
ggested,  the  effect  of  which  is  discussed  in  the  paper. 


INTRODUCTION 

The  basic  goal  in  the  machine  foundation  design 
is  to  keep  its  motion  in  the  limits  which  will 
enable  the  satisfactory  operation  cf  the  machine 
without  disturbing  the  people  in  the  immediate 
vicinity.  Thus,  to  achieve  this  goal,  it  is  ex¬ 
pected  from  the  disegner  to  correctly  predict 
the  machine  foundation  motion.  As  shown  in  figu¬ 
re  1,  the  prediction  of  machine  foundation  vib¬ 
rations  is  a  system  which  involves  (1)  the  de¬ 
termination  of  machine  loads  and  selection  or 
first  guess  of  the  shape  and  mass  of  foundation 
(if  it  is  not  predefined  due  to  other  reasons), 
(2)  the  evaluation  of  soil  profile  and  soil  pro¬ 
perties,  (3)  the  selection  and  application  cf 
adequate  method  of  analysis.  The  design  procedu¬ 
re  requires  additional  step:  establishment  of 
acceptance  criteria.  If  the  predicted  motion  do 
not  meet  these  criteria  (and  all  other  steps  are 
properly  done),  it  would  usually  require  the 
change  in  geometry  and  mass  of  the  prcpcsed  fo¬ 
undation,  cr,  in  some  cases,  improving  the  soil 
properties . 

According  to  Gazetas  (1983),  the  post  construc¬ 
tion  observation  of  foundation  performance  is 
also  "an  additional  and  often  overlooked  step  in 
machine  foundation  design".  The  measured  respon¬ 
se  of  foundation  on  dynamic  machine  loads  serves 
as  a  reliable  source  of  information  for  verifi¬ 
cation  of  the  whole  design  procedure: 

a)  comparison  of  real  performance  with  establis¬ 
hed  criteria 

b)  data  for  numerical  comparison  of  measured  and 
predicted  vibrations. 

Since  it  is  not  easy  to  separate  the  influences 
of  all  relevant  factors  needed  for  prediction  of 
motion,  the  measured  vibrations  could  be  for  in¬ 
stance  used  in  (keeping  other  factors  unchanged): 

-  verification  of  assumptions  and  models  on  which 
the  method  of  analysis  is  based 

-  correlating  the  soil  properties  estimated  from 


ground  investigations  with  those  obtained  from 
back  analysis  with  particular  method 

-  verification  of  proposed  design  measures  for 
reducing  amplitudes  of  vibrations. 

The  experience  gained  from  such  analyses  impro- 


Figure  1.  Machine  foundation  design  procedure 


ves  the  design  procedure  and  understanding  of 
the  nature  of  the  problem. 

In  this  paper  the  design  procedure  and  post  con¬ 
struction  ooservation  of  the  compressor  founda¬ 
tion  in  two  compressor  stations  is  presented. 

The  geometry  and  mass  of  compressor  foundation 
in  both  cases  came  out  satisfying  othe>'  design 
requirements.  Since  the  mass  of  the  foundations 
was  more  than  five  times  the  weight  of  the  su¬ 
pported  machines,  according  to  seme  "rules  of 
thumb"  no  analysis  of  vibration  would  be  nece¬ 
ssary.  The  ground  investigations  on  both  sites 
showed  that  surface  layers  were  of  poor  charac¬ 
teristics  and  it  was  decided  to  substitute  them 
with  der.sified  gravel.  Relatively  simply-to-use- 
arialysis  according  to  Richart,  Hall  and  Woods 
(1970)  and  Gazetas  (1983),  using  only  dominant 
loads,  were  performed  "just  to  verify"  additio¬ 
nal  costs. 

Finally,  post-co. struction  measurements  were 
undertaken  to  "everybody  make  sure". 

COMPRESSOR  STATION  LEGRAD 

Compressor  station  Legrad  (c.s.Legrad)  was  sett¬ 
led  m  1?85  It  consists  of  eleven  compressors , 
eight  compressors,  type  C-200,  and  three,  type 
C-100. 

Soil  characteristics  were  determined  by  geotech¬ 
nical  investigations  and  geophysical  measure¬ 
ments  (Fig. 2). 


Figure  2.  Crossection  cf  a  foundation  and  soil 
in  C.s.Legrad 


Upper  two  meters  of  poor  characteristics  were  sub¬ 
stituted  with  gravel  layer.  Shear  wave  veloci¬ 
ty  (Vs)  of  sand  was  measured  by  surface  refractiv 
on  method ;  range  of  Vs  was  from  220  to  250  m/s, 
what  corespond  to  values  of  shear  modulus  of 
100  MN/m2 . 

The  shear  modulus  of  gravel  was  estimated  as 
100  MN/m2. 

Dominant  unbalanced  inertia  forces  act  in  longi¬ 
tudinal  direction  (Fig. 2).  According  to  the  ma¬ 
nufacturer  of  compressors  the  foundations  must 
be  designed  to  resist  the  following  forces  (dy¬ 
namic  leads) : 


maximum 

maximum 

type 

longitudinal 

longitudinal 

operating 

primary  force 

secondary  force 

frequency 

C-200 

11,8  kN 

3,40  kN 

294  c/min 

C-100 

20,1  kN 

5,67  kN 

353  c/min 

Compressor  foundations  were  designed  as  massive 
concrete  blooks  (Fig. 2)  separated  1,0  m  from  each 
ether.  Mass  of  one  compressor  and  foundation  was 
46,3 t.  Schematic  presentation  of  foundation  la¬ 
yout  is  in  the  Fig . 3 • 

Analyses  were  performed  by  two  methods: 

lumped  parameter  approximation  (Richart  et  al, 
1970)  and  dynamic  impedance  functions  as  descri¬ 
bed  in  Gazetas  (1983).  The  acceptance  criteria 
were  adopted  from  Richart  et  al  (1970). 
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Figures.  Layout  of  compressors  in  C.s.Legrad 
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Only  the  compressors  of  type  C-100  using  primary 
forces  were  analyzed  on  two  models: 

I  foundation  on  the  surface  of  elastic  halfs¬ 
pace 

G  =  100  KN/m2 ,  vs  0.33 

II  as  I,  but  G  =  50  MN/m2 

The  first  model  was  assumed  to  be  "the  real" 
one,  and  second  "the  worst"  one,  covering  the 
neglected  or  unexpectable  influencing  factors 
with  variation  of  single  parameter  -  G. 

The  results  of  the  analyses  are  presented  in 
Table  I. 

Table  I  Calculated  values  of  amplitudes  of 

longitudinal  vibrations  -  C.S.Legrad 


Case 

Richart  et  al 

Gazetas 

•R 

3 

(  /x m) 

I 

19,8 

19,7 

II 

40,8 

38,2 

For  cases  analyzed,  two  methods  correspond 

quite 

well . 

The  measurements  were  taken 

while  nine  of  eleven 

compressors  were  simultaneously  in  operation 

(compressors  C-1C3  and  C-201 

were  net 

pr  epared  ) . 

The  measured  amplitudes  of  vibrations 

are  pre- 

sented 

xr.  Table  II. 

Table 

II  Measured  values  of 

amplitude 

s  of  vibra- 

tions  -  C.S.Legrad 

DIRECTIO 

N 

frequency 

Vertical  Transv. 

Longit . 

(  pm)  (  pm) 

(  pm) 

Hz 

C-101 

6  2 

34 

6,2 

C-102 

1  2 

30 

6,2 

C-202 

1  2 

20 

5 

C-203 

5  4 

18 

5 

C-204 

2  2 

18 

5 

C-205 

3  1 

23 

Z 

C-206 

1  1 

28 

5 

C-207 

1,5  1 

21 

5 

C-208 

1  2 

20 

5 

Typical  plot  of  measured  vibrations  is  shown  on 
Fig. 'I. 


The  intensity  of  amplitudes  changed  periodically 
showing  lew  frequency  "superior"  influence.  Any¬ 
how,  the  average  amplitude  (cca  20  pm  for  type 
C-100)  corresponded  well  to  predicted  amplitudes 
using  the  model  with  best  estimate  of  soil  pro¬ 
perties.  The  rest  between  2C  and  30  pm  is  attri¬ 
buted  to  the  influence  of  neigbeuring  compre¬ 
ssors  or  unbalanced  secondary  forces. 


Figure  4.  Longitudinal  vibrations  of  compressor 
C-203 


COMPRESSOR  STATION  BOKSlC 

Compressor  station  Boksic  was  settled  in  1986 
and  consists  of  eight  compressors.  The  measure¬ 
ments  were  taken  before  the  whole  station  was 
completed  and  only  three  compressors  were  in 
operation.  The  available  results  are  presented. 

Soil  characteristics  were  determined  by  geotech¬ 
nical  investigations  and  geophysical  measure¬ 
ments  (Fig. 5.). 

Shear  wave  velocity  of  clay  in  upper  three  me¬ 
ters  was  betwen  140  and  1 6 0  m/s,  so  shear  modu¬ 
lus  of  clay  was  supposed  to  be  50,0  MN/m2.  She¬ 
ar  wave  velocity  in  sand  ranged  from  225  to 
250  m/s  and  estimated  shear  modulus  was  100  MN/m2. 

Dominant  unbalanced  inertia  forces  act  as  hori¬ 
zontal  moments  (torque).  According  to  the  manu¬ 
facturer  of  compressors  their  amplitudes  were: 
maximum  vertioal  moment  4,1 6  kNm 

maximum  horizontal  primary  moment  15,2  kNm. 
operating  frequency  740  c/min 

Compressor  foundations  were  designed  as  massive 
concrete  blocks  (Fig. 5.)  separated  3,0  m  from 
each  other.  Mass  of  one  compressor  and  founda¬ 
tion  was  93,5  t. 

Analysis  was  performed  according  to  Gazetas 
(1983)  and  the  soil  profil  was  modelled  as 
(clay)  stratum-over-(sand )  halfspace.  It  was 
difficult  to  estimate  the  positive  influence 
of  embedment  with  much  confidence  and  it  was 
conservatively  neglected.  The  results  are  pre¬ 
sented  in  Table  III  (case  I). 

Since  the  radial  amplitudes  were  considered  to 
be  high  and  since  there  was  not  confidence  in 
clay  as  direct  foundation  supporting  soil,  it 
was  decided  to  substitute  the  clay  above  ground 
water  level  with  one  meter  thick  densified  gra¬ 
vel  layer.  The  gravel  and  the  rest  of  the  clay 
layer  were  separated  with  dense  geotextile.  The 
shear  modulus  of  gravel  was  assumed  as 
G  =  100  MN/m2. 

The  analyses  were  performed  in  the  same  way  as 
before  using  two  models: 

a)  foundation  on  halfspace  with  G  =  100  MN/m2 
(thus,  neglecting  the  clay  sublayer)  .  case 
II  in  Table  III. 

b)  foundation  stratum-over-half space  with 
stratum  having  the  "average"  modulus 

G  =  80  MN/m2,  thickness  H  =  2  m  and  halfs- 
paoe  with  sand  properties  (G  a  100  MN/m2)  - 
case  III  in  Table  III.  The  embedment  effects 
were  again  neglected  in  analysis. 


821 


LONGITUDINAL  DIRECTION 


100,20  [ 

SL _ ^ 


0 

) 

_ p 

»  1 - 1 — 

58,85 

_JZ _ 


'  .  j 
97^85’. 


COMPRESSOR  FOUNDATION 


(SCO  x  610) 


:  O  °  v° 

SUBSTITUTED  LAYER  (GRAVEL) 

_ 

GROUND  WATER  LEVEL 

STIF  CLAY 

POORLY  GRADED  SAND 


.Figure  5.  Crossection  of  soil  and  foundation  in 
C.S.  Boksic 

Table  III  Calculated  amplitudes  of  vibrations  at 
corners  of  foundations  -  C.S.  Boksic 


case  longitudinal 

(  n  m ) 

vertical 
(  n  m ) 

radial 
(  /tm ) 

1  1,1 

H,2 

23,2 

II  0,6 

2,3 

5,9 

III  0,8 

2,7 

11,3 

The  measurements  were  taken  in  the  middle  (M) 

and  at  the  corners  (C)  of 

the  foundation  edge 

fer  three  foundations  Cl , 

C2  and  C3  (table  IV). 

Table  IV  Measured  values 

of  amplitudes 

longitudinal 
(  (iSl) 

vertical 
(  /.  m ) 

radial 
(  ;<  m ) 

Cl 

(M) 

0,iJ 

0,8 

1 ,08 

(C) 

C,H 

1,25 

1,33 

C2 

(M) 

0,9 

1,2 

2,19 

(C) 

0,9 

1,2 

2,5 

C3 

(M) 

1,2 

1,7 

2,5 

Comparing  the  results  of  estimated  and  observed 
vibrations  it  may  be  concluded  that  amplitudes 
were  considerably  lowered  by  putting  the  gra/el 
.layer  under  foundation. 


Figure  6.  Layout  of  compressors  ir.  C.S.  Boksic 
CONCLUSIONS 

Ihe  design  procedure  and  the  results  of  measure¬ 
ments  of  foundation  vibrations  at  two  compressor 
stations  are  presented .  The  design  procedure 
attempts  to  cover  unfavourable  conditions  selec¬ 
ted  by  engineering  judgement  and  includes  the 
best  estimate  of  soil  properties  and  relatively 
simple  models  and  methods  of  analysis.  During 
dasign,  it  was  decided  to  improve  the  soil  con¬ 
ditions  by  replacing  the  natural  soil  in  shallow 
depths  by  densified  gravel. 

The  observed  performance  supports  the  actions 
undertaken,  showing  that  the  measured  amplitudes 
are  in  the  range  of  predicted  values. 

It  may  be  concluded  that  simple  methods  and  mo¬ 
dels  are  effective  in  design  practice  allowing 
estimate  of  the  expected  range  cf  amplitudes 
through  simple  parameter  variations.  Also  spre¬ 
ading  a  relatively  thick  gravel  layer  under  ma¬ 
chine  foundation  is  considered  to  be  an  effec¬ 
tive  low  cost  measure  : towards  the  lowering  of 
the  amplitudes  cf  vibrations.  This  effect  is 
primarily  attributed  to  the  increased  stiffness 
of  soil  which  directly  supports  the  foundation. 
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Seismosedimentation  and  Lives  of  Reservoirs 
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SYNOPSIS  :  When  moderate  to  major  earthquakes,  usually  of  magnitude  more  than  or  equal  to  6.0  on 
Richter  Scale,  occur  in  catchment  area  of  river,  additional  amount  of  geological  materials  is 
generated,  which  is  called  as  Seismosediments  and  the  process  is  known  as  Seismosedimentation. 
River  flow  mechanism  carries  it  down  to  reservoir.  This  amount  of  seismosediment  is  quantified  by 
a  mathematical  relation.  A  specific  case  of  seismosedimentation  with  reference  to  sediments  in 
Bhakra  reservoir  has  been  discussed.  It  is  observed  that  seismosedimentation  could  reduce  the 
economic  life  of  reservoir  and  adversely  affects  the  utility  of  reservoir.  Re-examination  of  lives 
of  large  reservoirs  in  active  seismic  zones  is  recommended. 


INTRODUCTION 


Construction  of  large  reservoirs  all  over  the 

world  during  last  few  decades  had  heralded  an 
era  of  technological  progress  for  various 
countries  in  the  world.  Water  holds  key  to 
progress  in  agriculture,  industries,  power 
generation  etc..  This  is  widely  reflected  in 
the  prosperity  achieved  through  various  dams 
such  as  TVA  dam  in  USA,  Bhakra  dam  in  India, 
Aswan  dam  in  Egypt  and  Nurek  dam  in  USSR  and 
several  other  dams  in  the  world.  During  the 
recent  past  a  new  group  consisting  of 
environmentalists,  ecologists  and  nature 
conservationists  is  emerging  and  contesting 
construction  of  large  reservoirs.  The  main 
objection  of  this  group  is  the  likely 
disturbing  effects  of  these  reservoirs  on 
nature  and  geology.  However  it  is  felt  that 
these  effects  are  debatable.  Each  water 
reservoir  has  a  finite  life  period  and  the 
benefits  such  as  power  generation  and  water 
for  irrigation  are  projected  over  a  finite 
length  of  time.  Life  of  reservoir  is 
primarily  based  on  average  annual  rate  of 
sedimentation.  Like  entropy,  the  available 
beneficiary  potential  of  reservoir  goes  on 
decreasing  with  time.  The  main  reason  for 
this  depleting  power  is  reduction  in  effective 
volume  of  reservoir  due  to  deposition  of 
sediments  in  reservoir.  There  are  several 
mathematical  relationships  and  formulae  for 
estimation  of  average  annual  rate  of 
sedimentation.  The  values  of  coefficients  in 
these  relations  vary  with  type  of  geology  and 
river  regime  characteristics.  Some  of  these 
have  been  tested  with  the  help  of  physical 
models  also.  But  presence  of  great  degree  of 
heterogeneity  in  river  regime  puts  some 
constraints  on  these  relationships.  Despite 
these  limitations,  these  relations  offer  a 
reasonable  estimate  of  annual  sediments. 


Occurrence  of  earthquake  in  the  vicinity  of 

reservoir  do  affect  the  functioning  of 
reservoir.  This  effect  could  be  as  small  as 
causing  a  seiche  in  reservoir  or  collapse  of 
the  affected  dam.  During  the  present  century 
about  ten  dams  have  collapsed  due  to  seismic 
effect.  The  notable  among  these  are  failure  of 
Sheffild  dam  during  Santa  Barbara  Earthquake  of 
June  29,  1925,  slide  in  Lower  San  Fernando  dam 
during  San  Fernando  Earthquake  of  February  09, 
1971,  damage  to  Eklutna  dam  during  Alaskan 
earthquake  of  March  1964,  damage  to  Koyna  dam 
during  Koyna  earthquake  of  December  10,  1967 
and  damage  to  95  reservoirs  due  to  Tokachi 
Offshore  earthquake  of  May  1968  in  Japan.  In 
addition,  the  failure  of  80  m  high  Baldwin  Hill 
dam  in  the  Western  California  was  due  to  earth 
movement.  The  earth  movement,  due  to 
subsidence  manifested  itself  by  opening  and  by 
offsetting  at  a  fault,  a  plane  of  weakness. 
Failures  of  dams  due  to  earthquake  is  not  being 
considered  in  this  paper.  However,  it  is  not 
known  whether  there  were  any  reservoirs 
downstream  of  these  failed  dams.  If  so,  then 
the  entire  sediment  load  from  failed  dam  would 
have  been  deposited  in  the  downstream 
reservoir. 


Occurence  of  medium  to  large  earthquake  in 
the  vicinity  of  river  regime  generates 
additional  amount  of  geological  materials  which 
in  turn  is  collected  as  sediment  by  river  flow 
mechanism.  This  effect  was  known  to  engineers 
and  scientists  for  long  but  was  not  considered 
seriously.  Bapat  (1985)  has  described  this  as 
'Seismosediments'  and  the  process  is  called  as 
'Seismosedimentation'.  Bapat  (1981)  had 
quantified  seismosediments  and  has  offered  a 
mathematical  relation  for  estimation  of 
seismosediments  in  terms  of  average  rate  of 
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...(1) 


annual  sedimentation,  probability  of  occurrence 
of  earthquake  and  estimated  life  of  reservoir. 

It  proposed  to  discuss  this  effect  for 
selected  few  cases  in  world,  with  a  specific 
case  from  Bhakra  reservoir  in  India. 


SEISMOSEDIMENTATION 


Bapat  (1985)  has  given  following  definition  of 
seismosediments  and  the  process  of 
seismosedimentation ,  "Geological  materials 
which  are  crushed,  fractured,  loosened  or 
displaced  directly  or  indirectly  as  a  result 
of  earthquake  induced  processes  such  as 
landslides,  landslips,  slumps,  mudflows, 
avalanches,  liquefaction,  rockfalls, 
rockslides  etc.  and  which  move  under  gravity 
in  catchment  area  of  river  are  defined  as 
seismosediments  and  the  process  as 
Seismosedimentation".  When  an  earthquake  of 
moderate  to  major  size,  usually  of  magnitude 
6.0  or  more,  occurs  in  the  vicinity  of 
catchment  area  of  river,  seismosediments  are 
generated.  This  is  illustrated  with  reference 
to  the  occurrence  of  an  earthquake  in  the 
catchment  area  of  river  Sutlej  in  the 
Himalaya,  on  January  19,  1975.  This 
earthquake  has  been  described  by  Gosavi  et  al 
(1977).  The  epicenter  of  this  earthquake  was 
at  about  32.5  N  and  78.4°E  with  a  magnitude  of 
about  6.5  on  Richter  Scale.  Geologically,  the 
terrain  consists  of  weathered  loose  formation 
such  as  Sivaliks,  Krolls  and  glacial  morains. 
As  a  result  of  earthquake  there  was  huge 
landslide  near  village  Kaurick  and  the  flow  of 
river  Parachu,  a  tributary  of  Sutlej,  was 
temporarily  blocked  due  to  formation  of 
natural  dam.  The  height  of  this  natural  dam 
was  about  20  m.  This  blockade  breached 
between  27th  -  28th  January  1975  and  a  rise  of 
about  50  cm  in  the  water  level  of  Sutlej  was 
observed  on  28th  January  1975.  The  water  was 
conspicuously  turbid  and  the  sediment  load  was 
very  high.  In  addition,  there  were  several 
landslides  in  Spiti  valley.  Bhakra  reservoir 
and  dam  are  constructed  on  river  Sutlej  and  is 
located  at  about  200  km  away  from  the 
epicenter  of  the  earthquake  on  January  19, 
1975.  The  sediment  observation  near  the 
reservoir  with  reference  to  this  earthquake 
has  been  described  by  Bapat  (1980).  He  has 
further  observed  that  v,.*s  a  result  of 
earthquake  the  life  of  reservoir  could  be 
reduced  by  15  -  30  percent  of  the  estimated 
life.  Normally,  sediment  load  is  high  during 
the  monsoon  period  of  July-August-September 
and  highest  peak  occurs  during  the  month  of 
August.  Further,  the  sediment  load  during 
January-May  is  quite  low.  During  the 
post-seismic  period,  there  was  sudden  rise  in 
sediments  and  it  reached  peak  value  of  about 
1100  hectre-metre  in  June  1975  and  this  was 
followed  by  the  usual  annual  peak  at  about  687 
hectre-metre  in  August  1975.  .The 
seismosediments  are  about  1.6  times  that  of 
the  peak  value.  It  is  also  possible  that 
natural  sediment  at  some  distance  from 
earthquake  epicenter  would  flow  alongwith 
seismosediments  down  to  reservoir.  Bapat 
(1981)  has  given  following  relation  for 
quantification  of  seismosediments. 


Q  =  RPTF  (Tons) 

where  Q(Tons)  is  the  amount  of  seismosediments 
during  T( Years),  R(Tons/Year)  is  the  average 
annual  rate  of  sedimentation,  P  is  the 
probability  of  occurrence  of  earthquake  in  the 
vicinity  of  river  regime  and  F  is  the  fraction 
due  to  seismosediments.  This  relation  has 
been  further  modified  by  Bapat  (1988)  to 
account  for  various  magnitude  ranges.  It  is 
also  possible  that  earthquake  epicenter  may 
not  be  located  within  the  limits  of  catchment 
area  of  river.  Occurrence  of  earthquake  at 
some  distance  from  the  limits  of  catchment 
area  would  also  generate  seismosediments. 
Table  1  gives  the  distribution  of  earthquake 
magnitude  and  effective  distance  range  which 
could  produce  seismosediments.  These 
distances  are  based  on  reports  of  several 
macroseismic  observations  during  the 
post-seismic  periods. 


Magnitude  Range  (M)  Distance  upto  which 

it  may  produce 
Seismosediments  (km) 


5.5  - 

6.4 

M1 

30  - 

50 

6.5  - 

7.4 

«2 

50  - 

75 

M  > 

7.5 

m3 

upto  150  km  or  more 

Table  1.  Distribution  of  earthquake  magnitude 
range  and  distance  from  the  boundary  of 
catchment  area  of  earthquake  epicenter  which 
could  produce  seismosediments. 


Considering  the  above  distribution  of 
magnitude  range,  relation  (1)  has  been 
modified  as 

Q  =  RT  (PlPl  +  P2F2  +  P3F3)  ...(2) 

where  P^,  P2  and  P3  are  the  corresponding 

probabilities  of  occurrences  of  earthquakes  of 
magnitude  ranges  M^  M2  and  M3  and  F^,  F2  and 

£3  are  corresponding  components  of  seismosedi¬ 
ments.  It  is  observed  that  the  above 
relation,  quantifying  seismosediment  is  found 
useful  in  the  case  of  Bhakra  reservoir  due  to 
earthquake  of  magnitude  6.5  of  January  1975. 


DISCUSSION 


It  is  observed  that  seismic  data  for  different 
countries  are  freely  available.  However 
monthly  or  yearly  sedimentation  data  for 
various  reservoirs  located  in  active  seismic 
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No. 

River 

Dam 

Type 

Height 

(c) 

location 

Country 

1. 

Foaaa 

Oued 

Gravity 

100 

El-Asnas 

Algeria 

2. 

Nechako 

Kenny 

Earth 

104 

British  Columbia 

Canada 

3. 

Sutlej 

3hakra 

Gravity 

226 

Punjab 

India 

4. 

Rangataiki 

Katahisa 

Earth 

86 

Auckland 

New  Zealand 

5. 

Tjitarun 

Djatilunur 

Earth 

103 

Java 

Indonesia 

6. 

Corner 

Alp  Gera 

Caravity 

178 

Lombardia 

Italy 

7. 

Balson 

El  Infierillo 

Earth 

148 

Xichoacan 

Mexico 

8. 

Indus 

Tarbela 

Earth 

143 

Esripur 

Pakistan 

9. 

Sakarya 

Sarivar 

Gravity 

108 

Ankara 

Turkey 

10. 

North  Yuba 

New  Bullards 
Bar 

Arch 

194 

California 

USA 

11. 

Vakhsh 

Nurek 

Earth 

317 

Tadjikistan 

USSR 

Table 

2.  .List:  few  selected  large  dams  in  active  seismic  parts  of 

world. 

regions  are  not  available  freely.  At  tines 
these  data  are  classified  or  it  could  not  be 
made  available.  A  few  cases  where  the  anount 
of  seisnosedicents  have  been  estimated  during 
some  post-seismic  surveys  of  destructive 
earthquakes  are  available  and  these  figures 
are  quite  informative.  These  estimates  are 
grotesque  and  are  observed  during 
macro-seismic  field  investigations.  But  the 
figures  speak  about  the  massive  effects  of 
movement  of  geological  materials.  However 
there  were  no  reservoirs  downstream  and  the 
displaced  mass  has  been  estimated  from  field 
observation.  Cluff  (1970)  has  reported  that 
the  volume  of  displaced  mass  during  the 
Peruvian  earthquake  of  1970  of  magnitude  7.7 
was  about  50  -  80  million  cubic  meters.  Adams 
(1981)  has  observed  that  during  the  1929 
Buller  earthquake  of  New  Zealand  the  displaced 
12 

mass  was  about  1  x  10  kg  of  sediments.  The 
sediment  load  in  the  Karamea  catchment  area  of 
Buller  river,  in  the  vicinity  of  earthquake 

g 

epicenter,  varies  between  0.3  x  10  kg/year  to 

9 

about  1.2  x  10  kg/year.  Taking  these  values, 

12 

it  is  observed  that  the  1  x  10  kg  sediments 
generated  during  earthquake  was  equivalent  to 
more  than  800  years  of  'normal*  sediments.  It 
is  therefore  much  pertinent  to  examine  this 
issue  and  make  realistic  assessment  of  lives 
of  reservoirs  in  active  seismic  zones.  As  an 
illustration  a  few  reservoirs  from  active 
seismic  zones  are  listed  in  Table  2.  The 
details  are  taken  from  World  Register  of  Dams 
published  by  the  International  Commission  on 
Large  Dams. 


It  is  seen  that  most  of  the  dams  mentioned  in 
Table  2  are  of  more  than  100  m  height.  All 
these  dams  are  located  in  active  seismic 
areas,  which  have  experienced  earthquakes  of 


magnitudes  6.0  and  above  and  the  effect  of 
seismosedisentation  must  have  been  observed  in 
the  above  listed  or  nearby  reservoirs. 
Occurrence  of  medium  to  large  earthquake 
during  the  estimated  life  of  reservoir  ccald 
be  four.d  out  from  available  list  of  historical 
earthquakes  and  assuming  statistical 
distribution  of  earthquake  occurrence  to  be 
Poissonian  by  standard  relation 


_  'Vn 

P  =  1  -  e  ** 

...(3) 

vnere  "X  is 

the 

mean  annual  frequercy  of 

earthquakes 

and 

T(years)  is  the 

life  of 

reservoir. 

If 

the  statistical 

analysis 

indicates  a  finite  (P^0.6)  probability  of 
occurrence  of  an  earthquake,  then  the  probable 
effects  of  earthquake  involving  area  affected 
and  likely  volume  of  displaced  mass  could  be 
worked  out.  It  is  not  known  just  when 
earthquake  of  the  size  7.0  or  more,  as  seen  in 
New  Zealand,  Peru  or  Alaska  would  re-occur  in 
the  catchment  areas  of  rivers  mentioned  in 
Table  2  and  similar  other  rivers.  However 
these  regions  are  believed  to  have  experienced 
destructive  earthquakes  during  historic 
periods.  At  some  locations,  the  return 
periods  of  destructive  earthquakes  are  of  the 
order  of  several  decades  or  centuries.  It  is 
possible  that  some  reservoirs  may  escape  this 
seismic  contingency  during  their  lifetime.  In 
addition  to  large  earthquakes,  small  magnitude 
earthquakes  upto  5.0  also  contribute  in  a 
small  way  to  the  process  of 
seismosedimentation  wherein  snail  landslides 
occur  over  highly  localised  areas.  The  most 
important  long  term  effects  are  that 

earthquakes  make  to  surface  rock  weathering, 
as  rock  masses  get  loosened  and  make  it  more 
susceptible  to  erosion  by  wind  and  rain. 
Seismosediments  are  fresh  and  coarser  and 
angular,  which  in  turn  cause  more  erosion  of 
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banks  and  bees  of  river.  This  effect  is 
highly  exhibited  in  alluvial  rivers. 


Considering  tK.e  present  scenario  at 
international  levels  it  is  felt  that  the 
hazardous  effects  of  se  ‘.snosedimenis  in 
reducing  the  effective  economic  life  cf 
reservoir  cculd  be  reasonably  mitigated  if 
there  is  useful  interaction  between 
hydrologists  and  seismologists.  The  designers 
could  think  of  proper  mea:  ures  in  design  of 
dam  crests  and  downstream  ■  alls  to  permit  safe 
overtopping,  the  protection  of  abntmentf  anc 
provision  of  hot  toe  openings  sluiceways  to 
flush  accumulated  seisnosedinents  or  provide 
construction  of  lew  height  ’debris-dam"  at 
upstream  end  of  reservoir  whicr.  could  prevent 
flow  of  seismoscciments  tc  main  reserveir. 
Several  other  measures  could  bit  provided 
mitigate  this  seismic  disaster. 


CONCLUSION 


It  is  observed  that  periodic  occurrer-ces  of 
medium  to  major  earthquakes  in  the  vicinity  of 
catchment  area  generates  additi'nal  amount  of 
geological  materials-  called  seismos-cinents 
which  adversely  affect  lives  of  reservoirs  in 
active  seismic  zor.eo .  Estimated  lives  of 
existing  reservoirs  in  active  se’smic  zones 
should  be  re-vxamined  so  as  to  have  a 
reasonable  assessment  of  future  lives.  A 
mathematics '  relation  provided  in  this  paper 
would  help  in  these  calculations. 
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SVHOPSIS:  This  paper  describes  the  assessment  of  seismic  risk  at  the  Syncrude  Site.  It  reviews  the 
site  physiographic  and  geologic  setting  and  considers  the  site  posxtion  relative  to  observed  seismi*. 
events,  strain  release  patterns,  and  main  tectonic  features  in  western  Canada.  Both  deterministic  and 
probahi ’ istic  approaches  were  employed  in  the  seismic  risk  assessment.  Data  on  seismic  events  that 
oc.Tined  between  1899  and  1985  were  included  in  the  evaluation.  Of  particular  importance  was 
determination  cf  the  impact  on  the  site  of  a  series  of  large  earthquakes  which  occurred  in  the  Hahanni 
area  of  the  Northwest  Territories  during  1985.  Haseaawa  et  al.  (1981)  attentuation  relations  were 
used  for  computing  ground  motion  amplitudes  at  the  site.  The  review  confirmed  that  the  seismic  risk 
at  the  Syncrude  Site  remains  low. 


SYNCRUDE  OIL  SAND  PROJECT  AND  TAILINGS 
IifPOUNDMEST 

Syncrude  Canada  Limited  operates  one  of  the 
largest  open  pit  mining  operations  in  the 
wo*  Id.  The  mine  and  plantsite  are  located 
40  km  north  of  Port  McMurray  in  northeastern 
Alberta  (see  Pig.  1).  Operating  at  design 
capacity,  the  mine  produces  96  million  tonnes 
of  oil  sand  per  year  ^rom  an  area  which  will 
eventually  cover  24  km2.  The  mining  operation 
results  in  the  production  of  approximately 
240  000  tonnes/day  of  tailings  solids. 

Approximately  475  million  m3  of  sand,  400  mil¬ 
lion  n3  of  thick  sludge  and  50  million  m3  of 
free  water  -.dill  requi r&  pemoanent  storage  within 
the  Syncrude  Tailings  Pond.  To  accommodate 
these  volumes,  appro.rimately  18  km  of  dyke 
ranging  from  .32  m  to  90  ra  in  final  height  will 
he  constructed.  At  completion,  the  tailings 
pond  will  have  a  surface  areiY  of  17  km2. 
Present  plans  call  for  tha  completion  of  dyke 
construction  by  •'592. 


response  and/or  dissipation  rates.  In  general, 
the  foundation  soils  underlying  the  tailings 
disposal  area  consist  of  Pleistocene  and 
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The  general  layout  of  the  tailings  pond  and 
perimeter  dyke  is  illustrated  in  Fig.  2. 
Figure  3  illustrates  a  typical  design  section 
for  the  tailings  dyke.  The  compacted  shell  is 
constructed  by  utilizing  hydraulic  construction 
techniques.  This  procedure  involves  sluicing 
of  the  tailings  stream  into  construction  cells 
orientated  parallel  to  the  dyice  centerline. 
The  tailings  sand  placed  in  the  construction 
cells  is  spread  and  compacted  by  wide  pad 
dozers  during  the  sluicing  operation.  During 
the  winter  months  when  cell  construction  is  not 
feasible,  the  tailings  stream  is  discharged 
upstream  of  the  compacted  shell.  The  coarse 
sand  fraction  settles  out  to  form  a  beach  with 
a  2%  to  3%  slope.  The  water  and  sludge  frac¬ 
tions  of  the  tailings  stream  flow  into  the  pond. 

The  downstream  slope  angles  are  largely  dictated 
by  the  underlying  geology  and  associated  shear 
strength  parameters  as  well  as  pore  pressure 
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Location  of  Syncrude  Minesite  and 
Tailings  Area 


Cretaceous  overburden  units  which  overlie  the 
McMurrav  Formation  (Km) .  The  former  Beaver 
Creek  Channel  defines  an  approximate  boundary 
between  two  distinct  foundation  geology  condi¬ 
tions  (see  Fig.  2).  The  portion  of  the  dyke  to 
the  west  of  the  creek  valley  is  underlain  by 
glacial  till  and  the  Clearwater  Formation  (Kc) . 
The  area  to  the  east  of  the  former  creek  channel 
is  primarily  underlain  by  Pleistocene  fluvial 
sand  and  gravels  (Pf)  as  well  as  glacial  tills 
(Pg) .  The  Clearwater  Formation  has  been  eroded 
in  the  eastern  area  with  the  exception  of  local¬ 
ized  remnants  of  its  basal  units  (Kcw  and  Kca) . 
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Fig.  3  Topical  Design  Section  of  Tailings 
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Fig.  2  Layout  of  Syncrude  Tailings  Disposal 
Area 


SITE  PHYSIOGRAPHIC  AND  GEOLOGIC  SETTING 

The  Syncrude  Site  is  located  in  the  Alberta 
Plateau  adjacent  to  the  Saskatchewan  Plain, 
both  physiographic  units  belong  to  the  Interior 
Plains  Region  (Bostock  1970) .  The  Region,  in 
turn,  borders  the  Shield  on  the  east  and  the 
mountains  of  the  Cordillsran  Region  of  the  west 
(see  Fig.  4).  The  Interior  Plainc  are  underlain 
by  flat- lying  Later  Proterozoic,  Paleozoic,  and 
Tertiary  strata.  A  smooth  upland  surface  is 
the  main  feature  of  ail  the  hills  in  the  Alberta 
Plateau. 

Locally,  the  Syncrude  tailings  pond  is  situated 
in  the  east-central  part  of  a  broad  topographic 
lowland  defined  by  the  Muskeg  Mountain  and  the 
Thickwood  Hills  to  the  east  and  south  and  the 
Birch  Mountains  to  the  west  (Dean  1980) .  The 
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Fig.  4  Physiographic  Regions  of  Canada 
(After  Bostock  1970) 

McKay  and  Athabasca  Rivers  flow  through  the 
central  portions  of  this  lowland  produced  by 
pediraentation . 

Devonian  highs  of  the  Waterways  Limestone 
Formation  lie  in  the  northwest  and  southwest 
areas  of  the  tailings  pond.  An  east-west 
trending  broad  trough-like  structure  lies 
between  these  highs.  Cretaceous  sediments  of 
the  McM un-ay  and  Clearwater  Formations  follov- 
this  basement  configuration.  Cretaceous  sedi¬ 
ments,  in  turn,  are  unconformably  overlain  by 
Pleistocene  and  Recent  deposits  over  most  of 
the  tailings  pond  area. 

Two  faults  affecting  the  Precambrian  surface  in 
the  Athabasca  Oil  Sands  Regi-r.  :  hypothesized 
by  Hackbarth  and  Nastas*.  (1979).  The  north- 
northwest  trending  Sevetakun  Fault  follows 
approximately  the  Athabasca  River  north  of  Fort 
McMurray,  while  the  other  west-northwest 
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trending  fault  is  located  south  of.  Fort  The  Syncrude  Site  is  plotted  on  Figs.  5  and  6  to 
McMurray.  The  Sewetakun  Fault  appears  to  have  indicate  the  site  position  relative  to  observed 
affected  rock  units  as  old  as  Devonian  in  age.  seismic  events,  strain  release  patterns,  and 

main  tectonic  features  in  western  Canada. 


SEISMICITY  AND  TECTONICS 

Data  on  seismic  events  affecting  the  Syncrude 
Site  that  occurred  between  1899  and  1985  were 
obtained  from  the  Pacific  Geoscience  Centre. 
Figure  5  (Milne  et  al.  1978)  shows  western 
Canada  regional  distribution  of  earthquakes 
with  magnitude  greater  than  or  equal  to  three, 
updated  to  1985  for  the  Syncrude  Site.  Fig¬ 
ure  6  from  the  same  paper,  shows  the  pattern  of 
strain  release  over  the  time  period  of  1899  to 
1975  for  western  Canada.  Strain  release  is 
calculated  as  the  square  root  of  the  total 
observed  seismic  energy  released  during  an 
earthquake.  The  strain  release  contours  shown 
in  the  figure  have  been  smoothed  regionally  and 
normalized  to  be  the  equivalent  number  of 
magnitude  5  earthquakes  for  an  area  of  ICO  tar.  x 
100  km  and  a  time  of  100  years. 


Fig.  5  Western  Canada  Seismicity  Map  and 

Tectonic  Features  (After  Milne  et  al. 
1978) 


Figure  5  also  shows  the  tectonic  features  of 
western  Canada.  As  shown  in  the  figure,  the 
most  active  earthquake  areas  correspond,  in 
general,  to  the  boundaries  between  the  major 
lithospheric  plates.  These  plate  boundaries 
include: 

(1)  the  Queen  Charlotte  (QCF)  -  Fairwaather 

(FF)  fault  system  (Pacific  ( Pp)  -  America 
(Ap)  plates):  ; 

(2)  the  offshore  ridos-fracture  zone  system 
(Pacific  -  Juan  de  Fuca  { Jp)  plates);  and 

(3)  the  Vancouver  Island  -  Puget  Sound  legion 
(Juan  de  Fuca  -  America  plates). 


Fig.  6  Western  Canada  Strain  Release  Hap 
(After  Milne  et  al.  1978) 


SEISMIC  RISK  ASSESSMENT 

Seismic  risk  at  the  Syncrude  Site  was  assessed 
using  both  deterministic  and  probabilistic 
approaches.  The  impact  of  a  series  of  large 
earthquakes  which  occurred  in  the  Nahanni  area 
of  the  Northwest  Territories  during  1985  has 
been  specifically  addressed. 

Both  approaches  used  the  same  attenuation 
functions  for  computing  ground  motion  amplitudes 
at  specified  distances  from  earthquakes  of 
specified  magnitudes.  The  amplitudes  of  accel¬ 
eration  (A)  and  velocity  (V)  are  usually 
functions  of  (M)  magnitude  and  (R)  hypocentral 
distance.  Hasegawa  et  al.  (1981)  defined  the 
attenuation  functions  currently  used  in  Canada 
for  calculations  for  structures  covered  by  the 
National  Building  Code  of  Canada  (NBCC  1985). 
The  attenuation  functions  for  eastern  and 
western  Canada  are  presented  in  Table  1;  both 
eastern  and  western  relations  are  used  in  the 
National  Building  Code  of  Canada. 

Based  on  the  distribution  of  felt  reports, 
earthquakes  such  as  those  in  1909,  1918  and 

others  have  shown  that  the  area  east  of  the 
Foothills  has  a  low  attenuation,  such  as  the 
eastern  function  displays.  Since  the  Syncrude 
Site  is  east  of  the  Cordillera,  the  eastern 
type  of  attenuation  function  is  used  for  this 
assessment.  However,  seismic  waves  do  travel 
from  the  west  to  this  site,  so  the  attenuation 
function  should  be  a  combination  of  an  east  and 
west  function.  Hence,  the  usage  of  the  eastern 
type  of  attenuation  implicitly  involves  some 
degree  of  conservatism. 
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TABLE  1 

SUMMARY  OF  HASEGAWA  ET  AL.  1981 
ATTENUATION  RELATIONS 


Peak 

Western 

1?02%^-3M  r-1.5 

Horizontal 

Canada 

Ground 

Eastern 

R-i-1 

Acceleration  Canada 

Pe=»k 

Western 

Vp  (cm/s)  =  . 

Horizontal 

Canada 

0.0-9U40  e2-3M  r_a-3 

Ground 

Eastern 

Vp  (cm/s)  = 

Velocity 

Canada 

0.00018  e2-3M  R_1-° 

Where  R  = 

hypocentral 

distance  in  km 

M  = 

earthquake  magnitude 

Seismic  wave  amplitudes  are  usually  estimated 
for  two  general  freque  -,cy  ranges .  For  accelera¬ 
tion,  tha  frequency  extends  from  often  very 
high  values  in  tne  range  of  50  Hz  down  to  about 
2.5  Hz.  These  high  frequencies  are  considered 
to  be  characteristic  of  the  type  of  ground 
motions  one  might  expect  from  nearby  earthquakes 
of  a  variety  of  magnitudes.  One  would  not,  on 
the  basis  or  the  historical  record,  expect  to 
find  these  high  frequency  seismic  waves  present 
at  the  Syncrude  Site.  The  range  of  frequencies 
which  are  typical  of  the  velocity  ground  motions 
are  from  2.5  Hz  to  0.2  Hz.  These  corner  fre¬ 
quencies  are,  however,  not  to  be  taken  too 
rigidly,  because  there  are  no  observations  of 
strong-mot_on,  seismic  waves  in  the  general 
region  around  the  Syncrude  Site. 

Deterministic  Assessment 


No  probabilities  are  stated  or  implied  in  this 
deterministic  calculation  of  ground  motion. 
Simply  one  places  the  largest  historical  earth¬ 
quake,  or  the  largest  possible  earthquake  at  a 
location  as  close  as  reasonably  possible  to  the 
site.  In  this  case,  except  where  noted,  the 
largest  historical  earthquake  is  used  for  the 
deterministic  assessment. 


There  are  three  sources  of  seismic  activity 
(see  Table  2)  which  can  contribute  to  measurable 
ground  motion  at  this  site.  In  addition,  a 
fourth  site  has  been  chosen  (see  Table  2)  to 
represent  the  possible  location  of  a  large 
earthquake  east  of  the  Cordillera,  although  the 
likelihood  of  such  an  event  is  very  remote. 

The  first  is  the  site  of  the  largest  earthquake 
in  Canada,  and  this  earthquake  was  generally 
felt  over  much  of  western  Canada.  Although  the 
coast  of  Alaska  also  has  large  earthquakes  and 
is  perhaps  somewhat  closer  to  the  site,  the 
0ue“n  Charlotte  event  is  used.  The  motion  at 
the  Syncrude  Site  from  the  Alaska  and  Queen 
Charlotte  seismic  events  would  be  comparable, 
and  was  probably  of  low  frequency.  The  second 
seismic  source  is  in  the  Nahanni  area.  Until 
the  fall  of  1985,  there  were  no  significant 
earthquakes  in  the  region,  but  in  1985  one 
rather  strong  earthquake  did  occur  in  Nahanni, 
Northwest  Territories  along  with  several  related 
events  (Horner  et  al.  1985  and  Wetmiller  et  al. 
1986 ) .  A  strong  motion  seismograph  located 
near  the  epicentre  did  record  some  strong 
accelerations,  in  excess  of  1  g  (Weichert  et  al. 
1986 ) .  The  third  seismic  source  is  at  the 
location  of  an  earthquake  known  to  have  occurred 
in  1922,  north  of  Lake  Athabasca  which  was 
reported  in  the  International  Seismological 
Summary  (ISS).  The  distribution  of  the  seismic 
stations  which  recorded  this  earthquake  is  not 
ideal,  and  the  epicentre  of  the  event  could 
easily  be  in  the  Nahanni  region,  or  further 
north  in  the  Richardson  Mountains.  For  this 
report  we  accept  the  ISS  epicentre  as  the  site 
of  an  event  of  magnitude  5.5.  For  the  fourth 
event,  a  site  in  the  eartern  Foothills  is 
assumed,  and  the  ground  motions  calculated  to 
check  the  sensitivity  of  this  assumption.  This 
event  is  selected  to  cover  the  possibility  that 
a  large  earthquake  similar  to  that  which  occur¬ 
red  m  Nahanni  on  December  23,  1985  could 

migrate  along  the  Cordilleran  Fold  and  Thrust 
Belt  (Adams  et  al.  1986).  Table  2  lists  the 
results  for  these  four  events. 


TABLE  2 

SUMMARY  OF  DETERMINISTIC  ASSESSMENT  OF  PEAK  GROUND 
_  MOTION  PARAMETERS*  AT  SYNCRUDE  SITE _ 


earthquake 

EPICENTRE 

DATE 

MAGNITUDE 

EPICENTRAL 

DISTANCE 

(km) 

PEAK 

HORIZONTAL 
GROUND 
ACCELERATION 
(%  Q) 

PEAK 

HORIZONTAL 

GROUND 

VELOCITY 

(cm/sec) 

1 

Queen  Charlotte 
Island 

1949 

8.1+ 

1418 

0.99 

3.9 

2 

Nahanni 

1985 

6.9 

890 

.6 

1.0 

3 

North  of  Lake 
Athabasca 

1922 

5.5 

340 

0.7 

0.2 

4 

Eastern  Boundary 
of  Rocky  Mountain 
Foothills 

Assumed 

7.0 

527 

3.1 

3.2 

*  Focal  depths  of  all  earthquakes  are  assumed  at  20  km. 

+  For  computation  of  Peak  Ground  Motion  Parameters,  M  =  7.5  is  used  in  Hasegawa  et  al.  (1981) 
attenuation  relations  for  all  magnitudes  greater  than  7.5. 
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There  have  been  no  earthquakes  near  the  Syncrude 
Site,  so  that  a  nearby  event  of  any  magnitude 
is  not  considered.  In  Alberta  some  small  earth¬ 
quakes  have  occurred  near  Cold  Lake,  Snipe 
Lake,  Rocky  Mountain  House  and  west  of  Calgary. 
The  Geophysics  Department  of  the  University  of 
Alberta  has  been  monitoring  these  areas  for 
some  time  and  reports  no  activity  in  the  region 
of  the  Syncrude  Site.  In  any  event,  the  earth¬ 
quakes  reported  at  the  above  sites  are  often 
considered  to  be  induced  earthquakes  associated 
with  man-made  activity. 

Milne  and  Berry  (1976)  critically  reviewed 
annual  and  cumulative  catalogues  of  Canadian 
earthquakes  prepared  by  Energy,  Mines  and 
Resources  Canada  to  determine  if  they  contain 
records  of  induced  seismic  events  caused  by 
human  activities  such  as  fluid  injection  in  oil 
fields,  impounding  of  water  in  large  reservoirs 
and  mining.  They  concluded  that  while  there 
are  many  activities  in  Canada  that  have  undoubt¬ 
edly  perturbed  the  ambient  state  of  stress  in 
the  upper  crust,  there  are  comparatively  few 
examples  where  this  has  resulted  in  seismic 
activity.  Among  these  few  examples,  the  magni¬ 
tude  of  the  induced  earthquakes  is  generally 
lower  than  5.0  with  one  exception.  An  earth¬ 
quake  with  a  body  wave  magnitude  of  5.1  occurred 
within  the  Snipe  Lake  Oil  Field,  Alberta,  where 
water  injection  was  actively  taking  place. 
Since  the  epicentral  distance  from  the  Syncrude 
Site  to  the  Snipe  Lake  earthquake  is  about 
400  km,  ground  motions  at  the  site  caused  by 
this  earthquake  would  be  less  than  that  from 
the  third  seismic  source  included  in  Table  2 . 


Probabilistic  Assessment 

For  a  site  such  as  Syncrude,  where  there  are  no 
clearly  defined  areas  of  seismic  activity  which 
can  make  a  significant  contribution  to  the 
earthquake  risk,  the  probabilistic  method  does 
provide  a  useful  alternative  method  for  esti¬ 
mating  ground  motions.  Basham  et  al.  (1982) 
gave  details  of  such  a  probabilistic  study  for 
the  1985  National  Building  Code  of  Canada 
(NBCC).  For  the  Syncrude  study,  we  commenced 
with  the  NBCC  assessment  and  then  deviated  from 
it  by  using  solely  the  eastern  type  of  attenua¬ 
tion  functions  and  by  modifying  the  NBCC  seismo- 
genic  source  model  to  test  the  sensitivity  of 
the  NBCC  model  to  possible  new  events. 

Seismic  source  zones  used  in  the  NBCC  model  are 
shown  on  Fig.  7.  Table  3  lists  those  zones 
which  could  possibly  make  a  contribution  to  the 
risk  at  the  Syncrude  Site.  Within  each  source 
zone,  seismic  events  can  be  fitted  to  a  curve 
relating  to  the  frequency  of  occurrence  of  an 
earthquake  and  its  magnitude.  Maximum  magnitude 
is  selected  for  each  sou.*ce  zone,  usually  about 
0.5  magnitudes  larger  than  the  strongest  histor¬ 
ical  earthquake. 

Table  4  lists  the  values  for  the  acceleration 
and  velocity  amplitudes  obtained  from  proba¬ 
bilistic  evaluation  using  various  models  as 
described  in  the  following: 

NBCC  1985  Model: 

Seismogenic  model  used  for  the  National  Building 
Code  of  Canada  1985,  with  the  use  of  both 
western  and  eastern  Canada  attenuation 
relations . 


TABLE  3 

SUMMARY  OF  ZONAL  PARAMETERS  USED  IN 
VARIOUS  SEISMOGENIC  ZONAL  MODELS 


MODEL 

SEISMIC 

SOURCE 

ZONE 

SOURCE  ZONE 
AREA  (km2) 

e 

No 

PER  ANNUM 

MAXIMUM 

EARTHQUAKE 

«x 

SOURCE 

ZONE 

CODE 

NBCC  1985 

McKenzie 

697  616 

2.67 

92  000 

6.0 

MKZ 

and 

Richardson 

19  950 

1.76 

1  560 

7.0 

RIC 

Model  1 

Northern  B.C. 

804  820 

2.28 

1  830 

5.0 

NBC 

Sandspit 

53  701 

1.87 

1  240 

7.0 

SPT 

Queen  Charlotte 

426  026 

1.50 

1  610 

7.5 

QCF 

Alaska  Coast 

124  086 

1.66 

4  590 

7.5 

FWO 

Denali 

109  840 

1.96 

2  820 

7.0 

DSK 

Southern  B.C. 

255  000 

2.28 

3  230 

6.5 

SBC 

Model  2 

McKenzie 

697  616 

2.67 

92  000 

7.0 

MKZ 

(NBCC  1985 

Northern  B.C. 

804  820 

2.28 

1  830 

7.0 

NBC 

with  these 
modifications) 

Southern  B.C. 

255  000 

2.28 

3  230 

7.0 

SBC 

Model  3 
(NBCC  1985 
with  these 
modifications) 

New  Nahanni 

Source  Zone 

73  215 

1.76 

2  189 

7.0 

LMK 

Model  4 

Northern  B.C. 

804  820 

2.28 

1  830 

7.0 

NBC 

(NBCC  1985 

Southern  B.C. 

255  000 

2.28 

3  230 

7.0 

SBC 

with  these 
modifications) 

Nahanni 

73  215 

1.76 

2  189 

7.0 

LMK 

833 


Model  1 : 

Same  as  that  used  for  NBCC  but  with  the  use  of 
eastern  Canada  attenuation  relations  only. 

Model  2: 

The  Nahanni  (1985)  event  was  of  magnitude  6.9 
and  has  occurred  in  the  MKZ  source  zone.  To 
accomodate  this  event,  the  maximum  magnitude 
in  ohe  MKZ  zone  is  raised  to  7.0.  If  the 
Nahanni  earthquake  were  to  be  repeated  anywhere 
along  the  eastern  MKZ  region,  and  along  the 
eastern  Foothills  of  the  mountains,  then  the 
equivalent  to  a  Nahanni  event  should  be  extended 
all  the  way  down  to  the  United  States  border. 
To  accomplish  this,  the  maximum  magnitudes  in 
the  NBC  and  SBC  zones  are  also  raised  to  7.0. 

Model  3 : 

Since  the  Nahanni  earthquake  is  a  new  real 
event,  consideration  must  be  given  as  to  whether 
the  above  modification  is  the  solution,  or 
whether  a  new  seismic  source  zone  should  be  set 
in  the  southern  part  of  the  MKZ  source  zone . 
NBCC  recognizes  a  small  independent  source  zone 
in  the  region  of  the  Richardson  Mountain  (RIC) 
towards  the  north  central  region  of  the  MKZ . 
For  this  study,  a  source  zone  around  the  Nahanni 
area,  with  a  maximum  magnitude  of  7.0  and  an 
area  larger  than  the  RIC  zone  has  been  defined 
as  LMK,  for  lower  McKenzie. 

Model  4: 

Finally  a  model  is  run  with  the  new  LMK  zone 
4-nd  the  changes  in  the  NBC  and  SBC  zones  set 
out  in  Model  2 . 

From  Table  4,  one  can  obtain  the  levels  of 
ground  amplitude  for  a  range  of  probabilities 
of  exceedance.  NBCC  employs  a  10%  chance  of 
exceedance  in  50  years,  or  an  annual  probability 
of  exceedance  of  1/475  =  0.0021.  Results  in 


Fig.  7  Seismogenic  Zones  of  Canada 
(After  Basham  et  al.  1985) 


this  study  are  listed  for  an  even  lower  proba¬ 
bility  down  to  an  annual  probability  of  1/1000. 
Other  lower  values  can  be  calculated,  but  the 
reliability  of  extending  the  computations  to 
these  low  numbers  is  questionable.  In  the 
evaluation  of  the  ground  motion,  a  stochastic 
factor  is  employed  to  allow  for  the  scatter  of 
the  data  used  for  the  calculation  of  the  attenu¬ 
ation  functions.  For  the  NBCC  computations,  a 
value  of  this  factor  was  set  at  0.7.  The  use 
of  this  value  increases  the  end  result  by  a 
factor  just  under  two.  This  procedure  has  been 
followed  for  the  Syncrude  study.  Thus,  another 
layer  of  conservatism  has  been  added. 


TABLE  4 

SUMMARY  OF  PROBABILISTIC  ASSESSMENT  OF 
PEAK  HORIZONTAL  GROUND  ACCELERATION  (PGA)  AND  VELOCITY  (PGV) 

AT  SYNCRUDE  SITE 


Probability  of 


Exceedance  per  Annum 

0.01 

0.005 

0.0021 

0.001 

Remarks  on  Model 

Probability  of 

Exceedance  in  50  years 

40% 

22% 

10% 

5% 

NBCC  1985 

PGA  (%  g) 

0.9 

1.1 

1.4 

1.6 

National  Building  Code  of 

PGV  (cm/sec) 

2.5 

3.2 

3.9 

4.7 

Canada  1985 

Model  1 

PGA  (%  g) 

2.3 

_ 

3.9 

4.9 

Eastern  Attenuations 

PGV  (cm/ sec) 

3.0 

- 

6.0 

7.7 

Model  2 

PGA  (%  g) 

2.3 

_ 

4.0 

5.1 

Eastern  Attenuations  and 

PGV  (cm/sec) 

3.1 

- 

6.0 

7.8 

Modification  of  Zones 

MKZ,  NBC  and  SBC 

Model  3 

PGA  (%  g) 

2.5 

_ 

4.1 

5.2 

Eastern  Attenuations  and 

PGV  (cm/sec) 

3.1 

- 

6.1 

7.8 

New  Zone  LMK 

Model  4 

PGA  (%g) 

2.5 

— 

4.2 

5.3 

Eastern  Attenuations  and 

PGV  (cm/sec) 

3.2 

- 

6.1 

7.9 

New  Zone  LMK  and 

Modification  of  Zones 
NBC  and  SBC 


SUMMARY 

The  Syncrude  Site  is  situated  in  the  Alberta 
Plateau  with  a  smooth  upland  surface  and  under¬ 
lain  by  flat- lying  Cretaceous  sediments.  There 
are  some  evidences  suggesting  nearby  fault 
activities  may  have  affected  rock  units  as  old 
as  Devonian  in  age.  Historically,  the  Site  is 
positioned  at  considerable  distances  from 
seismic  events  observed  over  the  last  nine 
decades,  main  areas  of  strain  release,  and 
major  tectonic  features  in  western  Canada.  Our 
assessment  summarized  in  Table  5  demonstrates 
that  the  large  earthquakes  in  the  Nahanni  area 


which  occurred  in  1985  do  not  increase  signifi¬ 
cantly  the  seismicity  of  the  Syncrude  Site. 
Therefore,  our  review  confirms  the  assumption 
of  low  seismicity  at  the  Syncrude  Site. 
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TABLE  5 

SUMMARY  OF  SEISMIC  ASSESSMENT  OF 
PEAK  GROUND  MOTION  PARAMETERS 
AT  SYNCRUDE  SITE 


ASSESSMENT 

APPROACH 

PROBABILITY 
EXCEEDANCE  PER 

OF 

ANNUM 

PEAK  HORIZONTAL  GROUND 
ACCELERATION 
%  g 

PEAK  HORIZONTAL  GROUND 
VELOCITY 
(cm/sec) 

Deterministic 

- 

0.7  to  3.1 

0.2  to  3.9 

0.01 

0.9  to  2.5 

2.5  to  3.2 

Probabilistic 

0.0021 

1.4*  to  4.2 

3.9*  to  6.1 

0.001 

1.6  to  5.3 

4.7  to  7.9 

*  These  values  correspond  to  NBCC  1985  code,  which  does  not  include  the  consideration  of 
1985  Nahanni  earthquakes. 
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SYNOPSIS:  Application  of  wave  equation,  in  the  analysis  of  pile  behavior,  under  dynamic  loading  has  started  with  Smith  [9j.  This 

paper  presents  a  modified  explicit  numerical  scheme,  based  on  Smith's  approach,  which  retains  the  simplicity  and  minimum  storage 
requirement  of  Smith's  scheme  but  offers  a  faster  and  more  accurate  solution  near  critical  time  step.  Bearing  capacity  of  pile 
is  estimated  through  Poulos  [£]  scheme,  after  evaluating  dynamic  properties  of  soil  from  set  value  through  this  modified  scheme. 
Observed  load  test  results  establish  a  good  promise  for  this  analysis. 


INTRODUCTION 

Estimation  of  static  bearing  capacity  of  a  single  vertical 
pile  is  very  essential  for  foundation  engineer.  Field  pile  loa'd- 
testing  directly  speaks  for  its  bearing  capacity  but  the  large 
amount  of  cost  involved  in  each  testing  puts  a  limitation 
on  its  number.  Theoretical  formulas  [4],  dynamic  driving  formu¬ 
las  [10]  with  their  individual  simplified  idealization,  do  come 
handy  to  the  field  engineer  for  the  assessment  of  this  highly 
complicated  problem.  The  use  of  the  theory  of  one  dimensional 
wave  propagation  [3,7]  has  now  found  increased  application 
for  the  analysis  of  the  driving  behavior  of  piles  and  for  predic¬ 
ting  their  static  bearing  capacity.  Since  pile  driving  causes 
failure  of  the  soil,  the  idea  of  correlating  the  measurement 
made  during  pile  driving  to  estimate  the  pile  capacity  seems 
apparently  logical.  Though  the  dynamic  nature  of  penetration 
deviates  from  the  static  response  of  soil,  considerable  effort 
has  been  devoted  to  find  suitable  correlation.  In  this  study, 
the  actual  field  observed  bearing  capacity  of  piles  has  been 
compared  with  numericaly  predicted  value,  based  on  a  modified 
Smith's  approach  of  wave  equation  analysis. 

GEOTECHNICAL  CONDITIONS 

A  detailed  soil  investigation  of  the  particular  site  was 
conducted  and  it  was  found  that  the  stratification  is  very 
uniform  in  nature.  A  typical  soil  profile  is  shown  in  Fig. 
1.  The  sand  layer  which  is  main  feature  of  this  deposit  is 
poorly  graded  uniform,  mixed  with  fine  sand  or  silt.  Top  2m 
is  covered  with  greyish  brown  silty  clay  (SPT  N=5).  Below 
this  layer  the  N  value  of  claye  silt  layer  increases  from  12 
to  30  upto  a  depth  of  20m  from  ground  surface.  Deeper  strata 
offers  N  value  as  high  as  60  to  80.  Water  table  was  found 
2m  below  ground  level.  Engineering  properties  of  the  soil 


are  given  below: 

Specific  gravity  of  soil  2.52 

Mean  grain  size  0.18mm 

Maximum  void  ratio  0.91 

Minimum  void  ratio  0.46 


The  deposit  in  the  site  is  in  medium  to  loose  slate  upto 
a  depth  of  10m,  below  which  higher  N  value  indicate  dense 
state. 

TEST  PROGRAM 

Test  piles  were  of  450mm  diameter,  cast-in-situ  concrete 
piles.  Steel  casing  tubes,  Length  24m,  Outside  diameter  450mm, 
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Youngs  Modulus=2.2  x  10  kg/cm  ,  were  driven  by  3.5t  hammer. 
The  hammer  was  dropped  from  a  height  of  1.3m  by  the  usual 
method  of  releasing  the  clutch  of  the  driving  machine.  There 
might  be  some  possibility  of  slight  variation  in  the  height 
of  fall  but  a  close  watch  was  always  kept  to  maintain  the 
uniformity.  Number  of  blows  needed  for  the  penetration  of 
each  meter  of  depth  was  noted  throughout.  Set  value  was 
obtained  from  the  time-transient  displacement  curve,  in  last 
few  blows,  on  the  driven  casing  tube.  Depth  of  embedment, 
verticality  of  the  casing  tube,  leakage  through  bottom  shoe 
etc.  were  noted.  After  driving  the  casing  tube,  upto  the  requi¬ 
red  depth,  reinforcement  cage  was  inserted  and  concrete 
was  poured  in  three  stages.  Casing  tube  was  lifted  slowly 
with  short  fall  of  hammer.  Actual  volume  of  concrete  consumed 
was  compared  with  the  calculated  volume  required,  to  check 
against  the  formation  of  necking. 

The  piles  were  test  loaded  upto  failure,  about  45  days 
after  casting.  Cyclic  load  tests  (Fig.2)  were  carried  out  on 
tese  piles  by  putting  load  with  Hydraulic  jack  on  finished 
pile  head  at  cut-off  level.  Reaction  was  obtained  from  loads 
placed  on  steel  girders.  Movement  of  pile  head  under  the 
application  of  each  loading  and  subsequent  unloading,  were 
noted  by  4  diagonally  placed  dial  gauges  on  pile  head.  Load 
tests  were  conducted  as  per  IS:  2911,  Part  1  [11]. 

A  typical  load-settlement  behavior  for  test  pile  TP 
5  is  shown  in  Fig.  3  and  the  results  has  been  presented  in 
Table  1.  It  may  be  observed  that  the  average  load  carrying 
capacity  of  Pile  is  160t  with  60%  skin  friction  and  40%  point 
bearing,  with  6mm  elastic  settlement  (gross-net)  at  160t. 

NUMERICAL  WAVE  EQUATION  ANALYSIS 

Smith's  [9]  proposed  approach  to  the  wave  equation 
was  the  discrete  idealization  of  pile  body  as  ar,  assemblage 
of  (Fig.  4)  lumped,  concentrated  weights  W(l)  through  W(p), 
which  are  connected  by  weightless  spring  K(l)  through  K(p-l), 
representing  pile  stiffness.  Resistance  offered  by  soil  was 
considered  to  be  visco-elasto-plastic.  Time  was  also  discretised 
into  small  intervals.  In  general,  the  system  is  considered 
to  be  composed  of:(i)  A  ram,  (ii)A  cap  block,  as  cushioning 
material,  (iii)  A  pile  cap,  (iv)  A  pile  and  (v)  The  supporting 
medium  or  soil. 

The  numerical  scheme,  developed  by  Smith  [9]  in  its 
finite  difference  form  is  as  follows: 
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D(m,t)=D(m,t- 1 )+ V(m ,  t- 1 ) 

C(m,t)=D(m,t)-D(m+ 1  ,t) 

F(m,t)=C(m,t).  KP(m) 

R(m,t)=[D(m,t)-D'(m,t)].KS.  [U3(m).  V(m,t-1)] 
V(m,t)=V(m,t-I)t[F(m-l,t)-F(m,t)-R(m,t)].g.dt/\V(m) 
where  D,C,F,R,V  are  displacement,  compression  of  internal 
spring,  force  in  internal  spring,  total  soil  resistance  and  velocity 
respectively  of  m  pile  element  at  time  t.  KP  and  KS  are 
pile  and  soil  stiffness  modulus.  3  is  the  damping  coefficient 
and  dt  is  the  time  increment. 

Numerical  scheme  [1]  sweeps  over  time  from  the  known 
impact  velocity  of  the  first  element  and  with  initial  at-rest 
condition  of  all  other  pile  and  soil  elements.  The  iteration 
of  the  Smith's  scheme  terminates  when  either  of  the  following 
conditions  is  satisfied: 


1.  Pile  tip,  after  penetrating  to  some  maximum  downward 
value  starts  rebounding  upward. 

2.  Velocities  of  all  the  elements  are  negative  or  zero. 
Set  is  defined  as  the  maximum  tip  displacement  minus  the 
plastic  yielding  Quake  factor  'q'. 

Smith's  scheme  is  a  spatially  discrete  model  which  is 
integrated  forward  in  time  to  generate  a  transient  dynamic 
response.  This  scheme  solves  one  dimensional  wave  equation, 
C  -  d  -dtt=f(x,t),  which  characterizes  dynamic  axial  load 
ur  pile  body.  Here  d  denotes  the  time  dependent  displacement 
of  pile  at  a  distance  x  and  at  time  t,  and  the  suffix  denotes 
the  respective  partial  differentiation.  The  constant  C  is 
propagation  velocity  of  elastic  wave  through  pile  material. 

The  present  study  is  based  on  Smith's  scheme  with  follo¬ 
wing  modifications: 

(i)  R(m,t)=[D(m,t)-D'(m,t)],  KS  +q.KS.J(m).V(m,t-l) 

(u)  Displacement  and  velocities  are  found  out  at  the 
end  of  full  time  interval  (n).dt,  (n+l).dt  etc.,  but  forces  and 
accelerations  are  obtained  at  half  time  intervals  (n+l/2).dt, 
(n+3/2).dt  etc. 

(in)  Iteration  continues  till  the  oscillations  of  all  elements 
become  negligibly  small 

(iv)  Set  is  defined  as  permanent  downward  movement  of  the 
pile. 

(v)  Total  static  part  of  the  dynamic  resistance  offered 
by  soils  considered  as  the  maximum  of  [D(m,t)-D'(m,t)].KS, 
over  all  soil  elements  at  each  instant  of  time. 

(vi)  Tip  soil  is  a  tension  free  element 


to  the  end  of  discrete  time  interval  dt.  The  change  in  the 
soil  resistance  is  evaluated  at  the  end  of  each  interval.  Within 
the  frame  of  these  assumptions  the  term  f(x,t)  of  the  one 
dimensional  wave  equation  has  been  considered  as  a  constant 
F  rn  the  semidiscrete  wave  equation  M.d"*KP.d=F.  To  evaluate 
d(n+l)  of  any  instant  this  explicit  scheme  utilizes  one  just-pre- 
vious  value  of  d(n)  and  one  just-previous  value  of  d*(n- 1/2). 
The  velocities  d*  (n-i/2)  are  carried  out  at  half  time  point. 
The  diagonal  nature  of  the  muss  matrix  M,  in  this  lumped 
parameter  model,  offers  advantage  of  the  speed  of  computer 
calculation  and  explicit  nature  of  the  scheme  reduces  the 
computer  storage  requirement. 

STABILITY  OF  THE  MODIFIED  SCHEME 


The  homogeneous  part  of  the  _  discrete  scheme  [6]  may 
be  written  as  d*  (n+l/2)=d'(n-l/2)-dt.M  .KP.d(n),  which  when 
substituted  m  the  central  difference  expression  of  velocity, 
d(nvl)=d(n)+dt.d‘(n+l/2)  offers:  . 

d(n+ 1  )=d(n)+dt.[d'(n- 1  /2)-dt.M' 1  .KP.d(n)  ] 

=d(n)+dt.d’(n- 1 /2)-(d;).M' 1  .KP.d(n) 

Since,  d(n)  =d(n-l)+dt.d’(n- 1/2), this  offers: 

d(n+I)  =d(n)+[d(n)-d(n- 1  )]-(dlT.M' 1  .KP.d(n) 
implies,  d(n+ l)-2d(n)+d(n- 1  )+(dt)  .M  ’  .KP.d(n)=0 
The  solution  is  sought  as  d(n)-(del).  expfp.n.dt],  where, 
deUarbitrary  displacement  vector, p  is  undetermine  d.Considering 
for  any  real  physical  system  there  exist  a  separate  and  distinct 
non-zero  delta  for  each  eigenvalue-eigenvector,  this  expression 
offers:  exp(p.dt)-2+exp(-p.dt)+(^lt)  .M  .KP=0 
For  any  eigenvalue  L  of  M  .KP  the  characteristic  equation 
for  'del'  becomes:  exp(p.dt)-2+exp(-p.dt)+(dt).L-0 
To  check  against  the  growth  of  original  error,  with  increasing 
t,  in  the  solution  of  wave  equation,  which  is  bounded  for 
all  time  t,  it  is  necessary  and  sufficient  that-l^eRd^j 
This  imposes  a  strict  condition  that  (dtr.L£4,ie,(dt)l£4/Ljmax> 
where  L  is  the  maximum  of  all  the  eigenvalues  of  M~  .KP, 
which  is  a£  =4.C  /(dxr  for  lumped  mass  idealisation  of 
discretised  linear  wave  equation  with  uniform  mesh  discieiisk- 
tion  'dx'.  Under  this  condition  critical  time  step,  t  =dx/C  . 
So  long  the  time  step  of  integration  is  kept  lower  c&r  equRl 


to  t  the  numerical  solution  should  converge  to  true  solution. 
The  space-time  finite  diffeier.ee  nodes  of  one  dimensional 
wave  equation  fall  exactly  on  the  characteristic  curve  when 
the  time  step  of  integration  dt  is  dx/C  =  ^/[W(m)/(KP(m).g)]and 
should  offer  exact  solution.  p 


The  finite  difference  form  of  the  semidiscrete  wave 
equation  can  be  represented  as  M  d”  +  KP.  d-F,  where  d 
is  the  displacement  vector  representing  nodal  degrees  of 
freedom,  d"  is  the  nodal  acceleration  vector,  M  is  the  diagonal 
mass  matrix  for  this  lumped  parameter  model  and  KP  is 
the  linear  stiffness  matrix.  The  non  homogeneous  term  F, 
which  represents  the  soil  resistance  on  the  pile  motion,  is 
the  vector  of  nodal  'loads'.  At  any  instant,  n.dt  of  the  discrete 
time  domain,  it  should  always  satisfy  the  dynamic  equilibrium 
equation:  M.d”  (n)+  KP.d(n)=F(n),  where  the  term  in  the  bracket 
indicates  the  vector  at  n  instant  of  time.  In  this  modified 
scheme,  first  a  central  difference  expressions  are  introduced 
for  the  acceleration  d'Tn  terms  of  the  velocity  d’  and  then 
this  velocity  is  expressed  by  central  difference  expression 
over  displacement. 

M.d”(n)vF(n)-KP.d(n)  . 

[d'(n+l/2)-d‘  (n-1/2)]  /  dt  =  M  .  [F(n)-KP.d(n)] 
d'(n+l/2)=d’(n-l/2)  +  M  .  [F(n)-KP.d(n)].dt 
d(n+l)=d(n)+dt.d'  (n+1/2) 

Here  the  term  F  represent  instantaneous  soil  resistance, 
which  brings  non-linearity  in  the  partial  differential  wave 
equation.  In  original  Smith's  scheme  the  viscous  part  of  it 
was  expressed  as  product  of  the  displacement  and  velocity. 
The  present  scheme  considers  the  viscous  part  as  velocity 
dependent  only.  Moreover,  the  modified  scheme  retains  the 
simplicity  of  Smith's  assumption  that  the  total  soil  resistance 
may  be  considered  as  time  independent  constant  during  the 
travel  of  the  wave  through  any  pile  element  from  the  beginning 


COMPARISON  OF  TWO  SCHEMES 

To  compare  the  efficiency  of  these  two  schemes  following 
problem  was  identified; 

The  pile  consists  rf  24  elements  of  same  mass  and  same 
stiffness  and  3  elements  for  anvil,  cap  and  capblock.  Soil 
stiffness  KS  is  set  to  zero.  Initial  t'  Jisplacements  are  0  for 
all  elements  and  for  the  first  10  pile  elements  initial  velocity 
is  set  to  unity.  Remaining  10  pile  element  velocity  is  set 
to  zero.  The  solution  of  this  uniaxial  deformation  of  a  linearly 
elastic  material  is  the  propagation  of  one-half  of  the  impact 
velocity  into  the  stationary  material  and  a  reduction  by  same 
magnitude  into  the  impacting  material.  Fig  5  compares  the 
velocity  wave  front  obtained  from  these  two  schemes.  As 
the  error  in  energy  balance  of  the  modified  scheme  is  small 
it  does  not  contain  saw-tooth  wave  ^dises  of  Smith's  original 
scheme.  The  approximation  brought  iiuo  the  partial  differential 
wave  equation  by  different  idealisations,  drifts  the  numerical 
solution  away  from  its  true  behaviojr.  The  original  frequency 
content  w  gets  di^forted,  either  upward  or  downward  into 
an  approximated  w  depending  on  the  nature  of  mass  and 
time  discretisation.  In  the  present  problem,  one  is  interested 
to  know  the  history  of  stress  wave  propagation,  through  the 
pile  body,  because  o.  the  impact  offered  on  the  pile  head 
by  the  falling  hammer.  The  entire  frequency  content,  needed 
to  represent  the  shock  wave  propagation,  is  of  prime  impor¬ 
tance.  Lumped  parameter  mass  idealisation  of  spatial  discreti¬ 
sation  [5,2]  depresses  the  approximate  frequency  but  the 
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central  difference  operator  shifts  it  upward.  Thus  the  combina¬ 
tion  of  these  approximation,  adopted  in  the  present  modified 
scheme,  tries  to  compensate  each  other.  This  scheme  retains 
the  simplicity  of  Smith's  scheme  along  with  a  more  accurate 
solution  near  the  critical  time  step.  Fig  6  compares  the  time 
displacement  behaviour  of  the  pile  element  just  above  ground 
through  these  two  schemes. 

Smith's  scheme  while  assessing  the  stiffness  of  the  soil 
modulous  the  total  load  carrying  capacity  of  the  pile  Ru 

was  assumed  and  it  was  distributed  between  side  skin  friction 
Rf  and  point  bearing  Rp  (Ru=Rf+Rp)  from  the  knowledge 
of  the  sharing,  obtained  from  cyclic  load  test  results.  Soil 
stiffness  of  the  peripherial  and  tip  soil  KS,  and  KS  were 
obtained  as  KS,=Rf/q  and  KS  =Rp/q.  Set  values,  obtained 

from  this  distribution  of  soil  ?esistance  were  related  with 
assumed  total  resistance  Ru.  It  is  implicit  in  this  assumption 
that  all  the  soil  elements  at  some  instant,  will  simultaneously 
undergo  a  deformation  which  is  greater  or  equal  to  the  quake 
factor,  thus  generating  full  capacity  of  resistance  in  each 
element,  simultaneously,  whose  summation  is  the  assumed 

load  carrying  capacity.  In  reality,  static  part  of  the  total 
dynamic  resistance  offered  by  soil  is  the  summation  of  the 
product  of  the  instantaneous  displacement  of  soil  and  its 

stiffness,  over  all  the  soil  elements.  Fig  7  shows  that  the 
mobilasition  of  maximum  soil  resistance  is  not  instantaneous. 

As  the  depth  increases,  phase  lag  increases  and  the  tip  soil 
offers  intermittent  beat  type  resistance  on  the  pile  motion. 

ANALYSIS  OF  THE  TEST  RESULT 

Test  results  have  been  analysed  as  follows: 

Stepl.  Modified  scheme  was  used  to  generate  Sot-Dynamic 
shear  stiffness  curve,  with  quake  factor  1.25mm&3=.0002sec/mm 
Shear  stiffness  associated  with  the  free  length  of  the  casing 
tube,  above  ground,  was  set  to  2ero.  Number  of  blows  for 
the  last  meter  of  penetration  for  TP-  8  was  330,  which  indicate 
final  set  value  as  3.0mm.  When  this  set  value  is  entered  through 
Fig.  8  offers  dynamic  shear  resistance  of  soil.as  990t/m  which 
corresponds  to  soil  shear  modulous  G  =  1500t/m  . 

Step2.  Poulos  [8]  has  offered  the  estimation  of  elastic  settle¬ 
ment  of  pile  under  the  application  of  vertical  load.  The  load 
required  to  produce  6mm  elastic  .settlement  for  TP-5  (Length  - 
=  17m,  Dia=0.45m,E  =2.1  x  loVm^E  =2.G(H.25)=3SWt/rty'm'i 

was  found  out  as  l83t.  Observed  load  from  cyclic  load  test 
results  have  been  presented  in  Table  1. 

DISCUSSION  AND  CONCLUSION 

Table  1  shows  that  the  numerical  prediction  of  the  load 
carrying  capacity  of  pile  is  in  good  agreement  for  TP-8, 
TP-5  and  TP-10.  But  for  the  short  length  pile  TP-7  this  scheme 
under  estimates  by  44%.  This  may  be  because  of  the  variation 
in  local  geological  condition  which  has  helped  to  increase 
the  pile  capacity  by  soil  set-up. 

This  may  be  concluded  from  tnis  study: 

i)  Modified  Smith's  approach  is  numerically  more  stable 

ii)  All  peripherial  soil  element  do  not  offer  their  indivi¬ 
dual  maximum  resistance  simultaneously. 

iii)  Defining  Set  as  permanent  downward  displacement 
of  pile  under  last  blow,  the  modified  scheme  correlates  well 
this  set  with  the  dynamic  shear  stiffness  property  of  the 
peripherial  soil. 

iv)  Evaluating  soil  static  modulous,  from  this  dynamic 
shear  stiffness,  Poulos  approach  may  very  well  predict  the 
load  carrying  capacity  at  a  given  elastic  settlement  of  pile. 

v)  Proper  consideration  should  be  given  to  the  develop¬ 
ment  of  soil  strength  because  of  compaction  of  soil  through 
driving  of  the  casing  tube  and  thixotropic  increase  in  soil 
shear  strength. 


TABLE  1.  LOAD  CARRYING  CAPACITY  OF  PILE 


No-  E'jRgth 

Observed 

Load 

Set 

Calculated 

Load 

(m) 

(t) 

(mm) 

(t) 

1.  TP-8 

21 

160 

3.0 

163 

2.  TP-5 

17 

160 

3.8 

158 

3.  TP-4 

17 

180 

4.0 

153 

4.  TP-7 

13 

96 

6.7 

53 

5.  TP- 10 

21 

160 

3.2 

163 
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SYNOPSIS:  On  2  March  1987  the  86  m  high  Matahina  earth  dam  in  the  Eastern  Bay  of  Plenty  region  of 

New  Zealand  was  shaken  by  a  nearby  magnitude  6.3  earthquake.  The  dam  response  was  recorded  by  five 
strong  motion  accelerometers  and  a  maximum  crest  level  acceleration  of  0.42  g  was  measured.  The 
crest  level  rockfill  settled  about  100  mm  and  moved  downstream  250  mm  during  the  earthquake.  No 
major  leakage  has  resulted  from  the  earthquake. 

The  results  of  the  d  image  investigations  are  described.  A  condition  probably  requiring  remedial 
work  has  been  identified  on  the  left  abutment. 


INTRODUCTION 

At  1.42pm  on  2  March  1987  a  shallow  magnitude 
C.3  earthquake  occurred  near  the  town  of  Edge- 
cumbe  in  the  eastern  Bay  of  Plenty  region  of  New 
Zealand  (Figure  1).  There  were  no  fatalities, 
possibly  because  failure  of  electric  power 
supply  in  a  large  foreshock  forced  many  people 
outdoors.  There  was  extensive  damage  to  several 
major  industrial  installations  and  moderate 
damage  to  housing. 

The  Matahina  earth  dam  and  power  station  near 
Edgecumbe  is  owned  and  operated  by  the  Electric¬ 
ity  Corporation  of  New  Zealand.  The  civil  works 
were  designed  and  built  by  the  New  Zealand  Min¬ 
istry  of  Works  and  Development  who  remain  as 
consultants  to  the  owners.  The  dam  is  located 
on  the  Rangataiki  river  about  23  km  south  of  the 
main  shock  epicentre  and  11  km  from  the  main 
surface  faulting.  The  intensity  of  shaking  at 
the  power  station  in  the  main  shock  was  MM  VII. 
Although  initial  observations  did  not  indicate 
severe  damage,  the  Matahina  lake  was  drawn  down 
2.5  m  as  a  precaution.  The  drawdown  river  flows 
were  interpreted  by  residents  downstream  with 
alarm  and  the  area  was  unofficially  evacuated. 

This  paper  describes  the  damage  investigations 
carried  out  at  the  power  station  since  the  earth¬ 
quake.  These  showed  that  crest  level  rockfill 
settlements  of  up  to  100  mm  together  with  a 
downstream  movement  of  250  mm  had  occurred  during 
the  earthquake .  Crest  level  accelerations  of 
0.42  g  were  measured  during  the  main  shock. 

There  has  been  no  evidence  of  major  leakage  as  a 
result  of  the  earthquake.  A  condition  probably 
requiring  remedial  work  has  been  identified  on 
the  left  abutment. 

Further  study  of  the  dynamic  behaviour  of  the 
dam  is  proposed. 


REGIONAL  GEOLOGY 

The  Matahina  power  station  is  located  on  the 
eastern  margin  of  the  Central  Volcanic  Region  of 
New  Zealand  (Staff  NZ  DSIR  1987).  Spreading 
associated  with  the  active  convergent  Pacific 
and  Australian  plate  boundary  which  lies  to  the 
east  of  the  North  Island  occurs  within  this 
region.  Faulting  is  normal  and  trends  NE-SW. 

The  Central  Volcanic  Region  is  a  zone  of  young 
igneous  rocks  mainly  rhyolitic  and  andesitic  in 
composition.  It  contains  recent  active  volcan¬ 
oes  and  geothermal  areas. 

A  feature  of  the  Central  Volcanic  Region  is  ex¬ 
tensive  sheets  of  rhyolitic  and  andesitic 
ignimbrite.  These  often  extend  up  to  50-100  km 
from  their  source  with  total  volumes  up  to  200 
cubic  kilometres  covering  several  thousand  square 
kilometres  (Soons  and  Selby  1982).  The  welded 
portion  of  the  Matahina  ignimbrite  sheet  forms 
vertical  cliffs  along  the  canyon  of  the  Rangit- 
aiki  River  in  the  area  of  the  dam  and  lake.  At 
the  damsite  it  is  a  hard  columnar  jointed  welded 
tuff. 

The  earthquake  occurred  in  the  extreme  north 
east  of  the  Central  Volcanic  Region  under  the 
low lying  alluvial  flood  plain  of  the  Rangitaiki 
River  ( Figure  1 ) . 

To  the  east  of  the  damsite  and  the  Central 
Volcanic  Region  lie  the  Jurassic  greywacke  rocks 
of  the  Raungaehe  Range  (Figure  2).  Several 
major  active  faults  occur  in  this  area.  These 
faults  trend  N-S  and  are  associated  with  the 
major  transcurrent  movements  occurring  within 
New  Zealand.  One  of  these  faults,  the  Haiohau 
fault,  traverses  the  western  edge  of  the  damsite. 
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THE  EDGECUMBE  EARTHQUAKE 

In  the  two  weeks  preceding  the  main  event  there 
were  earthquake  swarms  in  the  region  (Staff  NZ 
DSIR  1987).  These  culminated  m  the  main  shock 
at  Olh  42m  34s  on  2  March  1987  UT.  The  epicentre 
location  was  8  km  NNW  of  Edgecumbe  (Figure  2) 
and  the  focal  depth  was  estimated  to  be  12  km. 
The  magnitude  (M^)  of  the  main  shock  was  6.3.  A 

foreshock  and  four  aftershocks  had  magnitudes  of 
over  5.0  with  epicentres  within  a  few  kilometres 
of  the  main  shock. 

The  main  surface  rupture  (Figure  2)  occurred 
south  of  Edgecumbe  and  had  a  maximum  of  2  m 
vertical  displacement.  Surface  rupture  and  in¬ 
strument  records  suggest  normal  faulting. 

The  accelerometer  at  the  base  of  the  dam  record¬ 
ed  the  M^  5.2  foreshock,  the  6.3  main  shock 

and  the  largest  aftershock,  the  M.  5.5  event  8$ 

u 

minutes  after  the  main  shock.  The  transverse 
(upstream-downstream)  acceleration,  velocity  and 
displacement  record  from  the  base  of  the  dam  and 
the  5%  damped  acceleration  response  spectra  are 
shown  in  Figure  3.  The  El  Centro  1940  (N-S) 
response  spectra  is  shown  for  comparison. 


Figure  2.  Geology,  Epicentres,  and 
Fault  locations 

(Adapted  from  Staff  NZ  DSIR,  1987) 


DESCRIPTION  OF  DAM 

At  the  damsite  the  river  has  cut  a  gorge  through 
an  extensive  ignimbrite  sheet  into  compact 
gravels,  sands  and  silty  clays  of  Tertiary  age. 
The  dam  abutments  are  therefore  hard  rock  under¬ 
lain  by  compact  alluvial  materials  at  lower 
levels.  The  Waiohau  fault  traverses  the  rock  of 
the  left  abutment  approximately  500  m  from  the 
dam  and  splinter  faults  from  this  occur  within 
the  dam  foundation. 

The  diversion  and  dewatering  tunnels,  the  spill¬ 
way,  the  penstocks  and  powerhouse  are  founded  on 
a  prominent  rock  spur  which  forms  the  left  abut¬ 
ment  (Figure  4).  There  is  a  grout  curtain  form¬ 
ing  a  partial  cutoff  within  the  spur  supplement¬ 
ed  by  two  drainage  drives.  Seepage  flows  and 
groundwater  levels  are  monitored. 

The  dam  (Figure  5)  stands  86  m  high  above  found¬ 
ation  level  and  has  a  crest  length  of  400  m.  It 
has  an  upstream  sloping  core  of  moderate  width. 
The  core  material  is  weathered  greywacke  with  a 
low  plasticity  gravelly  clay  grading.  The  dam 
shoulders  are  of  hard  ignimbrite  rockfill  com¬ 
pacted  by  heavy  tractor  track  rolling.  The 
transition  zones  between  the  core  and  shoulders 
comprise  the  fines  and  softer  strippings  from 
the  ignimbrite  rockfill  quarry. 
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A87Q85D2  MATAHINA  DAM  D  (BOTTOM  CENTRE)  COMPONENT  N07W 

EARTHQUAKE  1987  VCARCH  02  0142  BT 
BAND-PASS  FILTER  TRANSITION  BANDS  ARE  0.100-0.230  HZ  AND  24.5-25.5  32 
©  Peak  Talues:  acceleration  2381  mm/a/a,  Telocity  -218.5  mss/a,  displacement  -90.56  mm 
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Figure  3.  Acceleration,  velocity  and  displacement  at  the  base  of  the 
Matahina  Dam  and  comparison  of  the  5%  damped  acceleration  response  spectra 
there  with  El  Centro  1940  (NS). 
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Figure  4.  Matahina  Dam  (D.I,.  Homer  DSIR) 


Underseepage  is  controlled  by  a  shallow  cutoff 
below  the  core  and  a  30  m  deep  curtain  of  drain 
holes  which  discharge  into  an  extensive  drainage 
blanket.  Flow  from  the  drainage  blanket  is 
monitored  by  a  weir  located  in  the  old  river 
channel  downstream  of  the  dam. 

The  dam  instruments  include  five  strong  motion 
accelerometers  from  which  records  of  the  fore¬ 
shock  and  mainshock  were  obtained.  The  exten¬ 
sive  surface  monument  network  had  been  resurvey¬ 
ed  three  weeks  prior  to  the  earthquake. 

During  lakefilling  in  1967,  core  cracking, leak¬ 
age  and  internal  erosion  occurred  above  a  step 
in  the  right  abutment  (Galloway,  1967).  High 
turbid  leakage  flows  were  observed  at  the 
drainage  blanket  monitoring  weir.  An  erosion 
cavity  was  subsequently  located  downstream  of 
the  core.  Repairs  comprised  a  plastic  concrete 
patch  on  the  downstream  side  of  the  core  backed 
by  granular  filter  zones.  The  core  was  grouted 
with  a  cement  bentonite  mix  and  the  lake  re¬ 
filled  without  further  incident. 

Settlement  and  downstream  movement  of  the  dam 
have  continued  since  lake  filling.  The  move¬ 
ments  are  consistent  with  the  observed  per¬ 
formance  of  similar  dams. 


POST  EARTHQUAKE  INSPECTION 

Detailed  inspection  following  the  earthquake 
showed  surface  cracking  and  minor  local  settle¬ 
ments  near  the  abutments,  a  turbid  and  increased 
drainage  flow  from  the  left  abutment  spur,  a 
minor  increase  in  flow  at  the  drainage  blanket 
weir,  settlement  and  downstream  displacement  cf 
the  crest  and  large  settlements  in  the  upstream 
rockfill  shoulder.  The  lake  was  drawndown  to 
near  minimum  operating  level  as  a  precaution. 
Generation  was  resumed  14  hours  after  the  earth¬ 
quake  . 


DAMAGE  INVESTIGATIONS 

In  view  of  the  1967  leakage  incident,  the  pres¬ 
ence  of  surface  cracking  and  the  considerable 
earthquake  deformations  which  had  occurred,  the 
abutment  areas  were  investigated  using  geophysi¬ 
cal  methods,  surface  trenching  and  air  flushed 
drill  holes. 

Trenching  showed  the  cracks  to  be  shallow  and 
not  continuous  through  the  core.  It  also 
revealed  a  large  cavity  beneath  the  roading 
basecourse  upstream  of  the  core  on  the  right 
abutment.  The  location  of  the  cavity  directly 
upstream  of  the  1967  leak  repair  and  the  lack  of 
large  leakage  flows  at  the  drainage  blanket  weir 
strongly  suggested  that  the  cavity  was  related 
to  the  1967  incident.  It  is  considered  that  the 
earthquake  compacted  loose  materials  above  the 
leakage  area  creating  the  void  which  was  found. 

As  a  result  of  surface  deformation  above  the 
1967  leakage  repair  two  shafts  were  drilled  to 
check  the  integrity  of  the  repair.  On  the  left 
abutment  drilling  showed  high  water  inflows  and 
this  investigation  was  extended.  Survey  showed 
that  continuing  settlement  of  the  dam  and  left 
abutment  spur  was  occurring  several  weeks  after 
the  earthquakes. 

During  the  investigations  detailed  monitoring 
was  maintained.  This  included  repeated  precise 
level  measurements,  readings  of  selected  perm¬ 
anent  instrumentation,  visual  inspection  and 
monitoring  of  additional  investigation  piezo¬ 
meters  .  The  monitoring  schedules  were  revised 
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Figure  5.  Cross  section  of  the  Matahina  Dam. 
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several  times  when  conditions  with  possible 
safety  implications  were  found.  Currently  the 
lake  is  held  near  minimum  operating  level  with 
daily  monitoring  of  selected  instruments. 

An  alarm  has  been  installed  on  the  earth  dam 
drainage  olanket  weir  to  detect  abnormal  flows. 


INVESTIGATION  RESULTS 
Seepage 

During  the  period  of  lake  drawdown  following  the 
earthquake  flow  from  the  drainage  blanket  weir 
increased  from  70  1/min  to  630  1/min.  Four  days 
after  the  earthquake  flow  from  the  weir  ceased 
and  it  has  flowed  only  intermittently  since 
then . 

In  order  to  interpret  these  observations,  weir 
flow  records  were  analysed  with  respect  to  lake 
level,  tailwater  level  and  local  rainfall. 

While  flows  were  clearly  influenced  by  tailwater 
level  and  rainfall,  the  scatter  of  results  in¬ 
hibited  interpretation.  Flows  of  up  to  350  1/min 
were  injected  into  the  drainage  blanket  without 
any  discernible  response. 

The  conclusions  drawn  from  this  work  were  that 
in  periods  of  low  tailwater  level  flow  from  the 
drainage  blanket  leaks  into  the  groundwater 
system  downstream  of  the  dam;  that  the  increase 
in  flow  after  the  earthquake  was  probably  due 
to  the  increased  tailwater  level  during  draw¬ 
down;  that  increased  leakage  up  to  2000  1/min 


may  not  be  detected  during  periods  of  zero  weir 
flow,  and  that  no  major  dam  leakage  has  occurred 
as  a  result  of  the  earthquake. 

It  is  proposed  to  undertake  tracer  tests  in  the 
drainage  blanket  when  weir  flow  is  re-establish¬ 
ed.  This  would  assist  in  the  estimation  of  total 
drainage  flows  and  losses. 

Seepage  flow  from  the  left  abutment  rock  spur 
which  rose  to  four  times  normal  flow  after  the 
earthquake  has  continued  to  slowly  rise  after 
initially  decreasing.  This  trend  is  being 
closely  monitored  eight  months  after  the  earth¬ 
quake  . 

Settlements 

Measured  settlements  of  survey  points  are  shown 
in  Figure  6  (Currie,  1987).  These  shew  the  very 
small  settlements  of  the  left  abutment  spur  and 
the  much  larger  settlement  of  the  dam  immediately 
after  the  earthquake.  Given  the  level  of  shak¬ 
ing  the  settlements  are  not  considered  excess¬ 
ive  but  they  were  viewed  with  concern  because  of 
the  core  cracking  and  erosion  associated  with 
lake  filling. 

Settlement  of  the  dam  continued  for  several 
weeks.  During  this  time  the  crest  settlements 
were  less  than  the  rockfill  settlements  as 
would  be  expected.  Measurements  from  the  insp¬ 
ection  gallery  do  not  suggest  significant  foun¬ 
dation  settlement  (Figure  7). 
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The  long  term  settlement  of  the  left  abutment 
spur  was  unexpected  (Figure  6).  The  results  in¬ 
dicate  a  fairly  uniform  settlement  without  tilt¬ 
ing.  The  settlement  caused  increased  leakage 
into  the  powerhouse.  Initially  it  was  suspected 
that  the  spur  settlements  may  have  been  tectonic 
in  origin  but  level  traverses  across  the  Waiohau 
fault  did  not  support  this.  It  is  possible  that 
the  silt  which  is  inferred  to  underlie  the 
ignimbrite  sheet  compacted,  developing  excess 
pore  pressures  which  took  some  weeks  to  dissi¬ 
pate. 

The  upstream  shoulder  settlements  were  estimated 
by  levelling  the  colour  change  in  the  rip  rap 
along  the  dam.  (Normal  lake  level  is  marked  by 
a  distinct  colour  change).  Settlements  of  800mm 
were  typical.  Subsurface  sonar  was  used  to  check 
for  evidence  of  underwater  slope  failure.  There 
were  no  detectable  scarps  and  it  is  considered 
that  the  settlements  are  simply  the  result  of 
earthquake  induced  compaction  of  the  rockfill. 

Displacement 

The  displacement  of  the  downstream  rockfill 
shoulder  is  shown  in  Figure  7.  The  maximum  dis¬ 
placement  of  253  mm  compares  with  about  220  mm 
during  the  lake  filling  period.  The  ratio  of 
long  term  crest  displacement/settlement  (typic¬ 
ally  2.5)  is  similar  to  that  observed  during  the 
earthquake . 

Right  abutment  leak  repair  area 

Road  seal  cracking  and  settlement  above  the  1967 
leak  repair  area  was  observed  some  weeks  after 
the  earthquake .  The  cracking  was  located  above 
and  along  the  step  in  the  abutment  where  core 
erosion  had  occurred.  SPT  soundings  in  the 
repair  zone  and  trenching  observations  showed 
that  the  sand  filter  was  in  a  very  loose  state. 
Because  of  the  uncertainty  of  leak  detection 
from  the  drainage  blanket  weir  and  the  possib¬ 
ility  that  the  settlement  and  the  low  densities 
were  due  to  leakage  and  material  loss  from  the 
base  of  the  repair,  two  cased  shafts  were 
drilled  into  it.  These  showed  that  the  repair 
had  not  leaked  significantly  during  the  earth¬ 
quake  but  that  it  had  leaked  soon  after  lake 


filling  in  1967.  The  loose  nature  of  the  sand 
filter  was  satisfactorily  explained  by  checking 
the  construction  methods  with  the  field  staff 
who  had  supervised  construction. 

The  fact  of  prior  leakage  was  established  when 
seams  of  eroded  core  material  were  found  in  the 
sand  filter  downstream  of  the  plastic  concrete 
patch.  The  seams  had  formed  on  the  surface  of 
the  jute  sand  bags  which  were  used  as  formwork 
for  placing  the  plastic  concrete.  This  estab¬ 
lished  the  timing  as  prior  to  the  rotting  of 
the  jute.  The  location  of  the  seams  suggested 
that  leakage  had  occurred  around  rather  than 
through  the  plastic  concrete.  The  sedimentary 
structure  within  the  seams  was  indicative  of 
smallish  rather  than  large  leaks. 

The  continued  presence  of  core  defects  in  which 
erosion  has  occurred  indicates  that  the  remedial 
core  grouting  carried  out  with  the  repair  was 
probably  not  effective.  Drilling  and  piezometer 
measurements  from  the  current  investigations 
support  this  view. 

It  was  concluded  that  leakage  defects  still  exist 
in  the  repair  and  that  they  are  filled  with 
eroded  core  material  held  in  place  by  the  sand 
filter  in  the  repair  zone. 

Left  abutment  area 

Four  inclined  drill  holes  were  drilled  using  air 
flushing.  High  water  inflows  were  encountered 
downstream  of  the  core.  Caving  areas  were  found 
in  two  holes.  Twelve  piezometers  were  installed 
and  anomalously  high  pore  pressures  measured. 
Permeabilities  measured  from  falling  head  tests 
in  the  piezometers  are  at  least  1000  times 
higher  than  expected. 

The  results  indicate  that  core  cracking  and 
erosion  had  occurred  similar  to  that  observed  in 
1967  on  the  right  abutment.  It  is  not  known 
whether  the  defects  predate  or  postdate  the 
earthquake.  Intensive  monitoring  indicates  that 
they  are  stable  at  present.  Remedial  measures 
are  proposed.  The  lake  is  being  held  close  to 
minimum  operating  level. 
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A  stisary  of  the  maximum  accelerations  measured 
o«i  the  transverse  dam  centreline  is  given  in 
Table  I-  The  accelerometer  locations  on  the 
downstream  rockfill  shoulder  are  shown  in 
Figure  6. 

Acceleration  (mm/sec2) 


Component 

Bar® 

Hidh»  i.ght 

Crest 

Vertical 

1378 

20  It 

2824 

Horizontal 

-  raxinun 

3247 

4680 

4155 

-  transverse 

2361 

4366 

3427 

-  longitudinal 

2774 

3209 

2766 

The  non  linear  behaviour  of  the  dam  in  the  course 
of  the  mains hock  made  it  difficult  to  reproduce 
the  recorded  response  with  a  single  time-invar¬ 
iant  linear  model.  Excellent  matches  of  portions 
of  the  response  were  obtained  by  analysing  seg¬ 
ments  cf  the  recorded  motions. 

The  results  for  the  transverse  crest  response  ' 
(Figure  8)  show  that  the  first  mode  period 
lengthens  from  about  0.80  seconds  in  the  fore¬ 
shock  to  1.36  seconds  during  the  time  of  strong¬ 
est  response.  The  period  drops  to  about  0.92 
seconds  in  the  decay  portion  of  the  record. 

First  mode  damping  reached  about  25%  of  critical 
in  the  largest  amplitude  motion  dropping  to 
about  7%  in  the  decaying  portion  of  the  response. 


Table  1.  Maximum  main  shock  accelerations 
recorded  on  the  dam  cent. aline 
(HsVerry,  19873 


The  vertical  base  acceleration  Is  amplified  by 
a  factor  of  o«er  two  at  crest  level.  The  hori¬ 
zontal  crest  components  aie  amplified  more  in 
the  transverse  direction  than  m  the  longitudi¬ 
nal  direction.  An  unexpected  result  is  that 
the  highest  horizontal  accelerations  (0-43g>  are 
measured  on  the  rockiill  shoulder  at  the  mid- 
heighi  of  the  dam.  This  aspect  will  be  invest¬ 
igated  further. 

Analysis  of  the  2  March  1987  accelerograms  is 
still  in  the  initial  stages.  Fourier  spectra 
analysis  estimates  (MsVerry,  1987)  of  the  trans¬ 
verse  and  longitudinal  dam  crest  first  mode 
period  in  the  2  March  foreshock  and  main  shock 
are  given  in  Table  2  together  with  results  for 
a  small  earthquake  in  19/7.  As  expected  the 
results  show  a  lengthening  of  the  effective 
fundamental  periods  m  the  main  shock  compared 
with  the  two  other  smaller  events. 


Event 

Maximum 

horizontal 

First  mode  period 
(sec) 

crest  acc¬ 
eleration 

Trars- 

verse 

Longitud¬ 

inal 

1977 

0.045g 

0.79 

C.83 

1987  Foreshock 

0.054g 

0,80 

0.89 

1987  Mainshock 

0.42g 

1.14 

1.12 

Table  2. 

First  Mode 

Periods 

from 

Fourier  Spectra  Peaks  of  Dam 
Crest  Accelerograms 


Some  results  are  available  from  a  preliminary 
analysis  of  the  dam  response  in  the  mainshock 
using  a  linear  modal  approach  (McVerry,  1987). 

A  systematic  identification  technique  was  used 
to  obtain  the  parameters  of  the  first  few 
modes  of  the  dam  in  the  transverse  and  longitud¬ 
inal  directions  which  provided  the  best  least 
squares  fit  of  the  recorded  crest  response  when 
subjected  to  the  recorded  base  acceleration  in 
the  same  direction. 


The  matching  of  response  in  the  longitudinal 
direction  was  more  difficult.  First  mods  periods 
between  0.86  and  1.02  seconds  were  obtained  for 
various  segments.  First  mode  damping  was  gener¬ 
ally  in  the  range  of  12  to  14%  of  critical  with 
one  segment  reaching  23%. 

The  results  of  the  analysis  to  date  show  evid¬ 
ence  of  mainly  hysteretic  behaviour.  The  recov¬ 
ery  in  the  decay  portion  of  the  transverse  crest 
record  (Figure  8)  is  reassuring  but  shows  evid¬ 
ence  cf  softening.  The  lack  of  mid  crest  accel¬ 
erograms  in  tne  aftershocks  prevents  direct  det- 
ersunation  of  the  post  earthquake  first  mode 
period.  IT  is  hoped  that  analysis  of  aftershock 
records  from  the  other  accelerometers  will 
provide  information  cn  the  post  earthquake 
properties  of  the  dam. 


CONCLUSIONS 

The  hatahina  dam  experienced  significant  shaking 
in  a  nearby  magnitude  6.3  earthquake.  The  down¬ 
stream  rockfill  shoulder  settled  100  mm  and  was 
displaced  up  to  250  mm  downstream  in  the  earth¬ 
quake.  The  upstream  rockfill  shoulder  settled 
by  about  800  mm.  No  major  leakage  has  been 
observed.  Conditions  requiring  remedial  work 
have  oeen  located  on  the  left  abutment  but  it  is 
not  known  if  these  result  from  the  earthquake. 

The  highest  acceleration  on  the  dam  body  during 
the  mair.shock  was  0.48g  measured  at  the  midheight. 
The  maximum  crest  level  acceleration  was  0.42g. 
Fourier  spectral  analysis  of  foreshock  and  main 
shock  records  showed  a  significant  lengthening 
or  the  first  mode  period  in  the  mainshock.  A 
preliminary  linear  modal  analysis  of  ssgments  of 
the  main  shock  transverse  accelerations  snowed 
a  lengthening  of  the  first  mode  period  during 
the  most  intense  shaking  with  partial  recovery 
of  stiffness  in  the  decay  part  of  the  record. 
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SYNOPSIS:  Dynamic  properties  of  a  highway  bridge  foundation  were  determined  through  extensive  field  and  laboratory  testa. 
The  liquefaction  potential  of  alluvia  materials  consisting  of  sand  material  with  10  a  depth  was  evaluated  by  using  tield 
data  obtained  from  standard  penetration  and  cone  penetration  tests,  ae  well  as  seismic  tsrts  by  measuring  longitudinal  and 
shear  waves  velocities.  In  addition  the  laboratory  tasting  program  has  included  classitication  tests,  cyclic  triaxial 
and  cyclic  simple  shear  test. 

The  analyses  have  showed  that  comparable  factors  of  safety  nay  be  obtained  from  both  field  aud  laboratory  tests. 


INTRODUCTION 

A  liquefaction  potential  evaluation  of  Guadiana  bridge 
foundation  is  performed.  Thic  bridge  Is  located  in  the 
South  of  Portugal,  within  zone  A  of  the  Seismic  Risk  Map. 
Subsurface  conditions  were  determined  using  informations 
obtained  from  drilling,  laboratory  tests  and  field  tests. 
This  paper  presents  the  case  studies  involved  is  a  lique¬ 
faction  evaluation  and  shows  how  these  procedures  can  be 
used  in  order  to  determine  the  assesoent  of  liquefaction 
potential  of  the  bridge  foundation.  Tue  countermeasures 
adopted  are  also  referred. 


The  old  Guadiana  valley  is  filled  by  alluvia  material  that 
in  sous  places  reach  a  thickness  of  80  a.  Taking  into  a£ 
count  the  information  given  by  in  situ  tests  (boring  tests, 
geophysical  tests,  SPT  and-  CP T  tests  and  va;a  tests)  and 
laboratory  tests  (classification  tests;  three  complexes 
were  considered  LNEC  (1976,  1978,  1985  a)  which  principal 
characteristics  are  described  in  Table  1. 

The  liquefaction  evaluation  of  sandy  material  with  a  thick 
ness  of  1C  a  and  located  under  the  left  tower  is  discus  - 
sed  in  the  following  sections. 


GENERAL  DESCRIPTION  OF  BRIDGE  AND  FOUNDATION 

Guadiana  bridge  is  a  cable-stayed  bridge  with  a  total 
length  of  862  a  and  has  two  towers  that  art  326  m  apart. 
The  deck  structure  consists  of  a  triangulated  box-girder 
with  two  inclined  webs  and  interior  stiffning  provided  by 
inclined  struts.  Each  section  of  the  towers  is  founded  on 
a  group  of  piles  piora  than  1.5  m  in  diameter  c  ossing  the 
alluvia  material  and  penetrating  in  tbe  shale  grawackes 
formations  (Fig.  1). 


EVALUATION  OF  LIQUEFACTION  POTENTIAL 


Introduction 

To  express  the  ability  of  a  soil  element  to  resist  lique¬ 
faction,  the  liquefaction  resistance  factor  is  defined 


f,  =£ 

h  U 


A-Huddy  Complex 
B  -Sandy  Complex 


Right 

Abutment 


C -Silty-Sandy  Grevelly  Complex 
D  _ Shale  and  Grawackes  Formations 


Fig.  1  General  Vue  and  Foundation  Section 
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TABLE  I.  -  Suraary  of  the  Principal  Geotechnical  Character iscics  of  Alluvia  Material 


SPT 

(N) 

CPT 

(K?a) 

P  wave  velocity 
(n/s) 

S  wave  velocity 
(m/s) 

Type 

Range 

Average 

Range 

Average 

Range 

Average 

Range 

Average 

Muddy  Complex 

1-5 

2 

300-  1000 

600 

1300-1600 

1400 

60-230 

110 

Sandy  Complex 

3-20 

10-15 

1000-  5000 

2500 

1000-1500 

1300 

105-360 

170 

Silty-sandy 
gravelly  complex 

6-60 

20-40 

2000-20000 

10000 

1500-1800 

1600 

115-400 

260 

where  R  is  the  resistance  of  the  soil  element  to  an  earth 
quake  loading  and  L  is  the  earthquake  load  induced  by  a 
seismic  notion. 

The  estication  of  cyclic  shear  strength  can  be  detemined 
by  field  performance  correlated  with  a  variety  of  soil 
index  parameters,  such  as  standard  penetration  resistance, 
cone  penetration  resistance,  shear  wave  resistance  or  by 
an  analysis  of  stress  or  strain  conditions  using  laboratory 
testing'  procedures.  In  the  evaluation  of  the  liquefaction 
potential  of  Guadiana  bridge  foundation  both  methods  were 
used. 


Determination  of  Stresses  Induced  by  Design  Earthquakes 

In  the  specifications  for  Earthquake  Resistance  Design 
of  Highway  Bridges  issued  by  the  Japan  Road  Association 
(1980)  the  value  of  L  is  defined  by  the  following  equation: 


L  = 


(2) 


r<j=*  1.0  -  0.015  Z 


(3) 


where:  Z  =  Depth  from  the  ground  surface  (a) 

K  =  Seismic  coefficient  for  evaluation  of  liq- 
s 

uefaction  and  can  be  determined  by 


Ks  =  v,  x  v2  x  v3  x  Ksq 


Seismic  zone  factor 
Ground  condition  factor 
Importance  factor  of  the  bridge 
Design  seismic  coefficient 
Total  overburden  pressure 
Effective  overburden  pressure 


(4) 


As  Guadiana  bridge  is  located  in  an  active  seismic  zone 
(Oliveira,  1977)  f.om  the  seismic  studies  have  resulted 
for  the  near  earthquake  a  magnitude  equal  6.5  andforthis 
stress-time  history  20  cycles  was  selected  as  the  appro¬ 
priate  number.  From  equation  (4)  results  Ks  =  0.175  "and 
consequently  L  =  0.36. 


Laboratory  Testing 
Identification  Tests 

A  typical  grain  size  distribution  curve  for  the  sandy  ma¬ 
terials  is  shown  in  Fig.  2. 


o  o  o  o 
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Medium  1  Coarse . 
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Fine  .Medium 

Silt  I 

Sand 

Gravel 

Fig.  2  Ranges  of  Grain  Size  Distribution  Curves 


Cyclic  Triaxial  Tests 

After  knowing  the  triaxial  cyclic  shear  strength  (R^) 

in  situ  cyclic  shear  strength  (R)  can  be  obtained  by  the 
following  equation  (Iwasaki,  1986): 

R  >  C,  x  C2  x  C3  x  C^  x  C5  x  Rx  (5) 

where:  C(  is  the  correction  factor  because  the  cyclic 

triaxial  test  does  not  adequately  reproduce  the  in  situ 
stress  conditions  present  during  an  earthquake  and  for 
alluvial  deposits  Cj  =»  2/3  (Ishihara  and  Li,  1972);  C2 

is  the  correction  factor  accounting  for  the  difference  be- 
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tween  tee  is  situ  random  loading  pattern  and  the  sinusoi^ 
dal  loading  pattern  used  in  the  triaxial,  an  average  value 
Cj  =  1.65  is  recommended  by  Ishihara  and  Yasuda  (1975); 

C3  is  the  correction  factor  for  the  effects  of  soil  dis  - 

turbances  during  sampling;  is  the  correction  factor 

for  the  effects  of  densification  in  the  process  of  san  - 
pling  and  handling;  C.  is  the  correction  factor  ac  - 

counting  for  multi-direction  shaking  and  Seed  (1976)  has 
proposed  the  value  0.9. 

Considering  thac  the  two  effects  and  nay  cancel  out 
equation  (5)  becomes: 

a  =  |x  1.6  X  1  x  0.9  Rj  =  Rj  (6) 

Cyclic  triaxial  tests  were  performed  in  representative 
samples  to  observe  the  stresses  and  strains  to  cause 
liquefaction  (LXEC,  1978;  1985  b).  The  initial  effective 

confining  pressure  was  varied  from  30  to  100  KPa  and  the 
samples  •-•ere  submitted  to  120  cycles,  and  a  value  of  5 
percent  double  anplitude  strain  was  selected  to  avoid 
inconvenient  defomations  for  the  structure.  Fig.  3 
shows  tests  results  plotted  as  the  log  of  the  number  of 
cycles  to  5  percent  double  anplitude  strain  versus  the 
applied  cyclic  shear  stress  ratio  G^l 2  Cj,  where: 

=  cyclic  deviator  stress  and  Gj  =  initial  effective 

confining  pressure.  Since  the  induced  stress  ratio  by 
earthquake  exceeds  the  cyclic  shear  stress  it  can  be 
concluded  that  the  sand  is  likely  to  liquefy. 


Number  of  cycles  required  to  cause  5*/.  strain 


rig.  4  Cycle  Sinple  Shear  Tests  Results 


Field  Tests 
SPT  Tests 

Since  Alaska  and  Niigata  earthquakes  of  1964,  geotechni¬ 
cal  engineers  search  to  determine  the  relationship  be  - 

tween  field  values  of  cyclic  stress  ratio  T  /  G'  (in 

no 

which  Th=  the  average  horizontal  shear  stress  induced  by 
an  earthquake,  and  G’  =  the  initial  effective  overburden 

pressure  on  the  soil  layer  involved)  and  the  relative  den 
sity  of  the  sand,  as  determined  from  the  standard  pene¬ 
tration  resistance. 

Seed  et  al  (1983)  have  correlate  the  standard  penetration 
resistance  with  the  effective  overburden  pressure  by  the 
relationship: 


^  0.6 
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U  0 

1  2  3  4  5  6  7  *  910  2  0  30  40  5060  60 100  200 

Number  of  cycles  required  to  cause  S*/,  strain 


Fig.  3  Cyclic  Triaxial  Tests  Results 


Cyclic  simple  shear 

The  simple  shear  principle  appeared  to  many  investigators 
to  be  an  appropriate  way  of  reproducing  in  the  laboratory 
the  stresses  experienced  by  an  element  of  soil  subject  to 
the  ideal  earthquake  loading. 

The  initial  effective  vertical  confining  pressures  were 
chosen  in  order  to  duplicate  the  field  conditions  and 
failure  was  define  as  5  percent  double  amplitude  strain. 
Test  results  plotted  as  the  log  of  the  number  of  cycles 
to  5  percent  double  amplitude  strain  versus  the  applied 
cyclic  shear  stress  ratio  T /  are  shown  in  Fig.  4, 

where:  <=  cyclic  horizontal  stress  and  G'v  =  initial  e£ 
fective  vertical  confining  pressure. 

Since  the  stress  ratio  developed  by  the  earthquakes  exce¬ 
eds  the  cyclic  shear  stress  ratio  the  sand  can  liquefy. 


N,  =  CH  .N  (7) 

where  =  a  function  of  the  effective  overburden  pres 

sure  at  the  depth  where  the  penetration  test  was  conduc 
ted.  The  values  of  are  shown  in  Fig.  5. 


Fig.  5  Recommended  Curves  for  Determination  of  C„ 

N 

(after  Seed  et  al.,  1983) 
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From  liquefaction  studies  performed  from  data  of  sites 
located  in  China,  Guatemala,  Argentina,  Japan  and  U.S.A. 
Seed  et  al.  ..1985)  have  proposed  a  boundary  line  (or  zone) 
separating  sites  known  to  hive  liquefied  from  sites  which 
have  apparently  not  liquefied  in  earthquakes  of  magnitude 
about  7-1/2  for  sands  and  silty  sands  (Fig.  6).  These 
results  are  also  extended  to  other  magnitude  events  (Seed 
et  al.,  1983). 

Considering  a  standard  penetration  resistance  value  of 
about  12  at  a  depth  of  10  m,  for  C’Q  (effective  overburden 

pressure)  =  75  Kpa,  C^  =  1.1  and  =  13.2.  For  the  SPT 

tests  a  safety  hammer  uith  2  wraps  of  a  rope  around  a 
pulley  was  used.  From  Fig.  6  it  may  be  concluded'  that 
under  an  induced  earthquake  load  of  0.36  with  a  correction 
factor  1.2  for  M  =  6.5  an  taking  into  account  a  fines 
content  of  15Z  (Fig.  2)  the  soil  will  liquefy. 

Tatsuoka  et  al.  (1978)  have  proposed  the  following  equ<i 
tions  to  obtain  the  value  of  R 


CPT  tests 

The  main  advantages  of  CPT  test  are  that  it  provides  data 
much  more  rapidly  than  does  the  SPT,  it  provides  a  con  - 
tinuous  record  of  penetration  resistance  in  any  borehole, 
and  it  is  less  vulnerable  to  operator  error  than  the  SPT. 
The  main  disadvantage  of  the  test,  from  the  point  of  view 
of  predicting  the  liquefaction  resistance  of  a  site,  is 
that  it  has  a  very  limited  data  base  to  provide  a  cor  - 
relation  between  soil  liquefaction  characteristics  and 
CPT  values. 

Using  the  relationships  (Kpa)  =  400  to  500  for 

clean  sands  and  (Kpa)  =  350  to  4S0  for  silty  sands 

proposed  by  Schmertmann  (1976)  the  plots  relating  values 
of  cyclic  stress  ratio  causing  liquefaction  with  val-r 
ues  are  shown  in  Fig.  7  (Seed  et  al.,  1983). 

Considering  an  average  value  of  CPT  =  2500  Kpa,  from 
Fig.  7  it  may  be  concluded  that  soil  liquefaction  can 
occur. 


R  =  0.0882  [=II=r+  0.225  log, o^ 

(for  0.02  <  <  0.60  mm) 

(8) 

R  =  0.0882  N'-t,  v  -  0.05 

1  Gv  +  0.7 

(for  0.6  <  Djg  <  2.0  mm)  (9) 

where  G^  is  the  effective  overburden  pressure  and  N  is 
the  SPT  value. 


Considering  this  proposition  a  value  R  «  0.27  was  obtained. 
As  this  value  is  smaller  than  L  liquefaction  can  occur. 


Modified  Cone  Penetration  Resistance,  qc(kpa) 


Fig.  7  Proposed  Correlation  between  Liquefaction 
Resistance  of  Sands  for  Level  Ground  Con¬ 
ditions  and  Cone  Pe-  etration  Resistance 
(adopted  from  Seed  et  al.,  1983) 


To  evaluate  liquefaction  potential  of  sand  Zhou  (1981) 
has  proposed  the  following  expression: 

P  =  P  [1  -  0.055  (II  -  2)  )  [  1  -0 . 05 (H  -2) )  ( 10) 
scr  so  w  o 

where  P  is  the  critical  cone  resistance,  H  is  the  water 
scr  w 

level,  H  is  the  thickness  of  overburden  layer  and  P  is 
*o  •'so 

a  factor  depending  the  intensity  of  the  earthquake. 

The  increase  of  fines  content  in  sand  will  lead  to  a  great 
drop  in  cone  resistance,  and  meanwhile  increases  the  cyclic 
shearing  strength  of  the  soil.  The  following  equation  has 
been  proposed  (Zhou,  1981): 


Fig.  6  Relationship  between  Stress  Ratios  Causing 
Liquefaction  and  -  Values  for  Silty  Sands 

for  M  ■=  7,1/2  Earthquakes  (after  Seed  et 
al.,  1985) 


P  =  584  (  O'  +  0.7) A  R2.  (11) 

S  V  L 

where  G^  is  the  overburden  stress  and  A  R^  depends  of 
the  content  of  particles  less  than  0.074  mm. 


From  equation  (10)  the  critical  cone  resistance  Pscj.  = 

=  7600  Rpa.  Considering  an  average  point  resistance  va_l 
ue  R  =  2500  Kpa  and  with  the  correction  related  with 
P 

fines  content  in  sand  results  R  +  P  =  4200  Kpa.  As 

P  s 

R  +  P  <  P  liquefaction  can  occur, 
p  s  scr  n 

Seismic  tests 

In  soil  containing  a  significant  proportion  of  gravel 
particles  the  shear  wave  velocity  (vs)  may  provide  a  more 

suitable  means  for  assessment  of  liquefaction  potential. 


Seed  et  al.  '(1983)  have  proposed 

the  equation 

55  fitj 
vs  -  0.9 

-  60 

(12) 

for  depths  up  to  about  15  m. 
in  Fig.  8. 

,  This 

relationship  is 

shown 

As  the  average  shear  wave  velocity 

v  =170  m/s  is 
s 

less 

than  366  m/s  soil  liquefaction  can  occur. 


i - - - -t - - - 1 - 

0  ISO  240  300  3(0 

Av*ro9«  Sh«or  Vrave  Velocity  (m/s) 


Fig.  8  Proposed  Correlation  between  Liquefaction 
Resistance  of  Soils  containing  Gravels  for 
Different  Magnitude  Earthquakes  and  Average 
Shear  Wave  Velocity  (adopted  from  Seed  et 
al.,  1983) 


In  summary:  Analyses  were  performed  to  determine  the 
liquefaction  potential  of  sandy  materials.  The  analyses 
were  done  by  comparison  of  induced  stress  conditions  from 
earthquakes  and  stress  conditions  causing  liquefaction  in 
cyclic  laboratory  tests.  In  addition  factors  of  safety 
against  liquefaction  in  accordance  with  empirical  methods 
based  on  Che  observation  of  performance  of  sand  deposits 
during  previous  earthquakes  using  field  tests  were  deter¬ 
mined.  Nevertheless  these  two  approaches  are  quite  dif  - 


ferent  the  computed  factors  of  safety  against  liquefac  - 
tion  were  in  good  agreement  and  pointed  out  that  lique  - 
faction  could  occur. 


MEASURES  AGAINST  SOIL  LIQUEFACTION 

In  designing  an  important  civil  engineering  structure  on 
soils  vulnerable  to  liquefaction  during  earthquakes,  it 
seems  inevitable  to  consider  the  effects  of  soil  liquefac 
tion  on  the  seismic  stability  of  the  structure.  In  Gua  - 
diana  bridge  soil  improvement  by  vibrof location  and  long 
pile  foundations  were  jointly  employed  in  order  to  upgrade 
the  soil  liquefaction  vulnerability. 


CONCLUSIONS 

The  advantegous  and  limitations  of  laboratory  testing  pro 
cedures  and  field  tests  were  combined  to  assess  the  liqu£ 
faction  potential  of  Guadiana  bridge  foundations.  A  good 
agreement  was  found  between  the  several  methods  adopted 
reaching  all  of  them  the  same  conclusion. 

As  soil  liquefaction  could  occur  countermeasures  were 
adopted  related  with  soil  improvement  by  vibrof lotation 

and  the  use  of  long  pile  foundations. 
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SYNOPSIS:  The  paper  discusses  briefly  the  state  of  art  on  the  subject  of  pile  dynamics  including  consideration 
of  soil-pile  interaction.  An  analytical  model  which  gives  the  response  of  a  single  pile  buried  in  a  layered  soil 
medium  considering  variation  in  soil  properties  in  the  radial  direction  in  each  layer  is  illustrated.  The  paper 
also  presents  an  experimental  study  on  a  full  size  test  pile  40  cm  dia  and  7  m  long  driven  into  a  five  layered 
soil  stratum.  The  results  of  the  analytical  and  experimental  studies  are  compared  and  suggestions  for  further  work 
are  given. 


INTRODUCTION 

Pile  foundations  are  being  used  to  support  machinery 
and  structures  which  experience  dynamic  forces. 
Examples  are  machinery  foundations,  off-shore  installa¬ 
tions,  nuclear  power  plant  structures,  chimneys, 
etc.  The  dynamic  forces  involved  may  be  of  steady 
state  type,  as  in  the  case  of  rotating  machinery 
or  of  a  random  nature,  as  in  the  case  of  wind, 
seismic  or  wave  actions.  The  subject  of  pile  dynamics 
has  been  engaging  the  attention  of  researchers  for 
more  than  a  decade  now.  Yet,  the  modelling  of  piles 
for  dynamic  analysis  incorporating  the  composite 
action  of  the  pile  and  the  surrounding  soil  in  a 
realistic  manner  is  far  from  satisfactory.  Analytical 
solutions  suggested  in  literature  are  not  often 
corroborated  by  experimental  results  to  justify 
the  theoretical  assumptions,  some  of  which  are  too 
idealistic  in  nature.  Keeping  this  in  view,  the 
authors  undertook  a  study  of  the  dynamic  behaviour 
of  a  full  sized  test  pile,  40  cm  dia  and  7  m  long, 
driven  through  a  five  layered  soil  stratum  at  the 
CSIR  Campus  site  at  Madras,  India  (Srinivasulu  et.al., 
1986).  The  object  of  this  paper  is  to  present  salient 
details  of  this  study  and  discuss  the  results  obtained 
therefrom. 


REVIEW  OF  THE  STATE  OF  ART 

A  review  of  the  current  practices  for  the  design 
of  pile  foundations  experiencing  dynamic  loads  suggests 
that  while  some  of  the  methods  (Barkan,  1962,  Richart 
et.al.,  1970)  ignore  pile-soil  interaction  altogether, 
some  others  deal  with  it  in  an  empirical  way.  Among 
the  latter,  the  method  suggested  by  Singh  et.al. (1977) 
is  worth  mentioning.  This  method  suggests  equivalent 
effective  length  of  the  pile  for  vertical  vibrations 
and  an  equivalent  bending  length  for  horizontal 
vibrations  under  different  site  conditions.  However, 
the  method  fails  to  represent  a  layered  soil  medium 
often  encountered  in  practice. 

Among  the  continuum-methods,  Novak's  plane  strain 
model  using  complex  soil  reactions  acting  on  discrete 
pile  elements  is  popular  (Novak,  et.al.,  1974,  1978). 
Plane  strain  approximation  has  been  assumed  in  deriving 
modes  of  vibration.  The  original  version  of  "PILAY" 
(SACOA,  1977)  developed  on  this  basis  did  not  take 


into  account  the  contact  effects  due  to  imperfect 
bond,  slippage  etc.,  near  the  periphery  of  the  pile. 
Some  improvements  were  effected  by  Novak  himself 
in  a  subsequent  model  (Novak  &  Sheta,  1980)  which 
considers  an  inner  massless  ring  of  visco-elastic 
medium  having  lower  shear  modulus  and  higher  damping 
than  the  far  field  soil  medium.  The  size  of  the 
inner  ring  has,  however,  not  been  suggested.  Laksh¬ 
manan  and  Minai  (1981)  suggested  what  they  called 
a  non-homogeneous  soil  model  to  represent  the  reduced 
shear  modulus  in  the  soil  region  close  to  the  pile 
boundary.  This  method  will  be  further  discussed 
in  the  next  section. 

Among  the  classical  finite  element  models,  those 
involving  axisymmetric  elements  to  represent  the 
pile  and  viscous  energy  absorbing  boundaries  to 
model  the  infinite  boundaries  in  the  soil  medium 
(Kuhlemeyer,  1979)  may  be  mentioned.  These  methods 
however,  involve  high  computational  costs  and  are 
not  usually  preferred,  except  for  very  special  appli¬ 
cations. 

Among  the  experimental  studies  reported,  those  of 
Novak  and  Grigg  (1976),  Hall  (1984)  et.al.,  may 
be  mentioned.  Reported  observations  from  experimental 
studies  on  full  sized  piles  under  actual  field  condi¬ 
tions  are,  however,  still  meagre.  This  paper  aims 
to  fulfil  this  need. 


AUTHOR'S  STUDY 
Analytical  Work 

For  the  rigorous  analysis  of  a  single  pile  buried 
in  a  layered  soil  stratum,  the  non-homogeneous  model 
(Lakshmanan  et.al.,  1981)  which  assumes  a  linear 
variation  of  the  shear  modulii  in  a  certain  region 
of  soil  surrounding  the  pile  will  be  considered. 
The  analytical  work  done  to  define  the  non-homogeneous 
model  in  all  respects  will  be  illustrated  with  parti¬ 
cular  reference  to  a  case  study  example  of  a  full 
size  test  pile  shown  in  Fig. 1 .  The  pile  has  a  circular 
cross-section  with  a  diameter  of  40  cm  and  a  total 
height  of  7.0  m.  The  surrounding  soil  has  five 
distinct  layers,  the  properties  of  which  are  separately 
evaluated.  This  data  is  given  in  Table  1. 
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Soil-Profile  at  Test  Site 


TABLE-1  SOIL  PROPERTIES 


l.ayer 

Thick- 

Shear 

Oensity 

Young's 

No. 

ness 

wave 

(v-) 

modulus 

velo- 

<Es> 

(m) 

city  (V  ) 
m/sec 

t/m3 

t/m2 

I 

1.00 

175* 

1.68 

14400 

11 

0.45 

150 

1.68 

14400 

III 

3.55 

85 

1.68 

3400 

IV 

1.00 

150 

1.94 

22000 

V 

1.00 

200 

1.94 

22000 

Fig. 2 

shows  the 

two  analytical  models 

involved  in 

the  dynamic  analysis  based  on  the  continuum  approach:- 
(a)  a  plane  strain  model  assuming  a  homogeneous 
variation  of  shear  modulus  in  the  radial  direction, 
and  (b)  the  non-h'omogeneous  model  earlier  referred 
to.  In  the  latter,  the  shear  modulus  of  soil  is 
assumed  to  vary  linearly  from  a  value  of  C.Go  (where 
C  <  1)  at  the  pile-soil  interface  to  a  value  Go  at 
a  distance  of  d/2C  where  d  is  the  diameter  of  the 
pile  and  Go  is  maximum  shear  modulus  in  the  far 
field.  The  reduced  shear  modulus  of  soil  is  attri¬ 
buted  to  the  high  shear  stresses  in  this  region, 
the  lowest  value  occuring  at  the  pile-soil  boundary. 
This  model,  therefore,  divides  the  soil  stratum 
in  the  radial  direction  into  an  inner  ring  having 
variable  shear  modulus  of  the  above  description 
and  the  outer  medium  which  extends  to  infinity  and 
possesses  uniform  visco-elastic  soil  properties. 


rig. 2  (a)  Homogeneous  Kedel 

(b)  lion-Hoaogeneous  Model 


Fig. 3  Typical  Stress-Strain  Variation  in  Soils 


Response  Under  Static  Vertical  Loads 

The  general  variation  of  shear  stress  with  strain 
in  soils  is  shown  in  Fig. 3.  According  to  the  Ramberg- 
Osgood  model,  the  shear  modulus  at  any  given  shear 
stress  x  is  given  by: 


where  is  a  constant  equal  to  0.8  fo*'  sands  and 

0.4  for  clays.  Go  is  the  initial  tangent  modulus 
which  represents  the  highest  value  of  G  uniformly 
present  in  the  far  field  of  the  non-homogeneous 
model  of  the  pile-soil  system. 


"G"  can  be  expressed  in  the  form  "CGo"  where 

C  "  f  1  +  3  (  TTxJ*  ^ 


W 
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It  is  possible  to  obtain  C  for  each  soil  layer  from 
the  above  equation,  once  the  induced  shear  stresses 
(  x  )  in  each  layer  under  a  given  axial  load  on  the 
-pile  are  evaluated.  To  evaluate  “C"  by  computation, 
the  pile  is  discretised  -nto  finite  elements,  such 
that  the  boundaries  between  two  adjacent  soil  layers 
coincide  with  the  node  points  oh  the  pile.  To  obtain 
the  stiffness  matrix  of  a  pile  element  axially  loaded 
at  top  and  embedded  in  a  homogeneous  soil  stratum, 
it  is  proposed  to  utilise  the  data  provided  by  Poulos 

(1974)  for  an  end  bearing  pile  in  the  form  of  curves 

(Fig.  4  &  5)  to  yi'eld  the  deflections  at  top  and 

reactions  at  the  tip  of  the  pile  respectively.  If 
P  is  the  load  at  the  top  of  the  element,  then  the 

deflection  St  at  top  is  given  by: 


where  1  is  a  reduction  factor  less  than  Unity.  Ap 
and  Ep  are  respectively  the  area  of  cross  section 
and  modulus  of  elasticity  of  the  pile.  Likewise, 
the  tip  reaction  can  be  expressed  in  the  form  n.P 
where  h  is  less  than  1.0.  The  stiffness  matrix  of 
a  pile  element  corresponding  to  the  vertical  defor¬ 
mations  at  its  top  and  bottom  can  be  written  as: 


The  variation  of  I  for  the  case  of  1/d  equal  to  10;0 
is  chosen  as  the  representative  curve.  A  second 
order  equation  is  fitted  to  the  above  curve  as  given 
below: 

!  *  b.C613x2  +  0.5413x  -  0.118  (5) 
wlivrc  -  log  K  and  K  =  Ep/E^ . 


Fig.  4  Top  Deformations  for  a  Bearing  Pile 


Fig. 5  Tip  Reactions  for  a  Bearing  Pile 


Assuming  linear  variation  of  the  load  acting  ol  ",u 
the  pile  element  as  shown  in  Fig. 6,  the  deflection 
dt  can  be  written  as: 


6t  .  (Li*?) 


(6) 

“P  '  P 

From  equations  (3  &  6),  the  following  relation  is 
obtained: 


Ep  Ap 


n  =  (21  -  1.0)  (7) 

A  pile  element  having  a  longer  length  of  embedment 
in  a  uniform  soil  medium  greater  than  lOd  can  '><• 
discretised  into  smaller  segments  each  having  a  It*.  . 
of  lOd  and  a  last  embedment  of  length  (),)  '-<s 

than  lOd  (Fig, 7).  Equations  (5)  &  (7)  together  i,.;-y 
be  used  to  define  the  load  variation  on’  the  pile 
element  as  shown  in  this  figure.  The  ordinate  of 


Fig. 6  Load  Variation  on  a  Typical  Pile  Element  in 
Uniform  Soil 
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no.  7 


Load  Variation  on  a  Long  Pile  Element  in 
Uniform  Soil 


the  load  distribution  diagram  at  the  bottom  of  the 
pile  element  can  be  evaluated  assuming  a  linear 
variation  of  the  load  in  the  last  fictitious  segment 
of  lenoth  lOd  of  which,  the  last  component  of  length 
,  is  "a  part.  The  deflection  at  the  top  of  the 
pile  element  can  now  be  computed  using  the  load 
distribution  diagram  thus  obtained  and  the  given 
geometry  of  the  pile.  Fig. 4  shows  that  the  computed 
values  of  1  agree  reasonably  well  with  the  Poulos 
curves.  It  was  however  seen  that  the  computed  values 
of  tip  reaction  (coefficient  n)  did  not  agree  well 
with  the  Poulos1  curves  given  in  Fig. 5  for  various 
values  of  1/d  and  K.  In  order  to  get  a  closer  agree¬ 
ment  with  the  curves  shown  in  Fig. 5,  a  parabolic 
load  variation  is  tried  along  the  pile  element  (Fig. 6c) 
in  such  a  way  that  the  resulting  deflection  at  the 
top  of  the  pile  remain  unchanged.  This  gave  the 

modified  relation  for  tip  reaction  coefficient  n,  i  n 
the  form 

--  3/2(1  -  1/3)  C8> 

With  the  known  value  of  I  earlier  evaluated,  tij 
now  represents  the  modified  tip  reaction  coefficient. 
The  minimum  value  of  n,  is  taken  as  0.51.  Fig. 5 

shows  oood  agreement  between  tha  values  computed 

on  this'  basis  and  the  Poulos1  curves  for  all  the 
values  of  1/d  and  K.  Replacing  n  by  n,  in  eq.(4), 
the  stiffness  matrices  of  successive  pile  elements 
can  be  formulated.  The  assembled  stiffness  matrix 
of  the  pile  as  a  whole  in  a  layered  soil  stratum 
is  then  obtained  using  the  normal  assembling  proce¬ 
dures.  Knowing  the  applied  load  at  the  top  of  the 
pile,  it  is  now  possible  to  evaluate  the  deformations 
at  all  the  node  points  as  well  as  stress  resultants 
in  the  pile  elements.  If  Pt  and  Pfa  are  the  force 

resultants  acting  at  top  and  bottom  of  a  pile  element, 
the  shear  stress  in  the  soil  layer  surrounding  that 
element  is  given  by  (P^  -  P^J/Srd.lv  The  value  of 

C  which  represents  the  reduction  factor  in  shear 
modulus  for  any  particular  load  on  the  pile  is  then 
deduced  using  eq.(2).  When  the  computed  shear  stress 
in  any  soil  layer  exceeds  the  specified  ultimate 
shear  stress  for  that  layer,  the  value  of  n,  in 
the  stiffness  matrix  (eq.4)  of  the  particular  element 
which  Is  in  contact  with  that  layer  of  soil  shall 
be  replaced  by  unity. 


In  the  theoretical  formulation  above  explained, 
it  is  possible  to  include  consideration  of  the  elasti¬ 
city  of  the  bedrock  at  the  pile  tip  which  can  be 
expressed  in  the  form 

|{  =  jjmb  /  a(i-i£)J  (9) 


where  d  is  the  diameter  of  pile;  and  *>  b  are 

modulus  of  elasticity  and  Poisson's  ratio  respec¬ 
tively  of  the  bedrock  below  the  pile  tip. 

The  above  analytical  procedure  has  been  programmed 
in  Fortran  IV  on  Prime  750  computer  and  is  available 
in  the  name  of  "PILSTAT"  at  the  Structural  Engineering 
Research  Centre,  Madras  (India). 


Application  to  a  Dynamic  Environment 

The  discussion  in  the  preceding  section  is  applicable 
only  to  statically  applied  vertical  loads  on  tne 
pile.  it  is,  however,  believed  that  the  results 
of  the  analysis  used  for  deducing  values  of  shear 
moduli!  under  static  loads  can  also  be  used  in  dynamic 
computations.  This  is  better  justified  for  appli¬ 
cations  in  machine  foundations,  where  the  dynamic 
strains  are  relatively  smaller  than  the  static  values. 


Dynamic  Soil  Reactions 

The  complex  soil  reactions  acting  on  unit  length 
of  the  pile  and  for  unit  deformation  under  various 
modes  of  vibration,  using  the  non-homogeneous  soil 
model  earlier  defined  can  now  be  evaluated  (Lakshmanan, 
et.al.,  1981).  Thtse  can  be  expressed  as  follows: 

Vertical  :  Ky  »  CQ  (Sea,  +  ISm*)  (to) 

Horizontal  :  Kh  3  GQ  (  Sh,  +  ish*)  00 

The  real  part  of  the  above  equations  represents 
the  soil  stiffness  while  the  imaginary  part  denotes 
the  damping  offered  by  the  soil.  Figs. 8  &  9  show 
the  variation  of  the  non-dimensional  stiffness  para¬ 
meters  Swj,  Sw2  and  Shj,  Sh2  respectively  for  the 

vertical  and  horizontal  vibrations— of  the  pile-soil 
system  shown  in  Fig.l.  The  above  stiffness  and 
damping  parameters  of  soil  are  also  functions  of 
the  reduced  shear  modulus  coefficients  (C)  of  each 
soil  layer,  its  material  damping  value  (DR),  and 
the  excitation  frequency  (f).  A  value  of  DR  *  0.1 
is  assumed  uniformly  in  this  example.  Figs. 8  & 
9  also  show  the  variation  of  the  stiffness  and  damping 
coefficients  of  soil  for  the  case  of  homogeneous 
soil  model  assumed  in  the  PILAY  program.  Considerable 
deviations  are  seen  in  the  two  sets  of  values  which 
show  the  importance  of  the  non-homogeneous  soil 
model  in  dynamic  computations. 


Stiffness  and  Damping  of  the  Pile-Soil  System 

The  modified  values  of  Swp  Sw^  etc.,  are  now  used 

in  place  of  the  corresponding  values  derived  from 
the  PILAY  program  (SACDA,  1981)  which  is  applicable 
for  the  plane  strain  case  in  a  homogeneous  soil 
medium.  The  PILAY  program  then  yields  the  net  stiff¬ 
ness  and  damping  values  of  the  pile-soil  system 
for  the  non-homogeneous  soil  model  earlier  referred 
to. 
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Variation  of  Swj  &  Sw^  with  a& 
IHon-homogoneous  hodel) 


EXPERIMENTAL  STUDY 
Static  Tests 

Fig. 10  shows  the  static  test  set  up  used  for  loading 
the  pile  in  the  range  of  0  to  100  tonnes.  The  load 
is  incremented  in  stages  and  the  average  elastic 
deflection  recorded  by  the  dial  gauges  is  noted  after 
successive  loading  and  unloading  cycles.  rig. 11 
shows  the  variation  of  elastic  deflection  with  the 
applied  load  as  computed  and  as  measured  from  the 
experiments.  The  agreement  between  the  two  sets 
of  values  is  seen  to  be  quite  good,  thus  verifying 
the  validity  of  the  analytical  model  earlier  explained. 


Fig.  10  Close  View  of  the  Static  Test  Set-up 


Dynamic  Tests 

The  purpose  of  this  test  programme  was  to  verify 
under  dynamic  conditions,  the  validity  of  the  radial 
non-homogeneous  model  earlier  explained,  using  the 
values  of  C  obtained  from  the  static  analysis.  Vertical 
and  horizontal  dynamic  tests  have  been  conducted 
separately  on  the  test  pile  by  attaching  at  its  top 
a  mechanical  oscillator  coupled  with  a  OC  motor  which 
induces  steady  state  oscillations  in  the  pile.  Figs. 12 
S  13  show  the  test  set  up  showing  the  pile  under 
vertical  and  horizontal  ’  vibrations  respectively. 

The  method  of  mounting  the  mechanical  oscillator 
differs  with  the  mode  of  vibration  to  be  generated 
ve.r,Vca^  or  horizontal.  Provision  exists  in 
this  oscillator  to  vary  the  eccentricity  of  unbalanced 
masses.  The  superimposed  load  on  the  test  pile  and 
exciting  force  level  have  been  varied  in  the  test 
programme,  o&is  the  mass  ratio  defined  as  tr.e  applied 
load  normalised  by  the  weight  of  the  pile  and  R  is 
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Fig.  11  Elastic  Deflection  Vs.  Axial  Load  on  the 
Test  Pile 


Fig.  13  Set-up  for  Horizontal  Dynamic  Test 


a  parameter  which  defines  the  dynamic  force  (FJ 

2  0 
given  by  the  relation  F.  =  Rf  ,  f  being  the  frequency 

of  excitation.  Fig.l4r  &  15  show  typical  response 
plots  obtained  from  the  dynamic  tests  corresponding 
to  one  value  of  ct  =  4.53  and  for  varying  values  f-f 
R.  The  resonant  frequencies  are  identified  by  v 
peaks  of  the  response  curves.  Tables  2  &  3  s.-ow 
comparison  of  natural  frequencies  deduced  from  the 
theoretical  models  and  experimental  data.  It  is 
seen  from  Table  2  that  there  is  no  significant  diffe¬ 
rence  in  the  analytically  deduced  vertical  frequencies 
using  C  =  1  (homogeneous  mode  I)  and  using  variable 
values  of  C  (non-homogeneous  model)  obtained  from 
the  static  analysis.  This  may  be  attributed  to  the 
marginal  contribution  of  the  soil  layers  having  low 
values  of  C.  However,  in  Table  3  which  shows  the 
horizontal  frequencies,  the  experimental  values  agree 
more  closely  with  the  non=homogeneous  model  t"„, 
the  homogeneous  model  assumed  in  the  PILAY  progi  . . 


Fig.  12  Set-up  for  Vertical  Dynamic  Test 


Fig.  14  Typical  Pile  Response  (Vertical  Dynamic  Test) 
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fig.  15  typical  Pile  Response  (Horizontal  Dynamic 
Test) 


TABLE-2  COMPARISON  OF  FREQUENCIES  UNDER 
VERTICAL  EXCITATION 


Hass 

Resonant 

Computed  Frequencies  (Hz) 

Ratio 

Frequencies 
from  rests 
(Hz) 

using 

Homogeneous 

Non-homo- 

a 

model 

geneous 

(C=l) 

model 

0.35 

111.3 

97.24 

90.45 

0.67 

79.2 

76.80 

74.48 

0.99 

49.0 

67.87 

64.09 

1.30 

43.3 

59.20 

57.88 

2.56 

43.0 

43.60 

43.05 

4.53 

32.0 

33.11 

32.64 

6.89 

27.0 

26.84 

26.78 

TABLE-3  COMPARISON  OF  FREQUENCIES  UNDER 

HORIZONTAL 

EXCITATION 

Mass 

Resonant 

Computed  Frequencies  (Hz) 

Ratio 

frequencies 
from  tests 
(Hz) 

using 

Homogeneous 

Non-homo- 

(X 

model 

geneous 

(C=l) 

model 

0.35 

22 

27.33 

25.87 

0.67 

15 

19.73 

19.15 

0.99 

13 

16.22 

15.89 

1.3C 

11 

14.15 

13.95 

2.56 

9 

10.08 

9.63 

4.53 

6.25 

7.58 

6.50 

6.89 

4.1 

6.14 

4.40 

TABLE  4  COMPARISON  OF  DAMPING  VALUES 
UNDER  VERTICAL  VIBRATIONS 


Mass 

Damping 

Computed  riaaping  valje 

Ratio 

constant 

(t. sec/m)  using 

from  tests 

Homogeneous 

Non- 

model 

homoge- 

oc 

C=1 

ous 

model 

0.35 

3.1 

5.2 

4.8 

0.67 

3.1 

5.2 

4.9 

0.99 

4.1 

5.2 

5.0 

1.30 

2.4 

5.2 

5.0 

2.56 

6.2 

5.2 

4.6 

4.53 

4.9 

5.2 

3.5 

6.89 

3.8 

5.2 

3.3 

It  may  be  seen  that  the  agreement  between  the  theo¬ 
retical  and  experimental  values  is  closer  for  higher 
values  of  a  .  Table  4  shows  the  damping  values  deduced 
from  the  theory  of  vertical  vibrations  using  the 
two  models  aforementioned  and  the  vertical  vibration 
tests.  The  values  given  for  the  non-homogeneous 
model  are  seen  to  agree  more  closely  with  the  experi¬ 
mental  values. 


CONCLUSIONS 

The  validity  of  the  analytical  model  which  considers 
the  radial  non-homogeneity  of  the  soil,  assuming 
a  linearly  varying  shear  modulus  in  a  defined  region 
of  soil  surrounding  the  pile  has  been  verified. 
The  reduction  factor  "C"  for  shear  modulus  at  the 
pile-soil  interface  can  be  analytically  deduced  for 
each  of  the  soil  layers  surrounding  the  pile,  while 
it  is  carrying  a  certain  axial  load  on  its  top. 
This  procedure  is  illustrated  in  the  paper  on  a  full 
sized  test  pile.  The  values  of  C  deduced  from  the 
static  analysis  can  be  used  with  confidence  in  dynamic 
computation  as  well.  This  is  verified  from  tne  results 
of  analysis  and  dynamic  tests  presented  in  the  pap  r. 

The  agreement  between  the  results  of  the  analytical 
study  using  the  non-homogeneous  model  and  the  experi¬ 
mental  results  is  seen  to  be  better  at  higher  values 
of  mass  ratio.  This  shows  the  significance  of  the 
load  carried  by  the  pile  in  determining  the  influence 
of  dynamic  pile-soil  interaction. 

The  results  presented  in  the  paper  from  an  analytical 
model  and  the  experimental  study  on  a  full  sized 
test  pile  in  the  open  field  may  serve  as  a  useful 
reference  data  for  the  use  of  researchers  engaged 
in  this  field.  Further  studies  are  however  needed 
to  study  the  effect  of  pile  grouping  and  the  inter¬ 
action  of  the  pile  cap  with  the  soil  underneath  it. 
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SYNOPSIS:  This  paper  describes  a  study  performed  to  evaluate  the  seismic  behaviour  of  a  10  m  high 
bridge  end  sand  fill  placed  upon  soft  organic  foundation  soils  and  supported  on  piles.  Under  static 
conditions  the  fill  load  is  essentially  carried  by  the  piles  by  "arching  action”,  and  little  deforma¬ 
tion  was  observed  to  occur  in  the  field.  The  results  of  both  model  tests  and  finite  element  analysis 
are  in  agreement  with  this  finding.  Concern  arose  as  to  the  likely  response  of  this  structure  under 
earthquake  loading  and  a  model  sand  embankment  supported  on  400  model  piles  was  built  and  tested  on 
the  shake  table.  The  model  and  testing  procedures  are  described  in  some  detail  in  the  paper. 

The  results  of  the  shaking  table  study  indicate  that  during  shaking  the  load  is  transferred  from 
the  piles  onto  the  foundation  resulting  in  large  deformations  of  the  fill.  Analysis  of  the  model 
tests  based  on  this  assumption  gave  deformations  that  were  in  good  agiaement  with  observed  settle¬ 
ments.  A  similar  analysis  of  the  prototype  indicates  that  seismic  loading  sufficient  to  cause  such 
transfer  would  result  in  a  settlement  of  the  fill  of  about  0.4m,  and  that  deformation  would  cease 
once  the  shaking  stopped. 


INTRODUCTION 

The  purpose  of  the  shaking  table  test  series  was 
to  evaluate  the  seismic  behaviour  of  proposed 
bridge  end  fills  placed  upon  a  soft  foundation 
soil  and  supported  by  piles.  The  fills  comprise 
of  compacted  sand  10  m  high  overlying  about  15  m 
of  soft  organic  soil.  Because  such  soil  could 
not  support  the  weight  of  fill,  piles  which  are 
driven  through  the  soft  soil  and  which  project 
into  the  fill  are  used  to  transfer  the  load  to  a 
bearing  layer  beneath  the  organic  soil.  Experi¬ 
ence  indicates  that  under  static  conditions  the 
fill  load  is  carried  by  the  piles  by  an  arching 
mechanism  within  the  sand  so  chat  little  or  no 
deformation  occurs.  However,  under  earthquake 
loading  the  concern  is  that  such  arching  would 
break  down  causing  the  fill  load  to  be  trans¬ 
ferred  from  the  piles  to  the  soft  foundation 
soil  resulting  in  large  deformations.  The  prime 
purpose  of  the  shaking  table  test  was  to 
investigate  this  concern. 

The  shaking  table  test  was  performed  on  a  1  to 
65  scale  model.  The  soft  organic  soil  was 
modelled  by  a  gelatin  based  solution  while  the 
embankment  was  modelled  by  a  compact  sand.  The 
piles  were  modelled  by  lengths  of  6.4  mm  dia¬ 
meter  aluminum  tubing.  The  model  was  built 
within  a  perspex  box  which  was  bolted  to  the 
shaking  table  and  subjected  to  a  series  of 
uniform  cycles  of  acceleration  simulating  seis¬ 
mic  excitation.  The  model  was  instrumented  and 
videotaped  allowing  its  response  to  be  observed. 
This  paper  describes  the  model  test,  the  test 
results  and  their  implication  for  analysis  and 
design  of  the  prototype  fills. 

DESCRIPTION  OF  TEST  APPARATUS  AND  MODEL 


4.5  kN.  It  was  supported  by  two  v-slotted 
needle  bearings  and  two  flat  bearings  capable  of 
moving  in  a  horizontal  direction.  An  MTS  Earth¬ 
quake  Simulator  console  provided  a  controlled 
acceleration  motion  to  the  table.  A  reference 
accelerometer  was  located  on  the  table. 

The  model  was  constructed  in  a  plexiglass 
container  bolted  securely  to  the  shaking  table. 
The  dimensions  of  the  box  were  1.84  m  x  0.91  m  x 
0.6  m  as  indicated  on  Figures  la  and  lb.  The 
soft  organic  foundation  soil  was  modelled  by  a 
gelatin  solution.  The  gelatin  had  a  shear 
strength  of  2.2  kPa.  Such  a  shear  strength  was 
considered  appropriate  since  it  provided  a 


LONGITUDINAL  SECTION 


The  test  was  performed  on  a  1.2  m  by  a  2.7  m 

shaking  table  of  welded  aluminum  and  weighing  FIG.  1:  Details  of  Model  Set-Up. 
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reasonable  factor  of  safety  against  a  bearing 
capacity  failure  upon  placement  of  the  sand 
fill.  The  Young's  modulus  of  the  gelatin  solu¬ 
tion  was  approximately  10  kPa.  Details  of  the 
type  of  gelatin  and  its  preparation  are  outlined 
in  Appendix  A. 

The  test  embankment  was  modelled  by  a  uniformly 
graded  fine  to  medium  grained  sand.  The  sand 
had  a  specific  gravity  of  2.7  and  maximum  and 
minimum  void  ratios  of  0.9  and  0.5  respectively. 
When  in  place,  the  sand  was  estimated  to  have  an 
average  density  of  16.2  kN/m1 2 3,  a  void  ratio  of 
0.60  and  a  relative  density  of  75%. 

A  schematic  representation  of  the  fill  cross- 
section  and  the  location  of  the  accelerometer 
are  also  shown  on  Figure  1.  For  the  given  size 
of  the  box,  it  was  decided  that  a  scaling  factor 
of  1/65  would  be  the  most  appropriate  since  it 
places  the  fill  at  a  reasonabe  distance  from  the 
end  boundaries  without  reducing  the  model  to  an 
impractically  small  size. 

The  piled  foundation  proposed  for  the  embankment 
was  simulated  by  400  piles  held  at  the  base  by  a 
fairly  rigid  rubber  mat  0.6  cm  thick.  The  piles 
were  set  out  at  3.5  cm  spacing  over  a  mesh  70  cm 
x  70  cm.  The  piles  comprised  of  6.4  mm 
diameter,  hollow  aluminum  tubes  having  a  wall 
thickness  of  0.9  mm,  a  bulk  density  of  16  kN/m3 
and  a  length  of  25  cm. 

Sequence  of  Construction 

The  rubber  mat  was  positioned  in  the  centre  of 
the  box  and  glued  firmly  to  the  base.  The  piles 
were  placed  into  prebored  holes  in  the  mat  which 
resulted  in  their  being  effectively  held  in  a 
pin  ended  manner  at  the  base.  They  were  kept 
vertical  during  placement  of  the  gel  by  means  of 
a  top  plywood  template  through  which  locating 
nails  were  placed.  This  template  was  later 
removed  when  the  gel  had  set.  The  gel  was 
poured  to  23.0  cm  above  the  level  of  the  rubber 
mat  resulting  in  approximately  1.5  cm  of  the 
pile  heads  extending  above  the  gel  surface.  The 
gelatin  solution  was  then  left  for  5  days  to 
allow  it  to  fully  set  and  attain  its  peak 
strength. 

After  this  waiting  period,  the  sand  embankment 
was  constructed  on  top  of  the  gel  by  placing 
sand  inside  a  pyramid  shape  former.  The  form 
was  placed  centrally  over  the  piled  area  and 
sand  was  poured  in  four  equal  lifts,  ensuring 
that  each  lift  was  uniformly  placed  with  no 
visible  gaps  between  the  mold  and  the  slopes. 
This  necessitated  compacting  the  sand  as  it  was 
being  pressed  by  hand  into  the  corners  of  the 
forming  mold.  The  form  was  then  removed  leaving 
a  truncated  pyramid  shaped  sand  embankment  with 
cross-sections  as  shown  on  Figure  1. 

The  surface  of  the  sand  was  sprayed  with  a  thin 
coat  of  black  paint  for  the  following  reasons: 

(1)  by  binding  the  sand  particles,  the  possi¬ 
bility  of  loose  sand  grains  rolling  down 
the  slope  was  reduced; 

(2)  zones  of  large  movements  could  be  detected 
from  formation  of  cracks  on  the  painted 

surface; 


(3)  the  thin  crust  provided  a  good  surface  for 
measuring  the  fill  profile  using  a  dial 
gauge ; 

(4)  the  black  surface  produced  a  better  photo¬ 
graphic  image  of  the  fill. 

Instrumentation 

The  principal  instrumentation  consisted  of 
accelerometers  mounted  on  the  table  and  on  the 
crest  of  the  sand  fill.  A  miniature  piezo¬ 
electric  accelerometer  was  used  for  the  latter. 
The  output  of  the  accelerometers  was  filtered 
before  being  amplified  and  recorded  on  a  oscil¬ 
loscope.  The  filtering  of  high  frequency  noise 
levels  was  essential,  particularly  at  low  levels 
of  excitation  which  would  have  otherwise  been 
dominated  by  those  higher  frequencies.  A  cut¬ 
off  frequency  of  6  Hz  and  20  DB  noise  cut  out 
was  used  throughout  the  experiment. 

The  deformation  of  the  test  fill  was  measured  by 
means  of  a  dial  gauge  attached  to  the  end  of  a 
graduated  bar  moving  against  a  fixed  vernier 
scale.  This  bar  was  then  mounted  on  wheels  over 
two  parallel  bars  which  in  turn  were  fixed  on 
wheels  over  two  outer  bars  bolted  firmly  to  the 
top  of  the  container.  Such  an  assembly  enabled 
the  dial  gauge  to  be  moved  longitudinally  and 
transversely  over  the  fill .  The  profile  was 
determined  by  lowering  the  dial  gauge  until  it 
came  into  contact  with  the  surface.  Measure¬ 
ments  were  taken  on  a  grid  spacing  of  about  10 
cm. 

The  surface  movements  were  also  monitored  by 
video  and  movie  cameras. 

TESTING  PROGRAM 

The  model  was  tested  by  subjecting  it  to  a  cumu¬ 
lative  series  of  constant  amplitude  sinusoidal 
base  acceleration  motions.  Each  series 
comprised  of  about  15  cycles  and  the  amplitude 
of  acceleration  was  increased  in  each  subsequent 
series.  A  total  of  8  series  were  performed  on 
the  one  model  with  base  acceleration  amplitudes 
of  2.5,  7.5,  10,  12.5,  15,  20  and  30  percent  g. 

A  frequency  of  3  Hz  was  used  for  all  of  the 
above  test  series.  This  frequency  was  selected 
based  upon  a  preliminary  low  level  amplitude 
shaking  test.  A  base  acceleration  of  1%  g  was 
used  for  this  low  level  preliminary  test  and  the 
crest  acceleration  was  monitored  allowing  the 
dynamic  amplification  factor,  which  is  the  ratio 
of  the  crest  to  base  acceleration,  to  be 
computed.  The  results  are  s>own  in  Table  1  and 
indicate  the  dynamic  ampl.  fication  factor 
increases  from  1.4  at  1.0  Hz  to  3  at  4.5  Hz. 
There  were  no  dramatic  changes  in  amplification 
with  frequency  and  consequently  a  convenient 
testing  frequency  of  3  Hz  was  selected. 

Vertical  displacements  at  the  surface  of  the 
embankment  were  taken  over  a  grid  spacing  of 
approximately  10  cm,  covering  the  entire 
geometry.  Measurements  were  taken  prior  to 
shaking  and  after  the  termination  of  the  test. 
Some  measurements  were  also  taken  after  the 
application  of  10%  g  base  acceleration.  A 
complete  list  of  the  readings  (Table  Bl)  and  the 
locations  where  measurements  were  taken  (Figure 
Bl)  are  presented  in  Appendix  B. 
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Response  of  the  sand  embankment  to  a  base  acceleration  of  1%  g. 


Test 

Number 

1  1 

Applied  Base 
Displacement 
j  (mm)  j 

1 

Frequency  J 
(Hz)  | 

1 

Induced  J 

Acceleration 
in  the  Fill  ! 

(%  g)  j 

Amplification 

Factor 

1 

!  3.61  ! 

1.4  | 

1.4 

2 

0.13 

1.4  j 

1.4 

3 

0.08 

1.5 

1.5 

4 

0.05  J 

1.6 

1.6 

s 

!  0.03  j 

3.0  ; 

1.7 

1.7 

6 

\  0.02 

1.8  | 

1.3 

7 

1  1 

i  I 

2.0 

2.0 

8 

1  1 

1  1 

3.0  j 

3.0 

Table  2. 

Values  of  the  base  excitation  and  the  induced  acceleration  in  the  Fill. 


Frequency 

(Hz) 


Number  of 
Cycles 


Applied  Base 
Displacement 
cm 


Applied 
Peak  Base 
Acceleration 


1 - 

3 

- 1 - 

1 

15 

1 - 

1 

0.05 

0.02  g 

H 

E7a  Bfl 

1.5 

3 

| 

15 

1 

0.13 

0.05  g 

M 

1.6 

3 

1 

| 

15 

1 

1 

0.19 

0.075  g 

H 

1.6 

3 

\ 

1 

15 

l 

I 

0.25 

0.10  g 

M 

2.1 

3 

1 

1 

15 

I 

1 

0.32 

0.125  g 

■■ 

1.7 

3 

t 

15 

t 

0.37 

0.15  g 

H 

1.6 

3 

1 

1 

15 

1 

0.52 

0.20  g 

M 

1.3 

3 

1 

15 

1 

0.79 

0.30  g 

■■ 

1.1 

Peak  Induced 
Acceleration 
in  the 
Sand  Fill 


Amplification 
Factor  = 

Fill  Acceleration 
Base  Acceleration 


During  the  test  series,  it  was  observed  that  the 
movements  were  predominantly  deep  seated  result¬ 
ing  from  movements  in  the  gel.  However,  some 
downslope  movement  of  sand  grains  beneath  the 
surface  skin  of  paint  also  occurred.  Movements 
began  to  manifest  themselves  at  a  base  accelera¬ 
tion  of  5%  g  and  became  significant  at  10%  g. 
At  that  point,  the  crest  of  the  embankment  had 
deformed  approximately  2  cm,  and  the  piles  in 
the  central  region  around  the  perimeter  of  the 
mesh  had  deflected  outward  by  approximately  1 
cm.  The  sand  level  at  the  toe  of  the  fill 
increased.  This  could  have  resulted  from  either 
heave  of  the  gel  or  from  downslope  movement  of 
sand  or  a  combination  of  the  two  effects. 
Increasing  the  amplitude  of  the  base  motion 
resulted  in  further  movements  in  both  vertical 
and  lateral  directions.  Base  excitation  of  30% 
g  led  to  large  movements  with  crest  deformation 
of  over  5.5  cm  and  lateral  spreading  in  the  toe 
areas  of  approximately  10  cm  in  the  direction  of 
the  applied  motion.  Lateral  movements  and 
spreading  of  the  sand  also  occurred  in  the 
direction  normal  to  the  base  motion  and  was 
approximately  half  the  above  magnitude. 

From  the  post-failure  examination  of  the  embank¬ 
ment  and  upon  its  removal  it  was  observed  that 
significant  deformations  had  occurred  beneath 
the  base  of  the  fill.  In  addition,  approxi¬ 
mately  0.5  to  1  cm  intrusion  or  penetration  of 
the  sand  into  the  gel's  surface  had  occurred. 
Such  penetration  is  not  likely  to  occur  in  the 
prototype  foundation  material.  However,  in 


relation  to  the  total  amount  of  deformation  (5.5 
cm)  this  contributes  not  more  than  20%  of  the 
total  movement  and  so  has  only  a  minor  effect  on 
overall  movements  beneath  the  embankment.  The 
deformation  of  the  surface  of  the  gel  was  not 
monitored  during  shaking.  However,  it  appears 
that  the  major  portion  of  the  5.5  cm  of  crest 
settlement  was  due  to  deformation  of  the  gel 
rather  than  penetration  of  sand  into  the  gel. 

The  sequence  of  movements  of  section  of  the 
model  prior  to  dynamic  testing,  after  10%  base 
excitation  and  after  30%  base  excitation  are 
depicted  in  Figure  2.  These  movements  are  based 
upon  surface  movement  measurements,  video  and 
movie  recordings,  and  visual  observations  during 
and  after  testing  together  with  volume  compati¬ 
bility  constraints.  Details  of  the  calculations 
involved  are  shown  in  Appendix  C.  Prior  to 
dynamic  testing,  the  piles  at  the  toe  of  the 
embankment  had  moved  outward  about  1  cm  due  to 
construction  of  the  fill.  Such  outward  movement 
would  induce  downward  movement  of  the  sand-gel 
interface  as  shown.  Crest  deformation  of  2  cm 
resulted  after  application  of  the  10%  g  base 
excitation  motion.  Additional  outward  movement 
of  the  toe  piles  together  with  movement  of  the 
gel  surface  occurred  at  the  same  time  as  shown 
in  the  Figure.  The  profile  after  30%  g  is  also 
shown  in  Figure  2  and  indicates  a  crest  movement 
in  excess  of  5  cm  and  lateral  spreading  of  the 
fill  of  some  10  cm.  The  lateral  movement  of  the 
pile  heads  at  the  toe  of  the  slope  was  about  4.5 
cm  or  about  half  the  spreading  movement  of  the 


FIG.  2.  Deformed  Profiles  at  Various  Stages  of 
Shaking  (Section  5-5,  Fiq.  Bl). 


FIG.  3.  Prototype  Soil  Profile. 

0.4  m  was  predicted  for  tie  prototype  fills. 
Details  of  the  analysis  are  included  in  Appendix 
D. 


sand.  The  additional  movement  of  the  sand  was 
caused  by  sand  particles  moving  down  the  surface 
of  the  slope  and  rolling  outward  in  the  toe 
area. 

APPLICATION  TO  PROTOTYPE  FILLS 

The  base  acceleration  level  of  10%  g  causes  a 
crest  acceleration  of  21%  g  and  corresponds 
approximately  with  the  design  earthquake.  The 
model  tests  suggest  a  crest  settlement  of  about 
1.8  cm  or  12%  of  the  height  of  the  model  embank¬ 
ment  for  this  level  of  excitation.  For  the 
prototype  with  an  embankment  height  of  10  m, 
deformations  corresponding  to  12%  of  the  height 
would  result  in  a  crest  settlement  of  1.2  m. 

Prior  to  the  shaking  most  of  the  weight  of  the 
embankment  is  carried  by  the  piles  as  a  result 
of  an  arching  mechanism  in  the  sand .  The 
observed  vertical  movements  recorded  during  the 
shaking  table  testa  suggest  that  the  arching  is 
gradually  lost  with  increasing  levels  of  shak¬ 
ing.  Thus  during  shaking  the  vertical  load  is 
gradually  transferred  from  the  piles  to  the  soil 
foundation  and  results  in  large  deformations. 

Deformations  of  the  foundation  soils  after  the 
shaking  ceases  will  be  small  because  such  move¬ 
ments  will  cause  the  load  to  be  transferred  back 
to  the  piles  and  thus  deformations  should  essen¬ 
tially  cease  after  the  shaking  ceases.  The 
model  test  results  are  in  agreement  with  this 
hypothesis . 

Seismic  deformations  of  the  fill  are  therefore 
mainly  due  to  deformations  of  the  foundations 
caused  by  the  transfer  of  vertical  load  from  the 
piles  to  the  foundation  during  the  period  of 
shaking.  The  maximum  seismic  deformations  can 
be  estimated  for  the  prototype  from  a  static 
finite  element  analysis  in  which  all  of  the 
weight  of  the  sand  embankment  is  assumed  to  be 
transferred  to  the  foundation  soil  during  the 
shaking.  Under  these  conditions  the  organic 
soil  would  behave  in  an  undrained  manner.  Based 
on  the  soil  profile  and  properties  shown  in 
Figure  3,  a  crest  settlement  of  0.4  m  together 
with  a  horizontal  longitudinal  displacement  of 


Earthquake  induced  movements  could  be  reduced  by 
placing  a  reinforcing  cloth  horizontally  above 
the  pile  tops.  However,  it  would  be  prudent  to 
assume  that  the  same  loss  of  arching  would  still 
occur  with  the  vertical  load  being  gradually 
transferred  to  the  cloth  and  thence  to  the  pile. 
In  the  limit,  all  of  the  weight  of  the  soil 
would  be  carried  by  the  cloth  and  the  deflection 
of  the  cloth  could  be  determined  by  analysing  a 
system  comprised  of  a. cloth  blanket  draped  over 
the  pile  tops  and  subjected  to  a  downward 
pressure  equal  to  the  weight  of  the  soil  above 
the  blanket.  The  deflection  of  the  cloth  would 
lead  to  crest  deformations  and  such  deformations 
could  be  estimated  from  analysis.  Results  from 
finite  element  analyses  of  the  above  soil- 
structure  interaction  problem  indicate  that  the 
placement  of  a  reinforced  cloth  considerably 
reduces  both  vertical  and  horizontal  deforma¬ 
tions  of  the  embankment  (Brown  (1986)).  This  is 
in  accord  with  field  observations  on  a  prototype 
structure  in  which  such  a  reinforcing  cloth  was 
incorporated  (Brown  (1986)). 

Horizontal  movements  of  the  piles  will  induce 
shear  forces  and  bending  moments  in  the  piles. 
These  loads  can  be  computed  as  outlined  by  Byrne 
et  al.  (1983). 

CONCLUSIONS 

The  model  tests  indicate  that  horizontal  base 
excitation  comparable  to  the  design  earthquake 
will  induce  settlements  of  the  order  of  12%  of 
the  height  of  the  embankment.  Such  deformations 
result  from  a  transfer  of  vertical  load  from  the 
piles  to  the  foundation  soil  as  a  result  of  a 
loss  in  arching  due  to  shaking.  Finite  element 
analyses  indicate  that  such  a  transfer  of  load 
will  cause  a  deformation  of  0.4  m  for  the  proto¬ 
type  fills.  A  reinforcing  cloth  placed  above 
the  pile  tops  would  reduce  such  settlements. 

The  horizontal  earthquake  induced  loads  can  be 
carried  by  the  piles  provided  they  can  withstand 
the  earthquake  induced  displacements.  Such 
displacements  can  be  computed  as  outlined  by 
Byrne  et  al.  (1983). 
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APPENDIX  A  -  PROPERTIES  OF  GELATIN 

The  gelatin  used  was  a  Bloom  type  100.  The 
Bloom  unit  is  a  measure  of  the  force  required  to 
depress  a  prescribed  area  of  the  surface  of  a 
gelatin  sample  which  is  made  up  from  a  given 
concentration  and  according  to  a  standard 
procedure,  a  set  distance  of  4  mm.  It  is  simply 
a  measure  of  the  rigidity  of  the  gel  (1).  The 
strength  of  the  gel  formed  depends  upon  concen¬ 
tration  and  the  intrinsic  strength  of  the 
gelatin  used  which  is  a  function  both  of  struc¬ 
ture  and  molecular  weight.  Commercially  avail¬ 
able  gelitin  range  in  Bloom  between  100  to  275 
and  generally  the  higher  the  Bloom  grade,  the 
less  gelatin  will  be  required  tio  produce  the 
same  strength.  However,  a  minimum  quantity  of 
3%  gelatin  is  required  to  form  a  gel  solution  at 
room  temperature  and  this  largely  dictates  the 
choice  of  gel  type  if  we  are  interested  in 
developing  solutions  with  low  shear  strength 
values.  The  gelatin  solution  used  was  made  up 
of  6%  gelatin  crystals  by  weight.  The  solution 
was  prepared  at  approximately  65 "C  which  is  the 
water  temperature  at  which  the  gelatin  crystals 
are  dissolved  quite  readily  and  also  result  in 
the  most  stable  composition.  The  graph  showing 


the  change  of  strength  with  time  for  a  gel 
prepared  in  this  manner  is  shown  on  Figure  Al. 
It  can  be  observed  that  the  peak  strength  is 
achieved  after  approximately  4  days,  beyond 
which  degradation  occurs  by  bacteria  and  molds. 
The  nature  of  the  organisms  which  grow  in 
gelatin  solutions  depend  upon  a  number  of 
factors.  However,  it  was  found  that  the  rate  of 
growth  is  significantly  smaller  for  samples 
prepared  at  65  °C  in  comparison  with  other  tech¬ 
niques  of  dissolving  the  gelatin  crystals. 
Extreme  care  was  exercised  to  ensure  that  the 
crystals  were  thoroughly  dissolved  before  remov¬ 
ing  the  foam  and  pouring  the  solution  into  the 
container.  The  solutions  were  prepared  in  30 
litre  batches  and  the  total  amount  (approxi¬ 
mately  -t00  litres)  was  poured  in  place  within 
2.0  hours.  Using  a  miniature  vane  device,  the 
shear  strength  of  the  gel  at  the  time  of  the 
experiment  was  measured  to  be  2.2  kPa.  Such  a 
shear  strength  was  considered  to  be  appropriate 
since  it  provided  a  reasonable  factor  of  safety 
against  a  bearing  capacity  failure  upon  the 
placement  of  the  sand  fill  as  well  as  leaving 
some  margin  of  safety  for  possible  weakening  of 
the  cel  peak  strength  prior  to  the  experiment. 
The  Young's  modulus  of  the  material  was  approxi¬ 
mately  10  kPa  and  was  determined  by  measuring 
the  depression  due  to  a  uniform  load  applied  to 
the  gel's  surface. 


FIG.  Al.  Change  of  Shear  Strength  with  Time  for 
6%  Gelatin  Solution  Prepared  at  65 "C. 


(1)  Gelatin  Manufacturers  Institute  of  America, 
Inc.,  Standard  Methods  for  Sampling  and 
Testing  of  Gelatins,  New  York,  1964. 


APPENDIX  B  -  RECORDED  MOVEMENTS 

The  recorded  vertical  displacements  after  0.1  g 
and  0.3  g  base  excitations  are  shown  in  Table 
Bl.  The  recorded  horizontal  displacement  are 
shown  in  Table  B2.  The  locations  of  the  record¬ 
ing  points  are  shown  in  Figure  Bl . 
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Table  Bl.  Deformation  of  the  Points  Shown  on  Table  B2.  Movement  of  the  piles  shown  on  Figure 
Fig.  Bl.  Al. 


Section 


Cumulative  Vertical  Displacements 
(Settlement  +  ve)/cm 


i  r 

After  0.1  g 

j  After  0.3  g 

-] 

1 

!  bi  ! 

-0.30 

1 

-0.76 

1 

82  I 

0.40 

I 

J 

i.71 

83 

0.61 

I 

1 

2.13 

85 

0.37 

1 

1 

1.80 

87 

0.55 

1 

1 

1.80 

89 

0.88 

2.26 

Cl 

-0.64 

-1.25 

C2 

0.18 

l 

1.28 

C3 

1.31 

1 

| 

3.60 

C5 

1.28 

1 

I 

3.81 

07 

1.46 

I 

3.90 

!  C9 

0.37 

1 

I 

1.07 

!  01 

1 

J 

-1.22 

D2 

1 

1 

0.98 

D3 

1 

1 

X 

D4 

1 

5.73 

05 

1 

I 

5.57 

j  D6 
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PLAN  VIEW 


FIG.  Bl.  Location  of  the  Points  Where  Movements 
were  Monitored. 

APPENDIX  C  -  BASE  MOVEMENTS  FROM  VOLUME 
COMPATIBILITY 

Based  on  observation  and  the  measurements  taken, 
the  surface  profile  of  the  fill  was  determined. 
Knowing  the  deflection  of  the  piles,  and  assum¬ 
ing  that  the  piles  and  gelatin  move  together, 
the  lateral  component  of  the  movements  was 
obtained.  If  it  is  assumed  that  there  is  no 
change  in  the  overall  volume  of  the  sand  fill, 
analysis  based  on  compatibility  of  volumes  can 
be  performed  to  establish  the  deformation  pro¬ 
file  at  the  base  of  the  embankment.  Such 
analysis  require  a  trial  and  error  balancing  of 
areas.  The  estimated  base  profile  at  the  end  of 
the  shaking  (after  0.3  g)  is  shown  in  Figure  Cl. 
The  areas  involved  were  as  follows: 


Zone 

1) 

Settlement  of  the  area  below 
surface  of  the  fill  +  =  93cm2 

the 

Zone 

2) 

Area  involved  in  the  lateral  movement 
of  the  piles  (2.3  x  23.5/2)  -  =  27  cm2 

Zone 

3) 

Area  of  the  sluffed  portion  beyond 
face  of  the  slope  -  =  14  cm2 

the 

Zone 

4) 

Area  settled  beneath  the  base  of 
fill  (45.5  x  1.6/2  -  =  37  cm2 

the 
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FIG.  Cl.  Deformed  Sand-Gel  Interface  Based  on 
Volume  Compatibility. 


Zone  5)  Area  of  sand  intruded  into  the  gel.  A 
=  1/2(1. 0  x  45.5)  =  22.8  cm2.  Because 
the  sand  pores  in  this  area  are  now 
filled  with  gel,  the  actual  area  dis¬ 
placed  =  l/l+e  A,  =  1/1.5  (22.8)  -  =  15 
cm 

The  summation  of  the  zones  2,3,4  and  5  balance 
the  downward  movement  given  by  zone  1. 


Dl.  The  stress-strain  parameters  for  sand  were 
based  on  Byrne  and  Eldridge,  1982. 

The  earthquake  induced  displacements  were 
computed  using  the  finite  element  method  and 
assuming  that  all  of  the  fill  load  must  be 
carried  by  the  foundation  soil.  The  computer 
program  SOILSTRESS  (Byrne  and  Janzen,  1981) 
which  performs  an  equivalent  linear  elastic 
analysis  was  used.  The  finite  element  mesh  is 
shown  in  Figure  D2.  The  computed  displacement 
pattern  is  shown  in  Figure  D3.  It  may  be  seen 
that  the  crest  of  the  embankment  settles  about 
0.4  m  and  also  moves  out  horizontally  about  0.4 
m.  Some  heave  is  predicted  to  occur  in  the  toe 
area. 

Table  Dl 

Hyperbolic  Parameters  Used  in  the  Analysis. 


1 

| Parameter 

1 

Material 

Number 

1 

1 

2> 
2  1 

3 

4  i 

I  *g 

356. 

5.0  } 

23.0 

356.0  | 

0.5 

0.0- 

0.0 

0.5 

Hb 

334.0 

500.  ' 

2300. 

334.0 

m 

0.5 

0.0 

0.0 

0.5  j 

1  * 

37.5° 

0.0 

0.0 

37 . 5°  j 

1  £  c  V 

33.0 

0.0 

0.0 

33.0 

| 

0.0 

0.0 

0.0 

0.0 

1  c(kPa) 

0.0 

31.0  j 

50.0 

0.0  | 

1  rf 

o 

.8 

.8  j 

.8 

R  1 

.8  , 

APPENDIX  D  -  ANALYSIS  OF  EARTHQUAKE  INDUCED 
DISPLACEMENTS  OF  THE  PROTOTYPE 
FILLS 

The  model  studies  indicate  that  the  effect  of 
seismic  shaking  is  to  break  the  arching  effect 
by  which  the  sand  fill  load  is  carried  by  the 
piles,  with  the  result  that  the  load  is  gradu¬ 
ally  transferred  from  the  piles  to  the  founda¬ 
tion  soil  as  shaking  proceeds.  A  worst  case  is 
to  assume  that  all  of  the  fill  load  must  be 
taken  by  the  foundation  soil  and  that  the  piles 
carry  no  vertical  load.  This  condition  will 
exist  during  the  shaking.  After  the  shaking 
stops,  the  load  will  again  revert  to  the  piles 
as  further  settlement  occurs  either  due  to  creep 
or  settlement  effects.  Therefore  the  load 
transfer  condition  exists  only  for  a  short 
period  of  time  and  can  be  simulated  assuming  the 
fill  must  be  carried  by  the  foundation  using 
undrained  stress-strain  relations  for  the 
organic  soils. 


Shear  Modulus, 

G 

=  k„Pa  (°m)n  [1  -  TRf 

g  a  Pa  c+otan$ 

Bulk  Modulus, 

B 

-  *b*a  (^>m 

where  Pa 

Atmospheric  Pressure 

°m 

= 

the  mean  normal  stress 

See  Byrne 

and 

Janzen  (1981)  for  details. 

Material  No. 

1 

2 

3 

4 


Description 

Compact  Sand 
Peat 

Organic  Silt 
Compact  Sand 


A  typical  soil  profile  was  shown  in  Figure  (3) 
and  the  stress-strain  parameters  in  Table  Dl. 
These  parameters  define  a  hyperbolic  stress- 
strain  curve  that  is  now  commonly  used  in 
practice  and  has  been  discussed  by  many 
researchers  including  Byrne  and  Janzen  1981. 
The  parameters  for  the  peat  and  organic  clay 
were  obtained  from  laboratory  tests  in  which 
samples  ware  first  subjected  to  cyclic  loading 
simulating  earthquake  loading  and  then  tested  in 
undrained  shear  to  obtain  their  post  cyclic 
stress-strain  behaviour.  The  laboratory  post- 
cyclic  stress-strain  curves  are  shown  in  Figure 
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In-Situ  Determination  of  Dynamic  Properties  of 
Soil  for  Foundation  of  a  Turbo-Generator 

V.D.  Mlglani 

Professor  of  Civil  Engineering,  Regional  Engineering  College, 

Kurukshetra,  Haryana,  India 


SYNOPSIS:  The  paper  presents  a  case  history  of  performance  and  analysis  of  results  of  vertical 

&  horizontal  resonance  tests  on  a  standard  concrete  block  in  a  well,  for  in-situ  determination  of 
dynamic  properties  of  soil  required  for  design  of  a  turbo-generator,  under  unusual  conditions  of 
high  water  table.  Pumping  from  the  two  wells  constructed  for  lowering  the  water  level  was  not 
enough  and  pumping  from  within  the  main  well  had  to  be  resorted  to  to  bring  down  the  water  level 
to  a  little  below  the  top  surface  of  the  model  block.  As  expected,  amplitude  versus  frequency 
curves  for  vertical  resonance  test  showed  dtwo  resonant  peaks  instead  of  one,  indicating  occurrence 
of  two  modes  of  vibration.  A  method  for  estimating  dynamic  co-efficients  of  soil,  through  derived 
curves  for  ratio  of  natural  frequencies  in  horizontal  and  vertical  modes  versus  effective  area  of 
base,  has  been  suggested.  A  repeat  test  under  good  conditions  confirmed  the  adequacy  of  the  method. 


INTRODUCTION 

Projects  of  progress  have  to  be  executed  in 
a  time  bound  frame.  The  author  had  an  opportu¬ 
nity  to  carry  out  investigations  for  determi¬ 
ning  dynamic  soil  properties  required  for  a 
210  megawatt  turbo-generator  of  such  a  thermal 
power  project  in  India  and  was  desired  to  make 
the  recommendations  within  a  limited  time 
period. 

The  following  dynamic  properties  of  soil  were 
required: 

(i)  Co-efficient  of  Elastic  uniform 
comhpression  (Cu  ) 

(ii)  Co-efficient  of  Elastic  uniform  shear 


(iii)  Co-efficient  of  Elastic  Non-uniform 
compression  (Cyj  ) 

(iv)  Co-efficient  of  Elastic  Non-uniform 
shear  (C^,  ) 

The  Indian  Standard  Code  (IS:  5249-1977)  pres¬ 
cribes  size  of  pit  (4.5  m  x  2.75  m  in  plan, 
depth  ■  d°pth  of  foundation)  and  size  of  block 
(1.5  m  x  0.75  m  x  0.7  m  high)  and  also  method 
of  conduct  of  tests.  Dynamic  tests  include 
resonance  &  wave  propagation  tests,  on  account 
of  site  conditions,  departure  from  the  provi¬ 
sions  of  the  code  had  to  be  resorted  to. 


SITE  CONDITIONS  &  TEST  ARRANGEMENT 

The  proposed  depth  foundation  for  the  turbo¬ 
generator  was  4.7  m  below  ground  level  (GL). 
The  soil  above  and  below  was  mainly  sandy. 
Sub-soil  water  level  (SSWL)  was  2.5  m  below 
GL.  Because  of  these  conditions,  the  resonance 
tests  were  planned  to  be  conducted  on  a  standard 
block  1.50  m  x  0.75  m  x  0.70  m  of  plain  concrete 


constructed  in  a  brick  well  of  3.5  m  internal 
diameter  at  the  proposed  foundation  depth. 
Two  side  wells  of  2  m  internal  diameter  were 
also  constructed  (Fig.  1). 


Fig.  1  -  Plan  of  Test  Arrangement 

It  was  estimated  that  pumping  out  of  water 
from  the  side  wells  would  be  enough  to  keep 
the  water  level  in  the  main  well  below  the 
surface  of  block  during  mounting  of  equipment 
&  conduct  of  test.  However,  at  the  time  of 
conduct  of  test,  due  to  rise  in  SSWL,  pumping 
out  of  water  from  the  side  wells  was  not  enough 
to  bring  down  the  water  level  in  the  main  well 
to  desired  extent.  Water  level  in  the  test 
well  remained  at  about  10  to  15  cm  above  the 
block.  Although  undesirable,  pumping  from 

within  the  main  well  had  to  be  reported  to, 
on  account  of  time  bound  programme  of  the  project. 
The  point  chosen  for  this  purpose  was  on  the 
longer  axis  of  the  block,  nea'r  the  well  boundary 
and  as  far  as  possible  near  the  surface  of 
water. 
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BLOCK  RESONANCE  TESTS 


The  following  resonance  tests  were  conducted 
on  the  model  bdlock  foundation: 

1.  Vertical  resonance  test 

2.  Horizontal  resonance  test 

The  wave  propagation  test  was  not  possible 
on  account  of  high  water  table. 

The  resonance  tests  were  carried  out  by  mounting 
a  mechanical  oscillator  on  top  of  the  block. 
The  oscillator  was  set  to  produce  vertical 
or  horizontal  harmonic  excitation.  The  osci¬ 
llator  was  driven  by  a  D.C. shunt  motor,  the 
speed  of  which  was  varied  with  an  independent 
control  unit.  The  vibrations  of  the  model  block 
were  picked  up  by  a  velocity  pick-up,  the 
signals  of  which  were  integrated  and  amplified 
by  means  of  a  D.C.  amplifier  and  observed  on 
an  amplitude  meter.  The  line  diagram  of  the 
set  up  of  recording  arrangement  is  shown  in 
fig.  2. 


Fig.  2  -  Line  Diagram  of  Testing  Equipment 


Fig.  3  -  A  Typical  Amplitude  v/s  Frequency 
curve  from  Vertical  Resonance  Test 

Where :- 

m  -  mass  of  the  block  plus  that  of  the 
motor,  oscillator  and  other  mountings 


VERTICAL  RESONANCE  TEST 

The  oscillator  was  mounted  centrally  on  the 
block  such  that  it  produced  vertical  harmonic 
exciting  force  and  the  line  of  action  of  such 
excitation  passed  through  the  centre  of  gravity 
of  the  block.  On  top  of  the  block,  the  velocity 
pick-up  was  fixed  with  its  sensing  axis  in 
the  vertical  direction.  Amplitudes  were  observed 
on  an  amplitude  meter  and  recorded  for  different 
frequencies  and  at  angles  of  eccentricity  of 

oscillator  equal  to  72°,  108°  and  144°.  Frequ¬ 
ency-amplitude  curves  at  these  eccentricities 
from  these  observations  were  drawn.  A  typical 
curve  is  shown  in  fig.  3. 

The  corresponding  resonant  frequencies  are 
shown  in  Table  1.  The  co-efficient  of  elastic 
uniform  compression  (Cu  )  is  obtained  by  using 

the  following  expression: 


cu - ...d) 

A 


A  =  Base  area  of  the  block 
=  150  cm  x  75  xm 

f  =  Resonant  frequency  in  the  vertical 
nz  mode 

The  values  of  the  co-efficicnt  of  elastic  uniform 
compression  (Cu  )  corresponding  to  base  area 

of  model  block  are  listed  in  column  4  of  Table-1 
and  the  values  of  Cu  corresponding  to  1C  Sq 

m  area  of  foundation  are  tabulated  in  column 
5  of  the  table.  These  were  calculated  by  using 
relationship: 


u2  /  Al 


Where: 

C  and  C  correspond  to  base  areas  A,  &  A, 
U1  u2  1  ' 

Such  a  relationship  is  valid  for  small  areas 
upto  about  10  Sq  m  .  For  base  area  greater 
than  10  Sq  m,  the  value  of  Cu  remains  almost 

constant  (Barkan  (196?,)J. 
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TABLE  -  1 


Resonant  Frequencies  and  Values  of 
Cu  from  Vertical  Resonance  Test 


ANGIE  OF 

ECCENTRICITY 

OF 

OSCILLATOR 

RESONANT 

FREQUENCY 

( c  p.s ) 

OYNAMIC 

FORCE 

(Kg  ) 

Cy 

(  Kg /Cm.’) 

A  ■  1-I25n? 

Cw 

Kg /Cm’ 

A  -  10  m! 

1 

2 

3 

<  1 

5 

72° 

31-0 

1203 

6-49 

2-18 

108° 

302 

157  2 

6-16 

207 

144° 

29-7 

178-7 

5-96 

2-00 

On  account  of  dewatering  from  inside  the  main 
well,  deviation  from  uniform  reaction  caused 
the  block  to  vibrate  in  two  modes: 

(i)  rocking  about  a  horizontal  axis  passing 
through  the  centre  of  the  base  area, and 

(ii)  vertical. 

Since  the  natural  frequency  (  and  hence  resonant 
frequency  )  in  the  rocking  mode  is  lower  than 
that  of  the  vertical  mode,  the  first  peaks 
appearing  in  amplitude  v/s  frequency  curves 
have  been  ignored  in  computations. 

It  may  be  noted  that  the  values  of  c  in  columns 
4  &  5  need  correction.  ‘ 


Fig.  4  -  A  Typical  Amplitude  v/s  Frequency 

Curve  from  Horizontal  Resonance 
Test 


TABLE  -  2 


HORIZONTAL  RESONANCE  TEST 


Resonant  Frequencies  and  Values  of 
Cj.  from  Horizontal  Resonance  Test 


The  mechanical  oscillator  was  mounted  on  the 
block  such  that  it  generated  horizontal  harmonic 
excitation  parallel  to  longitudinal  axis  of 
the  block.  The  velocity  pick-up  was  mounted 
on  top  of  the  block,  with  its  sensing  axis 
horizontal  and  parallel  to  the  excitation. 
Horizontal  amplitudes  were  recorded  against 
different  frequencies  for  different  settings 
of  angles  of  eccentricity  of  the  oscillator. 

Frequency  v/s  amplitude  curves  from  the  horizontal 
vibration  test  for  angles  of  eccentricity  of 
oscillator  of  72°,  108°  and  144°  were  drawn. 

A  typical  curve  is  shown  in  fig.  4. 


ANGLE  OF 

ECCENTRICITY 

OF 

OSCILLATOR 

RESONANT 

FREQUENCY 

*nx 

(c.p.s ) 

OYNAMIC 

FORCE 
(  Kg  ) 

C|  , 

(  Kg /Cm’) 

A.I-IJSn? 

C|  , 
Kg/Cm 

A  ■  10  m* 

1 

2 

3 

4 

5 

72° 

12-8 

7)5 

1  31 

044 

108° 

12*4 

26-5- 

123 

0  41 

12-0 

29-2 

1.15 

0-39 

The  resonant  frequencies  obtained  from  these 
curves  are  listed  in  column  2  of  the  Table 
2. 


When  an  oscillator  is  mounted  on  the  top  of 
the  block  to  produce  horizontal  excitation, 
such  an  excitation  causes  the  block  to  vibrate 
in  coupled  translatory  motion  along  the  longi¬ 
tudinal  axis  and  ’-ocking  motion  about  transverse 
axis  of  the  block.  Thus  the  system  has  two 
degrees  of  freedom  and  hence  two  natural  frequ¬ 
encies  a c  also  two  resonant  frequencies.  in 
order  to  determine  whether  the  resonant  frequency 
obtained  is  corresponding  to  first  or  second 
mode  of  vibration,  the  amplitudes  were  observed 
carefully  for  different  frequencies  of  the 
oscillator  which  varied  from  0  to  about  30 
C.p.s.  in  one  case.  It  was  observed  that  first 
resonance  occurred  near  12  c.p.s.  The  amplitudes 
were  at  the.  lowest  at  24  c.p.s.  and  started 


increasing  beyond  24  c.p.s.  thereby  indicating 
second  mode  cccuring  beyond  30  c.p.s.  The 
resonant  frequencies  listed  in  column  2  of 
the  table  2  correspond  to  the  first  mode  of 
vibration.  After  determining  the  mode  of  vibra¬ 
tion,  the  co-efficient  of  elastic  uniform  shear 
Cfc  is  obtained  using  the  following  relationship: 


2  _  *2 


8  a  r  f 


nx 


...(3) 


(Ao  +Io>  .t/(Ao+Io  >"  -  4  Ao  ^  r 


where 


r  =  M  /M 
m  mo 
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f  =  Resonant  frequency  obtained  from 
nx  horizontal  vibration  test 

Aq  =  A/m 

*o  =  3’46  I/fU 

M  =  Mass  moment  of  inertia  of  block 

with  mountings  about  the  horizon¬ 
tal  axis  passing  through  centre 
of  gravity  of  the  block  and  pre- 

pendicular  to  the  direction  of 
vibration 

M  _  Mass  moment  of  inertia  of  block 

m  ”  and  mountings  about  the  horizontal 

axis  passing  through  centre  of 
'base  area  of  the  block  and  pre- 

pendicular  to  the  direction  of 
vibration 

_  =  Second  moment  of  area  of  base  of 

1  the  block  about  the  horizontal 

axis  passing  through  the  centre 
of  gravity  the  area  and  prepen- 
dicular  to  the  direction  of  vibration 

Use  che  +ve  sign  for  2nd  mode  of  vibration 
and  -ve  sign  for  the  first  mode  of  vibration. 

For  the  size  of  the  block  used  in  this  test 
and  first  resonant  frequency/  equation  (3) 
reduces  to:- 

0^4/125  ...(4) 

Using  the  above  relation,  the  co-efficient 
of  elastic  uniform  shear  for  the  base  area 
of  the  block  was  calculated  and  these  values 
are  listed  in  column  4  of  Table  2. 

The  value  of  cfc  corresponding  to  10  Sq  m  area 
were  computed  using  the  relationship: 


where  C..  and  Cy  correspond  to  areas  A,  and 
C1  c2  1 
A2  respectively.  These  values  of  Ct  are  recorded 

in  column  5  of  the  Table  2. 

As  per  Table  -  1,  the  values  of  C^in  columns 
4  &  5  of  table  2  need  correction. 


CO-EFFICIENTS  OF  ELASTIC  NON-UNIFORM  COMPRESSION 
(C^  )  AND  ELASTIC  NON-UNIFORM  SHEAR  (Cyf ) 

No  direct  field  tests  are  available  at  present 
for  determination  of  these  properties  of  soil. 
The  following  relationship,  as  given  in  IS:5249- 
1977  may  be  used  for  these  co-efficients: 

C^  =  3.46  ...(6) 

Cp  =  0.75  ...(7) 


TEST  RESULTS 

The  values  of  Cu  corresponding  to  10  Sq  m  base 

area  as  calculated  from  vertical  resonance 
test  conducted  at  different  eccentricities 

of  oscillator  vary  from  2.00  to  2.18  kg/cm3 
(Table  1) . 

The  values  of  Cfc  corresponding  to  10  Sq  m  base 

area  as  calculated  from  horizontal  resonance 
test,  similarly,  vary  from  0.39  to  0.44  kg/cm3, 
i.e.,  the  values  are  of  the  order  of  one  fifth 
of  the  values  of  Cu  whereas  actual  val  ues 

of  Cj.  should  be  in  the  range  of  half  to  two 

third  of  values  of  Cu> 

It  is  thus  clear  that  the  values  of  Cfc  have 

been  affected  considerably  due  to  dewatering 
from  inside  the  main  well. 

The  values  of  Cu  and  Cfc  computed  above,  therefore, 
needed  corrections. 


CORRECTIONS  OF  TEST  RESULTS 

An  attempt  was  made  to  estimate  correction 
factors  to  be  applied  to  the  values  of  soil 
parameters  obtained  in  the  tests  by  assuming 
that  certain  base  area  of  the  block  near  the 
point  of  dewatering  was  of  no  effect  (see  fig.l). 

From  equations  (1)  &  (2),  ratio  of  f  &  fnx 
(corresponding  to  first  mode)  can  be  written  as: 


Equation  (8)  reduces  to: 


where 


d  =  121.1  +  223.9  p2 


p  =  effective  base  area/total  base  area 
ratio 

Using  equation  (9),  £nz/fnx  v/s  Per  cent  effective 

base  area  curve  hasbeen  drawn  in  fig.  5.  Corre¬ 
ction  factor  v/s  per  cent  effective  base  area 
has  been  derived  using  equation  (2)  and  plotted 
in  fig.  5. 
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Fig*  5  -  Ratio  of  Frequencies  (r'nz/fnx) 

t*  Correction  Factor  v/s  Effective 
base  Area  Curves 

Average  fR2  =  30.3  c.p.s*  (Table  1) 

Average  fnx  =  12.4  c.p.s.  (Table  2) 

Rati0:  {£nz/£n^  =  2’44 


vertical  resonance  test  is  shown  in  fig.  6. 
The  results  are  shown  in  tables  3  &  4. 


Pig.  6  -  A  Typical  Amplitude  v/s  Frequency 
Curve  from  Vertical  Resonance 
(Repeat)  Test 


Per  cent  Effective  area  corresponding  to  this 
ratio  on  the  curvets  44.9  (i.e.,  p=.449)  and 
against  this  per  cent  effective  area,  correction 
factor  is  1.5  .  Therefore,  corrected  values 

°f  Cu  are  equal  to  3.0  to  3.3  kg/cm3  and  hence 
corrected  values  of  Cfc  are  equal  to  1.5  to 
1.7  kg/cm3  for  base  areas  of  10  Sq  m  . 

These  values  could  well  serve  the  purpose 
of  preliminary  design  of  the  foundation. 


REPEAT  TEST 

The  resonance  tests  were  repeated  after  a 
lapse  of  about  4  months  under  very  low  draw¬ 
down  conditions.  The  general  water  table 
was  low  on  account  of  dewatering  in  the  surround¬ 
ing  area.  The  level  of  water  within  the  test 
well  was  further  lowered  by  means  of  pumping 
out  from  the  two  side  wells.  Amplitudes 
observed  were  plotted  against  frequencies 
of  the  oscillator.  In  vertical  resonance 
test,  no  second  peak  was  observed  indicating 
absence  of  rocking  mode. 

A  typical  amplitude  v/s  frequency  curve  from 


TABLE  -  3 

Resonance  Frequencies  and  Values  of  Cu 
from  Vertical  Resonance  (Repeat)  Test 


ANGLE  OF 

ECCENTRICITY 

OF 

OSCILLATOR 

RESONANT 

FREQUENCY 

(c.p.s  ) 

DYNAMIC 
FORCE 
(Kg  ) 

Cu 

(  Kg /Cm1) 
A.t-IJSn? 

Cu 

Kg/Cm’ 

A .  10  m* 

1 

2 

3 

4 

5 

72° 

360 

163 

8.75 

2.95 

104° 

35.4 

211 

8-47 

7.85 

140° 

34.8 

254 

818 

2.76 

875 


TABLE  -  4 


Resonant  Frequencies  and  Values  of  Cfc 
from  Horizontal  Resonance  (Repeat)  Test 


ANGLE  OF 

ECCENTRICITY 

OF 

OSCILLATOR 

RESONANT 

FREQUENCY 

*nx 

(c.py.s  ) 

DYNAMIC 

FORCE 

(Kg) 

Ct 

(  Kg  /Cm') 

A  *  1  125n? 

Ct 

Kg/Cm’ 

A.  10  m! 

1 

2 

3 

4 

5 

72° 

28-5 

102 

6.50 

2.19 

104° 

255 

110 

5  20 

1-75 

140° 

250 

127 

4  95 

1-67 

The  other  details  of  the  tests  are  available 
elsewhere  (Miglani  -  1982). 


CONCLUSION 

Comparison  of  the  results  with  corrected  values 
of  Cu  &  Cfc  indicates  a  reasonable  prediction 

of  design  values  of  dynamic  soil  parameters 
and  confirms  the  adequacy  of  the  suggested 
method  of  correction. 
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Geotechnical  Services  for  a  Bridge  in  a  Seismic  Area 


Filippo  Ciuffi 

Director  of  I.S.P.I.S.  Geotechnical  Division,  Potenza,  Italy 


SYNOPSIS:  The  purpose  of  this  paper  is  to  describe  the  different  stages  and  the  final  results 
of  the  geotechnical  investigations  and  foundation  design  for  a  bridge  xn  a  seismic  area,  in  the 
south  of  Italy.  Particular  attention  is  given  to  the  procedure  followed  to  study  dynamic  soil- 
pile  interaction.  Also  described  in  summary  fashion  are  a  number  of  "borehole  shear  tests"  carried 
out  and  their  results. 


INTRODUCTION 

The  soil-pile  interaction  analysis  for  a 
bridge  in  a  seismic  area  plays  a  very  impor¬ 
tant  role  in  the  procedure  for  the  foundations 
to  withstand  earthquake.  In  particular,  the 
correct  prediction  of  the  bridge's  piers 
displacements  during  earthquake  ground  motion 
has  significant  effects  upon  the  stability 
of  the  whole  bridge.  The  construction  of 
a  road  between  Forenza  and  Maschito,  two 
small  towns  in  southern  Italy,  has  required 
the  construction  of  a  bridge  on  the  Macchiaro- 
tonda  gorge  (Fig.  1). 

Decribed  in  this  paper  are  the  different 
stages  and  the  final  results  of  the  geotech¬ 
nical  investigations  and  foundations  design 
for  the  bridge  above  mentioned.  Particular 
stress  is  given  to  the  procedure  followed 
to  design  piles  against  earthquake. 

The  geotechnical  consultancy  services  and 
the  foundation  design  have  been  ordered  by 
National  Office  for  Extraordinary  Works  in 
Southern  Italy. 


LOCATION  OF  BRIDGE  AND  GROUND  CONDITIONS 

The  area  under  study  is  located  approximately 
2.5  km  north  of  Forenza  and  50  km  north  of 
Potenza,  the  regional  chief  city.  The  area, 
at  the  present  time,  is  classified  by  italian 
law  as  a  "seismic  area".  It  is  opportune 
to  recall  that  Basilicata  Region  has  been 
greatly  damaged  by  the  earthquake  of  23rd  No¬ 


vember  1980. 

The  morfology  is  characterized  by  slope  aver¬ 
aging  33%  (right  slope:  41%;  left  slope: 
25%). 


y  N x  JX- ,  Jb*- 


i  I  f  ,  i  . 

AREA  STUDIED 


;-v  It  -  v 

~  SL3  -tv  fzz- 

Fig.  1.  Location  of  the  Site 
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As  regards  the  geology,  the  soils  are  nostly 
belonging  to  the  following  formations:  the 
so-called  "Daunia  Formation"  (Miocene)  and 
"Varicoloured  Clays"  (Oligo-Miocene) .  The 
first  one  is  characterized  by  marly  lime¬ 
stones.  The  second  one  is  characterized 
by  alternations  of  varicoloured  clays  (preva¬ 
lent  dolours:  red  and  green)  and  marly 
clays.  At  the  bottom  of  the  Macchiarotonda 
gorge,  there  are  recent  alluvlonal  deposits. 


PROCEDURE 

The  following  procedure  has  been  used. 

(i)  First  of  all,  the  site  has  been 
studied  on  the  basis  of  the  analysis 
of  aerial  photographs. 

(ii)  A  detailed  investigation  has  been 
carried  out,  in  particular  on  the 
sites  on  which  the  bridge's  piers 
will  be  located:  on  the  right  slope 
and  on  the  left  slope  of  Macchia¬ 
rotonda  gorge: 

-  Cone  Penetration  Tests 

-  Boring  Tests 

-  Borehole  Shear  Tests 

-  Pore  Pressure  Measures 

-  Laboratory  Tests 

(ill)  All  data  collected  have  been  studied. 

Particular  emphasis  has  been  given 
to  the  interesting  results  of 


Borehole  Shear  Tests.  In  fact,  for 
the  first  time,  Borehole  Shear  Tests 
have  been  performed  in  Italy. 

(iv)  To  summarize  the  results  of  the  above 
mentioned  analysis,  a  tridimensional 
soil  profile,  map  has  been  drawn,  to 
a  scale  of  1:200.  The  site  conditions 
have  suggested  that  bored  cast  in 
situ  piles  (  fl  =  100  cm)  would  be 
the  appropriate  choice. 

(v)  The  foundations  design  has  been  car¬ 
ried  out  by  calculating  both  the 
ultimate  capacity  of  the  pile  group 
and  the  soil-pile  interaction  under 
dynamic  loads. 


BOREHOLE  SHEAR  TESTS 

Inasmuch  as  space  is  limited  and  we  are  unable 
to  give  due  attention  to  all  Investigations 
made,  we  deem  it  opportune  to  limit  ourselves 
to  illustrating,  at  least  with  regard  to 
basic  essentials,  a  number  of  "borehole  shear 
tests"  carried  out  on  representative  points 
of  the  area  under  study.  The  "borehole  shear 
test"  measures  shearing  strength  quickly 
and  directly  in  situ  in  the  sides  of  a  75 
mm  diameter  borehole. 

The  tests  described  have  all  been  carried 
out  by  the  I.S.P.I.S.  Geotechnical  Division 
of  Potenza  (Italy). 

Five  "borehole  shear  tests"  have  been 
conducted  on  the  sides  on  which  the  bridge's 
piers  will  be  located  (Fig.  2). 


Fig.  2.  Schematic  Bridge’s  Section 
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For  each  point  a  series  of  tests  with  increas¬ 
ing  applied  normal  stress  (  (T )  was  performed, 
while  the  corresponding  shear  stress  (  T  ) 
was  measured.  The  consolidation  time,  before 
increasing  normal  stress,  was  evaluated  by 
monitoring  the  dissipation  of  excess  pore 
pressures  generated  after  application  of 
the  normal  stress.  Shearing  strength  was 
then  plotted  versus  normal  stress  to  give 
a  Mohr-Couloumb  type  failure  envelope. 

Test  results  are  summarized  in  Table  I. 


It  can  be  seen  from  this  table  that  the  values 
of  friction  angles  of  the  left  slope  are 
higher  than  that  of  the  right  slope.  It  may 
be  of  interest  to  note  that,  to  evaluate 
the  anisotropy,  the  B.S.T.  1'  was  performed, 
by  rotating  the  apparatus  90° ,  in  the  same 
hole,  at  the  same  depth  of  B.S.T.  1.  (Fig. 
3). 


SOIL-PILE  INTERACTION  ANALYSIS 


8.S.T. 

(n.) 

C 

(p.s.l.) 

s 

1 

4,2 

17*. 7’ 

r 

2,2 

18', 2’ 

2 

3,9 

32', 2' 

3 

4,3 

31 M’ 

4 

4,4 

13*, 8’ 

left  s. 

!» 


»» 


right  s. 


Table  I.  B.S.T.  Results 


The  structural  consultants  indicated  that 
the  maximum  load  at  the  base  of  bridge 1  s 
piers  is  expected  to  be  about  1600  ton.  The 
safe  capacity  of  the  pile  group,  calculated 
on  the  basis  of  "cone  penetration  resistance" 
(Meyerhof,  1976,1983),  was  estimated  as  1756 
ton.  10  m  long  pile  on  left  slope  and  14 
m  long  pile  on  right  slope  were  required. 

It  is  important  to  emphasize  that  the  geo¬ 
technical  conditions  of  the  left  slope  are 
decidedly  better  than  those  of  the  right 
slope. 


BOREHOLE  SHEAR  TEST  a*  1  X 


BOREHOLE  SHEAR  TEST  a*  1** 
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(ahj 

13 
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8 
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Fig.  3.  B.S.T. ’s  1  and  1' 
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Mostly  to  estimate  the  maximum  displacement 
of  the  pile  heads,  the  soil-pile  interaction 
under  dynamic  loads  has  been  studied,  follow¬ 
ing  the  procedure  proposed  by  Prakash  and 
Chandrasekaran  (Prakash  and  Chandrasekaran , 
1980).  This  analysis  is  based  on  the  following 
assumptions  (Prakash,  1981): 

(i)  The  pile  is  divided  into  a  convenient 
number  of  segments  and  mass  of  each 
segment  is  concentrated  at  its  center 
point. 

(ii)  The  soil  is  assumed  to  act  as  a  linear 
Winkler's  spring.  The  soil  reaction 
is  separated  into  discrete  parts 
at  the  center  points  of  the  masses. 
The  soil  modulus  variation  is  consid¬ 
ered  both  constant  with  depth  and 
linearly  varying  with  depth. 

(iii)  The  mass  of  the  superstructure  is 
concentrated  at  the  pile  top. 

(iv)  The  system  is  one-dimensional  in 
its  behavior. 

(v)  The  pile  end  conditions  are  either 
completely  free  to  undergo  translation 
and  rotation  or  completely  restrained 
against  rotation  but  free  to  undergo 
translation. 


The  soil  profile  has  teen  separated  for  both 
the  slopes  in  two  discrete  parts  A  and  B 
characterized  by  the  following  parameters 
(Table  II). 


A 

B 

Young's  modulus :  E 

Constant  of  horizontal 
subgrade  reaction  nj, 

150  Kg  cm2 

1.03  Kg  cm 

475  Kg  cm2 

3.61  Kg  cm3 

Table  II  Soil  Parameters  for  Dynamic  Analysis 

Note  that  the  parts  A  and  B  are  the  same 
for  both  slopes,  but  while  on  left  side  the 
part  A  is  4.10  m  long,  on  the  right  side 
its  lenght  is  9.10  m  (Fig.  4).  The  dynamic 
analysis  has  beeri  performed  in  the  following 
steps: 

(i)  The  piles  on  the  left  slope  have 
been  studied.  The  maximum  displacement 
of  the  pile  head  (  Sd  |ef{-  ) ,  the  maximum 
bending  moment  and  the  soil  reaction 
have  been  computed. 

(li)  The  lengths  of  the  corresponding 
piles  on  right  slope  have  been  deter¬ 
mined  by  imposing  a  value  of  maximum 
displacement  of  the  pile  head  ( 
Sd  right  )  as  follows: 


Sd  right  s1-15  Sd  left 


(1  ) 


Pig. 4.  Sell  Discrete  Representation 


880 


The  above  described  steps  are  illustrated 
in  the  Table  III. 


KNOWN  DATA  UNKNOWN  DATA 


KNOWN  DATA  UNKNOWN  DATA 


SOIL 

CHARACTERISTICS 

Young's 

Modulus 

E 

Constant 
of  Horizontal 
Subgrade 
Reaction 
"h 

PILE 

CHARACTERISTICS 

Young's 

Modulus 

E 

Oiameter 

D 

Length 

L 

MASS 

Maximum 

Vertical 

Load 

_ Qm«l _ 

00 

o  “ 

x  E 

2  z 


Stiffness 

Factor 

T 


Max.  Depth 
Factor 

^max 


Time 

Keriod 

Tn 


Max. 

Displacement 
of  the  Pile  Head 
S _ 


Max  Bending 
Moment 

M 


Soi  I 

Reaction 


PILES  ON  THE  LEFT  SLOPE 


SOIL 

CHARACTERISTICS 

Young's 

Modulus 

E 

Constant 
of  Horizontal 
Subgrade 
Reaction 

nh 

PILE 

CHARACTERISTICS 

Young's 

Modulus 

E 

Diameter 

D 

MASS 

Maximum 

Vertical 

Load 

Qmax 

DESIGNING 

PARAMETERS 

Max 

Displacement 
of  the  Pile  Head 

S 

Max  Bending 
Moment 

M 

Soil 

Reaction 

P, 

Stiffness 

Factor 

60 

T 

DYNAMIC 

PARAMETE 

Max.  Depth 

Factor 

^max 

Time 

Period 

Tn 

LU  QC 

Length 

E  5 

L 

PILES  ON  THE  RIGHT  SLOPE 


Table  III 


Piles  Designing  Procedure  Representation 


CONCLUSIONS 

The  geotechnical  consultancy  services  Just 
illustrated  have  furnished, as  was  our  inten¬ 
tion,  a  number  of  indicoM.ons  extremely  useful 
to  structural  consultants,  in  that  they  served 
as  exact  documentation  for  correctly  designing 
the  birdge’s  structures  against  earthquake. 

In  particular,  the  soil-pile  Interaction 
under  dynamic  loads  has  been  studied,  mostly 
to  predict  the  pile  seismic  performance. 
The  lengths  of  piles  have  been  calculated 


to  obtain,  in  different  soils,  the  same  maxi¬ 
mum  displacements  (tollerance  15%)  during 
earthquake  ground  motion. 


881 


REFERENCES 

Meyerhof,  G.G.,  (1976),  "Bearing,  capacity 

and  settlement  of  pile  foundations",  J.G.E. 
D.,  ASCE,  GT3,  197-228. 

Meyerhof,  G.G.,  (1983),  "Scale  Effects  of 

Ultimate  Pile  Capacity".,  J.G.E. ,  ASCE, 
n°  6. 

Prakash,  S.,  V.  Chandrasekaran ,  (1980),  "Anal¬ 
ysis  of  Piles  in  Clay  Against  Earthquakes", 
Preprint  n°  80-109,  ASCE,  Convention  and 
Exposition,  Portland,  Ore. 

Prakash,  S..  (1981),  "Soil  .Dynamics",  McGraw 
Hill,  New  York,  N.Y. . 


Author's  Index 


Aas,  P.M . 

Abdel -Salam,  S. 
Abolhassani,  0. 
Abramson,  l.W.  . 
Agarwel,  K.8.  .. 

Ahmad,  S.A . 

Alberro,  <3.  .... 
Al-Yahyai,  K.S. 
Amano,  T<  ...... 

Amick,  D . 

Amin,  0.P . 

Anderson,  D.G.  . 
Angeles,  N.P.  .. 
Anguelov,  K.  ... 
Antes,  D.A.  .... 
Arcangelo,  £.  .. 
Arya ,  A-S.  ..... 
Atibu,  F.S.  .... 
Atmatzidas,  D.K. 
Atukorala,  U.  .. 

Atwater,  J . 

Aughenbaugh,  N.V 
Azevedo,  R . 


....  1249 
....  1437 
....  347 

....  1191 
....  645 

....  1343 
....  467 

....  1201 
....  1099 
....  811 
....  1165 
....  443 

....  1319 
....  299 

....  195 

....  947 

....  837 

....  717 

1297,  1303 
....  863 

55 

....  163 

689,  1465 


Baer,  6.R.  .  .... 
3ahram1-Samani,  F 

Bailey,  B . 

Baker  Jr. ,  C.N.  . 

Baliga,  8.D . 

Bandis,  S.C . 

Bandyopadhyay,  -S. 
Bapat,  A.  ....... 

Barnes,  G.E . 

Bauer,  L.T . 

Beene,  R.R.W.  ... 

8erggren,  B . 

Berry,  R.M . 

Betournay,  M.C.  . 
Bhandarl,  R.K.  .. 

Binquet,  J . 

Blendy,  M.M . 

Blight,  G.E . 

Bloom,  E . 

Borden,  R.H . 

Bonn,  G . 

Boscardin,  M.D.  . 
Bosscher,  P.J.  .. 
Bowman  Jr.,  J.C. 
Brenner,  R.P.  ... 

Broms,  B.B . 

Bruce,  O.A . 

Bucher,"  S.A . 

Burgess,  A.S.  ... 

Butler,  D.K . 

Butts,  R.L . 

Syington,  M.t.  .. 
Byrne,  P.M . 


.  355 

.  347 

.  489 

....  1383,  1389 

.  407 

. 107 

.  837 

.  825 

.  1229 

.  143 

.  567 

.  1169 

.  885 

. .  291 

.  245,  333 

. I.  511 

.  1233 

.  929 

.  489 

.  1449 

.  953 

.  1029 

.  63 

.  795 

.  347 

.  1515 

.  1121 

.  1303 

.  81 

.  519 

.  201 

1087 

.  863 


Cabrera,  J.G .  185 

Caldwell,  J.A .  25 

Calle,  E.O.F . 533 

Cameron,  R .  1209 

Carr,  C.A . 1209 

Cazzuffl ,  D . 1137 

Celestino,  T.8 .  941 

Chandrashekhar,  K .  253 

Chandra,  D .  361 

Chaney,  R.C . 555 

Chang,  Y.H .  417 

Chan,  Y.C .  559 

Charles,  R.D .  1069 

Cheng,  S.S.M .  1343 


Chonggang,  S . 

Chouery-Curtis,  V.E 
Cnowdhary,  G.R.  ... 
Christodoullas,  J; 
Christopher,  B.R.  . 

Christos,  M . 

Christoulas,  St.  .. 
Chua,  K.M.  ......... 

Chugh,  Y.P . . 

Chukweze,  H.O. 

Chuimar,  A.V . 

Chung,  K.Y.C.  ..... 
Cincilla,  W.A.  ... 

Ciuffi,  F . 

Clough,  G.  Wayne  .. 
Colleselll,  F.  ... 

Collins,  S.A . 

Consoli,  N . 

Cooling,  T.L . 

Coons,  L.  ......... 

Corda,  I. I.  ....... 

Cordell,  D.A . 

Coulson,  A . 

Courage,  L.R . 

Cowherd,  C.C . 

Cramer,  G.H.  ...... 

Curtis,  R.L . 


....  729 

....  1063 
....  1133 
....  457 

1093,  1383 
....  33? 

....  671 

....  1417 
....  253 

935,  1279 
....  1271 
....  1113 
....  495 

....  877 

....  1597 

.  599 

....  977 

....  1465 
....  1375 
25 

....  663 

35 

....  683 

....  635 

683,  1471 
71 

-  1063 


Caller,  D . 

Daman ,  M.M.  •  • « . 

Oatye,  K.R . 

Davie,  J.R . 

Deal,  C.E.  ...... 

Deaver,  C:M.  ... 

DeFour,  S . 

Dehner,  J.G.  ... 
Dekker,  J.  ..... 

Desai,  C.S . 

Descour,  J.M.  .. 
Dezfuliar.,  H,  .. 
Dhowlan,  A.W.  .. 
Dirnberger,  M.M. 
Dominque,  L.C.  . 

Dong,  J.G . 

Doria,  A.C . 

Dovnarovitch,  S. 
Dube,  A.K.  ..... 

Dumas,  J.C . 

Duncan,  J.M.  ... 
de  Pee,  J . . 


.  1263 

.  1505 

.  1075 

1019,  1309,  1395 

.  451 

.  519 

. .  1001 

.  443 

.  547 

.  1551 

.  229 

.  43 

.  237,  1117 

.  787 

.  941 

.  1501 

.  1037 

.  1245 

.  211 

.  921 

.  977 

.  541 


Earley,  K.H 
East,  D.R. 
Edil,  T.B. 


El-Sohby,.  M.A. 
Endicott,  L.J. 

Erol,  A.O . 

Erwin,  J.W.  ... 


341 

495 

63 

321 

123 

237 

355 


Fang-Fu,  T .  749 

Fan,  W .  1047 

Farrel ,  E.R .  1145 

Fattohi,  Z.R .  159 

Fergusscn,  W.B . 1293 

Ferrari,  O.A . 941 

Findlay,  R.C . 401 

Finn,  W.D.L .  1585 

Finno,  R.J .  1297 

Fowler,  J .  977 

Fradkin,  S.B .  221 

Franks,  L.W .  977 

Fraser,  D . 863 


883 


Fulan,  P . 743 

Gado,  D.P .  1327 

Gallavresi,  F . 1121 

Gambin,  H . 969 

Garga,  V.K .  1239 

Gassios,  E .  571 

Gates,  W.C.B .  1 

Gerber,  F.A .  411 

Ghinelli,  A .  1173 

Ghosh,  D.K . . .  807 

Ghosh,  N .  1055 

Giannaros,  K .  457 

Gichaga,  F.J .  717 

Gilchrist,  A.J.T .  627 

Gillon,  M.D . 841 

Glynn,  E.F .  1293 

Goel,  M.C .  423,  433 

Goel,  R.K .  177 

Golder,  M.H .  1107 

Gonzalez-Valencia,  F . 467 

Gouda,  N.A . 1315 

Grainger,  G.S .  201 

Grice,  H . 885 

Grosch,  J.J .  1201 

Gross,  O.J . 143 

Guatteri,  G .  1037 

Gupta,  M.K .  837 

Gupta,  V’.K .  1509 

Gurevich,  A.H .  89 


Handford,  G.T .  829 

Hanrsink,  G .  1403,  1409 

Kansbo,  S .  1337 

Hansmire,  W.H .  1191 

Hardin,  O.J . 1087 

Barrel, -H.C .  997 

Harsulescu,  A. I . 711 

Hartung,  S.C . . .  519 

Hasan,  B.  . . 271 

Hejazi,  H . 461 

Hempen,  G.l .  787 

Hepworth,  R.C . 1349 

Hermosilla,  R.P .  677 

Houssaiqy,  I.  . 1505 

Hsieh,  K.N . 7 

Huag,  M.D .  55 

HuiShan,  L .  765 

Hummert  Jr.,  J.B.  . . 1375 

Hurd,  J.0 .  1471 

Hu,  G.A .  137 


Ilsley,  R.C .  221 

Itskowitch,  M .  737 

Ivanov,  Y .  1245 

Ivsic,  T.  . . 819 

Izhar-ul-Haq  .  705 


Jain,  J.K.  .... 

Jain,  P.K . 

Jain,  S.L . 

Jethwa,  J.L.  .. 
Jianyun,  M.  ... 

Jiayou,  L . 

Johnson,  L.D.  . 
Jokhyo,  A.H.  .. 
Jones,  C.J.F.P. 
Jones,  D.L.  ... 
Judge,  A.S.  ... 


..  1289 
. .  1489 
..  607 
147,  177 
..  167 
..  167 
..  989 
..  279 
..  1275 
..  1107 
..  1001 


Kalteziotis,  N. 
Kapoor,  K.K.  .. 
Karfakis,  M.G. 
Katti,  A.R.  ... 
Katti,  O.R.  ... 
Katti,  R.K.  ... 


285, 


671 

657 

173 

527 

527 

527 


Kauschinger,  J.L . 1037 

Kaushik,  IJC . . . 1509 

Keavehy,  J.M . 1249 

Kelley,  G.P . 1327 

Keys,  R.A .  635 

Ke,  Z.J .  417 

Khare,  P.S . 207 

Khare,  R.K . . . ,...; .  1289 

Kheira,  R.P . 985 

Kilkenny,  Vi.M .  IS 

Kim,  Y.S .  1443 

King,  T.B .  443< 

Kinner,  E.B .  503 

Kiricenko,  A .  819 

Kiu,  T.K . 1257 

Klohn,  E.J . . .  479,  829 

Knight,.  R.B .  55 

Knuppel,  L. . 383 

Koga,  Y . 721 

Kogure,  K . 1 .  377 

Kozicki,  P . 55,  1149 

Kravits,  S.J . . . ..; .  997 

Krizek,  R.J .  1303 

Kropp,  A . 1461 

Kulkarni,  S.G .  207 

Kummerle,  R.P .  921 

Kvasnicka,  P . 819 

Kwong,  J.K.P .  123 

Lafleche,  P.  . .  1001 

Laieri  J.E .  993 

Laird,  G.S . 31,  89 

Lakshnaman,  N . . .  855 

La'mbrechts,  J.R .  503 

Lam,  W . 1389 

Lance,  D.S .  911 

Larson,  J.A.  . .  215 

Lau,  K.C .  291 

Lavania,  B.V.K . . . 615,  621 

Lengfelder,  J.  . .  1349 

Leonard,  B.D . . . 593 

Leonard,  M.S . 81 

Lewis,  M.R .  1019,  1233,  1309,  1395 

Lew,  M . 795 

Lien,  W .  1449 

Lifrieri,  J.L.  .  195 

Lindquist,  R.W.  . .  651 

Lippincott,  I.W.  . 1315 

Lissey,  A.  . . 55 

Li,  J.C . 1421 

Llopis,  J.L . 519 

Long,  P.D .  1169 

Lozier,  W.B .  89 

Lo,  R.C.  .  479,  829 

Luan,  D.Z .  1371 

Lumsden,  A.C . 123 

Lum,  K.K .  479 

Luong,  M.P . '. .  1455 

Lyman,  T.J .  911 

Macdonald,  G.J .  1107 

Macedo,  G .  467 

MacTavish,  G.C .  369 

Madhav,  M.R .  1075 

Marsland,  A . 695 

Martin  III,  James  R.  . 1597 

Mashhour,  M . 1437 

Mastrantuono,  C . . .  947 

Mathur,  T . 587 

Matsui,  T .  1099 

Matsuo,  K . . .  377 

Matsuo,  0 . 721 

Matthews,  W.G .  369 

Mattox,  R.M . 993 

Maurath,  G .  811 

Mazen,  S.0 .  321 


HcElroy,  J.J .  1327 

McGrane,  0 . 13 

McLean,  F.  . .  3r - 

Mehrotra,  G.S.  , . 245 

Meissner,  H.  . . 953 

Miglani,  V.O . 871 

Killer,  D.A . 1063 

Killer,  R.J .  229 

Hills,  O.E . 35 

Hills,  S.V .  1087 

Kilne,  U.G . 829 

Kir2a,  C .  ..........  291 

Missavaqe,  R .  253 

Kithal,  R.S . 311 

Kitsch,  H.P . 1257 

Hitsuse,  C.T .  941 

Modhwadia,  K.E .  327 

Kokhashi,  S.L .  207 

Montanez,  L . 467 

Moore,  B.H .  787 

Mosley,  E.T . 885 

Mudjihardjo.D . 423 

Mundell,  J.A .  489 

Murty,  A.V.S.R . 361 

Muthumani,  K.  . . 855 

Nadim,  F . 1249 

Nainwa’,  H.C .  305 

NiUfajan,  T.K . 361,  365 

Nathan,  S.V . 1483 

Nayak,  G.t .  1489 

helcon.  J.D . .  699 

Nerby,  S.M .  1297 

Neyer,  J.C .  1025 

Nhiem,  T.V .  889 

Nicholson  Or.,  A.J .  1425 

Nowatzki,  E.A .  1477 

Ohri,  M.L .  1133 

Olsen,  O.M .  593 

Orr,  T.L.l . 1145 

Otani,  Y . 1099 

Ou,  C.Y .  1183 

O'Donovan,  T .  1145 

Fagotto,  A .  1137 

Pancholi,  D.H .  327 

Pang,  P.L.R..  .  559 

Patel,  N.M . 127 

Patodiya,  S.C.  . .  285,  657 

Paul,  J .  1127 

Perlea,  V.G .  683,  1471 

Perry,  C.W .  801 

Perry,  E.B .  1037 

Peters,  J.F . 977 

Petroff,  L.J .  1417 

Petschl,  R.O.  . .  533 

Pitts,  J .  115 

Posse,  J.A . 677 

Prabhakar,  B .  147 

Prager,  R.O . 201 

Prasad,  C .  305 

Price,  H.R .  1025 

Qian,  Y.P .  1501 

Qiu,  Y . 1047 

Rager,  R.E . 25 

Raghu,  0 .  7,  51,  195,  1315 

Rahim,  K.S.A .  1117 

Ramage,  J .  1577 

Ramamurthy, .T . 263,  607 

Ranjan,  G .  1509 

Ransone,  J.N .  495 

Rao,  P.J .  365 

Rapp,  R.J .  1495 


Ray,  M.B .  807 

Reed,  R.F . 115? 

Richardson,  T.L .  1011 

Richards,  D.P . 215 

Riker,  R .  1263 

Rimoldi,  P .  1137 

Robison,  M.J .  911 

Rodda,  K.V . 801 

Rodriquez-Molina,  C.  . .  151 

Rodriquez-Perez,  B .  151 

Roodsari,  A . 383 

Rosenthal,  1 .  737 

Rudenko,  0 . 341 

Rupchang,  K.V . 437 

Sahu,  8.K .  717 

Sammy,  G.K .  651 

Santamaria,  J.H.M . 677 

Santos  ,  L. A . 1 .  689 

San,  K.C..  . 1099 

Sarma,  B.S.  . .  855 

Sarsby,  R.V . 75 

Schaefer,  V.R . 977 

Schneider,.  J.R .  651 

Schubert,  W .  1011 

Schwenk,  J.L .  1495 

Scott,  M.D .  479 

Seco  e  Pinto,  P.S . 849 

Seed,  R.B .  1183 

Shah,  D.L .  1165 

Sharma,.D .  1365 

Sharma,  H.D .  1149 

Sham),  V.M . .....;  263 

Sheng-sun,  X . 1285 

Sher,,  W.Y . J .  1501 

Shiwei,  0 .  759,  773 

Shixuan,  Z .  575 

Shi,  L.P .  1421 

Shi,  K .  1047 

Shorey,  E.F .  221 

Shroff,  A.V . 1165 

Shy,  B.I.  . .  1421 

Simonir.i,  P .  599 

Singh,  A . ; .  1133 

Singh,  B .  147,  177,  211,  407,  1489 

Singh,  V.K .  407 

Sivapatham,  T.  . . 581 

Smith,  R.B .  395 

Smith,  T . ; .  451 

Solymar,  Z.V .  369 

Song,  B .  969 

Soranzo,  M.  . .  599 

Sowers,  G.F .  1567 

Soydemir,  C . 1257 

Srinivasulu,  P .  855 

Srivastava,  L.S .  779 

Steinberg,  S.B .  1389 

Stipho,  A.S .  1433 

Stoll,  U.W .  1319 

Stroman,  W.R . 567 

Sullivan,  W.J .  1449 

Sundriya,  Y.P .  305 

Suprenant,  B.A .  173 

Surabaya,  J.L.  . .  433 

Swaffar,  K.M.  . .  1025 

Tabba,  M.M . 1055 

Taiplng,  Q;  .  765,  963 

Tepel,  R.E .  801 

Termaat,  R.J . 533 

Testa,  S.M .  97 

Thompson,  P.Y .  1443 

Thornhill,  P.D .  567 

Thrasher,  S.M .  1471 

Tomiolo,  A .  947 

Tsiambaos,  G .  671 


884 


Tslen,  S.I.  , . 1219 

Tucker,  K.O . 1355 

Tuttle,  D.C.  . 555 

Valdya,  P.H . 327 

Van  Beslen,  A.C . . . 163 

Van  Order,  R.J.  . . «... . . .  51 

Van  Quang,  N . 1169 

Vannucchi,  6 . 1173 

Vazlrl,  H;  . 863 


Vazquez  Castillo,  l . . .  151 

Von  N.  Hanase,  H.J . . . 411 

van  Herpen.J.A.  . . 541 

van  Tol,  A.F .  1409 

Wade,  N.H .  635 

Wagner,  A.8 . 1093 

Wang,  Z.Q . 131 

Weaver,  C.L .  1395 

Weaver,  K.O.  . . 143 

Welquen,  Z .  963 

Wei,  L.F.  . . 635 

West,  T.R . 489 

Wietek,  B .  905 

Willis,  R.  ..*. .  587 

Wolff,  T.F.  . . 787 

Woloslck,  O.R.  . .  1425 

Wrench ,  B.P.  ......... ^..^. .««.«•« ......  699 ,  1477 

Wright,  P .  1159 

Wu,  A.H . 1179 

Xlanjlnan,  Y .  759 

Xlkang,  W .  755,  759 

Yandell,  W.O . 395 

Yao,  H.L.  . .  1421 

Ylh,  C.T . 985 

Ylji,  W . 1225 

Yin,  Y.A .  1501 

Yong,  C.H .  417 

Young,  L.W . 1019 

Yuqlng,  W . . .  769,  963 

Zalnlko,  A .  433 

Zappl,  U .  511 

Zhang,  R.X .  131 

Zhang,  X.X .  1371 

Zhang,  Z.S . 1371 

Zhao,  X.H .  1501 


